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PREFACE
This volume contains the full-length papers presented in the 7th International Conference on
Computational Methods in Structural Dynamics and Earthquake Engineering (COMPDYN 2019)
that was held on June 24-26, 2019 in Crete, Greece.
COMPDYN 2019 is one of the 32 Thematic Conferences of the European Community on
Computational Methods in Applied Sciences (ECCOMAS) to be held in 2019 and is also a Special
Interest Conference of the International Association for Computational Mechanics (IACM). The
purpose of this Conference series is to bring together the scientific communities of Computational
Mechanics, Structural Dynamics and Earthquake Engineering, to act as the forum for exchanging
ideas in topics of mutual interests and to enhance the links between research groups with
complementary activities. We believe that the communities of Structural Dynamics and
Earthquake Engineering will benefit from their exposure to advanced computational methods and
software tools which can highly assist in tackling complex problems in dynamic and seismic
analysis and design, while also giving the opportunity to the Computational Mechanics community
to be exposed to very important engineering problems of great social interest. The COMPDYN
2019 Conference is supported by the National Technical University of Athens (NTUA), the
European Association for Structural Dynamics (EASD), the European Association for Earthquake
Engineering (EAEE), the Greek Association for Computational Mechanics (GRACM).
The editors of this volume would like to thank all authors for their contributions. Special thanks go
to the colleagues who contributed to the organization of the Minisymposia and to the reviewers
who, with their work, contributed to the scientific quality of this e-book.

M. Papadrakakis
National Technical University of Athens, Greece
M. Fragiadakis
National Technical University of Athens, Greece
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Abstract
After the Canterbury earthquakes, the central business district of Christchurch was to a significant extent demolished. It is now being rebuilt, as a city with a variety of structural forms and
a predominance of steel structures. To quantify the extent of the shift in construction practice
taking place there, and, more importantly, to identify some of the drivers that have influenced
the decisions about the choice of structural material and specific structural systems, the authors
have conducted a series of interviews with many stakeholders, and primarily structural engineering who designed more than 65% of the post-earthquake buildings constructed to date in
Christchurch’s CBD. Findings of that study show that the drivers are diverse and include costs,
construction speed, perceptions of damage and of structural performance, tenants’ requirements, engineering culture, and other factors. This has allowed to identify keys points that have
an impact on the resilience of a new post-earthquake city in a region that benefits from stateof-the-art earthquake engineering expertise and capabilities.
Keywords: Resilience, Rebuilding, Earthquake Engineering, Decision Making, Seismic Performance, Engineering Practice.
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INTRODUCTION

On February 22, 2011, Christchurch, New Zealand was hit by an earthquake of Magnitude
6.3 having its hypocenter at a depth of 5 km and a horizontal distance of less than 10 km from
the city’s Central Business District (CBD). Access to Christchurch’s Central Business District
(CBD) was severely restricted for months (years in some parts); since then, many of the buildings in the CBD have been demolished, and reconstruction has started.
Much of the rebuilding with multistory buildings is taking place at the heart of the city [1].
Where new buildings were predominantly built of reinforced concrete structures prior to the
earthquakes, the “new Christchurch” that is emerging is a city with a variety of structural forms.
The structural systems used are diverse, ranging from traditional systems to innovative systems.
This is a dramatic departure from past practice.
To quantify the extent of the shift in construction practice taking place there, and, more
importantly, to identify some of the drivers that have influenced the decisions about the choice
of structural material and specific structural systems, the authors have conducted a series of
interviews with the structural designers of more than 65% of the post-earthquake buildings
constructed to date in Christchurch’s CBD, as well as with other stakeholders.
A brief summary of some aspects of this work and key quantitative findings of this study are
presented here, along with a summary of keys points that have an impact of the resilience of a
new post-earthquake city in a region that benefits from state-of-the-art earthquake engineering
expertise and capabilities. The complete findings from this study are presented in the 170-page
report “Reconstructing Christchurch: A Seismic Shift in Building Structural System”, that can
be downloaded for free from: http://resources.quakecentre.co.nz/reconstructing-christchurch .
2

METHODOLOGY

The complete methodology used to collect the data is presented in the complete report the
authors [2]. In essence, the most important step of the methodology was a series of interviews
conducted with structural engineering consultants. The final ten consultants selected for interviews were responsible for over 60% of the multistory buildings, and a slightly greater percentage of the total floor area, of the new buildings being constructed in the Christchurch CBD and
Addington areas.
Quantitative results obtained following the methodology are presented the next section.
Note that where information is presented as a function of year of consent, it must be recognized
that results for 2017 are only for the first three months of the year (as data was collected, and
last interviews were conducted, in March 2017). Overall, data has been obtained on a total of
74 buildings, collectively adding to a total of 482,317 square meters of floor space.
The types of lateral load resisting systems that were included as part of this sample include:
Buckling Restrained Braces (BRB), Concentrically Braced Frames (CBF), Eccentrically
Braced Frames (EBF), Eccentrically Braced Frames with replaceable links (EBR), Steel Moment Resisting Frames (MRF), Steel Moment Resisting Frames with friction connections
(MFF), Steel Moment Resisting Frames with Reduced Beam Sections/“Dogbone” (MFD), Reinforced Concrete Walls (RCW), Reinforced Concrete Moment Resisting Frames (RCF), Rocking Frame Steel (RFS), Rocking Frame Concrete Precast Walls (RFC), Laminated Veneer
Lumber (LVL), Base Isolated buildings (B), buildings with Viscous Dampers (D), and building
with multiple structural systems along height or in a given horizontal direction, called Hybrid
(H).
All of these structural types are illustrated in the complete report [2]. A few are illustrated
here for convenience. Figure 1 shows the replaceable link in a typical EBR, Figure 2 shows
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BRBs meeting at a connection, and Figure 3 shows BRBs used as energy dissipators between
two rocking frames.

Figure 1: Close-up of link in inverted-V braced EBF frame
with replaceable links, at 120 Hereford Street

Figure 2: Connection to column at mid-bay of BRB frame for building
on northeast corner of Lichfield and Colombo Streets.
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Figure 3: Energy-dissipating couplers between rocking frames
implemented in Forte Health building.

3

QUANTITATIVE RESULTS

As part of the reconstruction, it was showed [2] that steel, reinforced concrete, and timber
lateral-load resisting systems have been used in buildings respectively totaling 377,929 sq. m.,
98,572 sq. m., and 5,816 sq. m., for a total of 482,317 square meters of floor space. This corresponds to 78.4%, 20.4%, and 1.2% of the total floor area for the three materials respectively.
If the gravity systems were to be included in the above numbers, the total floor area supported
by structural steel would be further increased. This is because steel gravity framing (columns,
beams, floors) has been used in about 75% of the buildings having reinforced concrete walls as
their lateral load resisting system. This results in approximately 95% of the total supported
floor areas in new buildings relying on steel framing.
To quantify the number of new buildings having different types of lateral-load resisting
structural systems, the data has been broken down into the following categories for the lateral
load resisting systems mentioned previously:
 BRB: 11 total,
 CBF: 3 total,
 EBF: 2 total,
 EBR: 4 total,
 MRF: 9.5 total;
 MFF: 1 total,
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 MFD: 4.5 total,
 RCW: 32.5 total.
 RCF: 0.5 total,
 RFS: 1.5 total;
 RFC: 0.5 total,
 LVL: 2.5 total,
 B: 11 total,
 D: 2 total,
 H: 7 total.
Details of how buildings are counted are presented in the complete report [2]. Information
is presented in Figure 4 in terms of floor areas (in square meters) per structural systems. Note
that cumulative results are shown for the most popular structural systems grouped together.
Results show that the following lateral load resistance systems have been used for buildings
totaling the following floor areas:
 BRB: 111,000 square meters (23%)
 CBF: 38,500 square meters (8%)
 EBF+EBR: 27,500 square meters (6%)
 MRF+MFF+MFD: 202,000 square meters (42%)
 RCW: 80,400 square meters (17%)
 RFS+RFC: 15,000 square meters (3%)
Interestingly, the 11 base isolated buildings (15% of the total number of buildings) alone
provide a total 190,000 square meters, equivalent to 40% of the total floor area of the buildings
considered in this study. This indicates that the base isolated buildings have generally been
large buildings. Indeed, the two largest base isolated buildings alone, built specifically for public sector tenants, together add-up to more 102,000 square meters (21% of the total floor area
of the buildings considered here). Considering the three largest instead add-up to 129,000
square meters (and 27% of the total floor area). Also note the strong correlation between floor
areas for base isolated buildings and steel moment resisting frames.
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Figure 4: Growth over time in total floor area of new buildings having various types of lateral-load resisting systems (regrouped as shown)

To better understand trends in design, Figure 5 shows the same results as Figure 4, but for
all structures that have not been base isolated, as it is interesting to identify which structural
systems have been more dominantly used when buildings have not been base isolated. Figure
5 shows that contribution of lateral load resistance systems to total non-base-isolated reconstruction floor area is:
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 BRB: 111,000 square meters (38%)
 CBF: 0 square meters (0%)
 EBF+EBR: 27,500 square meters (9.5%)
 MRF+MFF+MDF: 57,000 square meters (20%)
 RCW: 78,000 square meters (27%)
As such, with respect to new non-base-isolated buildings, concrete lateral-load resisting systems have been used for 27% of the floor area, and steel for 68% of the floor area, with all the
other systems (i.e., hybrid structures, timber structures, rocking frames, etc.) accounting for 5%.
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Figure 5: Growth over time in total floor area of new non-base-isolated buildings having various types of
lateral-load resisting systems (regrouped as shown)

4

QUALITATIVE FINDINGS AND RESILIENCE CONSIDERATIONS

The interviews conducted also provided a valuable overarching narrative on the reconstruction process that goes beyond the quantification process. Using the words of those interviewed
(but ordering the modified sentences to improve readability), the study [2] has compiled and
highlighted the various factors identified as having a significant impact on the decision process
of owners/tenants and structural engineers (from the perspective of those interviewed), and the
conditions that have been necessary for those factors to drive (or not), in some instances, the
choice of specific structural systems. The narrative shows that some of the opinions presented
are contradictory to other opinions expressed, illustrating the diversity of opinions amongst
those interviewed. Some of these factors are further summarized below.
4.1 Hierarchy of Priorities
The extensive and widespread damage suffered during the Christchurch earthquakes broke
the “momentum” that existed because the industry was set-up to deliver a familiar “product”,
with well-understood practices, costs, risks, relationships, procurements, etc., leading to predictable return on investment. As a result, following the earthquake, the industry as a whole
had to adjust to deliver various new “products”, with new practices, costs, risks, relationships,
procurements, leading to less predictable return on investment. This made all stakeholders reassess their hierarchy of priorities and reach new outcomes.
4.2 Professional Culture and Client Relations
Seasoned structural engineers (similarly to other professionals) typically have developed a
philosophy of practice from their years of experience. The resulting breath of valid engineering
solutions that can be observed as part of the reconstruction (as documented in the complete
report [2]) can be regarded as the expression of differences in this culture. This, together with
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different professional opinions regarding: (i) the expected seismic performance of various structural systems; (ii) a hierarchy of priorities in rebuilding Christchurch, and; (iii) how these various priorities can be best met for specific buildings, has affected structural engineering
decisions made. In other words, while some structural systems have been used more extensively than others during Christchurch’s reconstruction, there was no “one-size-fits-all” solution.
4.3 Perception
A number of project were driven by tenant perceptions and desires, which drove developers
to provide buildings meeting these expectations. Some of these can be summarized as follows:
 Many people in Christchurch developed a general view that reinforced concrete buildings
have not performed well during the earthquake. In part, this is a consequence of the extensive media coverage of damaged reinforced concrete buildings that ended up being demolished, and of the rapid re-opening of the two tallest steel structures in Christchurch
following the earthquake. This has led many to conclude that steel structures are preferable.
 Many clients have asked for low-damage or reparable structural systems. The motivation
was often to use this feature to attract tenants, as shown for example in the “For Lease” sign
below, promoting an A-Grade Seismic System.

Figure 6: “For Lease” sign visible from the street, emphasizing A-Grade
Seismic Systems as part of desirable features

4.4 Structural Systems
Extensive observations on engineers’ professional opinions regarding various structural systems are provided in the complete report [2]. Some highlights are provided below for a few of
these structural systems.
 Base isolation is a system well understood by the New Zealand public, because some major
buildings in the country are showcasing the fact that they are base isolated, and because this
is widely considered to be a technology invented in New Zealand and thus often featured in
the media. Buildings having this structural system remain at a premium, and while many
projects have considered base isolation as an option from the onset, outcomes varied. Furthermore, engineers are of various options regarding their implementation in Christchurch,
and on the most appropriate type of base isolation system.
 Numbers presented earlier show the popularity of Buckling Restrained Braces (BRBs) as
part of the Christchurch reconstruction. Most of the engineers interviewed have used BRBs
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in at least one project and were positive in their assessments. Part of that popularity comes
from timely promotion by BRB manufacturers following the earthquake, but they were also
favored because engineers considered BRBs to be a well-tested system with stiffness that
made it easy to limit drifts and that allowed to limit design overstrength. Architects have
also been receptive to BRBs. However, some engineers and researchers in New Zealand
expressed a concern that out-of-plane behavior of BRBs should be further tested to ensure
satisfactory performance.
Eccentrically Braced Frames have been used in a number of reconstruction projects, and
some engineering firms considered them to be the most cost-effective structural system to
use. They emphasized that buildings with traditional EBFs generally performed well during
the Christchurch earthquake. Many EBFs with special bolted replaceable links were being
used, as well as conventional EBF designs, reflecting differences of opinions regarding replaceability. Some voiced concerns that some of the bolted replaceable links in some of the
new buildings in Christchurch appear out of proportions with the rest of the frame and questioned if they might yield in smaller earthquakes.
Moment resisting frames have been used, particularly when clients insist on having open
facades and more flexibility internally, even though they understand that using braced
frames would be more economical. Some engineers have indicated a preference to “shy
away from” moment resisting frames altogether following the Christchurch earthquake, due
to the miscellaneous damage issues created by large drifts. Nobody considered designing
a reinforced concrete moment resisting frame building in the post-Christchurch earthquake
context (other than on top of base isolators, in one exceptional case).
Many engineers commented that reinforced concrete wall buildings can provide excellent
seismic performance and are designing such buildings, often integrated with a steel gravity
system. In particular, in many instances, large concrete walls are used to provide the required fire protection between buildings sharing a property boundary line (these concrete
walls have a 3-hour fire rating). Given the typical length of the property line and the relatively low building heights in Christchurch, these walls tended to be designed to remain
elastic or for low ductility demands of 1.25.

4.5 Factors Driving Choice of Structural System
Figure 7 presents the factors that were identified as driving decisions regarding the choice
of structural systems. The extensive interpretations presented in the complete report [2] provide
an in-depth understanding of the data presented in that figure. However, in a preliminary way,
results show that:
 Owners specifically requesting base-isolated buildings, IL4 buildings, or “no damage”
buildings was something that occurred more frequently in the early years following the
earthquakes.
 There has been a “constant stream” of owners requesting low-damage buildings.
 In more recent years (i.e., more years away from the earthquakes), owners requesting fastest
construction time and lowest cost have started to progressively dominate final decisions.
 In most cases, decisions regarding choice of structural system were made by the structural
engineer.
Note that a number of factors not shown here as being dominant were however part of the
“subtext” in discussions with engineers and were understood to be necessary conditions for the
projects to proceed, so did not need to be explicitly stated. This explains the low numbers shown
in that figure for some categories.
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Figure 7: Factors Driving Choice of Structural System

5

AWARENESS OF RESILIENCE AND BUSINESS CONTINUITY

Finally, given the prevalence of the term “resilience” nowadays in earthquake engineering
and other communities, it is noteworthy that “resilience” has not been mentioned much as part
of the interviews, and no reference was made to the resilience frameworks being considered
internationally (e.g., [3]). Because of this, matters pertaining to resilience are not discussed in
the complete report [2], other than to highlight the fact that the Christchurch resilience goals [4]
do not explicitly mention issues related to resilient buildings. Also, the New Zealand building
codes remain focused on life safety goals. However, the concept of “business continuity” was
frequently mentioned, reflecting an awareness of the importance of rapid return to operations
for some tenants/owners.
Interestingly, buildings in the Central Business District that performed well during the
Christchurch earthquake where still unusable since they were in a cordoned-off Red Zone after
the earthquake. This kept owners away for months. As a result, one would expect the issue of
business continuity to be front and center. However, some engineering firms that underscore
the importance of “business continuity” to owners/tenants, indicated that this was apparently
not fully understood by the industry following the Christchurch earthquake, but that this has
been changing following the more recent 2016 Kaikoura earthquake [5].
Finally, in that context, while the Christchurch earthquake had an acute impact in raising the
developers’ awareness of the earthquake risk, some firms have indicated that this awareness is
fading and that practice is returning to its pre-earthquake ways, with cost effectiveness being
the major driver in most instances. The exception being critical infrastructure projects where
the protection of both buildings and content is paramount.
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6

CONCLUSIONS AND KEY POINTS

The Christchurch earthquakes have severely disrupted the momentum/culture of building
design/delivery that previously existed. Insights have been provided with respect to the factors
that have driven decisions affecting the choice of structural system in multistory buildings in
Christchurch’s Central Business District and Addington area as part of the post-earthquake reconstruction. Results presented here (and in more details in the complete report [2]) show that
the drivers are diverse and include costs, construction speed, perceptions of damage and of
structural performance, tenants’ requirements, engineering culture, and other factors.
On the basis of the above findings and discussions with those interviewed, and the more
complete information presented in the complete study (but not necessarily presented here due
to space constraints), the following key points can be drawn:
 It is becoming more widely held that preventing loss-of-life as a seismic performance objective is simply not sufficient for a good modern structure. The industry (without governmental intervention) has generally moved away from code compliant systems that will
undergo high ductility demand, develop high displacement/drift (creating significant damage to the structure and non-structural elements), exhibit damage mechanisms not considered directly in most standard frame analyses (such as beam elongation effects that produce
floor damage), and are difficult to inspect/repair/reinstate after a major event. For that reason, reinforced concrete (RC) moment frames as lateral force resisting systems, which were
ubiquitous before the earthquakes, are practically non-existent in the CBD rebuild.
 Structural engineers’ professional opinions impact the adoption of low damage systems (i.e.,
structural systems specifically designed to limit seismic damage in structures and that do
not need to be fully replaced immediately after a major event). There are differences in
professional opinions regarding how some of these systems will perform under 3-D earthquake shaking or whether the total costs for these systems will be as low as stated by their
promoters/advocates. For this reason, a number of engineers mentioned considering only
“established” low damage solutions. While some of the systems require high technology,
other ways mentioned to control building damage simply involved using some of the traditional systems while limiting drifts and ductilities.
 Tenant expectations strongly impact choice of structural systems for individual buildings:
Either directly, in the case of sophisticated tenants engaging in discussions for “tailor-made”
buildings or seeking building owners/developers who cater to their needs, or indirectly for
less sophisticated tenants who affect the lease-rates considered by developers when calculating return-on-investment for new buildings in the competitive market. In most cases,
even when considering resilient/low damage construction, cost was indicated to be the most
important consideration for structural system selection by owners. This provides a limitation as to how much building designers can move toward improved building performance
and toward the goal of fully operational structures immediately after a major earthquake,
except for a few select buildings with less cost-sensitive owners.
 Additional increase in seismic performance, if desired for all buildings, would need to come
from government regulation. Seismic resilience of a community depends more on the common performance shared by most of the significant buildings in that community rather than
on the stellar features of a few. Given that a region has a multiplicity of building owners
with often diverging expectations and means, government regulations would be required to
increase the resilience of a region (as well as that of the individual structures in that region),
and decrease the likelihood of a few major structures designed to code minimums affecting
access to many parts of an otherwise “low-damage” city. While insurance may be considered a means of providing regional resilience if the cover is sufficient and relocation of
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people and businesses is not considered to be problematic, this can only be relied on if it
remains available, affordable, adequate and is purchased by the majority of stakeholders.
 Context affects final decision outcome. The specific structural systems selected in the
Christchurch rebuild could have been quite different from those that have been actually
constructed for a wide number of reasons. For example, if there had been no significant
damage or lessons learned from the previous earthquakes on the seismic performance of
some structural systems, construction may have continued in a similar manner to that before
the earthquakes. Also, if the relative costs of different materials at the time of the rebuild
had significantly differed from that which existed, if some of the research had not progressed to a form easy to apply, or if marketing of specific seismic solutions had not occurred, then structural forms may have been different from what exists now.
 The reconstruction experience has paralleled an increase in stakeholders’ knowledge. Stakeholders from all fields of the Christchurch construction industry, have educated themselves.
The industry is sophisticated enough to understand the key issues with the different systems
and to be able to explain how it considers the large number of technical and economical
factors that influence the selection of a structural system. This knowledge places the industry in a good situation to address future issues (e.g. events, price fluctuations, new developments) in a clear and rational manner as it balances performance, cost, and other issues in
structural form selection decisions an environment sometimes requiring more than minimum governmental standards.
Finally, although nobody wishes another series of powerful earthquakes to strike Christchurch in the future, it will happen. (New Zealand, after all, is a landmass that has been created
by the forces of nature). If this happens within the life-cycle of the buildings currently being
constructed, it will provide a unique opportunity to compare, side-by-side, the seismic performance of a large number of different structural systems and design strategies for buildings of
the same vintage, that have been designed to the same design codes and standards, using 21st
century structural engineering technology.
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Abstract
The Laboratory of Vibrations and Structural Monitoring (ViBest, www.fe.up.pt/vibest ) of
CONSTRUCT/FEUP has been implementing, since 2007, a significant set of long-term dynamic monitoring systems in large Civil structures with different typologies (e.g. roadway,
railway and pedestrian bridges, stadia suspension roofs, wind turbines, concrete dams or
high voltage transmission lines).
This paper briefly describes some of these applications, showing the interest and potential of
the developed technology, as well as of the huge high quality database created, which can be
used for joint collaborative research at European level.
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1

INTRODUCTION

The Laboratory of Vibrations and Structural Monitoring (ViBest, www.fe.up.pt/vibest) of
CONSTRUCT/FEUP has been implementing, since 2007, a significant set of long-term dynamic monitoring systems in large Civil structures with different typologies (e.g. roadway,
railway and pedestrian bridges, stadia suspension roofs, wind turbines, concrete dams or high
voltage transmission lines).
This paper briefly describes some of these applications, showing the interest and potential
of the developed technology, as well as of the huge high quality database created, which can
be used for joint collaborative research at European level.
The representative set of monitoring applications presented shows the efficiency of the developed tools and the usefulness of the testing and monitoring programs implemented, enabling the achievement of different objectives, such as: (i) the development of finite element
model correlations and updating; (ii) the vibration serviceability safety checking, particularly
in case of lively bridges involving the inclusion of vibration control devices; (iii) the implementation of automated versions of the most powerful methods of Operational Modal Analysis, and their application for tracking the time evolution of modal parameters in long-term
dynamic monitoring applications; (iv) the application of statistical methods to remove the influence of environmental and operational factors (e.g. temperature, intensity of traffic, wind)
on the modal variability, supporting the development of reliable techniques for vibration
based damage detection; (v) the experimental assessment of fatigue, based on the measurement of effects of real traffic loads; (vi) the experimental assessment of aerodynamic problems in bridges based on in-situ measurements; (vii) the tracking of modal parameters in wind
turbines, enabling damage detection and fatigue assessment and (viii) the characterization of
the influence of the water level in the reservoir on the dynamic properties of concrete arch
dams.
2

FROM DYNAMIC TESTING TO CONTINUOUS DYNAMIC MONITORING

The experimental identification of modal parameters in Civil structures was initially performed using input-output modal analysis techniques developed and applied in Mechanical
and Aeronautical Engineering [1-4]. This required the use of appropriate equipment for structural excitation (e.g. impulse hammer devices, large electrodynamic shakers, eccentric mass
vibrators or servo-hydraulic shakers), data acquisition and data processing, involving normally the evaluation of frequency response functions (FRFs) as basis for the application of single
or multi-degree of freedom modal identification algorithms [5,6].
However, when dealing with large structures, it becomes hard and expensive to excite the
most significant modes of vibration in a low frequency range with sufficient energy and in a
controlled manner.
Therefore, the use of modern transducers and digitizers, enabling to accurately measure
very low levels of dynamic response induced by ambient excitations, motivated the development of modern and powerful techniques for output-only modal identification of civil engineering structures, at construction, commissioning or rehabilitation stages without
interruption of normal operation [7].
Although some pioneering studies have been developed with this perspective still in the era
of the analogue equipment [8-14], it was the recent use of sensors specially suitable for ambient vibration measurements in large structures, conjugated with high level digitizers with local
storage and time synchronization capabilities that enabled the accurate modal testing of large
structures in a short time and in a rather comfortable way, as happened at the Vasco da Gama
Bridge [15], at the Millau Viaduct [16] or at the Humber Bridge [17].
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In the reception tests of some large and slender structures, the concern with the accurate
identification of modal damping ratios led frequently also to the performance of free vibration
tests, as happened at several outstanding cable-stayed bridges (e.g. Normandy, Vasco da Gama or Millau bridges), inducing a sudden rupture of tensioned cable connected from the
ground [16] or a suspended barge to the deck [15].
The results from these modal identification tests have been used over a number of decades,
normally at the commissioning stage, to establish correlations with numerical predictions, or
in some cases to develop finite element model updating studies [10, 15, 16].
It was then assumed that such tests would characterize the baseline condition of the structural behavior, allowing subsequent detection of structural changes, which made ambient vibration tests gradually more common before and after rehabilitation works [19, 20], and
several research attempts have been developed to detect early damage based on variations of
modal parameters estimates, despite the disturbing influence of environmental and operational
factors [21, 22].
However, the remarkable progress achieved in the last years in the areas of data acquisition
and online information made it feasible, however, the permanent dynamic monitoring of the
structural behavior [23, 24], which may complement other components of structural monitoring, such as the monitoring of loads, static behavior and durability [25]. These systems can
nowadays play a major role in the observation and understanding of the structural behavior
either during the bridge construction, or during the service lifetime [26], as will be shown
with the examples presented in this paper, concerning several continuous dynamic monitoring
programs implemented by ViBest/ FEUP on large Civil structures with different typologies.
3
3.1

CONTINUOUS DYNAMIC MONITORING OF TRANSPORTATION
INFRASTRUCTURES
Footbridges

Modern footbridges are often light structures characterized by very high slenderness and
low damping, which makes them easily susceptible to vertical vibrations for spans longer than
50 m or to horizontal vibrations and lock-in for spans usually in the range 80 – 120 m.
Therefore their design normally requires a reliable numerical prediction of the levels of vibration and degree of human comfort associated to normal walking (of groups or flows of pedestrians) or jogging, which can be in general obtained on the basis of simplified load models
and analysis procedures established in recent guidelines and recommendations [27, 28].
In case of occurrence of excessive lateral and/or vertical human induced vibrations, the design and implementation of vibration control devices (normally tuned-mass or viscous dampers) may be required, and though the efficiency of such devices can be preliminary assessed
on the basis of forced vibration tests [29], the most reliable verification of their efficiency is
based on temporary or long-term dynamic monitoring.
Moreover, continuous dynamic monitoring duly conjugated with the application of robust
software tools to develop an online output-only modal identification of the collected data and
the statistical removal of the influence of environmental and operational factors on the modal
variability can be also used to detect early damage by construction of suitable control charts
[30, 31].
In this context, this section presents three different case studies of continuous dynamic
monitoring of Portuguese lively footbridges, aiming at the verification of vibration serviceability limits defined by recent footbridge guidelines, as well as the demonstration of the feasibility of vibration based damage detection.
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3.1.1 Continuous dynamic monitoring for vibration serviceability assessment
a) Excessive vertical vibrations: the case of Santo Tirso footbridge
Santo Tirso footbridge (Fig. 1) is formed by a steel arch with 60 m chord and 6 m rise,
supporting a 5 m wide deck with total length of 84 m, divided by spans of 12 m. The deck
cross-section, formed by a light concrete slab 0.15 m thick supported by three longitudinal
hot-rolled profiles, is slightly asymmetric due the inclusion of a timber path on one edge.

Figure 1: Santo Tirso footbridge: lateral view (left), installation of a TMD (right).
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Figure 2: Critical vibration modes, comparison between numerical and experimental estimates.

The design of this arch footbridge pointed to a lively behaviour, marked essentially by vertical vibrations induced by crowd walking and jogging of pedestrian groups. The dynamic behaviour of the footbridge was therefore investigated upon construction by means of ambient,
free vibration and pedestrian tests [32]. From these tests it was concluded that the footbridge
reached a medium comfort level with the excitation by groups of 20 pedestrians walking in
resonance with the first and second footbridge modes (Fig. 2), at 1.64 Hz and 2.04 Hz, respectively. For the jogging scenarios, at about 2.71 Hz (mode 3), it was observed that a very small
number of pedestrians (2, 3) could generate extremely high amplitudes of vibration, 5 jogging
pedestrians generating intolerable vertical vibrations [33].
Considering these aspects, a final decision was taken together by the Structural Engineer
and the Owner of the bridge to implement two vertical TMDs, one for slow walk of crowds
(at the antinode of mode 1) and a second one for jogging and running of small groups of pedestrians (at the antinode of mode 3, midspan). The limited space underneath the bridge deck
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to accommodate the TMDs motivated the splitting of each device into two units, which were
installed symmetrically with respect to the bridge axis.
According to the calculations conducted with a calibrated numerical model, the installation
of TMDs with a total mass of 2100 kg would provide an added damping ratio of about 4%,
largely contributing to the attenuation of resonance effects on the footbridge.
In order to evaluate the degree of efficiency of the installed TMDs, a new series of dynamic tests was conducted on the footbridge after their installation [34]. These tests involved the
measurement of the dynamic response induced by a group of 10 pedestrians walking in resonance with the first vibration mode (1.64 Hz), or else by jogging pedestrians in resonance
with the third vibration mode (2.7 Hz).
Inspection of their results shows the important attenuation of the response achieved with
the installation of the TMDs. It could be observed, for example, that the acceleration of 3.2
m/s2 caused by 5 pedestrians jogging reduced by 3 times upon installation of the TMDs, causing the evolution of the footbridge classification from “intolerable comfort”, prior to installation of TMDs, to “medium comfort” level upon installation of TMDs, in the situation of
excitation by groups of joggers.
As for the identification of the level of damping introduced by the TMDs, free vibration
tests were conducted. During these tests, one pedestrian jumped in resonance at the antinodes
of the controlled modes and suddenly interrupted its motion. The envelopes of the free vibration records of accelerations are formed by two branches, the first being characterised by a
higher slope and corresponding to the phase of activation of the TMD, during the higher vibrations, while the second branch reflects the vibration of the footbridge when the TMD deactivates due to a reduction of the response. For the third vibration mode, a damping ratio of
2.5% was measured in the first branch, reducing to 0.7% in the second part of the record.
In order to check the good performance of the implemented TMDs in service, a dynamic
monitoring system was installed in the bridge and a one-year continuous monitoring program
was established in agreement with the footbridge Owner [35]. This system comprises 7 accelerometers and 4 thermal sensors connected to an acquisition system. Three accelerometers are
located on the bridge deck close to the TMDs (two of them measuring vertical and lateral accelerations at midspan and a third one measuring vertical accelerations near the other TMD),
whereas the other four accelerometers are installed on the masses of the four TMD units to
accurately observe their behaviour.
The analysis of the acceleration records collected over a period of one year has permitted
to conclude that the maximum vertical and lateral acceleration has reached values of 1.0 m/s2
and 0.15 m/s2, respectively. These values would allow the classification of the footbridge as
providing a medium comfort level. It is noted however that these values are sporadic, as evidenced by one of the monthly plots of the maximum daily vertical and lateral acceleration
represented in Fig. 3. It is further observed that the maximum daily amplitudes of acceleration
at mid-span are generally greater than 0.5 m/s2, indicating a frequent activation of the TMD
used to control vibrations induced by jogging activities. The same may not occur for the other
TMD, which was designed for slow walking crowds.
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Figure 3: Santo Tirso footbridge: maximum daily vertical (top) and lateral (bottom) acceleration during the
month of August 2013.

b) Excessive lateral vibrations and lock-in: the case of Coimbra footbridge
The Pedro e Inês footbridge in Coimbra is formed by a central parabolic arch with 110 m
chord and 9 m rise, and two lateral half arches in steel, supporting with total continuity a
composite steel-concrete deck (Fig. 4).

Figure 4: Coimbra footbridge: lateral view

A specific characteristic of this structure is the anti-symmetrical development of both the
arch and deck cross sections along the longitudinal axis of the bridge. In the central part, two
L-shaped box-sections and the arch “meet”, to form a rectangular box cross-section 8m x
0.90m, while at the ends of the lateral spans the “meeting” of the arch and deck generate a
rectangular box cross-section 4m x 0.90m. These characteristics result in a complex torsional
behavior under vertical loads.
Due to the poor characteristics of the soil, the arch is founded on long piles, reaching 35 m
in length. The flexibility of these piles in the horizontal directions compromises the behavior
as arch of this structure, resulting instead in an intermediate behavior between an arch and a
girder.
Following an initial evaluation by the Structural Engineer, who identified a potential for
lateral and vertical pedestrian induced vibrations, the Coimbra footbridge was extensively investigated. It was concluded in particular that the footbridge was prone to lateral synchronization (lock-in) in the first lateral mode, at about 0.9 Hz, and this behavior was actually
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observed by test as soon as the number of persons crossing the bridge reached about 70 [29].
It was therefore an option of the Structural Engineer to install a TMD for lateral vibrations at
midspan whose characteristics were determined on the basis of the modal parameters identified upon construction of the footbridge.

Figure 5: Lateral TMD of Coimbra footbridge.

The mass of the implemented TMD was about 15 tons, representing 7.3% of the modal
mass of the footbridge loaded with a pedestrian density of 0.5 person /m2. This TMD was
split into 6 units with a mass of 2465 kg each that were accommodated inside the box section
at the mid-span (see Fig. 5). The observation that the various identical units forming the TMD
behaved differently under vibration of the footbridge motivated a thorough characterization of
these units and of the actual damping provided by the installed TMDs. A forced vibration test
was therefore conducted consisting of the application of a sinusoidal load at frequencies varying in the range 0.58 – 0.98 Hz, containing the footbridge fundamental lateral frequency. Fig.
6 represents the amplitudes of acceleration recorded at the deck mid-span for a sine sweep
with amplitude 200 N and 1300 N, as well as the amplitudes of acceleration measured in correspondence at each TMD unit. The theoretical deck and TMD acceleration amplitudes are
also represented in this figure for comparison.
F=1300N, Sweep 0.58Hz-0.98Hz
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Figure 6: Coimbra footbridge: comparison between theoretical and measured response of deck and TMD units
during a sine sweep.

The analysis of Fig. 6 evidences different deck behavior for different force amplitudes, and
shows also different amplitudes of vibration of the various TMD units. Generally, the TMD
vibration amplitudes diverge from those of the deck when the deck acceleration is greater than
0.03 m/s2. Furthermore, three of the six TMD units have always amplitudes of vibration close
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to those of the deck, meaning that their activation is very slight. Comparing the observed deck
and TMD vibration amplitudes with the corresponding expected values, also represented in
Fig. 6, it can be concluded that the attenuation of the response achieved with the TMDs is
significantly lower than predicted, and that the TMD masses exhibit vibration amplitudes that
more than double the expected values. The identification of modal parameters from the deck
frequency response curves and their comparison with the ones expected from a numerical
formulation of the two-degree-of-freedom system enable the conclusion that the implemented
TMDs are much less efficient than expected, the achieved damping being of the order of 50%
the expected. The combination of the splitting of the TMD into various units with the difficult
activation of some of the TMD units are the reasons for this behaviour and have motivated the
continuous dynamic monitoring of the footbridge with a six-channel system for five years,
with conclusion of the observation in 2012.

Figure 7: Coimbra footbridge: maximum daily acceleration at mid-span between June 2007 and January 2012.

Figure 8: Coimbra footbridge: histogram of maximum daily lateral acceleration between June 2007 and May
2010.

It was therefore relevant to analyse how in practice the footbridge behaved during this period. For this purpose, the maximum daily lateral acceleration recorded at the mid-span between June 2007 and January 2012 by a 6-channel PCB continuous dynamic monitoring
system is represented in Figure 7. The red line marking the amplitude of 0.03 m/s2 is exceeded for most of the days, meaning the TMD is activated almost every day. At the same time,
the maximum daily lateral acceleration rarely attains amplitudes of 0.07 m/s2, with a maximum close to 0.09 m/s2, therefore never reaching the threshold for lock-in specified as 0.1
m/s2 in [28, 29] and leading to a classification of “maximum comfort” for lateral vibrations
according to the same guideline. In this respect, it is relevant to note that the maximum recorded response of the footbridge was 0.094 m/s2 and occurred at the inauguration, which took
place in November 2006.
In order to better characterize the activation of the TMD, a histogram is presented in Fig. 8
showing the frequency of occurrences of the maximum lateral acceleration over the period
between June 2007 and May 2010. The analysis of this figure shows that the frequency of ob-
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servation of the highest amplitudes of vibration is extremely low, meaning that the occurrence
of vibrations is sporadic.

Figure 9: Coimbra footbridge: variation of lateral frequency with temperature and with amplitude of vibration
between June 2007 and May 2010.

This is further evident in Fig. 9, showing the variation of identified natural frequency as a
function of both temperature and amplitude of acceleration [30]. The identified natural frequency of the lateral mode varies in the interval 0.824 Hz to 0.848 Hz, and the standard deviation of the estimates is 0.003 Hz. This narrow interval of variation is useful to understand that
the TMD does not get severely detuned, the expected damping reduction due to this effect not
exceeding 5%, and that the corresponding activation is so sporadic that globally the characteristics of the footbridge are hardly changed with time. So, to conclude, it can be said that the
lateral TMD at Coimbra footbridge is generally very slightly activated and, even though the
actual efficiency is about 50% of expected, the footbridge generally fulfils the serviceability
criteria for lateral vibrations.
c) Vibration-based SHM: the case of FEUP stress-ribbon footbridge
This stress-ribbon footbridge links the main buildings of FEUP with the students’ canteen
(Fig. 10). The bridge is formed by two continuous spans 28m and 30m long, rising 2m from
the abutments to the intermediate pier. A continuous concrete cast-in-situ slab embedding four
pre-stressing cables takes a catenary shape over the two spans, with a circular transition over
the intermediate support, which is made of four steel pipes and forms an inverted pyramid
hinged at the base.
The constant cross-section of the deck is approximately rectangular with external design
dimensions of 3.80 m x 0.15 m.
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(a)

(b)

(c)
Figure 10: FEUP footbridge: (a) General view; (b) Elevation with instrumentation layout; (c) Section over column and instrumented cross-section.

Mode no.

FE freq.
(Hz)

1
2
3
4
5
6
7
8

0.940
2.152
2.101
2.344
3.736
4.188
5.761
6.820

Identified modal parameters
3/10/2009
5/10/2004
Freq. (Hz)
Damp. (%)
Freq. (Hz)
Damp. (%)
0.951
1.03
0.965
1.14
1.989
1.09
2.012
1.45
2.034
1.16
2.038
1.48
2.289
2.05
2.342
1.59
3.520
1.87
3.590
2.08
3.965
1.71
4.105
1.87
5.346
1.80
5.412
1.70
6.037
2.03
6.176
2.12

Table 1: Comparison of identified and calculated modal parameters.
F1=0.951/ 0.965 Hz

F2=1.989/ 2.012 Hz

F3=2.034/ 2.038 Hz

F4=2.289/ 2.342 Hz

F5=3.520/ 3.590 Hz

F6=3.965/ 4.105 Hz

F7=5.346/ 5.412 Hz

F8=6.037/ 6.176 Hz

Figure 11: Identified mode shapes using the SSI-COV method.
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The high flexibility of the footbridge and the significant vibration levels observed during
the crossing by pedestrians motivated the development of a numerical study of the dynamic
behavior which was calibrated on the basis of experimental tests [36, 37]. Table 1 and Fig. 11
summarize the resulting natural frequencies and modal shapes in vertical direction, and present a comparison with the corresponding values identified on the basis of two ambient vibration tests conducted with a five-year time lag.
With the purpose of investigating vibration-based SHM techniques using real data, a continuous dynamic monitoring system based on four sensor units and National Instruments data
acquisition devices was installed in this footbridge [39]. Each unit comprises a vertical accelerometer PCB-393C, a signal conditioner PCB-488A03 and a thermal sensor PT100. These
sensors are mounted separately on the lower surface of the bridge deck at both 1/2 and 1/3 of
each span (Fig. 10 (b) and (c)), a nearly real-time zipped acceleration signal file being generated and transmitted via Internet every 10 minutes and a temperature file every 30 minutes
continuously.
In order to track the variation of modal properties, a Continuous Structural Modal Identification (CSMI) toolkit has been developed and implemented in LabVIEW environment, which
runs automatically without any manual interaction [38, 39].

Figure 12: Variation of identified modal frequencies from 1st June 2009 to 31st May 2011.

The application of the automated Covariance driven Stochastic Subspace Identification
(SSI-COV) method to 1-hour acceleration records permitted the identification of frequency
estimates of 12 modes in the range of 0-20Hz from June 2009 to May 2011. These are shown
in Figure 12. It is noticed that the automated identification of the vibration modes with natural
frequency close to 2 Hz was not possible, due to perturbation introduced by the harmonics in
close frequencies associated with the pedestrians’ movement. For the remaining frequencies, a
clear time variation is perceptible, especially for those associated with higher order modes.
The tendency of increasing in winter time and decreasing in summer time reflects the seasonal
environmental effects. It is worth noting that the maximum relative variation of modal frequency estimates is of the order of 20%.
The development of correlation analyses could show that the variability of modal frequency estimates depends on temperature and intensity of human traffic, with special emphasis to
the first factor. Temperature, in particular, has a non-linear effect on those modal estimates for
temperatures above 30ºC. Despite this non-linear behavior, strong linear relations between
frequency estimates of the different modes were noticed. This fact allowed the use of an output-only approach for the statistical removal of the effects of environmental and operational
factors on the modal properties based on the Principal Component Analysis (PCA) [31].
Subsequently, Novelty analysis on the residual errors of PCA builds a statistical damage
indicator for long term structural health monitoring. To check the feasibility and potential of
this approach, possible damage scenarios were simulated using a duly calibrated 3D finite el-
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ement model. In order to represent different levels of damage, the clamped boundary conditions at the abutments were replaced by spring elements, with the stiffness constants defined
as K1= 1E13 kN·m/rad, K2= 1E10 kN·m/rad and K3= 1E7 kN·m/rad. The continuous monitoring results during the 1st year (from June 2009 to May 2010) were selected as reference
and the frequency estimates in the second year (from June 2010 to May 2011) were affected
by the relative change of calculated frequencies caused by simulated damage.
Figure 13 shows the Novelty index NI (grey points) and centre line CL of reference state
(in red) and three different damage scenarios (in blue, purple and black, respectively). Obvious deviation of CL comparing with the reference state is noted when releasing the rotation
with decreasing stiffness constants of spring elements at both abutments. It means that such
damage can be clearly detected.

Ref

K1

K2

K3

Samples

Figure 13: Detection of simulated damage by decreasing the stiffness of spring element at the abutments

3.2

Railway bridges

Another interesting case study regards the experimental evaluation of the dynamic effects
induced by traffic loads on the Trezói railway bridge (Fig. 14) for fatigue assessment. This
bridge is a single track metallic riveted structure with three spans of 39m, 48m and 39m, supported by two intermediate trapezoidal metallic piers and two masonry abutments at the extremities.

(a)
(b)
Figure 14: Trezói bridge: (a) lateral view; (b) view inside the deck.
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A temporary monitoring campaign (Fig. 15) was also developed at this bridge by ViBest/
FEUP so as to characterize the global and local structural behaviour, enabling the calibration
and validation of numerical models used in numerical simulations for the analysis of stress
distributions in critical elements and connections, the construction of histograms of stress cycles suitable for fatigue assessment, and collecting reliable information regarding the characteristics of real traffic crossing the bridge in terms of velocity, axle loads, number of axles and
axles distances [40, 42].
In a first instance, measurements were performed during two days of higher level of traffic.
During that period, the bridge was crossed by 8 freight trains and 16 passenger trains. Fig.
15b) shows the very good agreement between measured and calculated stresses at an inferior
chord of the truss at midspan, which is the element subjected to higher traction stresses. These
results provided a higher confidence on the developed numerical simulations, as well as on
the trains characteristics obtained. The fatigue damage was then evaluated for the 14 instrumented sections and for each train.

Measured stress vs. Calculated stress
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(a)
(b)
Figure 15: (a) Instrumentation with strain gages; (b) Measured vs calculated stresses.

(a)
(b)
Figure 16: (a) Evaluation of fatigue damage for real traffic; (b) Shell finite element modelling.

This investigation was subsequently extended to all structural elements of the bridge,
which led to the conclusion that the most susceptible elements to fatigue damage are the
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transversal stringers (Fig. 16), which are affected by local vibrations. This aspect motivated a
new research component specifically focused on these local effects, which involved also the
development of more sophisticated numerical models (Fig. 16b)) and the continuous dynamic
monitoring of two transversal stringers [41].
3.3

Roadway bridges

a) Vibration-based SHM: the case of Infante D. Henrique bridge
With the purpose of assessing the structure health condition, a demonstrator system was installed by ViBest/ FEUP at Infante D. Henrique bridge.
The Infante D. Henrique Bridge (Figure 17), over river Douro at Porto, Portugal, is composed of two mutually interacting fundamental elements: a very rigid pre-stressed reinforced
concrete box beam, 4.50 m height, supported by a very flexible reinforced concrete arch 1.50
m thick. The arch spans 280 m between abutments and rises 25 m until the crown, thus exhibiting a shallowness ratio greater than 11/1. In the 70 m central segment, arch and deck join
and define a box-beam 6 m height. The arch has constant thickness and the width increases
linearly from 10 m in the central span up to 20 m at the abutments.

Figure 17: Aerial view of Maria Pia, Infante D. Henrique and Luiz I bridges (from bottom to top) over Douro
river at Porto.

The dynamic monitoring system of the Infante D. Henrique Bridge, in operation since September 2007, is composed by two digitizers that receive the signals collected by 12 force balance accelerometers installed inside the deck box girder according to the scheme of Figure 18.
Three sensors equip each of four sections, one to measure the lateral acceleration and two for
the vertical acceleration at the downstream and upstream sides. The data produced by the digitizers is continuously transferred to FEUP in the form of ASCII files with as many columns as
the number of sensors, containing acceleration time series with a length of 30min sampled at a
rate of 50Hz.
This dynamic monitoring system is complemented by an independent static monitoring
system (performing six acquisitions per hour) that was installed in the bridge during construction, comprising strain gages, clinometers and temperature sensors. In particular, the temperature sensors embedded in the concrete (Figure 18) were crucial to eliminate the influence of
temperature in the modal parameters.
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Figure 18: Position of accelerometers and temperature sensors.

The Dynamic Monitoring system produces two files with acceleration time series per hour,
which are then handled by the monitoring software package, DynaMo [43], which performs
the following tasks:
• Downloading and archiving in a database of the original data file, for later testing of
alternative processing methodologies;
• Pre-processing of the data to eliminate the offset and reduce the sampling frequency to
12.5 Hz (the first 12 modes are below 5 Hz);
• Automatic identification of modal parameters using three different identification algorithms: FDD, SSI-COV and p-LSCF;
• Removal of environmental and operational effects from the identified natural frequencies;
• Updating of the control chart for the identification of abnormal values;
• Updating of the database with the results of the processing.
All the collected data and results can then be consulted using a graphical user interface
(DynaMo Viewer) that comprehends tools to create several types of plots for a given time interval.
To exemplify, Figure 19 presents the time evolution, from September 2007 to May 2010,
of the bridge first four natural frequencies associated with vertical bending modes. The influence of the annual temperature fluctuations on the values of the natural frequencies is evident.
The additional observation of the influence of the amplitude of vibration on those frequencies
led to the construction of an optimised regression model that can minimize the effects of these
variables on the modal parameters. Figure 20 shows the narrow range of variation of the natural frequency estimates associated with the first lateral mode upon removal of the referred effects, using a multiple linear regression model [44].
Despite the good results obtained with the regression model, a complementary study with
PCA was conducted to eliminate the influence of unmeasured factors on the natural frequencies. The first 12 natural frequencies of the bridge corrected by the two statistical tools are
then used in the construction of a multivariable control chart. In the chart presented in Figure
21a), one point refers to a group of 48 observations, as the performance of averages over 48
observation periods permitted to increase the accuracy in the detection of small frequency
changes. It can be seen that the majority of the values are bellow the control line, defined taking into account observations associated with a reference period during which the structure is
assumed undamaged.
In order to test the ability of control charts to detect damage, several damage scenarios
were simulated with a numerical model of the bridge previously tuned. These were simulated
in simplified form as bending stiffness reduction of 10% over lengths of 5 meters at selected
regions along the bridge [43]. The damage scenario that is analysed here is a stiffness reduction of the deck at mid-span. This led to frequency variations in some modes of the order of
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0.15%. These variations, quantified with the tuned numerical model, were applied to the experimental data collected after March 2009. The control chart in Figure 21b), designated
Shewhart or T2, demonstrates that after introduction of the frequency shifts due to the simulated damage the points of the control chart are outside the control area. Therefore, it is concluded that it would be possible to automatically detect such a small damage in the bridge
with the installed monitoring system.

Figure 19: Time evolution of the natural frequencies of the first 4 vertical bending modes.
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Figure 20: Time evolution of the first natural frequency before and after minimization of environmental / operational effects.
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Figure 21: Control charts without (left) and with (right) the numerical simulation of damages.
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b) Dynamic monitoring of wind effects: the case of Grande Ravine bridge
Continuous dynamic monitoring can also play an interesting role in Wind Engineering
studies developed on prototypes, specially in the case bridges located in zones with high susceptibility to the occurrence of extreme events, such as cyclones or typhoons, demanding an
adequate characterisation of loads and an accurate assessment of the corresponding response.

Figure 22: Grande Ravine viaduct, Reunion Island.

Such type of research has been carried out by ViBest/ FEUP on the Grande Ravine viaduct
(Fig. 22), which is a slender girder bridge crossing a volcanic breach of 320m width and
170m depth, at the Reunion Island. This viaduct is located in an area frequently affected by
tropical cyclones and has a particular structural configuration that, although stiff when compared to cable-stayed and suspended bridges, is slender in comparison to ordinary girder
bridges.
These aspects led the Designer SETEC tpi [45] to idealise a continuous monitoring system
with aerodynamic character, grouping a set of anemometers, pressure cells, temperature sensors and accelerometers (Fig.23). Collaboration between the Designer, ViBest/FEUP and
CSTB was established for the processing and analysis of recorded data, in order to validate
the wind studies carried out during the design stage. Several other experimental tests were also conducted. In particular, ambient vibration tests were performed to characterise the bridge
structure after construction, and detailed wind tunnel tests were developed, using simultaneous measurement of aerodynamic forces with balance and through pressures on the surface of
cross section of the deck model, in order to characterise the aerodynamic forces acting on the
viaduct model.

Figure 23: Monitoring of Grande Ravine viaduct: Location of (a) anemometers and accelerometers; (b) pressure cells.
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This research [46] used 2 years of monitoring data in order to analyse and validate the design studies of Grande Ravine viaduct and also to explore recent numerical methodologies of
analysis through the development/implementation of numerical tools for the assessment of
structural response calibrated with results from full-scale measurements.
In this context, a wind model for the Grande Ravine implantation site was proposed based
on the results of the analysis of the full-scale data recorded by the anemometers. These include the identification of predominant wind directions, incidence and design mean wind velocity, as well as local wind turbulence intensities, length scales and coherence.
Force coefficients were assessed based on the full-scale measurement of pressures, and
compared with values established for structural design based on detailed wind tunnel studies.
Correlations between wind and pressures were also established for the dominant wind directions and aerodynamic admittance was estimated from full-scale measurements and compared
with experimental and theoretical formulations. Coherence between aerodynamic forces was
also estimated and compared with the coherence of incident wind.
These results were compared with those from wind tunnel detailed study and from CFD
simulations of flow around the deck cross section using stationary and unstationary turbulence
models.
The structural response was studied based on the treatment of acceleration records from the
continuous monitoring system installed at the viaduct. Modal identification under natural excitation was performed and the variation of structural dynamic properties was studied after
removal of operational effects.
The structural response was analysed aiming at separating the effect of wind and characterising the effect of aerodynamic excitation, particularly the development of aerodynamic
damping. A case of vortex induced vibrations was also identified and described.
4

CONTINUOUS DYNAMIC MONITORING OF STADIA SUSPENSION ROOF

The Braga Municipal Stadium (Fig. 24) was built for the 2004 European Football Championship that took place in Portugal, and a particular aspect of this structure is the suspension
roof structure, formed by 34 pairs of cables spanning 202 m and supporting two composite
slabs 0.245 m thick over the stands, in extensions of 57 m from the anchorages.

Figure 24: Braga Municipal Sports Stadium: view of roof from the west side. Cross section.

This very slender structure was object of various design studies, which comprehended numerical studies for dynamic assessment and wind tunnel tests on rigid and flexible physical
models, to determine pressure coefficients, identify potential aeroelastic instabilities and assess the response to turbulent wind. These studies pointed in general to a risk of high vibrations due to resonant effects and of high local vortex shedding stresses.
These factors motivated extensive tests conducted on the constructed structure to assess
damping, and the installation of a monitoring system in order to monitor the roof response
under wind excitation.
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In this context, complementary monitoring systems were installed by ViBest/ FEUP, including two sonic anemometers and various accelerometers, aiming at providing a characterization of the wind loads on the roof and establishing correlations with the response.
The roof structure has been monitored by two different systems (Fig. 25): one to monitor
the dynamic response and the other to collect wind measurements. In operation since March,
2009, the continuous dynamic monitoring system is set to acquire the vertical acceleration by
means of 6 force-balance accelerometers. The wind monitoring system was installed in the
beginning of December, 2011, and is composed by two ultrasonic anemometers that are suitable to measure the ambient temperatures, velocity and direction of the wind at high sampling
frequencies. This new independent and complementary wind measurement system was installed on the west slab of the stadium in order to characterize the wind model and analyze
correlations between the structure's dynamic response and the wind load.

Figure 25: Location of components of the two monitoring systems installed for wind measurements and acquisition of vertical accelerations on the Braga stadium suspension roof (top view of the west slab).

The installation of both monitoring systems comprised several elements as described in
Figure 25. The correlation between the data provided by both systems has allowed the assessment of the complex non-linear interactions between the monitored structure and the environmental effects.
Careful inspection of the monitoring results [47], as well as of temperature data available
since the construction phase reveals that temperature plays also a major role in the variations
of natural frequency estimates, as shown in Figure 26 (left). However, it’s interesting to note
that, probably due to the peculiar geometrically non-linear behaviour of the roof, the increase
of temperature does not induce always a decrease of frequency estimates. Moreover, these
variations have some non-linear nature, as shown in Figure 26 (right). The variations of the
natural frequency estimates obtained along almost two years of permanent monitoring of the
roof structure are summarized in Table 3 and show relative variations no larger than 4.9%.
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Figure 26: (Left) Time evolution of natural frequencies: (top) from 2009/03/25 to 2010/09/27 in the range of
0 – 1.1 Hz; (bottom) from 2009/07/1 to 2009/07/10 of the modes 3, 4 and 5; (Right) Correlation of estimated
frequencies and measured temperatures from 2009/07/01 to 2009/12/31.

Average
frequency (Hz)
0.275
0.290
0.525
0.542
0.553
0.632
0.654
0.681
0.698
0.732
0.866
1.013

Frequency
range (Hz)

Max.relative
variation(%)

0.272-0.277
0.287-0.293
0.519-0.532
0.538-0.547
0.543-0.560
0.619-0.639
0.647-0.658
0.670-0.691
0.688-0.703
0.724-0.740
0.843-0.877
0.981-1.031

1.8
2.1
2.5
1.7
3.1
3.2
1.7
3.1
2.1
2.2
3.9
4.9

Table 2: Variations of frequency estimates.

(a)
(b)
(c)
Figure 27: Relationship between the 10-min mean wind speeds measured by wind sensor WS1 and the RMS of
the vertical acceleration responses for: (a) accelerometer A1; (b) accelerometer A2; (c) accelerometer A3.

32

Álvaro Cunha, Elsa Caetano, Carlos Moutinho and Filipe Magalhães

On the other hand, the wind monitoring system enabled an accurate characterization of
mean wind speed, direction and elevation angles, turbulence intensity, wind speed power
spectra, turbulence integral length scales and influence of wind on the structural response (Fig.
27), as explained in detail in [48].
5
5.1

CONTINUOUS DYNAMIC MONITORING OF ENERGY INFRASTRUCTURES
Wind turbines

The technology previously developed for continuous dynamic monitoring of bridges and
stadia roofs can be also applied with success in the field of energy infrastructures.

Figure 28: Main steps of the vibration-based monitoring system (the grey box identifies the module related to
automated modal analysis)

With this purpose, a vibration-based monitoring system was also installed by ViBest/
FEUP in a 2.0 MW onshore wind turbine, aiming at identifying abnormal structural changes
at the support structure. This element, composed by the tower (76 m height) and foundation,
is a crucial component of the wind turbine, representing an important share of the capital costs
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[49]. The main components of the developed monitoring system are introduced in Fig. 28.
This aims not only the OMA based early detection of structural changes (damages), but also
the evaluation of fatigue life.
The wind turbine is equipped with a SCADA system recording the mean, maximum and
minimum values of several operational and environmental parameters from 10-min periods
(e.g. wind speed and direction, rotor speed, yaw angle, blades pitch angle, outdoor temperature).
The installed vibration-based monitoring system is based on a GeoSIG CR-5P central acquisition system connected to 9 Guralp uni-axial force balance accelerometers distributed
along the tower height and at the foundation level (Fig. 29).
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Figure 29: Distribution of the sensors along the wind turbine

Due to the frequent change of the nacelle orientation, a coordinate transformation was applied to the decimated acceleration signals so as to obtain the signal associated to the fore-aft
(FA) and side-side (SS) directions of the turbine. Subsequently, automated operational modal
analysis procedures were applied using the SSI-COV and p-LSCF methods and a hierarchical
clustering algorithm of the stabilization diagram poles [50].
Since wind turbines are time-varying structures, with slightly different structural configurations according to the various regions of operation, different operating regimes have to be
considered when defining the reference properties of the vibration modes. In that sense, six
different operating regimes are defined, reflecting the major variations of structural configuration of the wind turbine. These regimes are described in Table 3.
Operating regime
1
2
3
4
5
6

Wind turbine condition
Parked or idling (with high pitch angle values higher than 72º)
Parked or idling (with pitch angle value lower than 72º)
Transition regime from non-operation to operation (rotor speed between 0
and 8.7 rpm)
Operating regime, defined by the lowest operating rotor speed and the
point where the pitch angle starts to increase to avoid excessive rotor
torque values (around mean wind speed of 10 m/s)
Operating regime, between regime 4 and the highest operating rotor speed
Wind speed higher than cut-out speed

Table 3: Regimes considered for reference modal properties of the vibration modes.

Figure 30 shows the selected clusters in a Campbell diagram (frequency vs rotor rotation
velocity), considering datasets collected during one year. In this figure, the clusters are repre-
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sented according to the main direction of vibration of the mode (FA or SS). Several alignments of clusters are clearly identified, corresponding to vibration modes. However, it also
shows some clusters located around the inclined dashed lines (corresponding to the harmonics
associated with the rotor rotation). These clusters, are only present when the turbine is in operation (rotor speed higher than 8.7 rpm), corresponding to poles motivated by the harmonic
excitation.

Figure 30: Campbell diagram of considered clusters of stable poles. The vertical dashed lines separate the
non-production situation, a transition state and the operating regimes of the wind turbine.

Once the most important vibration modes of the wind turbine were identified, and their
reference properties defined, a suitable tracking procedure could be implemented [50]. With
this step, the alignments of points associated with the modes were selected and the influence
of the harmonics was eliminated (Figure 31).

Figure 31: Campbell diagram with the tracked vibration modes (p-LSCF algorithm)

Figure 31 exposes the quality of the modal identification obtained with the monitoring system along the whole operating regime of the turbine. Even for closely spaced modes (as is the
case of the pairs of bending modes), the adopted processing strategy is capable of accurately
distinguish them.
The evolution of the 1 SS* and 2SS* modes with the rotor speed is illustrated, with greater
detail, in Figure 32. This figure resembles the typical behavior the of rotor whirling modes
[51].
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Once the monitoring system is tuned to continuously track the vibration modes, the system
is capable of operate in an automated way.

Figure 32: Zoom of the Campbell diagram with the tracked vibration modes (p-LSCF algorithm)

The analysis of the damping results allows extracting very interesting conclusions regarding this modal property. Damping is a crucial characteristic in the design of wind turbines,
directly affecting the fatigue analysis of the support structure and, consequently, its estimated
lifetime. The quantification of the damping is especially complex due to (non-linear) phenomena, such as the aeroelastic interaction between the wind turbine and the wind flow. This phenomenon affords an additional portion of damping to the structural system, usually named as
aerodynamic damping.
Globally, the damping ratio of the FA modes is expected to increase with the increase of
the wind speed (which usually implies a higher operating regime). This is mostly due to the
contribution of the aerodynamic component of damping. As expected, this increase of the
damping values is not expected to be significant in the SS modes since the aerodynamic
damping affects more modes vibrating on the direction of the wind.

(a)

(b)

Figure 33: Modal damping ratios of the 1 FA mode (a)) and 1 SS mode (b)) vs wind speed. In this figure, the
median values (and box plots) are shown to characterize the damping variability in each wind speed interval.

A detailed analysis of the damping values of the first pair of tower bending modes is
shown in Figure 33. Figure 33 a) illustrates the evolution of the damping ratio of the 1 FA
mode with the wind speed. The shape of the adjusted line (connecting the median values of
each wind speed interval) clearly shows an increase of the damping with the wind speed, followed by a drop for wind speeds around 15 – 17 m/s. This situation is consequence of the increase of the pitch angle in the operating regime 5 which reduces the thrust force at the tower
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top and, consequently, reduces the opposition of the rotor blades to the wind flow in the FA
direction.
On the other hand, the adjusted line for the damping values of the 1 SS mode (Figure 33 b))
only shows small variations over the different operating conditions, with a reduction when the
turbine starts operating and an increase until reaching its rated speed.
5.2

Concrete dams

The implementation of vibration based SHM systems in concrete dams has been the most
challenging application of ViBest/ FEUP, owing to the extremely low signal to noise ratios.
This has been done, for instance, at the Baixo Sabor dam (Fig. 34) , which is a concrete
double-curvature arch dam, 123 meters high, located in the north-east of Portugal, which is
being monitored by a dynamic system comprising 20 uniaxial accelerometers implementation.

Figure 34: Baixo Sabor arch dam, aerial view of dam and reservoir and detail of the spillway from downstream [52]

Figure 35: Scheme of the monitoring system [25]

When monitoring large and massive civil structures, it is advantageous to have digitizers
distributed along the monitored structure in order to reduce cable length and thus electrical
interferences that can corrupt the signals [53]. Therefore, the dynamic monitoring system installed in Baixo Sabor arch dam is divided in three subsystems connected by optical fiber.
Subsystem 1 and subsystem 2 are composed by 6 uniaxial force balance accelerometers and a
digitizer each, and both subsystems are connected to a field processor which is, in turn, linked
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to a computer (NUC). The two groups of accelerometers are radially installed along the upper
gallery, disposed on each side of the spillway. Subsystem 3 is composed by 8 uniaxial force
balance accelerometers, radially installed along the second and third upper galleries, and two
digitizers that are connected to the computer, which is responsible for running the acquisition.
To perform modal analysis a good synchronization of the data recorded by all digitizers
must be assured, which required the installation of GPS antennas. In addition, the field computer is connected to the optical fiber network between the dam and the plant allowing remote
access. A scheme representing the monitoring system main elements is presented in Figure 35,
while the position of the total 20 accelerometers is characterized in Figure 36 by red marks.

Figure 36: Position of measuring points and subsystem components of Baixo Sabor dynamic monitoring system

The force balance accelerometers used (FBA ES-U and FBA ES-U2 from Kinemetrics)
have a dynamic range of 140 dB and 155 dB, respectively, and a frequency bandwidth that
goes from DC to 200 Hz. These accelerometers can measure up to 4 g, but in this application
they were configured to measure in the range 0.25 g / +0.25 g, in order to allow the accurate
characterization of very low acceleration signals.
The dynamic monitoring system is configured to continuously record acceleration time series with a sampling rate of 50 Hz and a duration of 30 minutes at all instrumented points,
thus producing 48 groups of time series per day. These data are automatically stored in the
field computer and then transferred remotely both to FEUP and LNEC, with a FTP connection, where they are stored and processed.
The data processing is accomplished with the software DynaMo, which was initially developed at ViBest/FEUP for continuous dynamic monitoring of bridges and was now adapted
for the monitoring of dams [54].
For the most important and challenging task, the continuous automated identification of the
modal parameters, alternative output only algorithms [55] were tested, and it was concluded
that good results could be achieved through the combination of the Covariance Driven Stochastic Subspace Identification (SSI-Cov) with a routine for automated interpretation of the
obtained results based on clusters analysis.
Fig. 37 presents the stabilization diagram that stemmed from application of the SSI-Cov
method to a set of time series collected in the instrumented dam. The six vertical alignments
of stable poles presented in the diagram represent the first six vibration modes of the dam.
When monitoring dams integrated in a hydroelectric power plant, the turbine rotation frequency and its harmonics may be associated with mode shapes that are similar to the physical
mode shapes of the dam with close natural frequencies. This may lead to the incorrect classification of a harmonic as a dam vibration mode. Since these harmonics are associated with
low damping values, to prevent this, before comparing the entire set of estimates with the references, the estimates with frequencies close to those of the harmonics and whose damping
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values are lower than 0.75% are eliminated. This is possible because a preliminary analysis of
the data showed that all the tracked vibration modes present damping values higher than 1%.

Figure 37: Stabilization diagram obtained for the analysis of the time series collected at 2016/05/08 13:00.

The efficiency of the implemented tracking and harmonic removal procedures [56] is
shown by comparing Figure 38 with Figure 39, which respectively present the identified natural frequencies obtained before and after their application. The algorithm searches between
the entire set of estimates to find the ones that correspond to true vibration modes. In Figure
38, besides the natural frequencies evolution over time, one can also identify horizontal distributions of estimates that are associated with the referred harmonics and spurious modes
(which were pointed out with red arrows). While the natural frequencies of the structure vary
over time due to operational and environmental factors, the frequencies associated with the
turbines operation are almost constant over time.
Automated operational modal analysis was applied to the first six months of data recorded
by the dynamic monitoring system, in order to track the evolution of the modal parameters of
the first six modes (Fig.40).

Figure 38: Natural frequencies identified with the SSI-Cov method; blue arrow pointing to turbine rotation
frequency; red arrows pointing to harmonics and spurious modes
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Figure 39: Natural frequencies identified with the SSI-Cov method after using reference modal parameters.

Mode 1

Mode 4

Mode 2

Mode 5

Mode 3

Mode 6

Figure 40: Modal configuration of the first six modes of Baixo Sabor arch dam.

Natural frequencies and modal damping ratios were obtained for each setup of 30 minutes,
from December 2015 to May 2016, and then 12-hour averages were calculated. Thus, the evolution of the first six natural frequencies over time is characterized in Figure 41. Sudden frequency variations are still well defined, as it can be seen by the fast value decline that all the
six frequencies suffered in early January.

Figure 41: Time evolution of natural frequencies’ 12-hour averages.
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Figure 42: Time evolution of reservoir water level.

The sudden fall of natural frequencies values in January is explained with the temporal
evolution of the reservoir water level. Comparing Figure 41 with Figure 42, it is possible to
notice that an inverse proportionality occurs between natural frequency values and reservoir
water level.
Statistical relationships between the vibration frequencies of the structure and the water
level in the reservoir were developed with the aim of minimizing these effects (Figure 43).
The obtained regressions were very important to validate and update numerical models,
and to improve the understanding about the dam-foundation-reservoir system and thus enhance the quality of future models.

Figure 43: Correlation between the reservoir water level and the first six natural frequencies.

The effect of water level was then mitigated. For each vibration mode, individual frequency estimates were subtracted by the frequency value obtained with the regression model taking into account the water level associated with that particular estimate. Afterwards, the
frequency averages of each mode were added to the obtained residues, resulting in the evolution of corrected frequencies over time.
The temporal evolution of frequencies after correction is much more stable. These stable
frequencies may now be used as a starting point for the implementation of tools for damage
detection [57].
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The effect of this correction is clearly shown by the histograms of frequencies presented in
Figure 44, for the first three vibration modes. The distribution of frequencies was completely
asymmetric before the correction of the water level effect (in blue) and acquired a welldefined symmetric shape after this correction (in orange), as it was expected.

Figure 44: Histograms with the first 3 natural frequencies before and after correction of the water level effect.

The future collection of additional data will certainly permit to enrich these models with
the incorporation of other factors with a lower influence on the natural frequencies of this type
of structures, as for instance temperature and levels of vibration. Moreover, long-term effects
such as the variation of the dam-rock-reservoir system deformation modulus, the state of the
dam’s contraction joints and concrete hardening must also be taken into account when performing long-term evaluations.
Parallel to the continuous monitoring, a forced vibration test [58] was performed on Baixo
Sabor arch dam in early May 2016, when the water reservoir was full, at a level of 234 m. For
this purpose, the vibrator of eccentric masses presented in Figure 45 was used. During the test,
the vibrator imposed on the structure harmonic horizontal forces with different ampitudes and
frequencies, and the dynamic response of the structure was measured with accelerometers and
velocity transducers disposed over the dam’s five upper galleries, as represented in Figure 45.
The recorded time series allowed the identification of natural frequencies, modal damping ratios and mode shapes for the structure’s first 12 modes.

Figure 45: LNEC eccentric mass vibrator used in Baixo Sabor arch dam and accelerometer position [58].

The results obtained from this forced vibration test were later confronted with results obtained from a numerical model developed by LNEC. This model, based on discrete and finite
elements, takes into account the dam’s contraction joints, the deformability of the foundation
and the reservoir [59]. To model the dam, 32 vertical blocks were discretized in isoparametric
20-node brick finite elements. This model has a simplified representation of the reservoir and
the foundation, and it is intended to allow a preliminary comparison with the experimental
data. The dynamic dam-reservoir interaction was simulated with Westergaard’s added mass
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technique, for the nodal points of the model located in the upstream face below the reservoir
level.
The natural frequencies obtained both through the forced vibration test and through the
numerical model, when the reservoir water level was stable at 234 m are presented in Table 2
together with the results of the monitoring system for the same water level. The results from
the forced vibration test and the average frequencies obtained with the monitoring system during the test are almost identical. In turn, the numerical model, in spite of its simplifications,
also produces results very close to those of the vibration test.

Mode

Natural Frequency [Hz]
Forced Vibration
Test
2.44

1

Continuous
Monitoring
2.45

Numerical
Model
2.44

2

2.57

2.57

2.67

3

3.34

3.34

3.56

4

3.93

3.93

4.03

5

4.78

4.78

4.81

6

5.35

5.37

5.49

Table 4: Natural frequencies of the first 6 vibration modes, obtained with ambient vibration, forced vibration and
numerical modelling.

6

CONCLUSIONS

The set of long-term dynamic monitoring programs gradually implemented by the Laboratory of Vibrations and Structural Monitoring (ViBest, www.fe.up.pt/vibest)
of
CONSTRUCT/FEUP in large transportation and energy infrastructures with different typologies has enabled to better understand the potential of Continuous Dynamic Monitoring in different perspectives, such as:
• The interest of continuous dynamic monitoring of human induced vibrations to support the verification of safety with regard to vibration serviceability limit states in lively structures and of the efficiency of vibration control devices in pedestrian bridges
with excessive vertical or lateral oscillations;
• The interest of continuous monitoring of dynamic effects in roadway and railway
bridges enabling an accurate fatigue assessment under real traffic loads, including local fatigue effects;
• The feasibility of application of vibration based Structural Health Monitoring techniques in bridges and special structures, enabling the early detection of slight structural modifications induced by damage by tracking the time variation of modal estimates,
statistically removing the influence of environmental and operational factors on the
modal variability and building appropriate control charts where the variation of a suitable novelty index can flag the occurrence of abnormal changes;
• The interesting role of continuous dynamic monitoring in Wind Engineering studies
developed on prototypes, specially in the case bridges located in zones with high susceptibility to the occurrence of extreme events, such as cyclones or typhoons, demanding an adequate characterization of loads and an accurate assessment of the
corresponding response;
• The feasibility of application of the vibration based SHM technology previously developed and implemented in bridges and stadia roofs to energy structures, like wind
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turbines and concrete dams, enabling their accurate modal tracking and damage detection, after suitable statistical removal of effects of environmental factors.
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Abstract
Steel joints for moment resisting frames in seismic areas are designed in accordance with the
capacity-based design principles This design philosophy can be also effectively implemented
to enhance the robustness of structures against progressive collapse. In this article the effectiveness of seismic design criteria on the robustness of beam-to-column joints is investigated.
The numerical investigation was carried out on a set of European beam-to-column assemblies
equipped with extended stiffened end-plate connections. The beams in the analyzed models
were axially-restrained and subjected to large rotational demands, characteristic of the column loss scenario. The results show that the joints designed in accordance with seismic requirements have an adequate performance, provided that the axial resistance of half of the
connection is larger than the plastic resistance of the beam.

Keywords: Column loss scenario, catenary action, seismic resistant joints, extended end-plate
connection, joint ductility.
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1

INTRODUCTION

In the last decades, the worldwide increase of terrorist attacks on civil structures and infrastructures led to an increasing interest in structural design for guaranteeing robustness against
progressive collapse.
Nowadays, limited design requirements are provided by existing building codes and,
among them, ASCE 7-16 [1] recommends two possible approaches to design against progressive collapse, namely the direct and indirect method.
The direct method aims at providing sufficient strength to resist the failure at critical locations. For example, in a column loss scenario, where an internal column has been removed
due to blast or impact, and an alternate load path develops through catenary action transferred
by the adjacent beams, the joint needs to be carefully designed to be able to carry the larger
forces developed (significant strain hardening and bending moments larger than the theoretical plastic bending strength).
The possibility to develop full catenary action plays a key role to ensure sufficient ductility
and redistribution capacity after column removal scenario and, in case of steel buildings, the
bolted beam–to-column joints are the critical elements [2-3]. Indeed, the joints are subjected
to significant increase of forces (i.e. bending moment, shear and axial forces) under column
loss, which are due to second order effects and catenary action developing into the connected
beams.
Therefore, the robustness of a steel structure made of ductile and compact members is
highly influenced by the response of its joints, as highlighted by several experimental and
numerical studies recently carried out on structures undergoing progressive collapse at the
occurrence of a column loss scenario [4-7]. This is not the case of lightweight structures [2630] where the poor ductility of the all structural components affect the ultimate behavior.
The design strategy to enhance the robustness of joints in case of column loss can be based
on the hierarchy of resistance among the components of the joints [8], similarly, to the capacity design approach used for seismic design [9-16].
The aim of this work is to investigate the behavior of steel joints, designed exclusively for
seismic action, under a column loss scenario. The extended stiffened end-plate joints presented in the following were designed to behave as full strength [31, 32], according to the procedure introduced in the EQUALJOINTS project [17].
The paper is organized in three main parts. In the first part, the design criteria and the investigated joints’ features are presented and in the second part, the modelling assumptions are
described. In the third part, the results obtained from finite element simulations are described
and discussed.
2

DESCRPTION OF THE INVESTIGATED JOINTS

The beam-to-column joint assemblies investigated were selected from a set of moment resisting frames (MRF) designed according to EN1993-1-1 [18] and EN1998-1-1 [19]. The
beam-to-column assemblies selected are representative of the European practice for the MRF
for both low and high seismic areas. The selected beam-to-column assemblies are the following:
• beam IPE360 – column HEB280, labelled as “ES1”;
• beam IPE450 – column HEB340, labelled as “ES2”;
• beam IPE600 – column HEB500, labelled as “ES3”.
The joints were designed to behave as full strength, guaranteeing the occurrence of all
plastic deformations in the connected beam as described by D’Aniello et al. [8].
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M wp, Rd  M con, Rd  M con,E d =  sh   ov  (M B, Rd + VB, Ed  sh )

(1)

M wp , Rd = Vwp , Rd  z

(2)

Where Mwp,Rd is the flexural strength corresponding to the capacity of column web-panel
(see Eq. (2), Vwp,Rd is the column web shear resistance, z is the internal level arm, Mcon,Rd is
the flexural strength of the connection zone, Mcon,Ed is the design bending moment at the column face, MB,Rd is the design bending strength of the beam, VB,Ed is the shear force corresponding to the occurrence of the plastic hinge in the connected beam, sh is the distance
between the applied shear and the column face.
An additional verification should be done in order to avoid the brittle failure of the bolts. In
particular, the strength of each bolt row should be larger than the strength of the connected
plate, accounting for both the random variability of its yield stress and the relevant strain
hardening. This requirement is expressed by Eq. (3), being d the nominal bolt diameter, γM0
and γM2 the partial safety factors according to Eurocode 3.
 f
0.42  d
t
 M0 ub
(3)
 ov   sh  M2  f y
The main features of the designed joints are shown in Figure 1a and summarized in Table 1.
All the investigated specimens have the same beam (Lbeam) and column (Hcolumn) length equal
to 7m. The joint boundary condition represented in Figure 1b show also the normal action developing in the connected beams (expected when the joints are subjected to column removal).
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Figure 1: Joint geometrical features (a) and boundary condition under column removal scenario

Joint
Assembly
ES1-F
ES2-F
ES3-F

End-plate
hEP
mm
760
870
1100

bEP
mm
260
280
280

Rib
tEP
mm
25
25
30

bRib
mm
200
210
250

Bolt position

aRib
mm
235
250
295

d
mm
30
30
36

e
mm
50
50
55

Table 1: Joints geometrical features
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2
8
2
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3

FEM MODELLING

Finite element analyses (FEAs) were carried out using ABAQUS 6.14 [20]. The models
were discretized using C3D8I solid element type (i.e. 8-node linear brick, incompatible mode).
The modelling procedure and hypotheses are already discussed by the Authors in several research papers [21-24] and hereinafter only the most important aspects are highlighted.
The contacts between (i) end-plate and column flange, (ii) bolt head and end-plate and nut
and column flange, and (iii) shank and the corresponding surface of the holes, were modelled
by means of surface-to-surface interactions. Both normal and tangential contacts were used.
The former was defined as ”Hard Contact”, which simulates the behavior perpendicular to the
interface, both in case of pressure (overclosure) and gap opening (separation). The tangential
behavior was simulated by means of the “Coulomb friction” model while the value of the friction coefficient was assumed equal to 0.3.
The material used for beams, columns and plates corresponds to the European S355 steel
with the average yield strength equal to γov×fy. The Von Misses yielding criterion was used
together with combined (i.e. both isotropic and kinematic) plastic hardening model.
High strength (gr.10.9) pre-loadable HR bolts were used. The material properties of the
bolts were defined by means of a multilinear force-displacement curve covering the initial
elastic, yielding and plastic domain up to failure according to D’Aniello et al. [6-7]. The pretensioning of bolts was modelled in the first step of analysis using the “Bolt load” option
available in the FE software and the clamping force was set equal to the values recommended
by Eurocode 3 Part 1-8 [25].
Both fillet and full penetration welds connecting the various elements and stiffeners were
modelled. To ensure the continuity between the welded elements, the respective surfaces were
connected by means of “Tie” constraints. The material of the welds was modelled by an elastic perfectly plastic constitutive law, with the yield stress equal to 460 MPa.
The boundary conditions were in accordance with the sub-structuring shown in Figure 1b.
Torsional restraints were introduced out of the length of the plastic hinge. Finally, the displacement histories were applied at the tip of the beam with quasi-static application using the
dynamic implicit solver.
4

RESULTS

The column removal scenario implies the sudden loss of a column adjacent to the investigated joint (see Figure 2). In this case, the presence of axial restraints and the large deformation regime, substantially modify the local demand in the joint components due to the
development of catenary actions into the beam, the rotational demand being generally larger
than the value expected under seismic conditions.
Under the column loss, the total bending moment at column face can be calculated using
Eq. (7).
M cf = M I + M II = M I − N  
(7)
The catenary action developed in the examined full strength joint changes in function of
the size of the beam-to-column assembly. Figure 2 shows how the larger of the investigated
joints have an increase of the catenary action the values increasing from 20 to 40% of the
plastic axial resistance of the connected beam (Npl,Rd,Beam). ES1-F and ES2-F have a very ductile behavior, no brittle phenomena occurring up to 20% of chord rotation. Looking at the
plastic deformation, the formation of a plastic hinge in the column can also be observed, outside the web panel, without a reduction of the joint ductility. Contrariwise, ES3-F shows a
different failure mode. Despite the joint’s ductile behavior up to 10% rotation, for increasing
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values of rotation, damage concentration can be observed in the connection with a consequent
brittle rupture of the bolts (see Figure 2).
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Figure 2: Results of ES1, ES2 and ES3: Moment rotation curve, catenary action and PEEQ plastic deformations

The reason for the different response of ES3-F is related to the tensile resistance of the
bolts compared to the catenary action developing under column loss. Indeed, the tensile resistance of the bolts (ΣFt,Rd) in the upper half part of the connection (i.e. above the symmetry
axis) for ES1 and ES2 configurations, is close to the plastic strength of the beam. Therefore,
ΣFt,Rd/Npl,Rd,Beam is respectively equal to 0.96 and 1.00. On the contrary, the resistance of the
bolts in the tensile part of the ES3-F connection is significantly smaller, namely
ΣFt,Rd/Npl,Rd,Beam= 0.65.
These observations suggest that the effect of catenary action on the connection response
can be disregarded at design stage if the tensile strength of the half part of the bolted connection is close to the tensile resistance of the connected beam. However, if the design objective
is to avoid any type of damage in the column, the strength of the column web panel as well as
the bending resistance of the column segments outside the joint should be properly verified
against the expected catenary action.
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In order to verify if the increase of resistance of the bolts (ΣFt,Rd) in the tensile part of the
connection is effective in improving the performance under column loss, the ES3-F was redesigned considering a 8-bolt row configuration, namely with two additional bolt rows (one
more per beam flange). Under this assumption the new joint (identified as “ES3-F-ABR”) is
characterized by a larger ΣFt,Rd/Npl,Rd,Beam ratio, which increases from 0.65 to 1.04.
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Figure 3: Results of ES3 with the additional bolt row

Figure 4: ES3 -Full-ABR plastic deformation (PEEQ)

Figure 3 and Figure 4 shows the results of the ES3-F-ABR assembly; it can be observed,
that differently from the previous case, the introduction of an additional bolt row allows to
obtain a very ductile joint behavior up to 20% of chord rotation. Comparison in terms of both
moment-rotation curve and PEEQ distribution between the ES3-F and the ES3-F-ABR, which
confirms that the new detail can significantly improve the joint response. Hence, as expected,
the ES3-F-ABR joint behavior is similar to the response observed for the ES1-F and ES2-F
joints with the formation of the plastic hinges both on the beam and on the column.
5

CONCLUSIONS

The design procedure introduced within the EQUALJOINTS research project and in particular the application of the capacity design within the joint components allow to obtain a
ductile connection up to the 10% of chord rotation in the case of column loss. However, to
ensure ductile behavior beyond that threshold (e.g. up to 20% of chord rotation), it is necessary to guarantee that the tensile resistance of the bolts of half connection is not lower than r
the beam tensile resistance.
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Abstract
The design rules and requirements for steel moment resisting frames (MRFs) according to
EN1998-1 are mainly addressed to far field seismic scenarios. However, in the case of Near
Fault (NF) further issues should be accounted for. NF strong motions tend to increase the
inelastic demand on structural steel members and joints. The latter are usually designed or
qualified for far field earthquakes. In addition, the drift displacement is often characterized
by severe unidirectional concentration. Hence, the use of ductile energy efficient claddings
can be beneficial to relax the drift limitations, thus allowing to optimise the structural design,
the constructional costs and encouraging the use of more sustainable solutions. In order to
investigate these aspects, an experimental campaign has been planned within the FUTURE
project, recently funded in the framework of the SERA call. In this project shake table tests
will be carried out on a two storey one bay mock-up equipped with different types of beam-tocolumn joints and non-structural components. This paper describes and discusses the project
and the preliminary phases of the research.
Keywords: Near Fault, Steel Frame, moment resisting, joint, non-structural component.
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1

INTRODUCTION

The seismic response of steel moment resisting frames (MRFs) is largely influenced by the
behaviour of joints. At the current stage, EN1993-1-8 [1] does not give detailed rules for
seismic-resistant joints. EN 1998-1 [2] allows using dissipative joints, provided that the design is supported by testing, which results in impractical solutions within the time and budget
constraints of real-life projects. Even though the lack of analytical models to predict the joints
behaviour to meet code requirements is more evident for dissipative beam-to-column
connections, reliable design tools for non-dissipative connections are also necessary. Indeed,
owing to the variability of steel strength, these connections could not have enough
overstrength (e.g. min 1.1×1.25 Mb.rd, being Mb.rd the bending strength of the beam), and full
strength behaviour cannot be guaranteed. In such cases the plastic rotation capacity of the
joint need to be prequalified by relevant test and numerically based procedures.
In contrast to current European design methodology, the approach used in other countries
with the high seismic hazard is based on codified and easy-to-use design tools and procedures.
In particular, following the widespread damages observed after Northridge and Kobe earthquakes, North American practice was directed at prequalifying standard joints for seismic applications. In 1995, the US FEMA and the SAC joint venture initiated a comprehensive 6-year
program of investigation, called FEMA/SAC program, to develop and evaluate guidelines for
the inspection, evaluation, repair, rehabilitation, and construction of steel moment frame resisting structures. The US research effort was directed to feed into a specific standard (i.e.
ANSI/AISC 358-05, 2005) containing design, detailing, fabrication and quality criteria for a
set of selected types of connections including the most common used in US practice, which
should be prequalified for use with special moment frames (SMF) and intermediate moment
frames (IMF). Similarly, to US design approach [3], also in Japan a prequalification activity
was carried out [4]. Unfortunately, joint typologies commonly used in both US and Japanese
practices, are quite different from European ones, also employing different ranges of cross
sections, material properties, bolt assemblies, etc. Therefore, the North American prequalification procedures [3] cannot be directly extended to the case of European joints. Another important issue limiting the direct application of American and Japanese prequalification is
related to the loading protocol for experimental tests. Indeed, the type of seismic input, which
affect the ductility demand on joints and connected members, differs between the different
counties. To fill these gaps, the recently finished European research project
“EQUALJOINTS” [5-9] was aimed to provide prequalification criteria of steel joints for the
next version of EN 1998-1 [2]. In detail, the research activity covered the standardization of
design and manufacturing procedures with reference to a set of bolted joint types and a welded dog-bone with heavy profiles designed to meet different performance levels. Among the
objectives of the project, there was also the development of a new loading protocol for European prequalification, representative of European seismic demand. However, in line with
AISC358-16 [3], the loading protocols adopted to qualify/test beam-to-column joints within
EQUALJOINTS project were representative of the cumulative and maximum rotation demands imposed by far-field natural records [10, 11]. A recent study [12] has indicated that
such protocols are not representative of the actual seismic demands at near-collapse conditions. Indeed, under that limit state, the earthquakes induce relatively few large displacement
excursions in one direction. However, this is also the case of Near Fault (NF) input, which are
often characterized by the ratio of vertical-to-horizontal peak ground acceleration can be larger than far-fault records [13, 14]. Moreover, there has been substantial field evidence worldwide demonstrating that numerous local and global collapses of structural systems were
caused by the devastating effects of the coupling between vertical and horizontal components
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of earthquake ground motions [15-18]. Indeed, differently from far-field input, the combined
components of strong earthquake motions may (i) change the axial forces in columns, (ii) increase bending moment and shear force demands in the connections, (iii) amplify plastic deformations, (iv) extend plastic hinge formations and (v) reduce the available ductility of
dissipative zones. It is clear that for steel beams of MRFs the increase of vertical action due to
vertical ground motions (VGMs) modifies the bending moment diagram, and consequently
the position of plastic hinges. This can affect the strength hierarchy at the local level (being
the bending effects on the column and the joint dependent on the position of the plastic hinge
into the beam) and also the stability of the beam (being the lateral torsional resistance highly
influenced by the distribution of bending moments). Furthermore, the onset of likely high
compression forces induced by VGMs is detrimental to the stability of the columns. For example, in multi-storey framed buildings, axial forces in the upper storey columns rather than
in the lower columns are considerably affected by VGMs. However, the effects of NF have
not been adequately investigated experimentally, in the past. In addition, in Southern Europe
there is renewed interest in the assessment of near-field motions following the recent earthquakes in central Italy (2016). Hence, the investigation of all aspects previously described is
deemed necessary especially considering that reliable rules are missing in current codes.
Besides the joints and the effects induced by VGMs, also the design requirements of EC8
largely influence the response and the efficiency of steel MRFs. In particular, it is generally
recognized that the drift limitations (i.e., damage limitation checks at serviceability limit state)
often impose an increase of the lateral stiffness of MRF, hence the increase of beam and column sizes to satisfy such requirement typically results in significant design overstrength and
non-economical solutions [19]. Indeed, EC8 compliant MRFs may be generally massive and
expensive structures, due to the large consumption of steel. In addition, the larger are the
beam-column shapes the more difficult and expensive is the manufacturing of the joints. Provided that the overall stability of the structure is guaranteed, the possibility to increase the
drift limitations (e.g. from 0.75% up to 1.5% of the interstorey height) can be beneficial to
optimize the design and to improve the structural efficiency by reducing the design overstrength. This can be achieved through the application of special ductile claddings that are
able to accommodate large interstorey drift ratios, higher than 1.5% [20]. The increase of lateral deformability may contribute to a greater sensitivity of the frames to P-Delta effects.
However, it is well recognized that the current EC8 provisions concerning the control of PDelta effects is extremely conservative and excessively penalising for steel frames since it
does not account for the material overstrength, the design overstrength and the hardening effects associated with redundancy and plastic redistribution. This aspect has been recently
discussed within the activity of Technical Committee 13 of ECCS (European Convention for
Constructional Steelwork), where a proposal of amendment of EC8 has been formulated [21]
and it is currently under examination of CEN TC 250/SC8 for the next version of EC8..
In the light of the considerations discussed above concerning the criticisms of EC8, the European research project FUTURE (acronym of Full-scale experimental validation of steel
moment frame with EU qualified joints and energy efficient claddings under Near fault seismic scenarios) has been recently financed within the framework of SERA (http://www.seraeu.org). SERA is the “Seismology and Earthquake Engineering Research Infrastructure Alliance for Europe”, responding to the priorities identified in the call INFRAIA-01-2016-2017
Research Infrastructure for Earthquake Hazard.
The main objectives of the research as well as the description of the experimental
campaign are described hereinafter.
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2
2.1

FUTURE PROJECT
Objectives of the research

FUTURE project aims at investigating the response of new steel moment resisting frames
accounting for the influence on both the local and global behaviours of three different types of
bolted beam-to-column joints, as well as the role of energy-efficient ductile claddings under
NF ground motions. The experimental tests are planned to be carried out using the Azalée
shaking table at CEA (i.e., Alternative Energies and Atomic Energy Commission), Saclay
(France).
The main objectives of the FUTURE project can be summarised as follows:
 To provide design rules for steel frames under combined effects of horizontal and
vertical components NF that are yet not considered in the design codes for new and
existing structures;
 To validate the response of MRFs equipped with EU prequalified joints (i.e.,
haunched, extended stiffened and dog-bone) under NF earthquakes as well as to
demonstrate the effectiveness of the new design rules for joints currently implemented in the draft of the amended EN1993:1-8;
 To verify the efficiency of slab-to-beam and slab-to-joint details for the ductility of
plastic hinge under NF earthquakes (i.e. to avoid the composite action at the joint
level but to ensure effective torsional restraints to the beams);
 To demonstrate the efficiency of fully detachable dissipative beam-to-column joints,
which allow easy replacement after seismic damage;
 To contribute with new background data for the assessment and the repairing/retrofitting of steel frames (e.g. the use of bolted dog-bone joints is representative of potential retrofitting solution) to update the next version of EN1998-3;
 To verify the revised requirements about P-Delta effects currently proposed by
WG2 CEN-TC 250/SC8 and ECCS-TC13 for the amended version of EN1998-1;
 To validate the use of special energy efficient and extra-ductile claddings for MRFs,
characterised by drift limits at DL/SLS larger than 1.5% of the interstorey height.
 To develop experimentally-based fragility relationships for such ductile nonstructural components, which tend to minimise the earthquake losses due to claddings.
2.2

Description of the experimental mock-up

The mock-up consists of a two storey steel MRF (5 m x 5 m) sub-structured from a reference archetype building. The sample specimen will be tested as bare steel frame (see Figure
1a) and equipped with special energy efficient and extra-ductile façade cladding (see Figure
1b).
Three types of bolted beam-to-column joints will be tested, namely haunched, extended
stiffened and dog-bone. The sample mock-up is also designed to detach and to replace easily
all components that will experience plastic deformations, namely the column ends at the base
level and the end portions of the beams with corresponding end-plate connections (see Figure
2). The joints will be designed considering strong column web panels, so that the column
components remain elastic during the whole test campaign.

59

M. D’Aniello, L. Di Sarno, L. Fiorino, R. Tartaglia, S. Costanzo, R. Landolfo, A. Le Mault, and G. Rastriello8

b)

a)

Figure 1: Experimental mock-up: a) bare steel structure; b) the structure equipped with claddings.

Extended Stiffened End-Plate:
Equal Strength Connection

expected
dissipative zones

Haunched:
Full Strength Connection

Dog-bone - Reduced beam:
Full Strength connection

expected
plastic hinge
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plastic hinge

Reduced beam zone
detachable dissipative
beam end-connection

detachable dissipative
beam end-connection

detachable dissipative
beam end-connection

Replaceable beam segments

Replaceable column segments at base

Figure 2: Detachable dissipative zones to be removed after each test.

2.3

Experimental program

The mock-up will be tested under horizontal (in the MRF direction) and vertical components of NF records. The testing plan includes two main phases, see Table 1, as follows:

Phase 1:
 Full operation (FO) earthquake. Assessment of the elastic response of the structure
and calibration of the numerical model of the tested structure with and without
claddings
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 Damage Limitation (DL/ SLS) earthquake: moderate damage expected, but low residual drifts. Claddings to be verified and replaced (if damaged).
 Significant Damage (SD/ULS) earthquake: large permanent drifts are expected.

Phase 2:
 after the substitution of the base columns (if damaged), Joints are replaced one
more time (no cladding replacement).
 Full operation (FO) earthquake. See the previous description.
 Near collapse (NC) earthquake. Extensive damage is expected throughout the structure. No repairability is expected.
Before shake table tests under NF record, the dynamic identification of the mock-up will
be carried out with ambient vibration. Afterwards, each test phase includes two test sequences:
(i) Elastic-1 and Plastic for the Test Phase labelled as Part-1 and (ii) Elastic-2 and Collapse
for the Test Phase labelled as Part-2. The two main phases are distinguished to allow
characterizing the elastic response accounting for the presence of the cladding walls as well as
the different stiffness of the beam-to-column joints, which vary up to SD/ULS. The response
at NC will be investigated without the presence of cladding panels because it is supposed that
those non-structural elements are ineffective at those intensity levels.
Test
phase

Test
sequence

Expected
Limit state
behaviour

FO
1

Elastic-1

Part 1

DL

Scaling
Factor of
PGA
0.05
0.075
0.10
0.12
0.15
0.17

Plastic

SD

3

Elastic-2

FO

0.05
0.10

NC

0.4
0.45
0.5
0.6

Part 2

2

0.2
0.25
0.3
0.35

4

Collapse

Type of beam-to-column joint
Extended
Haunched
Dog-bone
stiffened
Infill panels infill panels infill panels
W/
W/O W/ W/O W/ W/O

Table 1: Program of the shake table tests.
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Abstract
Within the previous RFCS project EQUALJOINTS (RFSR-CT-2013-00021), seismic prequalification criteria of steel joints have been developed. The EQUALJOINTS-PLUS project aims
at the valorisation, the dissemination and the extension of the developed prequalification criteria for practical applications to a wide audience (i.e. academic institutions, Engineers and
architects, construction companies, steel producers). The main objectives of the project are
the following: to collect and organize informative material concerning the prequalified joint
typologies: informative documents will be prepared in 12 languages (English, Spanish,
French, German, Italian, Dutch, Portuguese, Czech, Bulgarian, Romanian, Greek, and Slovenian), to develop pre-normative design recommendations of seismically qualified joints on
the basis of results from Equaljoints project, to develop design guidelines in order to design
steel structures accounting for the type of joints and their relevant nonlinear response, to develop a software and an app for mobile to predict the inelastic response of joints, to organize
seminars and workshops in EU countries and the USA for disseminating the gained
knowledge, to create a web site with free access to the users in order to promote the obtained
results, to create a You-Tube channel to make available the videos of the experimental tests
and simulations to show the evolution of damage pattern.

Keywords: pre-qualification, beam-to-column joints, seismic design, dissemination
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1

INTRODUCTION

Nowadays, codified design procedures for steel bolted beam-to-column joints in seismic
resistant steel frames are missing in Europe. Even though several experimental and analytical
studies are available, none was specifically addressed to select and prequalify European seismic-resistant joints.
At current stage, EN 1998 [1] allows using dissipative joints, provided that design is supported by testing, which results in impractical solutions within the time and budget constraints
of real-life projects. Even though the lack of analytical models to predict the joints behaviour
to meet code requirements is more evident for dissipative beam-to-column connections, reliable design tools for non-dissipative connections are also necessary [2-10].
Differently to current European design methodology, the approach used in other countries
with high seismic hazard is based on codified and easy-to-use design tools and procedures.
After Northridge and Kobe earthquakes, North American practice was directed at prequalifying standard joints for seismic applications. In 1995, the US FEMA and the SAC joint venture
initiated a comprehensive 6-year program of investigation, called FEMA/SAC program, to
develop and evaluate guidelines for the inspection, evaluation, repair, rehabilitation, and construction of steel moment frame resisting structures. The US research effort was directed to
feed into a specific standard (ANSI/AISC 358-05, 2005 [11]) containing design, detailing,
fabrication and quality criteria for a set of selected types of connections including the most
common used in US practice, which should be prequalified for use with special moment
frames (SMF) and intermediate moment frames (IMF). Similarly to US design approach, also
in Japan a prequalification activity was carried out. Unfortunately, joint typologies commonly
used in both US and Japanese practices, are quite different from European ones, also employing different ranges of cross sections, material properties, bolt assemblies, etc. Therefore, the
prequalification procedures obtained in non-European framework are not properly suitable for
European joints. Another important issue limiting the direct application of American and Japanese prequalification is related to the loading protocol for experimental tests. Indeed, the
type of seismic input, which affect the ductility demand on joints and connected members,
differs between the different counties. In order to fill these gaps, the recently finished European research project “Equaljoints” [12] was aimed at providing prequalification criteria of
steel joints for the next version of EN 1998-1 [1]. In detail, the research activity covered the
standardization of design and manufacturing procedures with reference to a set of bolted joint
types and a welded dog-bone with heavy profiles designed to meet different performance levels (see Fig. 1) [13-14]. Among the objectives of the project, there was also the development
of a new loading protocol for European prequalification, representative of European seismic
demand. Moreover, an experimental campaign devoted to the cyclic characterization of both
European mild carbon steel and high strength bolts were successfully achieved [15].

(a)

(b)

(c)

(d)

Figure 1: Set of prequalified joint types: a) bolted extended endplate joint; bolted extended stiffened endplate
joint; c) bolted haunched joint; d) welded dogbone joints
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Equaljoints Plus is aimed at the valorisation and dissemination of the technical knowledge
developed within Equaljoints research project, in order to reach a wider and easier use of dissipative beam-to-column connections in steel seismic resisting systems. Equaljoints Plus is
conceived in response to the need of the steel construction sector and practice in Europe for
simple design tools for beam-to-column joints for seismic applications. With this regard, the
widespread distribution of the pre-qualification tool and codified design procedures plays a
key role in overcoming the limitations of design assisted by tests in terms of both time and
economical efforts and in providing reliable standard joints that can be easily used by designers.
2

PROJECT PARTNERSHIP

The Equaljoints PLUS project is coordinated by the University of Naples Federico II. The
Consortium consists of 15 partners, 7 of which already involved in the former Equaljoints
project. All the partners of the project are listed in the following:
Coordinator:
• Università degli Studi di Napoli Federico II (UNINA)
Partners:
• Arcelormittal Belval & Differdange SA (AM)
• Universite de Liege (Ulg)
• Universitatea Politehnica Timisoara (UPT)
• Universidade de Coimbra (UC)
• Convention Europeenne de la Construction Metallique (ECCS)
• Universita degli Studi di Salerno (UNISA)
• Imperial College of Science Technology and Medicine (IC)
• Centre Technique Industriel de la Construction Metallique (CTICM)
• National Technical University of Athens (NTUA)
• Ceske Vysoke Uceni Technicke V Praze (CVUT)
• Technische Universiteit Delft (TUD)
• Univerza V Ljubljani (UL)
• Universitet Po Architektura Stroitelstvo I Geodezija (UASG)
• Universitat Politecnica de Catalunya (UPC)
• Rheinisch-Westfaelische Technische Hochschule Aachen (RWTHA)

3

MAIN OBJECTIVES
The main objectives of the Equaljoints PLUS are summarized as follows:
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• To collect and organize informative material concerning the prequalified joint typologies:
informative documents have been prepared in 12 languages (English, Spanish, French,
German, Italian, Dutch, Portuguese, Czech, Bulgarian, Romanian, Greek, and Slovenian).
• To develop pre-normative design recommendations of seismically qualified joints based
on results from Equaljoints project in 12 languages.
• To develop design guidelines to design steel structures accounting for the type of joints
and their relevant non-linear response.
• To develop a software and an app for mobile to predict the inelastic response of joints.
• To organize seminars and workshops for disseminating the gained knowledge over EU
and internationally.
• To create a web site with free access to the users to promote the obtained results.
• To create a You-Tube channel to make available the videos of the experimental tests and
simulations to show the evolution of damage pattern.

4

WORK PROGRAME
The action is organized in 7 work packages:
− WP1: Informative documents
− WP2: Pre-normative design recommendations
− WP3: Seismic design and analyses of steel buildings accounting for the type of
joint
− WP 4: EQUALJOINTS tools
− WP 5: Preparation of workshop materials
− WP 6: Dissemination activities
− WP 7: Coordination and management

5

INFORMATIVE DOCUMENTS

The scientific knowledge and research products developed within Equaljoints project have
been organized and critically revised; based on these documents an Informative book on the 4
joint typologies seismically qualified has been drafted. Such document, conceived for general
use by structural Engineers, construction companies, steel producers, academia and students,
has been translated to 11 additional languages (Bulgarian, Czech, Dutch, French, German,
Greek, Italian, Portuguese, Romanian, Slovenian and Spanish). The main contents can be
summarized as follows:
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•

Review of the state of the art about the examined joint typology.

•

Description of the main features of the tested joints and adopted structural details.

•

Non-linear moment-rotation response according to EN1993-1-8 [16].

Figure 2: Volume with information brochures for 4 seismically qualified joints

6

PRE-NORMATIVE DESIGN RECOMMENDATIONS

Design recommendation per type of qualified joint have been developed and translated to
11 additional languages (Bulgarian, Czech, Dutch, French, German, Greek, Italian, Portuguese, Romanian, Slovenian and Spanish). The design guidelines include step-by-step design
procedure per joint type.
The limits of application of the current EC3 requirements for dissipative and nondissipative joints have been examined, trying also to find a way to homogenize the requirements of EN1993:1-8 [16] and EN1998-1 [1] in the light of the results obtained by
EQUALJINTS project. Technical criteria have been developed to clearly highlight which
beam-to-column joints for seismic application should be entirely excluded from the specifications of EN 1993:1-8 [16].
7

SEISMIC DESIGN AND ANALYSES OF STEEL BUILDINGS ACCOUNTING
FOR THE TYPE OF JOINT

The influence of joints behaviour on the design and performance of seismic resistant structures has been deepened. Moment Resisting Frames (MRFs), Dual Concentrically Braced
Frames (D-CBFs), and Dual Eccentrically Braced Frames (D-EBFs) have been examined. A
set of frames has been designed according to the following steps: (i) the structures have been
initially designed disregarding the presence of joints (i.e. zero-length node with infinite
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strength and stiffness; (ii) the joints have been subsequently designed with the size of members obtained by mean of traditional approach; (iii) to highlight the differences in terms of final dimension of members and connections, the structures have been redesigned accounting
for the joints (i.e. the joints should be properly modelled according to the assumptions developed in the EQUALJOINTS project.
Moreover, two different design approaches have been used to design structures, namely the
Theory of Plastic Mechanism Control (TPMC) [16-18] and the design approach proposed by
the Eurocode 8 (EC8). The remarks inferred by the numerical results have been included in
the Pre-normative design recommendation.
8

EQUALJOINTS TOOLS

Within the research activity of Equaljoints project, the component method was critically revised and extended to the cyclic response of the joints [19, 20]. To achieve this goal, the cyclic behaviour of mechanical components was investigated on the basis of literature and finite
element analyses [21] and the relevant hysteretic response curves were determined.
The mathematical equations of “Modified Richard Abbott method” [22, 23] were used to generate component behaviour. An in-house tool has been developed by implementing above expressions. This tool can be accessed from Matlab File Exchange. In the framework of
Equaljoints Plus, the matlab software for analytical prediction of the cyclic response of joints
has been improved to allow an easy application by users in practice and a new user-interface
has been developed. An easy-to-use app for mobile phone has been also developed, able to
provide analytical prediction of cyclic behaviour of examined joints.
9

DISSEMINATION ACTIVITY

The dissemination activity is mainly promoted by mean of 14 workshops organized in both
Europe and USA. The sessions are mostly given in local language. The target audience consists in both academics (professors and students), and professionals from the general construction sector such as structural engineers, architects, construction companies, software
manufacturers and steel suppliers. Each partner in the project uses their network and local data base in order to invite local participants. In order to further enlarge the audience, the large
database of ECCS (more than 30.000 persons worldwide) is even used to reach a maximum of
persons and to widely promote the seminars.
During the seminars, workshop materials are provided to the participants in their own local
languages, including:
- volume with information brochures for 4 seismically qualified joints
- volume with pre-normative design recommendations
- Equaljoints PLUS App for mobile to predict the inelastic response of joints
- App user manual.
To furtherly promote the valorisation and dissemination of the knowledge achieved within the
framework of both Equaljoints and Equaljoints PLUS projects, A public website has been
created by the European Convention for Constructional Steelwork (ECCS) just after the start
of the project and has been fed regularly with the new information thanks to the contributions
of the partners. Moreover, a YouTube channel has been created to make available the videos
of the experimental tests.
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Figure 3: Equaljoints Plus website

Figure 4: USB pen drive

10 CONCLUSIONS
An overview of the ongoing European project “Equaljoints Plus” (754048 —
EQUALJOINTS-PLUS — RFCS-2016/RFCS-2016 Valorisation of knowledge for European
pre-QUALified steel JOINTS) has been provided.
Within the previous RFCS project EQUALJOINTS (RFSR-CT-2013-00021), seismic prequalification criteria of steel joints have been developed. The EQUALJOINTS-PLUS project
aims at the valorisation, the dissemination and the extension of the developed prequalification
criteria for practical applications to a wide audience (i.e. academic institutions, Engineers and
architects, construction companies, steel producers).
The following objectives have been achieved:
- Informative material on the 4 prequalified types of beam-to-column joints has been
prepared in 12 languages (English, Spanish, French, Ger-man, Italian, Dutch, Portuguese, Czech, Bulgarian, Romanian, Greek, and Slovenian).
- Pre-normative design recommendations of seismically qualified joints on the basis of
results from Equaljoints project have been developed in 12 languages.
- Design guidelines in order to design steel structures accounting for the type of joints
have been developed.
- Software and mobile App to predict the inelastic response of joints have been developed with the relevant user manuals.
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-

Seminars and workshops are taking place in EU countries and USA for disseminating
the gained knowledge and products from the project.
A public website and a you-tube channel have been also created.
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Abstract
The aim of this work is presenting the results of the design of Dual-Concentrically Braced
Frames (D-CBFs) equipped with haunched connections. These connections have been studied
in the framework of the EqualJoints RFCS Project aimed at providing prequalification criteria of steel joints for the next version of UNI EN 1998-1. To investigate the influence of the
haunched connections on the seismic response of D-CBFs a medium rise building of 6-storey
has been designed according to both the Theory of Plastic Mechanism Control (TPMC) and
the design requirements of Eurocode 8. The case study is preliminarily dimensioned disregarding the presence of the joints and after that, it is redesigned accounting for it. The total
number of resulting structures is equal to 6 because two prequalified “haunched” connections were considered in this study. The seismic performances of the structures are investigated by both pushover and non-linear dynamic analysis.

Keywords: Prequalified connections, Concentracally Braced Frames, TPMC, Dual Systems,
seismic response, EqualJoints Plus.
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1

INTRODUCTION

Dual Concentrically Braced Frames (D-CBFs) constitute an appealing structural scheme
because they combine the advantages of MRFs, which are characterized by high global ductility due to the high number of dissipative zones, and CBF, which are characterized by high
lateral stiffness due to the exploitation of the axial stiffness of diagonal members. In fact,
thanks to bracing members, providing additional lateral stiffness, D-CBFs allow respecting
serviceability code requirements. However, they are penalized by the occurrence of buckling
of bracing members in compression which governs the shape of the hysteresis loops of such
dissipative zones [1]-[7]. D-CBFs are also attractive for collapse prevention requirements, because they allow exploiting the local ductility supply of the MR part thus giving to the diagonal members only the stiffening task. This observation suggests a design approach where the
braced frame is dimensioned to satisfy serviceability requirements while the moment resisting
part is designed to satisfy ultimate limit state requirements [8]-[9].
It is known that, to prevent catastrophic collapses, the structural system and members
should have enough strength and ductility to resist an earthquake [11]-[17]. Therefore, a stable and reliable capacity [18]-[21] for energy dissipation should be provided through proper
design and detailing of the system, members, and joints. These latter attracted much attention
because an improper design or fabrication of the connections may lead to the collapse failure
of the whole structure. Moreover, according to the first capacity design principle, the dissipation of the seismic input energy in steel frames has to be concentrated in the so-called dissipative zones, that have to be properly detailed to assure wide and stable hysteresis loops.
Depending on the beam-to-column joint typology, the dissipative zones can be located at the
beam ends or in the connecting elements. In fact, beam-to-column connections can be designed either as full-strength joints, having sufficient overstrength with respect to the connected beam, concentrating dissipative zones at the beams ends [22]-[23], or as partial-strength
joints, so that the seismic input energy is dissipated by means of the plastic engagement of
one or more joint components properly selected. In this paper, reference is made to the use of
full-strength joints that has been always considered the best way to dissipate the seismic input
energy. In particular, the joint typology herein investigated is the so-called “haunched” connections which are characterized by a haunch at the lower flange of the beam having the aim
of increasing the connection stiffness thus allowing the yielding in the beam ends. As regards
code provisions, UNI EN 1993-1-8 [24] provides design rules and analytical models to predict
the mechanical behavior of the joints; while UNI EN 1998-1 [25] provides additional design
rules for seismic resistant joints. From the existing scientific literature, a wide data base of
experimental results on beam-to-column joints is available [26]-[27]. Moreover, several research projects [28]-[31] have been developed and devoted to investigate the beam-to-column
joints behavior under both seismic and non-seismic loadings. Even though these projects have
provided a large amount of data dealing with steel beam-to-column connections, none of the
existing European studies has been aimed at prequalifying specific configurations for seismic
areas based on parametric experimental investigations. In order to fill these gaps, the recently
finished European research project EQUALJOINTS [32] was aimed at providing prequalification criteria of steel joints for the next version of UNI EN 1998-1 [25]. The following dissemination project EQUALJOINTS-PLUS [33], had the scope to promote the valorisation and
dissemination of the technical knowledge and the design tools developed within the
EQUALJOINTS project. The goal is to reach a wider and easier use of dissipative beam-tocolumn connections in steel seismic resisting systems in Europe. The joint typologies selected
for prequalification procedure are representative of those most commonly adopted in European practice. In the context of the research project EQUALJOINTS [32], four types of prequal-
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ified connections are considered. In particular, three types of prequalified bolted beam-tocolumn joints (Figure 1 a, b and c) will be considered, as well as welded dog-bone beam-tocolumn joint made of heavy sections (Figure 1 d).

Figure 1: Beam-to-column joints investigated in the framework of EQUALJOINTS project: a) Bolted haunched
joints; b) Bolted extended stiffened end-plate joint; c) Bolted extended unstiffened end-plate joint; d) Welded
dog-bone joint

In this paper, attention is given to “haunched” connections (Figure 1 a). The scope of the
paper is investigating the influence of such connection typology in the seismic response of DCBFs. To this scope, a medium-rise structure has been designed according to two design approaches. The first one is Eurocode 8 (EC8) compliant while the second one exploits the Theory of Plastic Mechanism Control (TPMC) [34]-[39] which is a powerful design tool assuring
the design of structures showing at the collapse a global mechanism of collapse. The study
cases were initially designed disregarding the presence of the joint dimension (i.e. zero-length
node with infinite strength and stiffness) and the joints will be subsequently designed with the
size of members obtained after the first design phase. To highlight the differences in terms of
final dimension of members and connections, the structures have been redesigned accounting
for the joint dimension (i.e. the joints have considered with their dimension according to the
assumptions developed in the EQUALJOINTS project). The structural response was analysed
by means of both non-linear static and dynamic analyses.
2

HAUNCHED CONNECTIONS

Bolted joints are very interesting for practice in steel buildings, owing to their inherent advantages not only in terms of high-quality execution (e.g. shop welding and bolting on site),
but also highly productive erection (less time-consuming). Full strength joints are designed to
guarantee the formation of all plastic deformations into the beam, which is consistent with EN
1998 strong column-weak beam capacity design rules (i.e. non-dissipative joint).
“Haunched” connections [40], depending on the shape of haunches, can be classified into
two types (Figure 2). Type 1 has a constant flange width and tapered web, while Type 2 has
constant web depth and variable width of the flanges. The increase of the web depth also
makes an increase of the height of panel zone, which reduces the panel zone yielding. In that
case a greater beam plastic rotation is needed to achieve an equivalent seismic energy dissipation. However, sometimes haunches type 1 affects architectural finishes such as column cladding or ceilings. There are many technology restrictions for the use of haunches due to
fabrication, available steel profiles in the market, but this is applicable both in case of built-up
sections or hot rolled profiles, with bolted or welded connections [23]. Application of the
haunches assures that plastic hinges form in the beams which increases the global seismic performance of steel moment resisting frames. Appropriate detailing and use of “haunched”
joints could be an effective way for ductile design of steel frames.

75

Elide Nastri and Panagiotis Tsarpalis

Figure 2: Types of haunched joint: Type 1) Constant flange width and tapered web; Type 2) Constant web depth
and variable width of the flanges

In the framework of the EQUALJOINTS project [32] two type of “haunched” connections
have been studied whose prequalifying parameters both in terms of geometry, strength and
stiffness have been reported in Figure 3. In particular, two prequalified “haunched” connections have been proposed, the first one with strong panel zone (EH-S) and the second one
with balanced panel zone (EH-B).

Joint
Type
EH-S:
Fullstrength
with
strong
panel
zone
EH-B:
Fullstrength
with balanced
panel
zone

Geometry
ℎℎ
= 0.45
ℎ𝑏
𝑠ℎ
= 0.65
ℎ𝑏
𝑧𝑤𝑝 = ℎ𝑏 + ℎℎ

Connection:

𝑛
𝑀𝑗,𝑅𝑑
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

= 1.3

𝑧𝑤𝑝 = ℎ𝑏 + ℎℎ

𝑛
𝑀𝑗,𝑅𝑑
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

External nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 1.65
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑
Internal nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 1.65
𝑒
2 ∙ 𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

ℎℎ
= 0.45
ℎ𝑏
𝑠ℎ
= 0.65
ℎ𝑏

Strength
Panel Zone:

External nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 1.0
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑
= 1.3

Internal nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 1.0
𝑒
2 ∙ 𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

Figure 3: Details of “Haunched” connections

76

Stiffness
Connection:
Panel Zone:
External
nodes:
𝑠𝑤𝑝,𝑖𝑛𝑖
= 55
𝑠𝑐𝑜𝑛,𝑖𝑛𝑖
𝑠𝑏
= 80
𝑠𝑏
Internal
nodes:
𝑠𝑤𝑝,𝑖𝑛𝑖
= 55
2 ∙ 𝑠𝑏
External
nodes:
𝑠𝑤𝑝,𝑖𝑛𝑖
= 31
𝑠𝑐𝑜𝑛,𝑖𝑛𝑖
𝑠𝑏
= 65
𝑠𝑏
Internal
nodes:
𝑠𝑤𝑝,𝑖𝑛𝑖
= 31
2 ∙ 𝑠𝑏
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3

DESIGN APPROACHES

The design approaches herein proposed regard the so called beam-column hierarchy criterion reported in the Eurocode 8 [25] and the Theory of Plastic Mechanism Control [34], [41][44]. The Theory of Plastic Mechanism Control is a design approach based on a rigorous theoretical background. It assures the development at collapse of a mechanism of global type.
TPMC exploits the kinematic theorem of plastic collapse extended to the concept of mechanism equilibrium curve:
(1)
𝛼 = 𝛼0 − 𝛾𝛿
where, following the theory of rigid-plastic analysis, 𝛼0 is the first order collapse multiplier of
horizontal forces, 𝛾 is the slope of the linearized mechanism equilibrium curve due to second
order effects and 𝛿 is the plastic top sway displacement. It means that in the case of the global
mechanism Eq. (1) becomes:
(𝑔)
(2)
𝛼 (𝑔) = 𝛼0 − 𝛾 (𝑔) 𝛿
while in the case of undesired mechanism becomes:
(𝑡)
(𝑡)
(𝑡)
(3)
𝛼 =𝛼
−𝛾 𝛿
where

(𝑔)
𝛼0

and

(𝑡)
𝛼0.𝑖𝑚

𝑖𝑚

0.𝑖𝑚

𝑖𝑚

are the first order collapse mechanism multipliers for global and unde(𝑡)

sired mechanism, respectively; 𝛼 (𝑔) and 𝛼𝑖𝑚 are the collapse multiplier of horizontal force for
(𝑡)

the global and undesired mechanism, respectively and 𝛾 (𝑔) and 𝛾𝑖𝑚 are the slope of mechanism equilibrium curve for the global and undesired mechanism, respectively. TPMC states
that the mechanism equilibrium curve corresponding to the global mechanism (Eq. (2)) has
to be located below those corresponding to all the undesired mechanisms (Eq. (3)) until a design displacement 𝛿𝑢 compatible with the local ductility supply (Figure 2). The column sections at each storey that guarantee a global collapse mechanism are the unknowns of the
design problem, while the dissipative zones are preliminarily designed according to the first
principle of capacity design. In this paper, the ultimate design displacement 𝛿𝑢 is computed as:
(4)
𝛿𝑢 = 𝜃ℎ𝑛𝑠
where 𝜃 is the target rotation of the plastic hinge that is assumed equal to 0.04 rad neglecting
the higher stiffness of braces, and ℎ𝑛𝑠 is the building height. The plastic hinge rotation is set
equal to the interstorey drift ratio, since the idealized behavior of the structure is rigid-plastic.
It is worth noting that P-Delta second order effects are taken into account using the TPMC
design approach and, as a consequence, does not deeply affect the design as the use of the 𝜃
factor proposed in the framework of Eurocode 8 [25], thus allowing to optimize the design
overstrength of the structure and the non-linear response as well.

Figure 4: TPMC statement.

77

Elide Nastri and Panagiotis Tsarpalis

4

STUDY CASE

The seismic resistant structural system is a perimeter seismic resistant system. The inner
bays are pinned and designed for gravity loads only. The building has 6 storeys and 4 bays.
The bay span is equal to 6.00 m; the interstorey height is equal to 3.50 m. Stairs are located
outside the analysed building by means of an independent structure as the same as the elevator.
The seismic resistant scheme of the building is depicted in Figure 5 for X direction. The elevation configuration is reported in Figure 6. The material adopted for the structure is steel
grade S355 using a partial safety factor equal to 1, so the nominal yield stress is 355 MPa for
beams and for columns. Assumed dead and live loads are 𝑔𝑘1 = 1.75 𝑘𝑁/𝑚2 , 𝑔𝑘2 =
1.25 𝑘𝑁/𝑚2 and 𝑞𝑘 = 3.00 𝑘𝑁/𝑚2 . In addition, 75% of seismic action is entrusted to the
braced bay while the remaining 25% to the MRF part.
According to Eurocode 8 the value of the period of vibration to be used for the design is:
𝑇1 = 𝐶𝑡 𝐻 3/4
(5)
where 𝐶𝑡 =0.050. As a consequence, first vibration period is equal to 𝑇1 = 0.49𝑠 for EBFs.
The design horizontal forces have been determined according to Eurocode 8, assuming a
peak ground acceleration equal to 0.35g, a seismic response factor equal to 2.5, a behaviour
factor equal to 6 EBFs, soil type B, 5% damping and spectrum type 1. Torsional effects are
not accounted for.
In order to be consistent in the framework of the same design procedure applied by the project partners, it is important to establish the analysis method to be used.
Serviceability requirements have been checked by modal analysis with response spectrum
to compute the elastic displacements and to derive the interstorey drift values to be compared
with the corresponding limits according to:
(6)
𝑑𝑟 𝜈 = 0.010 ℎ
where 𝜈 is 0.5, 𝑑𝑟 is the relative displacement and h is the interstorey height. In particular,
𝑑𝑟 is the design interstorey displacement according EC8.

Figure 5: Plan configuration of the building with identification of the lateral load resisting system
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Figure 6: Elevation configuration of the building (MRFs, D-CBFs and D-EBFs)

5

DESIGNED STRUCTURES

This section summarizes the description of the designed structures that were alternative designed disregarding (NN) and considering the presence of the joints. In the first case, the
joints are considered as zero-length nodes with infinite strength and stiffness. In the second
case, the dimension, the strength and stiffness of the joints have been considered to design the
structures. Design examples have been carried out with reference to the same study case with
reference to both TPMC and EC8. The results of the design are reported in Table 1 and Table
2. Furthermore, in
Figure 7 the differences in terms of structural weight are pointed out.
Storey

EC8_D-CBFs_NN

TPMC_D-CBFs_NN

B1

B2

Beams
B3

B4

1

IPE 360 IPE 360 IPE 360 IPE 360

2

IPE 360 IPE 360 IPE 360 IPE 360

3

IPE 360 IPE 360 IPE 360 IPE 360

4

IPE 360 IPE 360 IPE 360 IPE 360

5

IPE 360 IPE 360 IPE 360 IPE 360

6

IPE 360 IPE 360 IPE 360 IPE 360

1

IPE 300 HEA 360 IPE 300 IPE 300

2

IPE 300 HEA 360 IPE 300 IPE 300

3

IPE 300 HEA 360 IPE 300 IPE 300

4

IPE 300 HEA 280 IPE 300 IPE 300

5

IPE 300 HEA 280 IPE 300 IPE 300

6

IPE 300 HEA 280 IPE 300 IPE 300

Diagonals
D2
D 168,3
HEB 450 HEM 600 HEM 600 HEB 500 HEB 450
s 6,3
D 168,3
HEB 450 HEM 600 HEM 600 HEB 500 HEB 450
s 6,3
D 168,3 s
HEB 450 HEM 550 HEM 550 HEB 500 HEB 450
6,3
D 139,7
HEB 450 HEM 550 HEM 550 HEB 500 HEB 450
s 6,3
HEB 360 HEM 360 HEM 360 HEB 400 HEB 360 D 139,7 s 5
D 114,3
HEB 360 HEM 360 HEM 360 HEB 400 HEB 360
s4
SHS 140
HEB 450 HEB 450 HEB 450 HEB 450 HEB 450
s 10
SHS 140
HEB 450 HEB 450 HEB 450 HEB 450 HEB 450
s 10
SHS 140
HEB 320 HEB 320 HEB 320 HEB 320 HEB 320
s 10
SHS 140
HEB 320 HEB 320 HEB 320 HEB 320 HEB 320
s 7.1
SHS 140
HEB 240 HEB 240 HEB 240 HEB 240 HEB 240
s 7.1
SHS 100
HEB 240 HEB 240 HEB 240 HEB 240 HEB 240
s 10
C1
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C2

Columns
C3

C4

C5
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Table 1: Beam and column sections for D-CBFs designed disregarding the presence of joints

In light the results of the design process it can be drawn that structures designed by EC8
show shallower sections if compared with those designed by TPMC. The influence of the balanced panel zone is evident in the structures designed by TPMC while in those designed according to EC8 it is not possible to observe a difference in terms of weight.
Storey

EC8_D-CBFs_EH-S

TPMC_D-CBFs_EH-S

B1

TPMC_D-CBFs_EH-B

Beams
B3

B4

C1

C2

Columns
C3

C4

C5

1

IPE 360 HEB 450 IPE 360 IPE 360 HEB 600 HEB 800 HEB 800 HEB 650 HEB 600

2

IPE 360 HEB 450 IPE 360 IPE 360 HEB 600 HEB 800 HEB 800 HEB 650 HEB 600

3

IPE 360 HEB 450 IPE 360 IPE 360 HEB 600 HEB 800 HEB 800 HEB 650 HEB 600

4

IPE 360 HEB 450 IPE 360 IPE 360 HEB 600 HEB 700 HEB 700 HEB 650 HEB 600

5

IPE 360 HEB 360 IPE 360 IPE 360 HEB 600 HEB 700 HEB 700 HEB 650 HEB 600

6

IPE 360 HEB 300 IPE 360 IPE 360 HEB 600 HEB 700 HEB 700 HEB 650 HEB 600

1

IPE 300 HEA 360 IPE 300 IPE 300 HEB 450 HEB 450 HEB 450 HEB 450 HEB 450

2

IPE 300 HEA 360 IPE 300 IPE 300 HEB 450 HEB 450 HEB 450 HEB 450 HEB 450

3

IPE 300 HEA 360 IPE 300 IPE 300 HEB 320 HEB 320 HEB 320 HEB 320 HEB 320

4

IPE 300 HEA 280 IPE 300 IPE 300 HEB 320 HEB 320 HEB 320 HEB 320 HEB 320

5

IPE 300 HEA 280 IPE 300 IPE 300 HEB 240 HEB 240 HEB 240 HEB 240 HEB 240

6

IPE 300 HEA 280 IPE 300 IPE 300 HEB 240 HEB 240 HEB 240 HEB 240 HEB 240

1
2
3
4
5
6
1
EC8_D-CBFs_EH-B

B2

2
3
4
5
6

IPE
360
IPE
360
IPE
360
IPE
360
IPE
360
IPE
360
IPE
300
IPE
300
IPE
300
IPE
300
IPE
300
IPE
300

HEB 450 IPE 360 IPE 360 HEB 450 HEM 700 HEM 700 HEB 500 HEB 450
HEB 450 IPE 360 IPE 360 HEB 450 HEM 700 HEM 700 HEB 500 HEB 450
HEB 450 IPE 360 IPE 360 HEB 450 HEM 700 HEM 700 HEB 500 HEB 450
HEB 450 IPE 360 IPE 360 HEB 450 HEM 550 HEM 550 HEB 500 HEB 450
HEB 360 IPE 360 IPE 360 HEB 450 HEM 550 HEM 550 HEB 500 HEB 450
HEB 300 IPE 360 IPE 360 HEB 360 HEM 360 HEM 360 HEB 400 HEB 400
HEA 360 IPE 300 IPE 300 HEB 450 HEB 450 HEB 450 HEB 450 HEB 450
HEA 360 IPE 300 IPE 300 HEB 450 HEB 450 HEB 450 HEB 450 HEB 450
HEA 360 IPE 300 IPE 300 HEB 320 HEB 320 HEB 320 HEB 320 HEB 320
HEA 280 IPE 300 IPE 300 HEB 320 HEB 320 HEB 320 HEB 320 HEB 320
HEA 280 IPE 300 IPE 300 HEB 240 HEB 240 HEB 240 HEB 240 HEB 240
HEA 280 IPE 300 IPE 300 HEB 240 HEB 240 HEB 240 HEB 240 HEB 240
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Diagonals
D2
D 168,3
s 6,3
D 168,3
s 6,3
D 168,3
s 6,3
D 139,7
s 6,3
D 139,7
s5
D 114,3
s4
SHS 140
x 10
SHS 140
x 10
SHS 140
x 10
SHS 140
x 7.1
SHS 140
x 7.1
SHS 100
x 10
D 168,3
s 6,3
D 168,3
s 6,3
D 168,3
s 6,3
D 139,7
s 6,3
D 139,7
s5
D 114,3
s4
SHS 140
x 10
SHS 140
x 10
SHS 140
x 10
SHS 140
x 7.1
SHS 140
x 7.1
SHS 100
x 10
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Table 2: Beam, column and diagonal sections for D-CBFs with “haunched” connections designed
by both TPMC and EC8

Figure 7: Comparison in terms of weight among D-CBFs equipped with haunched connections
designed according to TPMC and EC8

6

MODELING ASSUMPTIONS

The modelling of these structures is carried out in SeismoStruct ambiance [47] according
to the scheme reported in Figure 8. The leaning column (Figure 8) is used to consider the vertical loads acting on the frame (including masses) and also the second order effects. It has
been modelled using an elastic rigid material (el_mat) with very high Young modulus of the
order of magnitude of E+14 kPa. The leaning column has been modelled using forceBeamColumn elements. The full circular cross-section has a diameter equal to 0.0001 m with
the material reported above. Link elements, with very low bending stiffness (1 kN) and very
high shear stiffness (1.0E+014 kN/m) have been in leaning column joints to account for the
moment release both in and out of plane. Columns and diagonals are modelled with forceBeamColumn elements with fiber sections; the material adopted is a Menegotto-Pinto
(stl_mp). The value of the yield strength is assumed equal to 𝑓𝑦𝑚 = 355 × 1.25 × 1.10 =
488.125 𝑀𝑃𝑎 where the coefficients 1.25 and 1.10 are the overstrength factor due to random
material variability and the strain hardening, respectively. To consider the buckling of diagonals an imperfection out-of-plane according to UNI EN 1993-1-1 [24] is assumed. Beams are
modelled with elasticBeamColumn elements (el_mat) with Young modulus of steel (210000
MPa) with fiber sections. At the both the ends of this element are located zero-length M springs accounting for the dissipative and degrading behaviour of the beams. In particular,
the hysteretic behaviour is demanded to a “smooth model” [48]. The modelling parameter of
the smooth model have been provided by using the software “Multi-Cal” [49]-[50] starting
from the data of the experimental tests carried out in the framework of the EQUALJOINTS
[32] project. It is known that the modeling of diagonals and beams and also the influence of
connections might affect the seismic response of CBFs [51]-[56].
Joints are modelled with geometrics dimensions consistent with joint typology as reported
in Figure 3. The rigid elements used to account for the distance between the column axis and
the location of the connections have a very high stiffness equal to 1.0E+014 kN/m. They work
as an offset for the plastic hinge, which is expected to form at the beam ends.
Strong panel zones can be modelled through forceBeamColumn elements with a very high
stiffness. In this case the non-linear behaviour of the panel zone is neglected. Conversely, balanced panel zone have been modeled according to the so-called Gupta and Krawinkler [57]
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model which allows taking into account the shear deformations by means of two spring elements located in series in one corner of a rectangular systems of rigid forceBeamColumn elements.

Figure 8: Structural scheme with loads and leaning column

7

PUSHOVER ANALYSES

Pushover analyses are led in displacement control considering both geometrical and mechanical nonlinearities under two lateral load patterns, as suggested by EC8: a load distribution corresponding to the fundamental mode shape and a uniform distribution proportional to
seismic masses at each floor. The response parameters monitored by the performed pushover
analyses are illustrated in Figure 9. Pushover analyses are carried out by SeismoStruct [47].
In particular, 𝑉𝑢 is the base shear at maximum plastic capacity of the structure, 𝑉1 is the
base shear at first plastic event; δ1 and δ𝑚𝑎𝑥 are the roof displacements corresponding to the
formation of the first plastic hinge and to the first occurrence of the structural collapse corresponding to the achievement of the ultimate rotation of the connection as reported in the outcome of the EQUALJOINTS report [32].
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Figure 9: Monitored parameters in capacity curves.

Among the strength parameters monitored the base shear 𝑉, is a measure of the overall
overstrength of the structure. In addition, the ratio 𝑉𝑢 /𝑉1 , is a measure of redundancy. This
value depends on the frame configuration, formation of the collapse mechanism, redistribution capacity and gravity loading. Conversely, 𝑉1 can be considered as an overdesign factor
related to aspects of the design procedure such as differences between actual and nominal material strength, member oversizing due to choices of commercial cross section and design
governed by deformation and/or non-seismic loading. The μ factor is defined as:
𝛿𝑚𝑎𝑥
𝜇=
(7)
𝛿1
where 𝛿𝑚𝑎𝑥 is the roof displacement at structural collapse and 𝛿1 is the roof displacement associated to formation of the first plastic hinge.

Figure 10: Pushover curves for D-CBFs designed according to TPMC and EC8
disregarding the presence of the joint (NN)
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Figure 11: Pushover curves for D-CBFs equipped with EH-S connections designed according to TPMC and EC8

Figure 12: Pushover curves for D-CBFs equipped with EH-B connections designed according to TPMC and EC8

From the comparison of pushover response curves (from Figure 10 to Figure 12) it is observed that the D-CBF designed according to EC8 are characterized by larger overstrength
than the corresponding structures designed according to TPMC. Moreover, EC8 rules induce
overdesigning the braces to satisfy both slenderness limits and the variation of brace overstrength along the building height, while TPMC do not have such requirements. In general,
the differences among the different “haunched” connections are negligible.
In Figure 13 and Figure 14 the redundancy and the ductility of the structures are reported,
respectively. It is observed that the highest values of redundancy and ductility are exhibited
by the structures designed by EC8. The presence of the “haunched” connections seems to affect not too much the seismic performances of the structures while the effect of balanced panel zone is easy pointed out because of higher values of the ductility.
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Figure 13: Comparison in terms of overstrength factor 𝑽𝒖 /𝑽𝟏 among D-CBFs designed according to TPMC and
EC8 and equipped with “haunched” connections

Figure 14: Comparison in terms of ductility among D-CBFs designed according to TPMC and EC8 and equipped
with “haunched” connections

8

TIME HISTORY NON-LINEAR ANALYSES

Non-linear Dynamic Analyses [58] are also performed to investigate the structural performance for the 3 limit states defined in EN1998-3 [59], namely damage limitation (DL), significant damage (SD) and collapse prevention (CP). EN1998-3 [59] associates a seismic
intensity with each limit states and establishes performance limits related to global and local
damage. The IDA analyses have been carried out for three increasing values of PGA value
corresponding to the following limit state Damage limitation (DL), Severe Damage (SD) and
Near Collapse (NC). The values of the multiplier of accelerograms are assumed equal to 0.59,
1 and 1.73 for DL, SD and NC [59], respectively. The non-linear dynamic analyses are carried
out using the same structural model adopted for pushover analyses. Rayleigh formulation for
a 5% damping has been assumed with the proportional factors computed with reference to the
first and second mode of vibration. In addition, first 𝑇1 and second 𝑇2 periods of vibration are
required and reported in Table 4. Record-to-record variability has been accounted for by considering 10 recorded accelerograms selected from ESM [60]. In Table 3 the analyzed records
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(Earthquake name, Date, Duration, Station name, Station Country, moment magnitude (MW),
local magnitude (ML) and Fault mechanism) have been reported.
Earthquake
PGA (cm/s2)
name
R1_Accumuli_Bevagna_N-S
49.218
R2_Achaia_Transversal
510.615
R3_Amatrice_E-W
521.618
R4_Brienza_N-S
213.532
R5_Castelluccio_Norcia_N-S 571.424
R6_Castelsantangelosulnera_E466.718
W
R7_Gemona del Friuli_L-T
R8_Sturno_L-T
R9_Tolmezzo_T
R10_Mirandola_N-S

Duration
(s)
176.315
39.785
40.190
78.83
59.995

Station
name
24.08.2016
Bevagna
15.06.1995
Aiga
30.10.2016
Amatrice
23.11.1980
Brienza
30.10.2016
Castelluccio
Castel
30.10.2016
100.00
Santangelo
Gemona del
631.718
15.09.1976
19.415
Friuli
309.719
23.11.1980
70.755
Sturno
Tolmezzo339.041
06.05.1976
36.385
Centrale
Mirandola
258.797
20.05.2012
130.005
(NAPOLI)
Table 3: Analized ground motion records
Date

Station
Country
Italy
Greece
Italy
Italy
Italy

MW

ML

6.0
6.5
6.5
6.9
6.5

6.0
6.1
6.1
6.5
6.1

Italy

6.5

6.1

Italy

5.9

6.1

Italy

6.9

6.5

Italy

6.4

6.4

Italy

6.1

5.9

These recorded accelerograms have been selected to approximately match the linear elastic
response spectrum of UNI EN 1998-1 [25], for soil type B and PGA of 0.35g. In other words,
the spectra of the 10 recorded accelerograms have been properly scaled to let their average
value to be compatible with the design EC8 spectrum for a soil type B. The accelerogram
multipliers are reported in the Table 5.
Scheme
D-EBFs_NN
D-EBFs_EH-S
D-EBFs_EH-B

TPMC
T1 (s)
T2 (s)
0.728
0.305
0.642
0.2692
0.695
0.293

EC8
T1 (s)
0.712
0.730
0.793

T2 (s)
0.298
0.313
0.328

Table 4: Vibration periods

R1
R2
R3
R4
R5
R6
R7
R8
R9
R10

Recorded accelerograms
Accumuli_bevagna_N-S.tst
ACHAIA_T.tst
AMATRICE_E-W.tst
Brienza_N-S
Castelluccio_Norcia_N-S.tst
Castelsantangelosulnera_E-W.tst
GEMONA_L-T.tst
STURNO_L-T.tst
TOLMEZZO_T.tst
Mirandola_N-S
Table 5: Accelerogram multipliers
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Accelerogram multipliers
55.43
12.75
9.81
39.24
15.21
5.89
11.97
12.26
15.70
15.70
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Figure 15: Comparison between natural signals and EC8 design spectrum and average spectrum of recorded
ground motions
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TPMC

EC8

Figure 16: Peak interstorey drift curves for D-CBFs designed according to TPMC and EC8
disregarding the presence of the joint

The results of Dynamic Analysis of D-CBFs have been summarized in Figure 16 to Figure
18 in terms of peak interstorey drift. It is observed that the displacement demand is greater in
structures designed by EC8 except for the structure designed disregarding the presence of
joints.
From the panel zone point of view, it is worth mentioning that structures with a balanced
panel zone show higher displacement demand if compared with strong panel zones. In any
case, the distribution of the damage is rather uniform along the various planes for both TPMC
and EC8 designed structures. In particular, it can be pointed out a soft storey collapse mechanism in the structure designed by EC8 and with balanced panel zones for the Collapse Prevention Limit State.
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TPMC

EC8

Figure 17: Peak interstorey drift curves for D-CBFs equipped with EH-S connections designed according to
TPMC and EC8
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TPMC

EC8

Figure 18: Peak interstorey drift curves for D-CBFs equipped with EH-B connections designed according to
TPMC and EC8

9
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10 CONCLUSIONS
• The work herein presented, developed in the contest of the RFCS Project EqualJoints
Plus aims at clarifying the role of prequalified “haunched” connections in DualConcentrically Braced Frames (D-CBFs) designed by both TPMC and EC8.
• Structures designed by EC8 show shallower sections if compared with those designed by
TPMC. The influence of the balanced panel zone is evident in the structures designed by
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TPMC while in those designed according to EC8 it is not possible to observe a difference
in terms of weight.
• From the pushover it is observed that the D-CBF designed according to EC8 are characterized by larger overstrength than the corresponding structures designed according to
TPMC. However, the differences among the different “haunched” connections are negligible.
• The highest values of redundancy and ductility are exhibited by the structures designed
by EC8.
• The presence of the “haunched” connections seems to affect not too much the seismic
performances of the structures while the effect of balanced panel zone is easy pointed out
because of higher values of the ductility.
• Form the Dynamic Analysis point of view it is observed that the displacement demand is
greater in the structures designed by EC8 except for the structure designed disregarding
the presence of joints.
• From the panel zone point of view, it is worth mentioning that structures with a balanced
panel zone show higher displacement demand if compared with strong panel zones.
• In any case, the distribution of the damage is rather uniform along the various planes for
both TPMC and EC8 designed structures.
• It can be pointed out a soft storey collapse mechanism in the structure designed by EC8
and with balanced panel zones for the Collapse Prevention Limit State.
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Abstract
The aim of this work is to present the results of the design of Dual-Eccentrically Braced Frames
(D-EBFs) according to the Theory of Plastic Mechanism Control. These frames are equipped
with four prequalified connection typologies, analysed in the framework of the RFCS founded
EqualJoints Plus research project. They are first designed disregarding the presence of the
joints and after that accounting for it. The seismic performances of the structures are investigated by both pushover and non-linear dynamic analysis.
Keywords: Prequalified connections, Eccentrically Braced Frames, TPMC, Dual Systems,
seismic response, EqualJoints Plus.
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1

INTRODUCTION

In the seismic-resistant design of a building, the structural system and members should have
enough strength to resist forces generated during an earthquake. To prevent a catastrophic collapse of the structure, a stable and reliable capacity for energy dissipation should be provided
[1]-[9] through proper design and detailing of the system, members, and joints. In particular,
the design and realization of steel connections are of paramount importance because it can affect the overall behaviour of the structure.
According to the first principle of capacity design, the dissipation of the seismic input energy
in seismic resisting frames must be concentrated in the so-called dissipative zones, that have to
be properly detailed in order to assure wide and stable hysteresis loops. Depending on the beamto-column joint typology, the dissipative zones can be located at the beam ends or in the connecting elements. In fact, beam-to-column connections can be designed either as full-strength
joints, having sufficient overstrength with respect to the connected beam concentrating dissipative zones at the beams ends [1]-[11], or as partial-strength joints, so that the seismic input
energy is dissipated by means of the plastic engagement of one or more joint components
properly selected.
Generally speaking, the use of rigid full-strength joints has been always considered the best
way to dissipate the seismic input energy, and therefore, seismic codes provide specific criteria
for their design. Conversely, there are no detailed recommendations dealing with partialstrength connections in the framework of seismic design of steel structures.
The use of partial-strength joints for dissipating the seismic input energy in the connecting
elements of beam-to-column joints has also been introduced in UNI EN 1998-1 [12], being
recognized that semi-rigid partial-strength connections, if properly designed by means of an
appropriate choice of the joint components where the dissipation has to occur, can lead to
dissipation and ductility capacity compatible with the seismic demand. However, still now,
there are not codified procedures for the design of beam-to-column joints in the context of the
design of anti-seismic steel frames. In particular, UNI EN 1993-1 [12] provides design rules
and analytical models to predict the mechanical behaviour of the joints; while UNI EN 1998-1
[13] provides additional design rules for seismic-resistant joints, contradicting some
requirements of UNI EN 1993-1 [12]. In addition, in UNI EN 1993-1 [12] the influence of the
rib stiffeners on the flexural response of this type of joints is not clearly accounted for.
Anyway many advantages belong to the use of partial-strength joints because they allow to
avoid the plastic engagement of columns without their over-sizing, leading to convenient
structural solutions particularly in case of long-span MR-Frames the same issue can be solved
by the so-called reduced beam sections or dog bones [14] where the dissipation is localized in
a beam zone close to the connections.
From the existing scientific literature, a wide database of experimental results on beam-tocolumn joints is available [15]-[16]. Moreover, several research projects [17]-[21] have been
developed and aimed to investigate the beam-to-column joints behaviour under both seismic
and non-seismic loadings. Even though these projects have provided a large amount of data
dealing with steel beam-to-column connections, none of the existing European studies has been
aimed at prequalifying specific configurations for seismic areas on the basis of parametric
experimental investigations. At the current stage, UNI EN 1998-1 [13] allows using dissipative
joints, provided that the design is supported by testing, which results in an impractical solution
within the time and budget constraints of real-life projects. The lack of analytical models to
predict the joints behaviour to meet code requirements is more evident for dissipative beam-tocolumn connections, but also for non-dissipative connections. Indeed, owing to the variability
of steel strength, these connections could not have enough overstrength and full-strength
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behaviour cannot be guaranteed. In such cases the plastic rotation capacity of the joint need to
be prequalified by relevant test and numerically based procedures.
In order to fill these gaps, the recently concluded RFCS research project EQUALJOINTS
[22] was aimed at providing prequalification criteria of steel joints for the next version of UNI
EN 1998-1 [13]. In detail, the research activity covered the standardization of design and
manufacturing procedures with reference to a set of bolted joint types and a welded dog-bone
with heavy profiles designed to meet different performance levels.
The work herein presented, developed in the contest of the RFCS Project EqualJoints Plus
[23], aims at clarifying the role of joints on the design and performance of Dual-Eccentrically
Braced Frames (D-EBFs) at the variation of prequalified steel beam-to-column joints typologies.
To this scope, several D-EBFs have been designed by the Theory of Plastic Mechanism Control
(TPMC) [24]-[35] which always allows the development of a collapse mechanism of global
type.
The selected frames will be initially designed disregarding the presence of the joint
dimension (i.e. zero-length node with infinite strength and stiffness) and the joints will be
subsequently designed with the size of members obtained by this approach.
To highlight the differences in terms of the final dimension of members and connections,
the structures will be redesigned with the joints having their dimensions computed according
to the assumptions developed in the EQUALJOINTS project. The structures equipped with
different connections have been properly modelled and analysed by both pushover and nonlinear dynamic analyses.
2

PREQUALIFIED JOINT TYPOLOGIES

In the context of the research project EQUALJOINTS [22], four types of prequalified
connections are considered. In particular, three types of prequalified bolted beam-to-column
joints (Figure 1 a, b and c) will be considered, as well as welded dog-bone beam-to-column
joint made of heavy sections (Figure 1 d). The joint typologies selected for the prequalification
procedure are representative of those most commonly adopted in European practice for different
structural systems (moment resisting frames and dual frames). The dimensions of column and
beam sections are obtained from design calculations of a set of reference building structures
according to EN 1998-1 [13].
Bolted joints are very interesting for practice in steel buildings, owing to their inherent
advantages in terms of high-quality execution (e.g. shop welding and bolting on site), but also
highly productive erection (less time-consuming).
Different performance objectives are considered as full strength, equal strength and partial
strength joints. Full strength joints are designed to guarantee the formation of all plastic
deformations into the beam, which is consistent with EN 1998 strong column-weak beam
capacity design rules (i.e. non-dissipative joint). Equal strength joints are theoretically
characterized by the contemporary yielding of connection, web panel and beam. Partial strength
joints are designed to develop the plastic deformation only in the joint. It should be also noted
that neither EN 1993 nor EN 1998 currently consider the case of equal strength joint, which
was proposed within Equaljoints project as an intermediate performance level. According to
the current Eurocode classification, an equal strength joint falls on the category of partial
strength. The design of joints for the selected beam-to-column assemblies was developed after
a critical review of design and analytical methods and constantly supported by FE simulations.
Finally, dog-bones have been considered because as same as partial-strength connections allow
designing structures with reduced column sections. All the experimental, numerical and analytical outcomes were collected and organized in order to develop design guidelines, including the
recommended details of each investigated joint typology, the design methodology and relevant
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design criteria. The results of this preliminary analysis for the prequalification of joints have
been summarized for each considered joint typology in Figure 2, Figure 3, Figure 4 and Figure
5, where the geometry, the strength and stiffness parameters for both the connection and the
panel zone are reported. These joint typologies have been used to equip the beam-to-column
connections. The structures discussed in this paper refer to D-EBFs with K-scheme configuration and short links, designed by TPMC.

(a)

(b)

(c)

(d)

Figure 1: Prequalified bolted joint types (a, b, c) and welded dog-bone joint (d).
HAUNCHED CONNECTIONS - Type a

Joint
Type
EH-S:
Fullstrength
with
strong
panel
zone

EH-B:
Fullstrength
with balanced
panel
zone

Geometry
ℎℎ
= 0.45
ℎ𝑏
𝑠ℎ
= 0.65
ℎ𝑏

𝑛
𝑀𝑗,𝑅𝑑
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

𝑧𝑤𝑝 = ℎ𝑏 + ℎℎ
ℎℎ
= 0.45
ℎ𝑏
𝑠ℎ
= 0.65
ℎ𝑏
𝑧𝑤𝑝 = ℎ𝑏 + ℎℎ

Strength
Panel Zone:
External
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 1.65
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑
= 1.3
Internal
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 1.65
𝑒
2 ∙ 𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑
External
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 1.0
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑
= 1.3
Internal
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 1.0
𝑒
2 ∙ 𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

Connection:

𝑛
𝑀𝑗,𝑅𝑑
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

Figure 2: Details of “Haunched” joints
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Stiffness
Connection:
Panel Zone:
External
nodes:
𝑠𝑤𝑝,𝑖𝑛𝑖
= 55
𝑠𝑏
𝑠𝑐𝑜𝑛,𝑖𝑛𝑖
= 80
Internal
𝑠𝑏
nodes:
𝑠𝑤𝑝,𝑖𝑛𝑖
= 55
2 ∙ 𝑠𝑏
External
nodes:

𝑠𝑐𝑜𝑛,𝑖𝑛𝑖
= 65
𝑠𝑏

𝑠𝑤𝑝,𝑖𝑛𝑖
= 31
𝑠𝑏
Internal
nodes:

𝑠𝑤𝑝,𝑖𝑛𝑖
= 31
2 ∙ 𝑠𝑏
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EXTENDED STIFFENED JOINTS – Type b

Joint Type

ES-S-E:
Equal-strength
with strong
panel zone

Geometry
ℎ𝑟𝑖𝑏
= 0.35
ℎ𝑏

𝑛
𝑀𝑗,𝑅𝑑
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

𝑠𝑟𝑖𝑏
= 0.45
ℎ𝑏
𝑧𝑤𝑝 = ℎ𝑏 + 0.6ℎ𝑟𝑖𝑏

ES-S-F:
Full-strength
with strong
panel zone

ℎ𝑟𝑖𝑏
= 0.45
ℎ𝑏
𝑛
𝑀𝑗,𝑅𝑑
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

𝑠𝑟𝑖𝑏
= 0.55
ℎ𝑏
𝑧𝑤𝑝 = ℎ𝑏 + 0.6ℎ𝑟𝑖𝑏

ES-B-E:
Equal-strength
with balanced
panel zone

Strength
Panel Zone:
External
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 1.15
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑
= 1.0
Internal
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 1.15
𝑒
2 ∙ 𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑
External
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 1.65
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑
= 1.5
Internal
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 1.65
𝑒
2 ∙ 𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑
External
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
𝑧𝑤𝑝
= 1.0
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑
= 1.0
Internal
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
𝑧𝑤𝑝
= 1.0
𝑒
2 ∙ 𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

Connection:

ℎ𝑟𝑖𝑏
= 0.35
ℎ𝑏

𝑛
𝑀𝑗,𝑅𝑑
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

𝑠𝑟𝑖𝑏
= 0.45
ℎ𝑏
𝑧𝑤𝑝 = ℎ𝑏 + 0.6ℎ𝑟𝑖𝑏

Figure 3: Details of “Extended stiffened” joints
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Stiffness
Connection: Panel Zone:
External nodes:
𝑠𝑐𝑜𝑛,𝑖𝑛𝑖
= 34
𝑠𝑏

𝑠𝑤𝑝,𝑖𝑛𝑖
= 35
𝑠𝑏
Internal
nodes:

𝑠𝑤𝑝,𝑖𝑛𝑖
= 35
2 ∙ 𝑠𝑏
External nodes:
𝑠𝑐𝑜𝑛,𝑖𝑛𝑖
= 68
𝑠𝑏

𝑠𝑤𝑝,𝑖𝑛𝑖
= 56
𝑠𝑏
Internal
nodes:

𝑠𝑤𝑝,𝑖𝑛𝑖
= 56
2 ∙ 𝑠𝑏
External nodes:

𝑠𝑐𝑜𝑛,𝑖𝑛𝑖
= 37
𝑠𝑏

𝑠𝑤𝑝,𝑖𝑛𝑖
= 30
𝑠𝑏
Internal
nodes:

𝑠𝑤𝑝,𝑖𝑛𝑖
= 30
2 ∙ 𝑠𝑏
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EXTENDED UNSTIFFENED JOINTS – Type c

(c)
Joint Type
E-B-E:
Equalstrength
with balanced panel
zone

E-B-P
(0.6):
Partialstrength
with balanced panel
zone

E-W-P
(0.8):
Partialstrength
with weak
panel zone

Geometry

𝑧𝑤𝑝 = ℎ𝑏

𝑧𝑤𝑝 = ℎ𝑏

𝑧𝑤𝑝 = ℎ𝑏

Strength
Connection:

𝑛
𝑀𝑗,𝑅𝑑
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

𝑛
𝑀𝑗,𝑅𝑑
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

𝑛
𝑀𝑗,𝑅𝑑
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

Panel Zone:
External
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 1.0
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑
Internal
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 1.0
𝑒
2 ∙ 𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑
External
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 0.6
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑
Internal
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 0.6
𝑒
2 ∙ 𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑
External
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 0.6
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑
Internal
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 0.6
𝑒
2 ∙ 𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

= 1.0

= 0.6

= 0.8

Figure 4: Details of “Extended unstiffened” joints
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Stiffness
Connection: Panel Zone:
External
nodes:
𝑠𝑤𝑝,𝑖𝑛𝑖
𝑠𝑐𝑜𝑛,𝑖𝑛𝑖
= 19
= 28
𝑠𝑏
𝑠𝑏
Internal
nodes:
𝑠𝑤𝑝,𝑖𝑛𝑖
= 19
2 ∙ 𝑠𝑏
External
nodes:
𝑠𝑤𝑝,𝑖𝑛𝑖
= 19
𝑠𝑐𝑜𝑛,𝑖𝑛𝑖
𝑠𝑏
= 22
𝑠𝑏
Internal
nodes:
𝑠𝑤𝑝,𝑖𝑛𝑖
= 19
2 ∙ 𝑠𝑏
External
nodes:
𝑠𝑤𝑝,𝑖𝑛𝑖
= 14
𝑠𝑏
𝑠𝑐𝑜𝑛,𝑖𝑛𝑖
= 24
𝑠𝑏
Internal
nodes:
𝑠𝑤𝑝,𝑖𝑛𝑖
= 14
2 ∙ 𝑠𝑏
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DOG-BONES – Type d

Joint
Type

DB-S:
Fullstrength
with
strong
panel
zone

Geometry

Strength
Connection:

𝑎 = 0.6𝑏𝑓
𝑏 = 0.75𝑑𝑏
𝑠=𝑎+

𝑏
2

𝑔 = 0.2𝑏𝑓

Panel Zone:
External
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 1.65
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

𝑛
𝑀𝑗,𝑅𝑑
𝑒
𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

= 1.3

Internal
nodes:
𝑛
𝑉𝑤𝑝,𝑅𝑑
∙ 𝑧𝑤𝑝
= 1.65
𝑒
2 ∙ 𝑀𝑝𝑙,𝑏,𝑐𝑓,𝑅𝑑

Stiffness
Connection:
Panel Zone:
External
nodes:

𝑠𝑐𝑜𝑛,𝑖𝑛𝑖
= 80
𝑠𝑏

𝑠𝑤𝑝,𝑖𝑛𝑖
= 55
𝑠𝑏
Internal
nodes:
𝑠𝑤𝑝,𝑖𝑛𝑖
= 55
2 ∙ 𝑠𝑏

Figure 5: Details of dog-bones

3

THEORY OF PLASTIC MECHANISM CONTROL FOR D-EBFS WITH FIXED
DIAGONAL BASES

As the subject of this paper is Dual Eccentrically Braced Frames (D-EBFs), the closed form
solution of the Theory of Plastic Mechanism Control (TPMC) is herein reported to explain the
design procedure adopted. In particular, the EBF part is characterized by a K-scheme configuration with diagonal fixed at both their ends.
Eccentrically braced frames constitute a suitable compromise between seismic resistant MRframes and concentrically braced frames. In fact, they exhibit both adequate lateral stiffness,
due to the high contribution coming from the diagonal braces, and ductile behaviour, due to the
ability of the links, constituting the dissipative zones of this structural typology, in developing
wide and stable hysteresis loops. Therefore, the coupling of MRF and EBF constitute a much
safe and dissipative compromise because the resulting dual system is characterised by a first
fail-safe system constituted by the eccentrically braced frames, and a secondary fail-safe system,
constituted by moment resisting frame. This secondary one can be considered as an additional
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dissipative system where plastic hinges are concentrated at the beam ends. Conversely, the main
dissipative system is constituted by the link members.
To assure the link yielding local link-beam, link-diagonal hierarchy criteria must be applied.
These criteria belong to the application of the kinematic theorem of plastic collapse with the
scope of avoiding all the undesired collapse mechanism which can lead to the development of
plastic hinges in beams and diagonals [36]-[37]. These design rules are reported in Figure 6.

Figure 6: Local hierarchy criteria rules for K-scheme EBFs.

From the point of view of the design of all the structure, in the framework of the TPMC
approach, and being assured that only the links are involved in yielding, collapse mechanisms
can be considered as belonging to three main typologies as depicted in Figure 7 where 𝑖𝑚 is the
mechanism index and indicates the storey involved by the undesired mechanism. In fact, these
last ones do not involve all the dissipative zones. The global mechanism, representing the design goal, is generally considered, a case of type-2 mechanism involving all the storeys. However, in the case of D-EBFs with horizontal links, also type-1 mechanism involving all the
storeys is coincident with the global mechanism. This peculiarity only valid for this structural
typology is of paramount importance for the development of TPMC in closed form solution.
For type-1 mechanism, column and diagonal plastic hinges of undesired mechanism do not
develop at the top end of the 𝑖𝑚 -th storey but at the column bases of the 𝑖𝑚 -th +1 storey. The
same happens in the case of type-3 mechanism where the plastic hinges of columns and diagonals of the storey affected by the soft storey mechanism develop at the bottom end of the 𝑖𝑚 -th
storey and at the bottom end of the 𝑖𝑚 -th+1 storey.
Given the above, the design problem is constituted by the definition of the column and diagonal sections required at each storey to assure the desired collapse mechanism, where the
beams and link sections are assumed as known quantities. Regarding the rate of seismic action,
the braced part has to bear, ASCE 7-10 [38] requires for a dual system that the moment frames
shall be capable of resisting at least 25 percent of the design seismic forces while the remaining
part is entrusted to the EBF.
The action in the link can be easily computed following a simple equilibrium and respecting
the suggestion proposed by Kasai and Han [39]-[40].
Furthermore, the design of the column and diagonal sections requires the knowledge of the
flexural resistance needed to avoid the undesired collapse mechanisms. This flexural resistance
is obtained by means of the TPMC. Such flexural resistance is the required plastic moment
reduced due to the contemporary action of the axial load. Therefore, in order to the design
column sections also the axial loads acting in the columns at collapse, i.e. when the global
mechanism is completely developed, are required. The value of the axial loads acting in the
columns when the global mechanism is completely developed can be obtained by means of
simplified equilibrium equations, as suggested by Kasai and Han [39]-[40] and reported in a
previous work [36].
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Figure 7: Collapse mechanism typologies for MRF-EBF dual systems when A-type is assured

3.1 Equilibrium Curves of the Analysed Plastic Mechanisms
The Theory of Plastic Mechanism Control (TPMC) which has the primary aim to assure the
development of a collapse mechanism of global type is based on the extension of the kinematic
theorem of plastic collapse to the concept of mechanism equilibrium curve. In particular, the
plastic section modulus of each column -and in case of EBFs- diagonals can be defined by
imposing that the mechanism equilibrium curve corresponding to the global mechanism, must
lie below those corresponding to all the undesired mechanism within a displacement range
compatible with the local ductility supply of members.

Figure 8: TPMC statement
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The mechanism equilibrium curve can be easily derived by equating the external work to the
internal work, due to the dissipative zones involved in the collapse mechanism, provided that
the external second-order work due to vertical loads is also evaluated [24]. The general expression of the collapse mechanism equilibrium curve is given by:
𝛼 = 𝛼0 − 𝛾𝛿

(1)

where 𝛼0 is the kinematically admissible multiplier of horizontal forces according to first order
rigid-plastic analysis and 𝛾 is the slope of the mechanism equilibrium curve.
3.2 Mechanism equilibrium curve for MRF-EBF dual system with horizontal link
With reference to 𝑖𝑚 th mechanism of type-1, the kinematically admissible multiplier of seismic horizontal forces, for 1 ≤ 𝑖𝑚 < 𝑛𝑠 is given by:
(1)

𝛼0.𝑖𝑚
=

𝑛

𝑛𝑑
𝑛𝑑
𝑛𝑐
𝑖𝑚
𝑖𝑚
𝑐
𝑏
∑𝑛𝑘=1
∑𝑗=1
𝑀𝑐.𝑖1 + ∑𝑖=1
𝑀𝑐.𝑖𝑖𝑚 +1 + ∑𝑖=1
𝑀𝑑.𝑖1 + ∑𝑖=1
𝑀𝑑.𝑖𝑖𝑚 +1 + 2 ∑𝑘=1
𝑀𝑏.𝑗𝑘 + 2 ∑𝑘=1
𝑀𝐸𝑞.𝑢𝑘
𝑚
∑𝑖𝑘=1
𝐹𝑘 ℎ𝑘

+

(2)

𝑛𝑠
ℎ𝑖𝑚 ∑𝑘=𝑖
𝐹
𝑚 +1 𝑘

and for 𝑖𝑚 = 𝑛𝑠 is given by:
𝑛𝑑
𝑛𝑠
𝑛𝑠
𝑏
𝑐
∑𝑛𝑘=1
∑𝑛𝑗=1
𝑀𝑐.𝑖1 + ∑𝑖=1
𝑀𝑑.𝑖1 + 2 ∑𝑘=1
𝑀𝑏.𝑗𝑘 + 2 ∑𝑘=1
𝑀𝐸𝑞.𝑢𝑘
(1)
(3)
𝛼0.𝑛𝑠 =
𝑠
∑𝑛𝑘=1
𝐹𝑘 𝐹𝑘
𝑛𝑑
𝑛𝑐
where ∑𝑘=1
𝑀𝑐.𝑖1 and ∑𝑖=1
𝑀𝑑.𝑖1 are the sum of reduced plastic moment of columns and diag𝑛𝑐
𝑑
onals of the first storey; ∑𝑖=1 𝑀𝑐.𝑖𝑖𝑚 and ∑𝑛𝑖=1
𝑀𝑑.𝑖𝑖𝑚 are the sum of reduced plastic moment of
columns and diagonals at the 𝑖𝑚 th storey and the terms with 𝑀𝑏.𝑗𝑘 and 𝑀𝐸𝑞.𝑢𝑘 are related to the
internal work of beams and links. The terms 𝐹𝑘 and ℎ𝑘 are the storey force and the storey height,
respectively.
With reference to 𝑖𝑚 th mechanism of type-2, the kinematically admissible multiplier of seismic horizontal forces is given by:
𝑛𝑐
𝑛𝑠
𝑛𝑠
𝑏
𝑐
∑𝑛𝑖=1
∑𝑛𝑗=1
𝑀𝑐.𝑖𝑖𝑚 + ∑𝑖=1
𝑀𝑑.𝑖𝑖𝑚 + 2 ∑𝑘=𝑖
𝑀𝑏.𝑗𝑘 + 2 ∑𝑘=𝑖
𝑀𝐸𝑞.𝑢𝑘
(2)
𝑚
𝑚
𝛼0.𝑖𝑚 =
(4)
𝑛𝑠
∑𝑘=𝑖 𝐹𝑘 (ℎ𝑘 − ℎ𝑖𝑚 −1 )
𝑚
It is useful to note that, Eq. (3) and (4) for 𝑖𝑚 =1 are coincident, because the type-1 mechanism
for 𝑖𝑚 = 𝑛𝑠 and type-2 mechanism for 𝑖𝑚 =1 are coincident with the global one.
Finally, with reference to 𝑖𝑚 th mechanism of type-3, the kinematically admissible multiplier
of horizontal forces, for 𝑖𝑚 = 1, is given by:
(3)
𝛼0.1
𝑛𝑏
𝑛𝑐
𝑛𝑐
𝑛𝑐
𝑐
∑𝑛𝑖=1
𝑀𝑐.𝑖1 + ∑𝑖=1
𝑀𝑑.𝑖1 + ∑𝑖=1
𝑀𝑐.𝑖2 + ∑𝑖=1
𝑀𝑑.𝑖2 + 2 ∑𝑗=1
𝑀𝑏.𝑗1 + 2𝑀𝐸𝑞.𝑢1
(5)
=
𝑛𝑠
ℎ1 ∑𝑘=1 𝐹𝑘
while for 1 < 𝑖𝑚 < 𝑛𝑠 , is given by:
𝑛𝑑
𝑛𝑑
𝑛𝑐
𝑐
∑𝑛𝑖=1
𝑀𝑐.𝑖𝑖𝑚 + ∑𝑖=1
𝑀𝑐.𝑖𝑖𝑚 +1 + ∑𝑖=𝑖
𝑀𝑑.𝑖𝑖𝑚 + ∑𝑖=𝑖
𝑀𝑑.𝑖𝑖𝑚 +1
(3)
𝑚
𝑚 +1
𝛼0.𝑖𝑚 =
𝑛𝑠
(ℎ𝑖𝑚 − ℎ𝑖𝑚 −1 ) ∑𝑘=𝑖
𝐹
𝑚 𝑘
(6)
𝑛𝑏
2 ∑𝑗=1 𝑀𝑏.𝑗𝑖𝑚 + 2𝑀𝐸𝑞.𝑢𝑖𝑚
+
𝑛𝑠
(ℎ𝑖𝑚 − ℎ𝑖𝑚 −1 ) ∑𝑘=𝑖
𝐹
𝑚 𝑘
and for 𝑖𝑚 = 𝑛𝑠 is given by:
𝑛𝑑
𝑛𝑏
𝑐
∑𝑛𝑖=1
𝑀𝑐.𝑖𝑛𝑠 + ∑𝑖=1
𝑀𝑑.𝑖𝑛𝑠 + 2 ∑𝑗=1
𝑀𝑏.𝑗𝑛𝑠 + 2𝑀𝐸𝑞.𝑢𝑛𝑠
(3)
(7)
𝛼0.𝑛𝑠 =
𝐹𝑛𝑠 (ℎ𝑛𝑠 − ℎ𝑛𝑠 −1 )
In addition, the corresponding slopes of the mechanism equilibrium curve are the following:
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(1)
𝛾𝑖𝑚

𝑖𝑚
𝑛𝑠
1 ∑𝑘=1 𝑉𝑘 ℎ𝑘 + ℎ𝑖𝑚 ∑𝑘=𝑖𝑚 +1 𝑉𝑘
=
ℎ𝑖𝑚 ∑𝑖𝑚 𝐹𝑘 ℎ𝑘 + ℎ𝑖 ∑𝑛𝑠
𝐹𝑘
𝑘=1

(2)

𝛾𝑖𝑚 =

𝑚

(8)

𝑘=𝑖𝑚 +1

𝑠
∑𝑛𝑘=𝑖
𝑉 (ℎ𝑘 − ℎ𝑖𝑚 −1 )
𝑚 𝑘

1
𝑠
ℎ𝑛𝑠 − ℎ𝑖𝑚 −1 ∑𝑛𝑘=𝑖
𝐹 (ℎ𝑘 − ℎ𝑖𝑚 −1 )
𝑚 𝑘
𝑠
∑𝑛𝑘=𝑖
𝑉
1
(3)
𝑚 𝑘
𝛾𝑖𝑚 =
𝑛𝑠
ℎ𝑖𝑚 − ℎ𝑖𝑚 −1 ∑𝑘=𝑖 𝐹𝑘
𝑚

(9)
(10)

3.3 Design requirements to prevent undesired collapse mechanisms
The design conditions that column sections must satisfy to prevent the undesired failure
modes can be derived by the direct application of TPMC, i.e. by explicating the design conditions as functions of the unknown column and diagonal plastic moments.
In particular, the aforementioned design conditions require that the mechanism equilibrium
curve corresponding to the global mechanism has to be located below (Figure 8) those corresponding to all the undesired mechanisms within a top sway displacement range, 𝛿𝑢 , compatible with the ductility supply of dissipative zones, i.e. the plastic rotation of members which
govern the design procedure. The mathematical expression of this statement is the following
one:
(𝑔)

(𝑡)

(𝑡)

𝛼0 − 𝛾 (𝑔) 𝛿𝑢 ≤ 𝛼𝑖𝑚 − 𝛾𝑖𝑚 𝛿𝑢

𝑓𝑜𝑟 𝑖𝑚 = 1,2,3, … , 𝑛𝑠

𝑡 = 1, 2, 3

(11)

In particular, the dissipative zones in D-EBFs are both the beam and link members, so that
the ultimate design displacement is the minimum among those corresponding to the beams and
links rotational capacity. The ultimate plastic rotation of links, 𝛾𝑢 , is assumed equal to 0.08 rad
for short link, 0.02 rad for the long link and the interpolation between these two values for the
intermediate link while plastic rotation of beams is assumed equal to 0.04 rad. However, in the
whole of case is the link capacity that governs the structural capacity, so that, the ultimate design
displacement is provided by means of the following relations:
𝛿𝑢 = 𝛾𝑢 (𝑒⁄𝐿𝑗 )ℎ𝑛𝑠

(12)

3.4 Closed form solution for MRF-EBF dual system with horizontal link and fixed diagonal bases
Closed form solution algorithm of D-EBFs with horizontal link presents some differences
with reference to the design algorithm proposed for MRFs [24]. The observation leading to the
closed form solution regards the coincidence between type-1 and type-3 mechanisms for 𝑖𝑚 =
(𝑔)
(1)
(1)
(3)
(3)
1 (at first storey). As a consequence by substituting 𝛼0 , 𝛾 (𝑔) , 𝛼0.1 , 𝛾1 and 𝛼0.1 , 𝛾1 , in Eq.
(11), respectively, the same design condition is provided. In addition, type-2 mechanism for
𝑖𝑚 = 1 is coincident with the global one. In the case of D-EBFs with horizontal link, type-1
and type-3 mechanisms for 𝑖𝑚 = 1 are coincident but by substituting the expression of their
(𝑔)
(1)
(1)
(3)
(3)
𝛼0 , 𝛾 (𝑔) , 𝛼0.1 , 𝛾1 and 𝛼0.1 , 𝛾1 respectively in Eq. (11) it is not possible to univocally determine the sum of reduced plastic moment at first storey because Eq. (2) for 𝑖𝑚 = 1 and Eq.
(6) contain four unknown quantities, i.e. the sum of the plastic moment of columns and diagonals reduced due to the contemporary action of axial load at the first and second storey. Therefore, a couple of other two undesired mechanism coincident are needed.
Our aid arrives the observation that type-2 and type-3 mechanism for 𝑖𝑚 = 𝑛𝑠 are coincident
(2)
(3)
as same as their collapse mechanism multipliers 𝛼0.𝑛𝑠 and 𝛼0.𝑛𝑠 provided by Eq. (4) for 𝑖𝑚 = 𝑛𝑠
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and Eq. (7), respectively. In addition, type-1 mechanism for 𝑖𝑚 = 𝑛𝑠 is coincident with the
global one and for this reason does not provide any design condition.
Starting from these observations the closed form solution is obtained according to the following steps:
a) Selection of a design top sway displacement 𝛿𝑢 compatible with the ductility supply of
structural members (Eq. (12)).
(𝑡)

b) Computation of the slopes of mechanism equilibrium curves 𝛾𝑖𝑚 by means of Eqs. (8), (9)
and (10). The slope of the global mechanism equilibrium curve, 𝛾 (𝑔) is the minimum
(𝑡)
among the 𝛾𝑖𝑚 values computed before.
c) Design of dissipative zones i.e. links and beam ends.
d) Computation of the axial load acting in the columns at collapse state, i.e. when a collapse
mechanism of global type is completely developed.
e) Computation of the required sum of the plastic moment of columns, reduced due to the
nd
𝑛𝑐
contemporary action of the axial force, ∑𝑖=1
𝑀𝑐.𝑖.1 and ∑i=1
Md.i1 for 𝑖𝑚 = 1, i.e. at the
first storey, by means of the following relation:
𝑛𝑑

𝑛𝑐

𝑛

∑ 𝑀𝑐.𝑖1 + ∑ 𝑀𝑑.𝑖1 ≥
𝑖=1

𝑛

𝑛

𝑛

(3)

𝑠
𝑏
𝑠
𝑠
∑𝑗=1
2 ∑𝑘=1
𝑀𝑏.𝑗𝑘 + 2 ∑𝑘=1
𝑀𝐸𝑞.𝑢𝑘 + ∑𝑘=1
𝐹𝑘 ℎ𝑘 (𝛾1

2

𝑖=1

− 𝛾 (𝑔) )𝛿𝑢

𝑠
∑𝑛𝑘=1
𝐹𝑘 ℎ𝑘
−1
𝑛𝑠
𝐹𝑘 ℎ𝑘 + ℎ1 ∑𝑘=1
𝐹𝑘

(13)

Eq. (13) is derived from design conditions given in Eq. (11) for 𝑖𝑚 = 1 and 𝑡 = 1 or 𝑡 =
3, because for 𝑖𝑚 = 1 type-1 mechanism and type-3 mechanism are coincident by assumnd
nd
nc
nc
ing, as a first attempt, ∑i=1
Mc.i1 + ∑i=1
Md.i1 equal to ∑i=1
Mc.i2 + ∑i=1
Md.i2 . This assumption is, in any case, permissible because second storey columns can be at least equal
or lighter than first storey one.
f)

The sum of the required plastic moments of columns at first storey is distributed among the
columns and diagonals proportionally to the axial load acting at the collapse state, so that,
the design internal actions (𝑀𝑐.𝑖1 , 𝑀𝑑.𝑖1 , 𝑁𝑐.𝑖1 for 𝑖 = 1,2, … , 𝑛𝑐 ) are derived and the column
and diagonal sections at first storey can be designed. As column and didagonal sections are
nd
𝑛𝑐
selected from standard shapes, the value obtained of ∑𝑖=1
𝑀𝑐.𝑖1 + ∑i=1
Md.i1 , namely
𝑛𝑑
𝑛𝑐
∗
∗
∑𝑖=1 𝑀𝑐.𝑖1 + ∑𝑖=1 𝑀𝑑.𝑖1 is generally greater than the required minimum value provided by
(𝑔)
Eq. (13). Therefore, the mechanism equilibrium curve 𝛼 = 𝛼0 − 𝛾 (𝑔) 𝛿 has to be evalund
𝑛𝑐
ated accordingly, i.e. by means of Eq. (13) by replacing the term ∑𝑖=1
𝑀𝑐.𝑖1 + ∑i=1
Md.i1 ,
𝑛𝑑
𝑛𝑐
∗
∗
∑
∑
with the value 𝑖=1 𝑀𝑐.𝑖.1 + 𝑖=1 𝑀𝑑.𝑖1 resulting from standard shapes.

g) Computation of the required sum of plastic moment of columns and diagonals, reduced due
to the contemporary action of the axial force, for 𝑖𝑚 = 𝑛𝑠 by means of the following relation:
𝑛𝑐
(3)
∑ 𝑀𝑐.𝑖𝑛𝑠
𝑖=1

𝑛𝑑

+∑

𝑛𝑏
(3)
𝑀𝑑.𝑖𝑛𝑠

≥ (𝛼

(𝑔)

+

(3)
𝛾𝑛𝑠 𝛿𝑢 )𝐹𝑛𝑠 (ℎ𝑛𝑠

𝑖=𝑛𝑠

− ℎ𝑛𝑠−1 ) − 2 ∑ 𝑀𝑏.𝑗𝑛𝑠 − 2 𝑀𝐸𝑞.𝑢𝑛𝑠

(14)

𝑗=1

Eq. (14) is derived from Eq. (11) for 𝑖𝑚 = 𝑛𝑠 and 𝑡 = 2 or 𝑡 = 3, because for 𝑖𝑚 = 𝑛𝑠
type-2 mechanism and type-3 mechanism are coincident as depicted in Figure 9.
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Figure 9: Collapse mechanism of MRF-EBF dual systems for 𝑖𝑚 = 𝑛𝑠

h) Starting from the top storey, computation of the required sum of the plastic moment of
(𝑡)
𝑛𝑐
columns, reduced due to the contemporary action of the axial force, ∑𝑖=1
𝑀𝑐.𝑖𝑖𝑚 +
(1)
𝑑
∑𝑛𝑖=1
𝑀𝑑.𝑖𝑖𝑚 , for 1 ≤ 𝑖𝑚 < 𝑛𝑠 and 𝑡 = 1,2,3 by means of the following relations:
𝑛𝑑

𝑛𝑐

(1)
∑ 𝑀𝑐.𝑖𝑖𝑚
𝑖=1

(1)

+ ∑ 𝑀𝑑.𝑖𝑖𝑚
𝑖=1

𝑖𝑚

≥

𝑛𝑠

(1)
(𝛼 + 𝛾𝑖𝑚 𝛿𝑢 ) (∑ 𝐹𝑘 ℎ𝑘
𝑘=1
𝑖𝑚 𝑛𝑏
𝑖𝑚
(𝑔)

𝑛𝑑

𝑛𝑐

+ ℎ𝑖𝑚 ∑ 𝐹𝑘 ) −
𝑘=𝑖𝑚 +1

∗
∑ 𝑀𝑐.𝑖1
𝑖=1

∗
− ∑ 𝑀𝑑.𝑖1

(15)

𝑖=1

− 2 ∑ ∑ 𝑀𝑏.𝑗𝑘 − 2 ∑ 𝑀𝐸𝑞.𝑢𝑘
𝑘=1 𝑗=1

𝑘=1

needed to avoid type-1 mechanisms;
𝑛𝑑

𝑛𝑐

(2)
∑ 𝑀𝑐.𝑖𝑖𝑚
𝑖=1

(2)

+ ∑ 𝑀𝑑.𝑖𝑖𝑚
𝑖=1

𝑛𝑠

≥ (𝛼

(𝑔)

+

(2)
𝛾𝑖𝑚 𝛿𝑢 )

𝑛𝑠

𝑛𝑏

𝑛𝑠

(16)

∑ 𝐹𝑘 (ℎ𝑘 + ℎ𝑖𝑚 −1 ) − 2 ∑ ∑ 𝑀𝑏.𝑗𝑘 − 2 ∑ 𝑀𝐸𝑞.𝑢𝑘
𝑘=𝑖𝑚

𝑘=𝑖𝑚 𝑗=1

𝑘=1

needed to avoid type-2 mechanisms;
𝑛𝑐

(3)
∑ 𝑀𝑐.𝑖𝑖𝑚
𝑖=1

𝑛𝑑

(3)

+ ∑ 𝑀𝑑.𝑖𝑖𝑚
𝑖=𝑖𝑚

𝑛𝑠

≥ (𝛼

(𝑔)

+

(3)
𝛾𝑖𝑚 𝛿𝑢 )(ℎ𝑖𝑚

𝑖𝑚 +1 𝑛𝑏

− ℎ𝑖𝑚 −1 ) ∑ 𝐹𝑘 −
𝑘=𝑖𝑚

𝑖𝑚 +1

𝑛𝑐
(3)
∑ 𝑀𝑐.𝑖𝑖𝑚 +1
𝑖=1

𝑛𝑑

− ∑ 𝑀𝑑.𝑖𝑖𝑚+1
𝑖=1

(17)

− ∑ ∑ 𝑀𝑏.𝑗k − 2 ∑ 𝑀𝐸𝑞.𝑢𝑘
𝑘=𝑖𝑚 𝑗=1

𝑘=𝑖𝑚

needed to avoid type-3 mechanisms. Eqs. (15), (16) and (17) have been directly derived
from Eq. (11) for 𝑖𝑚 > 1 and 𝑡 = 1, 𝑡 = 2 and 𝑡 = 3, respectively.
i)

Computation of the required sum of the reduced plastic moments of columns for each storey as the maximum value among those coming from the above design conditions:
𝑛𝑐

𝑛𝑐

∑ 𝑀𝑐.𝑖𝑖𝑚 + ∑ 𝑀𝑑.𝑖𝑖𝑚 =
𝑖=1

𝑖=1
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𝑛𝑐

=

j)

(1)
𝑚𝑎𝑥 {∑ 𝑀𝑐.𝑖𝑖𝑚
𝑖=1

𝑛𝑐

+

𝑛𝑐

(1)
(2)
∑ 𝑀𝑑.𝑖𝑖𝑚 , ∑ 𝑀𝑐.𝑖𝑖𝑚
𝑖=1
𝑖=1

𝑛𝑐

+

𝑛𝑐

(2)
(3)
∑ 𝑀𝑑.𝑖𝑖𝑚 , ∑ 𝑀𝑐.𝑖𝑖𝑚
𝑖=1
𝑖=1

𝑛𝑐
(3)

+ ∑ 𝑀𝑑.𝑖𝑖𝑚 }
𝑖=1

The sum of the required plastic moment of columns at each storey, reduced for the contemporary action of the axial force, is distributed among all the storey columns.

𝑛𝑐
𝑛𝑐
∗
k) If the new value of ∑𝑖=1
𝑀𝑐.𝑖1
+ ∑𝑖=1
𝑀∗𝑑.𝑖1 provided by Eq. (18) is greater than the original
value provided by Eq. (13) the procedure has to be restarted from point g).

4

STUDY CASE

The seismic resistant structural system is a perimeter seismic resistant system. Therefore,
the inner bays are pinned and designed for gravity loads only. The building has 6 storeys and 4
bays. The bay span is equal to 6.00 m; the interstorey height is equal to 3.50 m. It is assumed
that the stairs are located outside the analysed building by means of an independent structure
as the same as the elevator. The seismic resistant scheme of the building herein analysed is
depicted in Figure 10 for X direction. It is observed that diagonal bases of EBFs are fixed in the
plane and pinned out of the plane, as well as beams of braced bays having fixed ends. Links of
EBFs are considered as short links (0.70 m). The material adopted for the structure is steel grade
S355 using a partial safety factor equal to 1, so the nominal yield stress is 355 MPa for beams
and for columns. Assumed dead and live loads are 𝑔𝑘1 = 1.75 𝑘𝑁/𝑚2 , 𝑔𝑘2 = 1.25 𝑘𝑁/𝑚2
and 𝑞𝑘 = 3.00 𝑘𝑁/𝑚2 . Serviceability requirements have been checked by modal analysis with
response spectrum to compute the elastic displacements and to derive the interstorey drift values
to be compared with the corresponding limits (𝑑𝑟 𝜈 = 0.010 ℎ where 𝜈 is 0.5, 𝑑𝑟 is the relative
displacement and h is the interstorey height). In addition, 75% of seismic action is entrusted to
the braced bay while the remaining 25% to the MRF part.
According to Eurocode 8 the value of the period of vibration to be used for the design is:
(18)
𝑇1 = 𝐶𝑡 𝐻 3/4
where 𝐶𝑡 =0.075. As a consequence, the first vibration period is equal to 𝑇1 = 0.74𝑠 for EBFs.
The design horizontal forces have been determined according to Eurocode 8, assuming a
peak ground acceleration equal to 0.35g, a seismic response factor equal to 2.5, a behaviour
factor equal to 6 EBFs, soil type B, 5% damping and spectrum type 1. Torsional effects are not
accounted for.
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Figure 10: Plan configuration of the building with the identification of the lateral load resisting system

Figure 11: Elevation configuration of the D-EBF structures
Storey
1

𝐹𝑘 (kN)
30.54

𝐹𝑐1 (kN)
30.72

𝐹𝑐2 (kN)
58.10

𝐹𝑙𝑐 (kN)
905.40

2

61.09

30.72

58.10

905.40

3

91.63

30.72

58.10

905.40

4

122.18

30.72

58.10

905.40

5

152.72

30.72

58.10

905.40

6
194.10
29.04
56.40
900.36
Table 1: Concentrated loads on columns, on the leaning column and seismic forces for the lateral load resisting
frame parallel to secondary beams
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5

DESIGN RESULTS

This section of the report summarizes the description of the designed structures that were
alternative designed disregarding and considering the presence of the joints. In the first case,
the joints are considered as zero-length nodes with infinite strength and stiffness. In the second
case, the dimension, the strength and stiffness of the joints have been considered to design the
structures. Design examples have been carried out with reference to the same building archetype. The results of the design are reported in Table 2 to Table 6. Furthermore, in Figure 12 the
differences in terms of structural weight are pointed out.
Storey

TPMC_D-EBFs_NN

B1

Beams
B2
B3

B4

C1

C2

Columns
C3

C4

C5

1

IPE 360 HEB 180 IPE 360 IPE 360 HEB 320 HEB 450 HEB 450 HEB 360 HEB 320

2

IPE 360 HEB 180 IPE 360 IPE 360 HEB 320 HEB 450 HEB 450 HEB 360 HEB 320

3

IPE 360 HEB 180 IPE 360 IPE 360 HEB 320 HEB 400 HEB 400 HEB 360 HEB 320

4

IPE 360 HEB 160 IPE 360 IPE 360 HEB 320 HEB 400 HEB 400 HEB 360 HEB 320

5

IPE 360 HEB 140 IPE 360 IPE 360 HEB 320 HEB 400 HEB 400 HEB 360 HEB 320

6

IPE 360 HEB 140 IPE 360 IPE 360 HEB 320 HEB 400 HEB 400 HEB 360 HEB 320

Diagonals
D2
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25

Table 2: Beam and column sections for D-EBFs designed disregarding the presence of joints
Storey
TPMC_D-EBFs_EH-S

B1

B4

C1

C2

Columns
C3

C4

C5

1

IPE 360 HEB 180 IPE 360 IPE 360 HEB 240 HEB 450 HEB 450 HEB 260 HEB 240

2

IPE 360 HEB 180 IPE 360 IPE 360 HEB 240 HEB 450 HEB 450 HEB 260 HEB 240

3

IPE 360 HEB 180 IPE 360 IPE 360 HEB 240 HEB 450 HEB 450 HEB 260 HEB 240

4

IPE 360 HEB 160 IPE 360 IPE 360 HEB 240 HEB 360 HEB 360 HEB 260 HEB 240

5

IPE 360 HEB 140 IPE 360 IPE 360 HEB 240 HEB 360 HEB 360 HEB 260 HEB 240

6

IPE 360 HEB 140 IPE 360 IPE 360 HEB 240 HEB 360 HEB 360 HEB 260 HEB 240

Storey
B1
TPMC_D-EBFs_EH-B

Beams
B2
B3

Beams
B2
B3

B4

C1

C2

Columns
C3

C4

C5

1

IPE 360 HEB 180 IPE 360 IPE 360 HEB 240 HEB 450 HEB 450 HEB 260 HEB 240

2

IPE 360 HEB 180 IPE 360 IPE 360 HEB 240 HEB 450 HEB 450 HEB 260 HEB 240

3

IPE 360 HEB 180 IPE 360 IPE 360 HEB 240 HEB 450 HEB 450 HEB 260 HEB 240

4

IPE 360 HEB 160 IPE 360 IPE 360 HEB 240 HEB 360 HEB 360 HEB 260 HEB 240

5

IPE 360 HEB 140 IPE 360 IPE 360 HEB 240 HEB 360 HEB 360 HEB 260 HEB 240

6

IPE 360 HEB 140 IPE 360 IPE 360 HEB 240 HEB 360 HEB 360 HEB 260 HEB 240

Diagonals
D2
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25
D 323,9
s 20
D 323,9
s 20
D 323,9
s 20
Diagonals
D2
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25
D 323,9
s 20
D 323,9
s 20
D 323,9
s 20

Table 3: Beam and column sections for D-EBFs with “Haunched” connections
TPMC_
DEBFs_
ES-S-E

Storey
1

Diagonals
D2
D 323,9
IPE 360 HEB 180 IPE 360 IPE 360 HEB 300 HEB 500 HEB 500 HEB 300 HEB 300
s 25
B1

Beams
B2
B3

B4

C1
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C2

Columns
C3

C4

C5
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2

IPE 360 HEB 180 IPE 360 IPE 360 HEB 300 HEB 500 HEB 500 HEB 300 HEB 300

3

IPE 360 HEB 180 IPE 360 IPE 360 HEB 280 HEB 400 HEB 400 HEB 300 HEB 280

4

IPE 360 HEB 160 IPE 360 IPE 360 HEB 280 HEB 400 HEB 400 HEB 300 HEB 280

5

IPE 360 HEB 140 IPE 360 IPE 360 HEB 280 HEB 340 HEB 340 HEB 300 HEB 280

6

IPE 360 HEB 140 IPE 360 IPE 360 HEB 280 HEB 340 HEB 340 HEB 300 HEB 280

Storey
TPMC_D-EBFs_ES-S-F

B1

B4

C1

C2

Columns
C3

C4

C5

1

IPE 360 HEB 180 IPE 360 IPE 360 HEB 300 HEB 500 HEB 500 HEB 300 HEB 300

2

IPE 360 HEB 180 IPE 360 IPE 360 HEB 300 HEB 500 HEB 500 HEB 300 HEB 300

3

IPE 360 HEB 180 IPE 360 IPE 360 HEB 280 HEB 400 HEB 400 HEB 300 HEB 280

4

IPE 360 HEB 160 IPE 360 IPE 360 HEB 280 HEB 400 HEB 400 HEB 300 HEB 280

5

IPE 360 HEB 140 IPE 360 IPE 360 HEB 280 HEB 340 HEB 340 HEB 300 HEB 280

6

IPE 360 HEB 140 IPE 360 IPE 360 HEB 280 HEB 340 HEB 340 HEB 300 HEB 280

Storey
B1
TPMC_D-EBFs_ES-B-E

Beams
B2
B3

Beams
B2
B3

B4

C1

C2

Columns
C3

C4

C5

1

IPE 360 HEB 180 IPE 360 IPE 360 HEB 300 HEB 500 HEB 500 HEB 300 HEB 300

2

IPE 360 HEB 180 IPE 360 IPE 360 HEB 300 HEB 500 HEB 500 HEB 300 HEB 300

3

IPE 360 HEB 180 IPE 360 IPE 360 HEB 280 HEB 400 HEB 400 HEB 300 HEB 280

4

IPE 360 HEB 160 IPE 360 IPE 360 HEB 280 HEB 400 HEB 400 HEB 300 HEB 280

5

IPE 360 HEB 140 IPE 360 IPE 360 HEB 280 HEB 340 HEB 340 HEB 300 HEB 280

6

IPE 360 HEB 140 IPE 360 IPE 360 HEB 280 HEB 340 HEB 340 HEB 300 HEB 280

D 323,9
s 25
D 323,9
s 25
D 323,9
s 25
D 323,9
s 20
D 323,9
s 20
Diagonals
D2
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25
D 323,9
s 20
D 323,9
s 20
D 323,9
s 20
Diagonals
D2
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25
D 323,9
s 20
D 323,9
s 20

Table 4: Beam and column sections for D-EBFs equipped with “Extended stiffened” connections
Storey
TPMC_D-EBFs_E-B-E

B1

B4

C1

C2

Columns
C3

C4

C5

1

IPE 360 HEB 180 IPE 360 IPE 360 HEB 300 HEB 500 HEB 500 HEB 320 HEB 300

2

IPE 360 HEB 180 IPE 360 IPE 360 HEB 300 HEB 500 HEB 500 HEB 320 HEB 300

3

IPE 360 HEB 180 IPE 360 IPE 360 HEB 300 HEB 400 HEB 400 HEB 320 HEB 300

4

IPE 360 HEB 160 IPE 360 IPE 360 HEB 300 HEB 400 HEB 400 HEB 320 HEB 300

5

IPE 360 HEB 140 IPE 360 IPE 360 HEB 300 HEB 400 HEB 400 HEB 320 HEB 300

6

IPE 360 HEB 140 IPE 360 IPE 360 HEB 300 HEB 400 HEB 400 HEB 320 HEB 300

Storey

TPMC_D-EBFs_EB-P(0.6)

Beams
B2
B3

B1

Beams
B2
B3

B4

C1

C2

Columns
C3

C4

C5

1

IPE 360 HEB 180 IPE 360 IPE 360 HEB 240 HEB 360 HEB 360 HEB 240 HEB 240

2

IPE 360 HEB 180 IPE 360 IPE 360 HEB 240 HEB 360 HEB 360 HEB 240 HEB 240

3

IPE 360 HEB 180 IPE 360 IPE 360 HEB 240 HEB 360 HEB 360 HEB 240 HEB 240

4

IPE 360 HEB 160 IPE 360 IPE 360 HEB 240 HEB 300 HEB 300 HEB 240 HEB 240
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Diagonals
D2
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25
Diagonals
D2
D 323,9
s 20
D 323,9
s 20
D 323,9
s 20
D 323,9
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5

IPE 360 HEB 140 IPE 360 IPE 360 HEB 240 HEB 300 HEB 300 HEB 240 HEB 240

6

IPE 360 HEB 140 IPE 360 IPE 360 HEB 240 HEB 300 HEB 300 HEB 240 HEB 240

TPMC_D-EBFs_E-W-P(0.8)

Storey
B1

Beams
B2
B3

B4

C1

C2

Columns
C3

C4

C5

1

IPE 360 HEB 180 IPE 360 IPE 360 HEB 240 HEB 400 HEB 400 HEB 280 HEB 240

2

IPE 360 HEB 180 IPE 360 IPE 360 HEB 240 HEB 400 HEB 400 HEB 280 HEB 240

3

IPE 360 HEB 180 IPE 360 IPE 360 HEB 240 HEB 400 HEB 400 HEB 280 HEB 240

4

IPE 360 HEB 160 IPE 360 IPE 360 HEB 240 HEB 400 HEB 400 HEB 280 HEB 240

5

IPE 360 HEB 140 IPE 360 IPE 360 HEB 240 HEB 300 HEB 300 HEB 280 HEB 240

6

IPE 360 HEB 140 IPE 360 IPE 360 HEB 240 HEB 300 HEB 300 HEB 280 HEB 240

s 20
D 323,9
s 20
D 323,9
s 20
Diagonals
D2
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25
D 323,9
s 25

Table 5: Beam and column sections for D-EBFs equipped with “Extended unstiffened” connections
Storey

TPMC_D-EBFs_DB

B1

Beams
B2
B3

B4

C1

C2

Columns
C3

C4

C5

1

IPE 360 HEB 180 IPE 360 IPE 360 HEB 240 HEB 400 HEB 400 HEB 240 HEB 240

2

IPE 360 HEB 180 IPE 360 IPE 360 HEB 240 HEB 400 HEB 400 HEB 240 HEB 240

3

IPE 360 HEB 180 IPE 360 IPE 360 HEB 240 HEB 400 HEB 400 HEB 240 HEB 240

4

IPE 360 HEB 160 IPE 360 IPE 360 HEB 240 HEB 300 HEB 300 HEB 240 HEB 240

5

IPE 360 HEB 140 IPE 360 IPE 360 HEB 240 HEB 300 HEB 300 HEB 240 HEB 240

6

IPE 360 HEB 140 IPE 360 IPE 360 HEB 240 HEB 300 HEB 300 HEB 240 HEB 240

Diagonals
D2
D 323,9
s 20
D 323,9
s 20
D 323,9
s 20
D 323,9
s 20
D 323,9
s 20
D 323,9
s 20

Table 6: Beam and column sections for D-EBFs equipped with “dog-bones”

Figure 12: Comparison in terms of weight among D-EBFs equipped with different connections

From Figure 12 it is observed that the structural weight is almost the same for all the structures. In general, the lower weights are exhibited by the structures having a low moment
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reductions coefficient, i.e. structures equipped with E-B-P(0.6) connections and structures with
dog-bones.
6

STRUCTURAL MODELLING

The modelling of the elements is carried out in Seismostruct [49] and it is made according
to the following description.
The leaning column is used to take into account the vertical loads acting on the frame (including masses) and so the second order effects. It has been modelled using an elastic rigid
material (el_mat) with a very high Young modulus of the order of magnitude of E+14 kPa. The
leaning column has been modelled using forceBeamColumn elements. The full circular crosssection has a diameter equal to 0.0001 m with the material reported above. Link elements, with
very low bending stiffness (1 kN) and very high shear stiffness (1.0E+014 kN/m) have been in
leaning column joints to account for the moment release both in and out of the plane.
Columns and diagonals are modelled with forceBeamColumn elements with fiber sections;
the material adopted is a Menegotto-Pinto (stl_mp) [50]. The value of the yield strength is assumed equal to 𝑓𝑦𝑚 = 355 × 1.25 × 1.10 = 488.125 𝑀𝑃𝑎 where the coefficients 1.25 and
1.10 are the overstrength factor due to random material variability and the strain hardening,
respectively. To consider the buckling of diagonals an imperfection out-of-plane according to
UNI EN 1993-1-1 [12] is assumed. The geometry and the stiffness of gusset plates are not
considered in the analyses [43]-[44].
Beams are modelled differently depending on the type of beam-to-column joint used.
For haunched, extended stiffened end-plate and dog bone connections, we use elasticBeamColumn elements (el_mat) with Young modulus of steel (210000 MPa) with fibre sections.
At both the ends of this element are located zero-length M- springs accounting for the dissipative and degrading behaviour of the beams. In particular, the hysteretic behaviour is demanded to a “smooth model” [51]. The modelling parameter of the smooth model has been
provided by using the software “Multi-Cal”[52]-[53] starting from the data of the experimental
tests carried out in the framework of the EQUALJOINTS [22] project. For the modelling of
dog-bones, the calibration has been carried out with reference to experimental tests performed
at University of Salerno [54] and the smooth model parameters have been calibrated by means
of Multi-Cal computer program [53].
Joints are modelled with geometrics dimensions consistent with joint typology as reported
in Figure 2, Figure 3, Figure 4 and Figure 5. The rigid elements used to account for the distance
between the column axis and the location of the connections have a very high stiffness equal to
1.0E+014 kN/m. They work as an offset for the plastic hinge, which is expected at the beam
ends in the case of haunched connections and extended stiffened connections [55]-[61]. In the
case of semi-rigid connections, a link element is located at the column face. This type of “link
element” is modelled by a symmetrical bilinear curve with kinematic hardening (bl_kin), used
to model an idealized elasto-plastic behaviour. In the dog-bones, the link element representative
of the reduced section is shifted from the column face and it is connected to the column with a
forceBeamColumn element having a Menegotto-Pinto constitutive law.
Strong panel zones can be modelled forceBeamColumn elements with very high stiffness.
In this case, the non-linear behaviour of the panel zone is neglected. Conversely, weak or balanced panel zone have been modelled according to the so-called Gupta and Krawinkler [62]
model which allows taking into account the shear deformations by means of two spring
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elements located in series in one corner of a rectangular system of rigid forceBeamColumn
elements.

Figure 13: Diagonals top connections: a) CBFs schemes; b) EBFs schemes

Links are modelled by elasticBeamColumn elements with nonlinear bending springs at their
ends (Figure 13) [64]-[65]. In particular, it is assigned to the spring a trilinear symmetrical
(trl_sym) behaviour. In detail, the shear behaviour of the link has been simulated by an equivalent moment spring where this quantity is computed as 𝑀𝑒𝑞 = 𝑉𝑙𝑖𝑛𝑘.𝑅𝑑 𝑒𝑙𝑖𝑛𝑘 /2 and 𝜃 the rotation angle. The firs branch of the trilinear curve ends at a resistance equal to 1.25 Meq to account
the random material variability according to UNI EN 1998 [13], the second branch is the hardening one which ends at a value of ultimate resistance of the seismic link equal to 1.5 Meq [45][46], the last branch is a plateau one and it ends at an ultimate rotation of 0.08 rad.
7

PUSHOVER ANALYSES

Pushover analyses are carried out in Seismostruct according to the model preliminarily described. They are led in displacement control considering both geometrical and mechanical
nonlinearities under two lateral load patterns, as suggested by EC8: a load distribution corresponding to the fundamental mode shape and a uniform distribution proportional to seismic
masses at each floor. The response parameters monitored by the performed pushover analyses
are illustrated in Figure 14. In particular, 𝑉𝑢 is the base shear at the maximum plastic capacity
of the structure, 𝑉1 is the base shear at the first plastic event; δ1 and δ𝑚𝑎𝑥 are the roof displacements corresponding to the formation of the first plastic hinge and to the first occurrence of the
structural collapse corresponding to the achievement of the ultimate rotation of the connection
as reported in the outcome of the EQUALJOINTS report [22].
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Figure 14: Monitored parameters in capacity curves.

Among the strength parameters monitored the base shear 𝑉, is a measure of the overall overstrength of the structure. In addition, the ratio 𝑉𝑢 /𝑉1 , is a measure of redundancy. This value
depends on the frame configuration, formation of the collapse mechanism, redistribution capacity and gravity loading. Conversely, 𝑉1 can be considered as an overdesign factor related to
aspects of the design procedure such as differences between actual and nominal material
strength, member oversizing due to choices of commercial cross section and design governed
by deformation and/or non-seismic loading. The μ factor is defined as:
𝛿𝑚𝑎𝑥
(19)
𝜇=
𝛿1
where 𝛿𝑚𝑎𝑥 is the roof displacement at structural collapse and 𝛿1 is the roof displacement associated to the formation of the first plastic hinge. In Figure 15 and Figure 16 the overstrength
factor and the ductility are reported for each structure.

Figure 15: Comparison in terms of overstrength factor 𝑉𝑢 /𝑉1 among D-EBFs equipped with different connections

116

Alessia Catapano, Elide Nastri and Simona Streppone

Figure 16: Comparison in terms of ductility among D-EBFs equipped with different connections

From the results, it is observed that the structural collapse occurs for the achievement of the
maximum link rotation corresponding to 0.08 rad. The achievement of the link ultimate rotation
long precedes the yielding of beam ends. Therefore, the secondary structural system, constituted
by the MRF part could contribute to the dissipation after the link collapse. In any case, it could
be observed that the dual system thus conceived it is not optimized because of an excessive
concentration of stress in the braced part, which does not allow the complete exploitation of the
braced part even if the distribution of the base shear in the design phase shares the 25% at the
MRF part. From the point of view of structural redundancy, it is observed that the structure
designed without considering the presence of the nodes (NN) shows higher values. On the contrary, the structures with haunched connections show lower redundancy values. In general, the
structures designed with extended stiffened and unstiffened connections show lower structural
redundancy values. As regards the ductility, as expected, the structures equipped with partial
strength connections and those with dog bones show a lower ductility. On the contrary, the
structures with full strength connections show a higher ductility. Finally, it can be seen that the
structures analyzed with a force distribution according to the first vibration mode show slightly
higher values than the structures analyzed with a uniform distribution both in terms of 𝑉𝑢 /𝑉1
ratio and in terms of ductility [63].
8

TIME HISTORY NON-LINEAR ANALYSES

Aiming at the evaluation of the seismic performances of D-EBFs time history non-linear
analyses have been performed. Non-linear Dynamic Analyses [48] are also performed to investigate the structural performance for the 3 limit states defined in EN1998-3 [41], namely damage limitation (DL), significant damage (SD) and collapse prevention (CP). EN1998-3 [41]
associates a seismic intensity with each limit states and establishes performance limits related
to global and local damage. The IDA analyses have been carried out for three increasing values
of PGA value corresponding to the following limit state Damage limitation (DL), Severe Damage (SD) and Near Collapse (NC). The values of the multiplier of accelerograms are assumed
equal to 0.59, 1 and 1.73 for DL, SD and NC [41], respectively. The non-linear dynamic analyses are carried out using the same structural model adopted for pushover analyses. Rayleigh
formulation for a 5% damping has been assumed with the proportional factors computed with
reference to the first and second mode of vibration. In addition, first 𝑇1 and second 𝑇2 period of
vibration are required and reported in Table 8. Record-to-record variability has been accounted
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for by considering 10 recorded accelerograms selected from ESM [66]. In Table 7 the analysed
records (Earthquake name, Date, Duration, Station name, Station Country, moment magnitude
(MW), local magnitude (ML) and Fault mechanism) have been reported.
Earthquake
PGA (cm/s2)
name
R1_Accumuli_Bevagna_N-S 49.218
R2_Achaia_Transversal
510.615
R3_Amatrice_E-W
521.618
R4_Brienza_N-S
213.532
R5_Castelluccio_Norcia_N571.424
S
R6_Castelsantangelosul466.718
nera_E-W
R7_Gemona del Friuli_L-T
R8_Sturno_L-T
R9_Tolmezzo_T
R10_Mirandola_N-S

24.08.2016
15.06.1995
30.10.2016
23.11.1980

Duration
(s)
176.315
39.785
40.190
78.83

Station
name
Bevagna
Aiga
Amatrice
Brienza

Station
Country
Italy
Greece
Italy
Italy

30.10.2016

59.995

Castelluccio

Date

Castel Santangelo
Gemona del
631.718
15.09.1976
19.415
Friuli
309.719
23.11.1980
70.755
Sturno
Tolmezzo339.041
06.05.1976
36.385
Centrale
Mirandola
258.797
20.05.2012
130.005
(NAPOLI)
Table 7: Analyzed ground motion records
30.10.2016

100.00

MW

ML

6.0
6.5
6.5
6.9

6.0
6.1
6.1
6.5

Italy

6.5

6.1

Italy

6.5

6.1

Italy

5.9

6.1

Italy

6.9

6.5

Italy

6.4

6.4

Italy

6.1

5.9

These recorded accelerograms have been selected to approximately match the linear elastic
response spectrum of UNI EN 1998-1 Figure 7, for soil type B and PGA of 0.35g. In other
words, the spectra of the 10 recorded accelerograms have been properly scaled to let their average value to be compatible with the design EC8 spectrum for a soil type B. In particular, these
accelerogram multipliers are reported in Table 9.
Scheme
D-EBFs_NN
D-EBFs_EH-S
D-EBFs_EH-B
D-EBFs_ES-S-E
D-EBFs_ES-S-F
D-EBFs_ES-B-E
D-EBFs_E-B-E
D-EBFs_E-B-P(0.6)
D-EBFs_E-W-P(0.8)
D-EBFs_Dog Bones

T1 (s)
0.687
0.660
0.697
0.660
0.651
0.697
0.702
0.764
1.005
0.716

T2 (s)
0.292
0.284
0.293
0.284
0.282
0.295
0.295
0.309
0.394
0.388

Table 8: Vibration periods

R1
R2
R3
R4
R5
R6
R7
R8
R9
R10

Recorded accelerograms
Accumuli_bevagna_N-S.tst
ACHAIA_T.tst
AMATRICE_E-W.tst
Brienza_N-S
Castelluccio_Norcia_N-S.tst
Castelsantangelosulnera_E-W.tst
GEMONA_L-T.tst
STURNO_L-T.tst
TOLMEZZO_T.tst
Mirandola_N-S
Table 9: Accelerogram multipliers
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Accelerogram multipliers
55.43
12.75
9.81
39.24
15.21
5.89
11.97
12.26
15.70
15.70

Alessia Catapano, Elide Nastri and Simona Streppone

The results of non-linear dynamic analyses have been reported with reference to the peak
interstorey drift. From Figure 18 to Figure 27 we can see how the displacement demand is
greater in structures that have semi-rigid connections and partial strength connections. From
the panel zone point of view, it is worth mentioning that structures with balanced or weak panel
zone show higher displacement demand if compared with strong panel zones. In any case, the
distribution of the damage is rather uniform along the various planes, thanks to the fact that the
structures are designed to obtain a global collapse thanks to the application of the TPMC.

Figure 17: Comparison between natural signals and EC8 design spectrum and average spectrum of recorded
ground motions

119

Alessia Catapano, Elide Nastri and Simona Streppone

Figure 18: Peak interstorey drift curves for D-EBFs designed disregarding the presence of the joint

Figure 19: Peak interstorey drift curves for D-EBFs equipped with EH-S connections
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Figure 20: Peak interstorey drift curves for D-EBFs equipped with EH-B connections

Figure 21: Peak interstorey drift curves for D-EBFs equipped with ES-S-E connections
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Figure 22: Peak interstorey drift curves for D-EBFs equipped with ES-S-F connections

Figure 23: Peak interstorey drift curves for D-EBFs equipped with ES-B-E connections
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Figure 24: Peak interstorey drift curves for D-EBFs equipped with E-B-E connections

Figure 25: Peak interstorey drift curves for D-EBFs equipped with E-B-P(0.6) connections
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Figure 26: Peak interstorey drift curves for D-EBFs equipped with E-W-P(0.8) connections

Figure 27: Peak interstorey drift curves for D-EBFs equipped with Dog Bones

9
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10 CONCLUSIONS
• The work herein presented, developed in the contest of the RFCS Project EqualJoints Plus
[23], aims at clarifying the role of joints on the design and performance of Dual-Eccentrically Braced Frames (D-EBFs) at the variation of prequalified steel beam-to-column joints
typologies. To this scope, several D-EBFs have been designed by the Theory of Plastic
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Mechanism Control (TPMC) which always allows the development of a collapse mechanism of global type.
• The selected frames will be initially designed disregarding the presence of the joint dimension (i.e. zero-length node with infinite strength and stiffness) and the joints will be subsequently designed with the size of members.
• The structures equipped with different connections have been properly modelled and analysed by both pushover and non-linear dynamic analyses.
• From the design results, it is observed that the structural weight is almost the same for all
the structures. In general, the lower weights are exhibited by the structures having a low
moment reductions coefficient, i.e. structures equipped with E-B-P(0.6) connections and
structures with dog-bones.
• From pushovers, it is observed the structural collapse occurs for the achievement of the
maximum link rotation corresponding to 0.08 rad. The achievement of the link ultimate
rotation long precedes the yielding of beam ends. Therefore, the secondary structural system, constituted by the MRF part, could contribute to the dissipation after the link collapse.
In any case, it could be observed that the dual system thus conceived it is not optimized
because of an excessive concentration of stress in the braced part which does not allow the
complete exploitation of the braced part even if the distribution of the base shear in the
design phase shares the 25% at the MRF part.
• From the point of view of structural redundancy, it is observed that the structure designed
without considering the presence of the nodes (NN) shows higher values. On the contrary,
the structures with haunched connections show lower redundancy values. In general, the
structures designed with extended stiffened and unstiffened connections show lower structural redundancy values.
• As regards the ductility, as expected, the structures equipped with partial strength connections and those with dog bones show a lower ductility. On the contrary, the structures with
full strength connections show a higher ductility.
• It can be seen that the structures analyzed with a force distribution according to the first
vibration mode show slightly higher values than the structures analyzed with a uniform
distribution both in terms of 𝑉𝑢 /𝑉1 ratio and in terms of ductility.
• The results of non-linear dynamic analyses have been reported with reference to the peak
interstorey drift. It is observed that the displacement demand is greater in structures that
have semi-rigid connections and partial strength connections.
• From the panel zone point of view, it is worth mentioning that structures with balanced or
weak panel zone show higher displacement demand if compared with strong panel zones.
• In any case, the distribution of the damage is rather uniform along the various planes,
thanks to the fact that the structures are designed to obtain a global collapse thanks to the
application of the TPMC.
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Abstract
A frequent dilemma in seismic design of buildings founded on soft soils is how to include
soil compliance in numerical models. Although various international building codes propose
methods for soil-structure interaction (SSI) modeling, common engineering practice is to model
and design buildings as being fixed into the ground.
Different codes propose different methods for including SSI effects into the seismic design
of buildings and they are mostly based upon impedance functions. Impedance functions serve
as an efficient replacement for demanding soil models under buildings. Since codes from
around the world use different expressions and different models for soil modeling, numerical
research and parametric study on a scaled model of a two-dimensional frame is conducted in
order to determine the efficiency of each tested method. To verify the efficiency of the tested
methods, a numerical model was developed in which a frame model was subjected to nonlinear
static pushover analysis. Results obtained from the numerical analysis are compared to the
results obtained on the experimentally tested frame at the Laboratory for experimental mechanics at the Faculty of Civil Engineering and Architecture Osijek.
Keywords: Soil-Structure Interaction, Numerical Research, Experiment, Soil Compliance,
Norms
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1

INTRODUCTION

If the seismic map of the Europe is observed, it is clear that many European countries are
endangered by earthquakes. Not so distant historic events provided us with knowledge on destructivity of earthquakes, especially if we observe structures that were designed without considering seismic loads. Nowadays European norms [1] propose several approaches in seismic
resistant building design: (i) the "lateral force method of analysis" for structures with dominant
first mode of vibration, (ii) the "modal response spectrum analysis" which is valid even for
structures with higher mode effects (iii) nonlinear static (pushover) analysis and (iv) nonlinear
time history (dynamic) analysis.
Also, considering that (i) almost 95 % of the world's total building fund comprises low and
medium rise buildings [2], and (ii) that people in earthquake-active areas of Europe live in
reinforced concrete buildings that are up to 20 floors height (T1 < 2 s), it is clear that there is a
great need to check the safety of such structures with regard to possible effects of soil and
structure interactions. In addition, papers that report on the effects of actual earthquakes on
structures [3,4] show that particularly 4-storey buildings are highly sensitive to the earthquake
loads. It is common that this type of buildings incline or turn-over while the structural elements
remain completely undamaged [10], i.e. in its elastic range of behavior.
In engineering practice and academia, it is common to assume that structures are fixed into
a non-deformable medium. On the other hand, it is well known that the behavior of structures
is affected by the deformability of the media below them [9],[14]. Theoretically, only buildings
founded on rock can be considered fixed into the ground, while the shallow-founded structures
on compliant soils can lean in translational, rotate in torsional direction or sway. American
guidelines for design of buildings [5] propose that fixed numerical models are unsuitable for
assessment of seismic behavior of shallow founded buildings with very stiff elements. Recent
research [6] has shown that soil-structure interaction effects are more pronounced in buildings
with first period of oscillation lower than 0,6 s. Although, this field is yet not fully investigated,
there are many researchers who studied the importance of including the soil compliance into
the seismic response of the buildings [7-9].
Hitherto, it is still not sufficiently clear how the soil's compliance affects the non-linear
earthquake behavior of shallow-founded buildings, enabling plasticizing of vertical bearing elements. While norms indicate that structures are not allowed to have shallow foundations when
built on soft soil, recent studies show that soil compliance can have a favorable effect on structural behavior in terms of their protection [6,7,10-13]. Rocking of shallow-based structures on
the ground can create a mechanism for the dissipation of seismic energy and consequently reduce earthquake effects on the structure [12]. Also, damping of the foundation soil can affect
the reduction of the required ductility in the structure [12]. Among other things, it has been
demonstrated [15] that incorporating the soil-structure interaction effects in seismic analyses
provides more economical structures.
As there are different suggestions on incorporating soil compliance into numerical models,
numerical research and parametric study for a two-dimensional plane frame is conducted. An
experimental analysis on a scaled 2D frame model subjected to nonlinear static (pushover) analysis was performed. Two-dimensional model and pushover analysis were chosen for the experimental research considering limitations of the laboratory, also, pushover analysis is good
replacement for the time-consuming and expensive time history analysis. The results were verified by numerical models, incorporating different types, distribution and number of supports
(linear springs). Results of the numerical analyses are presented by the use of capacity curves
and compared to experimental results for the equivalent physical model tested on a sand bed.
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2

REVIEW OF APPROACHES FOR THE MODELLING OF SOIL

This chapter is composed of reviewed norms and guidelines for soil modelling in numerical
models. Chapter includes recommendations for European and American practice for modelling of shallow founded buildings on compliant soil.
2.1 Eurocode 8
European codes for seismic design [1] still do not have detailed procedures for modeling of
soil for numerical models. Eurocode 8 provides that soil-structurer interaction effects will result
in: (i) different foundation motion of the flexibly-supported structure when compared to a fixed
base counterpart, (ii) longer fundamental periods of flexibly supported structure, (iii) different
natural periods, mode shapes and modal participation factors and (iv) different overall damping.
Also, Eurocode code proposes that the effects of dynamic soil-structure interaction shall be
taken into account for structures: (i) with significant effect of P-Δ effects, (ii) with massive or
deep-seated foundations, (iii) which are slander and tall and (iii) supported on very soft soils
with average shear wave velocity less than 100 m/s. Although there are instructions for the need
on inclusion of SSI effects, there are no suggestions on exact procedures and numerical models.
2.2 NIST (National Institute of Standards and Technology)
NIST [18] addresses fundamental questions regarding SSI effects in seismic analysis. In this
guideline, approaches for including SSI effects are divided regarding the type of foundations
and the soil under the structure. Equations (1-6) are related to foundations placed freely on the
ground. When the soil is included into the design of the building, few properties need to be
determined in order to calculate the springs. First of all, dimensions of the shallow foundation
have to be defined in order to calculate contact area between the foundation and soil. Second,
soil stiffness is represented via shear modulus and Poisson ratio.

Figure 1: Geometry of the foundation [18]

Following equations proposed in NIST [18] are developed by Gazetas [23] and Mylonakis et
al. [14] for Equations (1-3) and Pais and Kausel [24] for Equations (4-6).
𝑘 =𝑘 −
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𝐿
+ 1,6
𝐵

(4)

(5)

,

+ 1,6

(6)

In Equations (1)-(6) G is representing the shear modulus of the soil, 𝜈 is Poisson ration, L is
half of the length of the foundation, while B is half of the width of the foundation as showed in
Figure 1.
2.3 ASCE (American Society of Civil Engineers)
Selected method for SSI design must reflect key characteristics of the foundation-soil system
which are: (i) the shape of foundation-soil interface, (ii) the amount of embedment, (iii) the
nature of the soil profile and (iv) the mode of vibration and the frequency of the excitation.
ASCE [19] provide two different methods for SSI modelling. First method is based on spring
stiffness formulas developed by Pais and Kusel [24] presented in Equations (4)-(6) for foundations on surface.
On the other end, second method uses different springs for different areas under the foundation
as shown in Figure 2, this method should be used for rigid foundations. Spring stiffness is presented with equations 7 and 8 where G is representing the shear modulus of the soil and 𝜈 is
Poisson ratio. Since the second method does not include horizontal stiffness of the soil, horizontal spring from the first method was used.

Figure 2. Springs distribution [19]

𝑘

=
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𝑘

=

0,73 ∙ 𝐺
1−𝜈

(8)

2.4 FEMA (Federal Emergency Management Agency)
FEMA [5] proposes spring stiffness calculations according to Wolf [20]. Here are only horizontal and rotational springs and dashpots provided. For the purpose of providing numerical
results, sliding supports were attached to model foundation and the horizontal stiffness is calculated using Equation 9.

k =

3

8∙G A
2−ν π

(9)

EXPERIMENTAL RESEARCH

Within the ongoing scientific research project PENDULARUM 15-04 which is being carried out at the Faculty of Civil Engineering and Architecture Osijek, Croatia, soil-structure interaction effects on the performance of the model are being investigated. Testing of models is
done by using a reactive RC wall (8,60 m long, 3,90 m high, 0,80 m thick) and reactive RC slab
(17,12 m long, 8,60 m wide, 1,00 m thick). Structural model (Figure 3) comprises three columns
(b/h=20/30 mm) 400 mm high that are weakened on their top and bottom in order to force
hinging. Moment of plasticization ratio for the weak and regular cross section is around 1:3.
Columns are connected to the rigid beam and rigid foundation using bolts. Experimental model
is 1:7,5 scaled version of a frame geometry (height and spam) similar to frame extracted from
building analyzed by Kilar and Koren [21].

Figure 1: Physical model of the structure

The top mass of the model is 380 kg, total mass of the columns was around 10 kg while
the foundation mass is 100 kg. The model is positioned in the container freely on the sand.
Foundation beam was 1,34 m long with cross section of 120 x 120 mm while the area withstanding the soil in longitudinal direction was enlarged to be 590 x 120 mm. After placing the
model on the sand, sand was embedded to align with the top of the foundation. Container is
6,00 m long, 0,60 m wide and 1,30 m tall (Figure 4).
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Figure 4: Container model showing proposed place for the structure

The sand used for this experimental research was local sand and it was homogenously embedded into the container. Detailed data regarding the properties of this local sand will be shown
in some of the future publications. Accelerometers were placed inside of the sand volume as
well as on the model. Also, instruments for measuring the displacement were placed on the
model in order to measure translation and rotation of the model. The model (Figure 5) was
pushed using a 10 kN capacity press attached to the reactive wall.

Figure 5: Experimental setup with the model on sand

4

NUMERICAL MODEL

For the purpose of this research, methods for soil modelling provided in various codes and
guidelines were used. The soil was modelled with density of 1550 kg/m3 with shear wave velocity 135 m/s. Poisson ratio that was chosen for this type of sand is 0,3. All the information
regarding the geometry of the foundation are provided in Chapter 3. Models of soils as described in Table 1 are used in numerical models representing the experimental soil-structure
setup.
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Soil model ID
NIST-G&M
NIST-P&K
ASCE-equal
ASCE-zonal
FEMA

Description
NIST guidelines based on Gazetas and Mylonakis expressions
NIST guidelines based on Pais and Kausel expressions
ASCE guidelines based on Pais and Kausel expressions
ASCE guidelines for rigid foundations
FEMA guidelines according to Wolf
Table 1: Soil model ID and description

Numerical models were made using SAP2000 software [22]. Columns were modeled as
frame elements divided in 5 parts consisting of full cross section and the hinge cross section in
order to suit the real model. Plastic hinges were modelled using hinges for steel columns while
the plasticization moment and Euler buckling force were added manually for every hinge separately. Rigid beam is modeled as frame element with adjusted density in order to simulate the
mass on the model. Foundation beam was modeled as rigid with high elasticity modulus. Under
the foundation beam, elastic springs were placed according to guidelines. The model was taken
and analyzed as two-dimensional model since in the experiment model was forced to act as a
two-dimensional model. Pushover analysis was performed with 80% of the horizontal force
applied to the beam while 20% of the horizontal force was applied to foundation.

Figure 6: Numerical model with springs under foundation

5

RESULTS

In this chapter, results from the experimental research are compared to the results from the
numerical models made according to recommendations from the guidelines. It is important to
emphasize that numerical models were not calibrated, therefore, this chapter can be interpreted
as a blind prediction of the behavior of the experimental model on sand.
One can conclude that results showed in Figure 7 show good match between the experimental results and the numerical models, although the results gained via numerical analysis
show lower capacity, which means that they are on the safe side. It is also observed that model
with springs determined with FEMA guidelines have lower initial stiffness but it reaches the
same capacity as other models, it is important to remember that this model does not have vertical springs but sliding supports and one horizontal spring. Various numerical models provide
similar results since the use of the same approaches from the same researchers.
Overall, it is shown that stiffness of the experimentally tested model is lower when compared to numerical models, while the overall capacity of the experimentally tested model is 5%
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higher than of numerical models. Also, it is important to notify that code proposed spring stiffnesses are developed for full scale models/structures which can affect the overall results significantly.
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Figure 7: Comparison of the numerically and experimentally gained results

6

CONCLUSION

Implementing the soil effects into the seismic design of buildings shows differences in
building performance. In engineering practice and academia, it is common to assume that structures are fixed into a non-deformable medium. On the other hand, it is well known that the
behavior of structures is affected by the deformability of the media below them. This paper is
considering proposed approaches found in NIST, ASCE and FEMA while comparing the numerical results with the results from experimental research. A two-dimensional frame model
was modelled in SAP2000 software using frame and area elements with plastic hinges on the
places where experimental model was weakened.
When the comparison of the results from the experimental research is observed, first thing
that is noticed is difference in initial stiffness of the model and the overall capacity of the experiment. Higher stifness of the numerical models can be the result of use of inadequate spring
models for the soil. Further research should be done for the purpose of finding the spring model
more suitable for this type of experimental research. Also, tri-linear idealization of the experiment capacity curve should be considered for further comparison of the results.
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Abstract
The results of in-situ tests such as standard penetration test (SPT) and cone penetration test
(CPT) are used to assess the liquefaction potential of soil. In this paper, the deterministic methods of Idriss and Boulanger are used to define the limit state function. The probability of liquefaction is estimated using the reliability index calculated using the first order reliability method
(FORM). The statistical characteristics of the model uncertainty of Boulanger and Idriss model
based on CPT are determined through an extensive reliability analysis using Bayesian mapping
function calibrated with a set of quality case histories. The case study is from a site to the north
of Beirut where the two tests are executed in boreholes distant of 1m. This allowed a comparative study based on the probability of liquefaction obtained from the two in-situ tests. The
effect of the coefficient of variation of different parameters of the CPT on the probability of
liquefaction was examined.

Keywords: Liquefaction, SPT, CPT, Probability of liquefaction, Reliability index.
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1

INTRODUCTION

The potential of soil liquefaction is commonly determined by terms of safety factor defined
as the ratio of the liquefaction resistance expressed as the Cyclic Resistance Ratio (CRR) and
the liquefaction loading expressed as the Cyclic Stress Ratio (CSR). The simplified procedure
was first established by Seed and Idriss (1971) [1] based on the behavior of soils under cyclic
loading and field case histories. This procedure consists of boundary curve that separates liquefied cases and non-liquefied cases. Many methods have been developed since then to determine the CRR model using the results of in-situ soil tests such as Standard Penetration Test
(SPT) and Cone Penetration Test (CPT). The workshop organized by the NCEER in January
1996, gave recommendations for the evaluation of soil liquefaction that were later analyzed by
Youd et al. (2001) [2]. Afterwards, updates were provided to this method by Idriss and Boulanger (2004, 2008 and 2014) [3, 4, 5] and by Cetin et al. (2004 and 2016) [6, 7]. These deterministic methods do not consider the uncertainty of the input parameters (in situ testing results and
earthquake parameters). Therefore, a safety factor might not be an accurate indicator of soil
liquefaction occurrence due to uncertainty in the parameters and in the chosen model.
A reliability based method may be used for assessing the potential of liquefaction in terms
of probability of failure. Using the first order reliability method (FORM), the reliability index
is calculated. The reliability analysis takes into account the parameters and model uncertainties.
The parameter uncertainty is determined based on theoretical values or on site calculated values.
Juang et al. (2009) [8] developed a method to determine the model uncertainty using the first
order reliability method (FORM) along with the Bayesian mapping function approach based on
post-liquefaction data cases.
In this paper, the methods developed by Idriss & Boulanger (2014) [5] using SPT or CPT
results for evaluating liquefaction are used as the deterministic method. The model uncertainty
is evaluated based on existing database. The results of in situ testing from a site in Lebanon
where both in situ tests were executed, are used for a parametric study and a comparative study.
The parametric study aims to define the effect of the coefficient of variation of certain parameters on the probability of liquefaction. The purpose of the comparative study is to analyze the
probability of liquefaction derived from two different in situ tests at approximately the same
location.
2

LIMIT STATE

For the reliability analysis adopted in the paper, the limit state function is the boundary curve
that separates the liquefied region from the non-liquefied one and it is expressed as
ℎ(𝑥) = 𝑐 𝐶𝑅𝑅 − 𝐶𝑆𝑅

(1)

where x represents the vector of the input parameters required for calculation of CRR and
CSR and c is a variable that represents the model state parameter used to describe the model
uncertainty.
In this paper, two deterministic methods are used to define the limit state function: the SPT
method and the CPT method studied by Idriss and Boulanger (2014) [5]. A brief summary of
these two methods is represented hereafter followed by defining the vector of input parameter
for each method.
For both methods, as for any simplified method, the cyclic stress ratio normalized to a reference moment magnitude of 7.5 and effective overburden of σ′v is given by Equation 2 below:
τ

amax

CSR 7.5,σ = σ′av = 0.65 (
v0

g
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Where amax = peak horizontal acceleration at the ground surface generated by the earthquake;
g = acceleration of gravity; σv0 and σ′v0 = the total and effective vertical overburden stresses
respectively; rd = stress reduction coefficient; MSF = magnitude scaling factors; and Kσ = overburden correction factor.
2.1 SPT method
Based on the SPT results, Idriss & Boulanger (2014) [5] developed a correlation between
the cyclic ratio (CRR) and the equivalent clean sand (N1)60cs value. It is expressed as follows:
CRR = exp [

(N1 )60,cs
14.1

+(

(N1 )60,cs 2
126

(N1 )60,cs 3

) −(

23.6

) +(

(N1 )60,cs 4
25.4

) − 2.8]

(3)

They expressed the correction for the overburden pressure as a function of the relative density of the soil expressed in terms of (N1)60cs and they defined a new adjustment of the fines
content (FC).
Based on the above, two input parameters (N1,60 and FC) required for the calculation of CRR
and four input parameters (amax, Mw, σv and σ′v) required for the calculation of CSR are considered as random variables. The remaining parameters (MSF, Kσ and rd) are defined either as a
function of the six random variables or at a specific depth, therefore their uncertainties are taken
within the other variables. Consequently, the limit state function can be defined in function of
the random variables as h(x)= h (c, N1,60, FC, Mw, amax, σv and σ′v) = 0.
2.2 CPT method
Based on the CPT results, Idriss & Boulanger (2014) [5] developed a correlation between
the cyclic ratio (CRR) and (qc1N)cs value. It is expressed as follows:
CRR = exp [

qc1Ncs
113

qc1Ncs 2

+(

1000

qc1Ncs 3

) −(

140

qc1Ncs 4

) +(

137

) − 2.80]

(4)

Where qc1Ncs is the equivalent clean sand correction of the normalized tip resistance. They
expressed the correction for the overburden pressure as a function of the relative density of the
soil expressed in terms of qc1Ncs and they defined a new adjustment of the fines content.
Similar to the SPT method, the random variables can be limited to six input parameters and
the limit state function can be defined as h(x)= h (c, qc1N, FC, Mw, amax, σv and σ′v) = 0.
The model uncertainty as well as the parameters uncertainties for both methods are represented by lognormal variables and are characterized by their mean and their coefficient of variation.
3

RELIABILITY BASED APPROACH

The Hasofer-Lind reliability index β is calculated using FORM (first order reliability method)
by the means of numerical method (excel spreadsheet). The general approach undertaken by
the FORM is to transform the original random variables into independent, standard normal random variables, and the original limit state function into its counterpart in the transformed or
“standard” variable space. For reliability calculation, the correlation among the variables and
the model parameter should be considered.
3.1 Correlation matrix
The correlation between variables can be determined empirically using statistical method.
The correlation coefficients between the six random variables for the SPT method were determined by Juang et al. (1999, 2008b) [9, 101]. For the CPT method, we defined the correlation
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coefficient between the variables using existing database (Moss 2003) [11] except for the seismic parameters. The correlation coefﬁcient between amax and Mw is taken to be 0.9 based on
statistical analysis of the data generated from the attenuation relationships (Juang et al., 1999)
[12].

qc1,n
FC
σ′v
σv
amax
Mw
c

qc1,n
1
-0.5
0.3
0.2
0
0
0

FC
-0.5
1
0
0
0
0
0

σ′v
0.3
0
1
0.9
0
0
0

σv
0.2
0
0.9
1
0
0
0

amax
0
0
0
0
1
0.9
0

Mw
0
0
0
0
0.9
1
0

C
0
0
0
0
0
0
1

Table 1: Correlation between the input variables for the CPT method.

3.2 Model factor
For an accurate value of the probability of liquefaction, the calibration of the model factor is
required. The statistical characteristics of the model factor are the mean value and the coefficient of variation. Juang et al. (2006) [13] came up with the method to estimate the model factor
parameters. A summary is presented herein. The first step of the model uncertainty determination consists on calculating the reliability index β1 for the existing case histories without considering the model parameter. By means of Bayes theorem, the probability-reliability index (PLβ) mapping function may be approximated as follows:
PL1 = P(L|β) =

fL (β)
fL (β)+fNL (β)

(5)

Where fL(β) and fNL(β) are the probability density function of the calculated β of the group
of liquefied and non-liquefied cases respectively.
The second step corresponds to recalculate the value of the reliability index β2 with values
of the statistical characteristics of the model parameter. Having β2 for each case history considered, the probability of liquefaction noted as PL2 is calculated as the nominal probability of
liquefaction. By means of trial and error process with varying the statistical characteristics of
the model parameter, it can be determined by minimizing the root mean square error (RMSE)
defined as follows:
N

∑
RMSE = √ i=1

(PL2 −PL1 )2
N

(6)

Where N = number of cases in the data set.
Juang et al. (2004) found that the effect of the COV of the model parameter is insignificant
on the final probability in comparison with the effect of its mean value. Thus for the calibration
of the model parameter, the coefficient of variation of c is considered equal to zero and the
calculated probability will be referred to as mean probability.
Following the procedure described above, the statistical characteristics of the model parameter for the SPT method are evaluated to a mean value of 1.03 and a coefficient of variation of
zero (Sebaaly and Rahhal 2019) [13].
For the CPT method, the database used is the one documented by Moss (2003) [12]. It consists of 182 cases from which we used 138 cases (103 liquefied cases and 35 non liquefied
cases), the ones where the value of the fines content (FC) is available.
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Figure 1: PL-β Bayesian mapping function.

For each case, the probability of liquefaction was calculated using FORM for different values for the mean of the model parameter (μc= 1.1, μc= 1.3 and μc= 1.5). For each value of μc,
the convergence of PL2 to PL1 is calculated in terms of RMSE. Based on the below chart (Fig.
2), for the CPT method, the statistical parameters of the model parameter are evaluated to mean
value μc=1.33 and coefficient of variation COVc=0 for future calculation.
0.2

RMSE

0.18
0.16
0.14
0.12
0.1
0.08

0.9

1.1

1.3

1.5

1.7

Mean model factor, μc
Figure 2: Variation of RMSE function of μc.

4

PARAMETRIC STUDY FOR THE CPT METHOD

The effect of the coefficient of variation of four parameters (tip resistance (qc), the fines
content, the peak horizontal earthquake-induced ground acceleration (amax) and the earthquake
magnitude (Mw)) on the probability of liquefaction is evaluated in this section. Based on existing data, the coefficient of variation will vary within a typical range defined in table 2.
Random Variable
qc1,n
FC
σ′v
σv
amax
Mw

Typical range of COV
0.1 - 0.5
0.05 - 0.35
0.05 - 0.2
0.05 - 0.2
0.1 - 0.2
0.05 - 0.1

Table 2: Typical range value for COV of the random variable.
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For the parametric study below and for the comparative study to follow, data collected from
a site located on southern coast of Beirut are used. The conducted soil investigation has comprised the execution of seventeen boreholes with continuous cone penetration test and six boreholes with standard penetration test every 1.5m of interval. The results of the soil investigation
show the presence of a liquefiable sandy layer encountered below the fill material and having
a variable thickness. The measurement of the tip resistance and the sleeve friction starts below
the fill material and the gravels encountered over a variable thickness ranging between 0.6m
and 5.4m and continues till a variable depth ranging between 12.8m and 16.2m.
From a geological perspective, the encountered sandy layer belongs to the Quaternary formation a (sandy alluviums) overlaying the Cretaceous formation. Within the considered area,
the Quaternary deposit consists of sand material with conglomerates along with alluvial quaternary with cobbles and gravels. A groundwater table exists in this area at a shallow depth
which corresponds mainly to the sea water level. The water level was measured at a depth of
~1.77m in one of the boreholes that has been equipped by a piezometer.
Lebanon lies across an estimated 1000Km long fault which extends from the seafloor spreading in the Red Sea to the Taurus in Southern Turkey. This fracture system, known as the Levant
or Dead Sea fault system, is an extremely important tectonic feature, which accounts for the
bulk of seismic activity in the Eastern Mediterranean. For this calculation, a maximum acceleration of 0.25g and a maximum magnitude of 7 are considered.
For the parametric study, the COV of each of the four parameters listed previously were
modified within the range defined in table 2 while the values of the COV of the remaining
parameters are kept constant equal to their mean values. The probability of liquefaction calculated with the mean values of the COV is considered as the baseline.
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Figure 3: Effect of the variation of the COV of the seismic parameters on the probability of liquefaction.
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The results of this sensitivity analysis are shown in figures 3 and 4. For both seismic parameters, the effect of the coefficient of variation of the acceleration (amax) is more important than
that of the moment magnitude (Mw). Furthermore, the probability of liquefaction is less affected
by the coefficient of variation when its value is below 0.5. For the soil parameters, the effect of
the coefficient of variation of the tip resistance predominates the effect of the coefficient of
variation of the fines content on the value of the probability of liquefaction. On the other hand,
the probability of liquefaction increases with the coefficient of variation of the tip resistance for
a probability of liquefaction lower than 0.5 but it decreases when the coefficient of variation of
qc increases otherwise.
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Figure 4: Effect of the variation of the COV of the soil parameters on the probability of liquefaction

5

COMPARATIVE STUDY BETWEEN THE CPT AND SPT METHOD

As mentionned previously, both SPT and CPT were executed in the considered site for the
case study. The tests were executed in two different boreholes distant of 1m. Using the limit
state function, the model parameter and the mean values of the coefficient of variation of the
different input parameters, the probability of liquefaction was calculated along the liquefiable
sandy layer based on both SPT and CPT results. Referring to figure 5, it can be concluded that
the probability of liquefaction obtained from the CPT results is lower than the one obtained
from the SPT results.
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Figure 5: Probability of liquefaction based on both CPT and SPT results.

6

CONCLUSION

The potential of soil liquefaction can be determined using either standard penetration tests
results or cone penetration tests results. Idriss & Boulanger updated the deterministic method
that was first established by the NCEER. These methods calculate a safety factor that indicates
if the liquefaction occurs or not. However, due to uncertainties in the parameters and the uncertainty of the model, the probability of liquefaction using reliability method is a more accurate
approach to evaluate the potential of soil to liquefy.
The model uncertainty of the Idriss and Boulanger CPT method has been estimated through
an extensive series of sensitivity studies using Bayesian mapping function calibrated with numerous case histories. The statistical characteristics of the model parameter were found to be
defined by a mean value of 1.33 and a coefficient of variation of zero. A comparative analysis
shows that the SPT method is more conservative than the CPT method in terms of probability
of liquefaction.
The effect of the coefficient of variation of the tip resistance, of the fines content, of the
maximum acceleration and of the moment magnitude on the probability of liquefaction was
evaluated. It can be concluded that the coefficient of variation of the tip resistance has the most
important impact on the probability of liquefaction.
Evaluating the potential of liquefaction of the soil is the first step in soil liquefaction analysis.
It can be followed by estimating the liquefaction induced settlement which is also affected by
the uncertainty in the determination of the parameters. More analyses are forthcoming considering reliability based probabilistic approach for liquefaction induced settlement.
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Abstract
A procedure recently proposed by the authors was applied to select suitable sets of acceleration time-histories to be used in 1D seismic response analyses for a strategic site in the Messina (Italy) strait area. Starting from a probabilistic seismic hazard analysis of the area,
proper ranges of earthquake magnitude and source-to-site distance have been detected and
used for a preliminary selection of input ground motions. Then, a proper interval of vibration
periods, relevant for the seismic response of the site of interest, was defined accounting for
the soil non-linear behaviour and for the possibly occurring frequency coupling. With reference to the Life Limit State and to different reference lives, ranging from 100 to 200 years,
real acceleration records were selected fitting, in the selected interval of vibration periods, a
target (code-prescribed) ground motion defined in terms of elastic response spectra. As a result, the relevant effect of the geotechnical properties of the soil deposit on the results of the
accelerogram selection procedure is highlighted and discussed in the paper.
Keywords: Selection of strong motions, Spectral matching, Non-linear soil behaviour, Site
response analysis.
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1

INTRODUCTION

A procedure for the selection of input ground motions for 1D seismic site response analyses
was recently proposed [1, 2] in the framework of a research project on site effects. The research activities stemmed from the lack of established procedures on the selection of natural
acceleration time-histories to be used as input ground motion in dynamic analyses of geotechnical systems. In fact, for these analyses most of the worldwide seismic codes forbid the use
of artificial time histories due to their excessive number of cycles and to the unreasonably
high energy content which generally lead to unreliable predictions of the soil non-linear dynamic response.
Most of the procedures available in the literature aim to select earthquake records compatible with a target ground motion usually defined in terms of code-prescribed elastic response
spectra.
Generally: i) the compatibility is checked in a specific interval of vibration periods selected
using established rules of structural engineering; ii) various scaling criteria of the acceleration
time-histories are also used to optimize the match between target and selected ground motions
in the selected interval of periods; iii) the compatibility is checked verifying that a certain
measure of the deviation between the average spectrum of the selected records and the target
spectrum does not exceed a default tolerance.
However, soil mechanical properties significantly influence the site response to the motion
imposed by an earthquake at the bedrock level and, thus, should be properly accounted for in
the definition of the interval of periods of interest for the accelerogram selection.
Also, the use of a scaling criterion to optimize the compatibility in the selected interval of
period may affect the fit with the target spectral ordinate for zero period which represents the
expected peak ground acceleration and, in a seismic-geotechnical framework, is adopted to
describe the seismic hazard at the site of interest.
Finally, the characteristics of the expected ground motion at a given site are strongly affected by the possible coupling between the frequency content of the input ground motion and
the frequencies of vibration of the soil deposit which, in turn, depend on the non-linear behaviour exhibited by soils when subjected to cyclic and dynamic loadings.
In this vein and with reference to 1D site response analysis problems, the authors [1, 2] recently proposed a procedure to select suitable sets of input ground motions accounting for
most of these relevant issues. Specifically, a proper selection of the interval of vibration periods relevant for the matching check with the target motion allows to approximately account
for the effects of the amplification phenomena and of soil non-linear behaviour.
In this paper the procedure is applied to the port area of Tremestieri (Messina), a strategic
site located in a high seismic hazard area of southern Italy.
With reference to the Life Limit State (LLS) defined by the Italian Seismic Code
(NTC2018) [3], three different reference lives, ranging from 100 to 200 years, were considered in order to point out the relevant effect of the non-linear behaviour exhibited by soils as
input acceleration level increases.
To highlight this effect, and to decouple it by those related to the soil heterogeneity, a simplified (constant with depth) shear wave profile, schematizing the actual profile of the site of
interest, was considered in the analyses.
The influence of the shear wave profile on the results of the selection procedure can be
found in a previous paper [2] which showed that soil heterogeneity can lead to very different
sets of acceleration records to be used in the seismic site response analyses.
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2

SEISMC HAZARD AT THE SITE OF INTEREST

The site of Tremestieri is located in the seismogenetic zone ZS929 belonging to the seismic
source zone model defined for the seismic hazard assessment of the Italian territory, called
ZS9 [4]. Table 1 and Figure 1a summarize the main parameters describing the seismic hazard
of the site of interest according to the prescription of NTC2018 for the Life Limit State (LLS).
Specifically, the average values of the expected peak horizontal acceleration ag and the parameters F0 and Tc*, describing the target elastic response spectrum for horizontal rock outcropping sites (soil class A), are given in Table 1 for three different return periods TR
corresponding to three reference lives VR, equal to 100, 150 and 200 years. In the plot of Figure 1a, the average (50th percentiles) values of ag are plotted versus TR together with the 16th,
and 84th percentiles of its distribution. The three vertical lines in the plot denote the values
corresponding to return periods associated to the selected values of the reference lives.
The values of the magnitude and of the source-to-site distance considered in the analysis
were detected starting from the results of the probabilistic seismic hazard analysis (PSHA)
developed by the MPS working group [5]. Specifically, for the grid point closest to the site of
interest the following data were evaluated:
1) the contribution to the seismic hazard of the seismogenic sources located at a distance Rjb
from the site and capable to generate earthquakes of magnitude Mw;
2) the average values Mw,ave, Rjb,ave and of the number ε of standard deviations by which the
(logarithmic) ground motion deviates from the median value predicted by an attenuation
relationship suitable for the site of interest.
The Mw-Rjb-ε distributions, for the three reference lives, are summarized in the plots of Figures 2a, 3a and 4a.
Table 1: Parameters describing the target ground motion for the LLS with VR ranging from 100 to 200 years.

VR (years)
100
150
200

ag (g)
0.341
0.400
0.447

Tc* (s)
0.38
0.40
0.43

F0
2.45
2.47
2.48

6

0.6
LLS
16 th
50 th
84 th

0.5

5

A(f)

4

0.3

a)

D=5%
D=10%
D=20%

3
2

Vr =150 y
Vr =200 y

0.2

Vr =100 y

ag(g)

0.4

0.1

TR (years)
949
1423
1898

b)
1

0
300
3000
0
5
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15
20
25
f (Hz)
TR (y)
Figure 1: Values of the expected peak ground acceleration at the site of interest (a) and amplification functions
computed for the three different values of the damping ratio (b).
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Figure 2: Mw-Rjb-ε distributions (a) and average deviation between the mean and the target spectra (b) computed
for the site of interest with reference to the LLS and VR=100 years.
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Figure 3: Mw-Rjb-ε distributions (a) and average deviation between the mean and the target spectra (b) computed
for the site of interest with reference to the LLS and VR=150 years.

For VR = 100 years (Fig. 2a) it is Mw,ave = 6.12 and Rjb,ave = 7.08 km and the intervals
Mw = 5.5 ÷ 6 and Mw = 6 ÷ 6.5 are associated to the two largest contributions to the seismic
hazards. For VR =150 (Fig. 3a) and 200 (Fig. 4a) years, the greatest contributions are associated to the same range of magnitudes, Mw = 6 ÷ 6.5, and the average values Mw,ave = 6.22
(VR = 150 years) and Mw,ave = 6.30 (VR = 200 years) fall within the range Mw = 6 ÷ 6.5 corresponding to the greatest contributions to the seismic hazard. For the three values of VR considered in the analysis the maximum contribute to the seismic hazard in terms of site to source
distance is in the range Rjb = 0 ÷ 10 km.
Accordingly, herein, the values Mw = 6.5 and Rjb = 10 km were adopted for a preliminary
selection of the input ground motions.
Following the criteria defined by [1] and [2], a first selection of earthquake records was
carried out using Mw = 6.5 ± 0.2 and Rjb = 0 ÷ 30 km.
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Figure 4: Mw-Rjb-ε distributions (a) and average deviation between the mean and the target spectra (b) computed
for the site of interest with reference to the LLS and VR=200 years.

Among the ground motions recorded at stations located on soil class type A, a first set of
38 accelerograms (recorded at 18 different stations, located on rock outcropping sites, during
19 seismic event) was selected from the ITACA [6] and the PEER [7] databases. Their characteristics are summarized in Table 2.
3

RANGE OF VIBRATION PERIODS RELEVANT FOR THE SELECTION

A H = 30 m depth constant shear wave velocity profile, Vs (z) =180 m/s was used for the application of the procedure proposed by [1] and [2] to the Tremestieri site.
According to this procedure a proper selection of the interval of vibration periods of interest for the accelerogram selection allows to approximately account for the effects of the soil
non-linear behaviour and for the stratigraphic amplification due to the coupling between the
frequency content of the input ground motion and the frequencies of vibration of the soil deposit. Specifically, an interval of vibration periods Tn,o - T1 was considered, where Tn,o is the
elastic period corresponding to the last (nth) peak of the amplification function greater than
unity and T1 is the first non-linear vibration period of the soil deposit..
To estimate the period Tn,o the amplification function A(f) was computed using the selected
Vs profile under the assumption of a linear visco-elastic soil deposit overlying a rigid bedrock.
Figure 1b shows the Amplification functions computed for three different values of the damping ratio D = 5%, 10% and 20%. According to [2], the condition D = 10% was adopted herein
for a conservative estimate and Tn,o = T2,o = 0.22 s was obtained; the vertical dashed line in
Figure 1b identifies the frequency of vibration f2,o = 1/T2,o corresponding to the 2nd mode of
vibration of the considered soil deposit.
To account for the shifting of the first non-linear vibration period as the earthquakeinduced strain levels increase, T1 was evaluated according to the following equation [8]:
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Table 2: Accelerograms candidate for the selection.

#
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17
18
19
20
21
22
23
24
25
26
27
28
29
30
31
32
33
34
35
36
37
38

Earthquake
Northridge - 01
Northridge - 01
Northridge - 01
Northridge - 01
Northridge - 01
Northridge - 01
Northridge - 01
Northridge - 01
Tottori, Japan
Tottori, Japan
Tottori, Japan
Tottori, Japan
San Fernando
San Fernando
San Fernando
San Fernando
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy
Central Italy

Station
Comp.
Wonderland Ave
95
Wonderland Ave
185
Pacoima Dam
175
Pacoima Dam
265
Pacoima Dam
104
Pacoima Dam
194
Vasquez Rocks Park
000
Vasquez Rocks Park
090
OKYH07
EW
OKYH07
NS
SMNH10
EW
SMNH10
NS
Pacoima Dam
164
Pacoima Dam
254
Pasedema Old Seismo
180
Pasedema Old Seismo
270
Bedrock Nord S.Angelo EW
Bedrock Nord S.Angelo NS
Capricchia Bedrock
EW
Capricchia Bedrock
NS
Pasciano Cimitero
EW
Pasciano Cimitero
NS
Accumuli
EW
Accumuli
NS
Castelluccio di Norcia
EW
Castelluccio di Norcia
NS
Leonessa (Nuova)
EW
Leonessa (Nuova)
NS
Montemonaco
EW
Montemonaco
NS
Monte Fiegni( Fiastra) EW
Monte Fiegni( Fiastra)
NS
Avendita
EW
Avendita
NS
Savelli
EW
Savelli
NS
Reggiano
EW
Reggiano
NS

Date
17/01/1994
17/01/1994
17/01/1994
17/01/1994
17/01/1994
17/01/1994
17/01/1994
17/01/1994
06/10/2000
06/10/2000
06/10/2000
06/10/2000
09/02/1971
09/02/1971
09/02/1971
09/02/1971
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016
30/10/2016

Mw Rjb (km)
6.69 15.11
6.69 15.11
6.69
4.92
6.69
4.92
6.69
4.92
6.69
4.92
6.69
23.1
6.69
23.1
6.61 15.23
6.61 15.23
6.61 15.58
6.61 15.58
6.61
0
6.61
0
6.61
21.5
6.61
21.5
6.5
8.0
6.5
8.0
6.5
13.61
6.5
13.61
6.5
6.88
6.5
6.88
6.5
2.19
6.5
2.19
6.5
0.0
6.5
0.0
6.5
25.1
6.5
25.1
6.5
9.78
6.5
9.78
6.5
12.55
6.5
12.55
6.5
8.77
6.5
8.77
6.5
4.41
6.5
4.41
6.5
18.61
6.5
18.61

amax (g)
0.103
0.159
0.416
0.434
1.585
1.285
0.151
0.139
0.128
0.185
0.231
0.159
1.219
1.285
0.095
0.205
0.169
0.199
0.219
0.258
0.363
0.403
0.434
0.392
0.427
0.582
0.047
0.053
0.189
0.189
0.133
0.117
0.280
0.278
0.794
0.866
0.075
0.089

−
V S,H being the average value of shear wave velocity in the soil profile. Accordingly, the values T1 = 1.16 s, 1.23 s and 1.28 s were obtained for VR = 100 (ag = 0.341g), 150 (ag = 0.400 g)
and 200 (ag = 0.447 g) years, respectively.
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4

APPLICATION OF THE SELECTION PROCEDURE

For each values of the reference life VR (Tab. 1), all the 38 accelerograms detected with the
preliminary selection (Tab. 2) were scaled to the three target values of ag. The corresponding
acceleration scaling factor is denoted as Fs and represents the ratio between the peak acceleration of the ith selected record and the target value. To satisfy the condition Fs = 0.5 ÷ 2.5 [9]
the number of candidates accelerograms reduce to 22 for VR = 100 years and to 19 for VR =
150 and 200 years.
Starting from these new sets of accelerograms, the 222-1 (VR = 100 years) and 219-1
(VR = 150 and 200 years) possible sub-sets of acceleration records, candidate to be selected as
suitable input ground motions, were identified and the corresponding  = 5% damping average elastic response spectra were evaluated.
Among these sub-sets, a further selection was carried out detecting those for which the
maximum relative deviation err between the average and the target response spectra was in
the interval -10 % ÷ 30 % as prescribed by the NTC 2018.
For the case VR = 100 years (Fig. 2b) a very large number (158688) of sub-set, consisting
of 3 to 9 accelerograms, was identified. Conversely 176 and 12 sub-sets were identified for
the case VR = 150 (Fig. 3b) and 200 (Fig. 4b) years consisting, respectively, in 3 to 10 and 2 to
7 accelerograms. The distribution of the number of accelerograms for the selected sub-sets is
described by the grey bars of the histograms of Figure 5 (VR = 100 years), 6 (VR = 150 years)
and 7 (VR = 200 years). The comparison of these plots clearly highlights the relevant differences in the results of the selection procedure which depend only on the three different upper
limits (T1) of the range of vibration periods considered in the match with the target spectrum.
If only accelerograms recorded at different stations is desired in the sub-sets to be used in
the seismic response analyses (i.e. avoid sub-sets of accelerograms with pairs of horizontal
components recorded at the same station during the same event), the overall number of subsets reduces to 6129 (with 3 to 12 accelerograms), 17 (with 3 to 7 accelerograms) and 2 (with
2 to 3 accelerograms) for VR = 100, 150 and 200 years, respectively. The corresponding distribution of the number of accelerograms is described by the white-dashed bars in Figure 5
(VR = 100 years), 6 (VR = 150 years) and 7 (VR = 200 years) and, again, clearly points out the
relevant effect of the shift of the first vibration period due to the effect of soil non-linear behaviour.
To order by relevance these final sub-sets of selected accelerograms the following overall
measure δave of the average deviation between the mean and the target response spectra was
introduced by [2]:

 ave

 1  Na
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In eq.2 Na is the number of accelerograms of each subset, Sa,s(Ti) are the spectral ordinates
of each of the Na motions in the sub-set, Sa,T(Ti) are the target spectral ordinates, Fs,s is the acceleration scaling factor for the sth accelerogram of the sub-set and, finally, j and k identify the
first (Tj) and the last (Tk) values of the vibration period bounding the range of interest for the
accelerogram selection. The values of δave computed for the final sub-sets of selected accelerogram (white-dashed bars in Figures 5, 6 and 7) are shown in Figure 2b (VR = 100 years), 3b
(VR = 150 years) and 4b (VR = 200 years).
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Figure 5: Sub-sets of acceleration records selected with reference to the LLS and VR = 100 years.
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Figure 7: Sub-sets of acceleration records selected
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According to [1] and [2], the set characterized by the largest number of accelerograms with
the lowest values of the average spectral deviation ave should be used in the seismic response
analyses. Accordingly, sub-sets with 12 (Fig. 2b), 7 (Fig. 3b) and 3 (Fig. 4b) accelerograms
are to be considered for the cases VR = 100, 150 and 200 years, respectively.
The main characteristics of the final sub-sets detected for the cases VR = 100 and 150 years
are described in the plots of Figure 8 a-c and 8 d-f, respectively. For these two sub-sets the
figure shows the elastic response spectra of each accelerogram multiplied by the proper scaling factor Fs. (Fig. 8a, d), the comparison between the target spectrum prescribed by the
NTC2018 and the average spectrum of the sub-set (Fig. 8 b, e) and, finally, the values of the
relative deviation between the average and the target spectrum computed in the selected intervals of vibration periods (Fig. 8 c, f). The plots relative to the case VR = 200 years are not
shown for brevity.
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As it can be observed, the 7 accelerograms of the sub-set relevant for the case VR = 150
years are also included in the sub-set detected for the case VR = 100 years which contains also
five more records. The difference in the two final sub-sets, which is apparent from the plots of
the relative deviation (Fig. 8 c, f) and of the two average response spectra (Fig. 8 b, e), can be
only ascribed to the different values of the upper limit of the range of vibration periods considered for the accelerogram selection: T1 = 1.16 s for VR = 100 years and T1 = 1.23 s for
VR = 150 years. This difference, in turn, depends on the effect of the soil non-linear behaviour,
which, in the proposed procedure, is reflected in a different shifting of the first period of vibration due to the different values of the expected peak ground acceleration: ag = 0.341g and
ag = 0.400 g for VR = 100 and 150 years, respectively.
5

CONCLUDING REMARKS

The influence of the expected soil non-linear behaviour on the selection of input ground motion to be used in 1D seismic site response analysis was examined in the paper. Specifically, a
procedure recently proposed by the Authors for the accelerogram selection was adopted with
reference to a strategic site of the Messina strait area using an ideal soil profile schematizing
the actual soil profile at the site of interest.
The characteristics of the ground motion to be used as a target in the accelerogram selection
were defined in terms of elastic response spectrum, starting from a probabilistic seismic hazard analysis of the area of interest. For this purpose, the Life Limit State (LLS) defined by the
Italian Seismic Code was considered together with three different values of the reference life,
ranging from 100 to 200 years. For these three cases the selection procedure led to different
range of vibration periods to be considered in the accelerogram selection. Consistently, different sub-sets of accelerograms were detected and ordered by relevance using an overall measure of the relative deviation between their average response spectra and the target spectrum.
The final sub-sets of accelerogram consist of 12, 7 and 3 accelerograms for the cases VR = 100,
150 and 200 years, respectively. For the cases VR = 100 and 150 years the main characteristics
of these two final sub-sets are described in the paper highlighting the relevant effect of the
non-linear behaviour on the selection of the accelerograms exhibited by soils as input acceleration level increases.
6
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Abstract
This study experimentally investigates the mechanical response of seval new types of hybrid
connections between glulam timber–concrete panels and glulam timber columns. Each panel
is composed of glued laminated wood beams and/or concrete constituting the floor and wooden beams constituting the supporting framework for the façade elements. The dimensions of
the hybrid panels are defined to ensure appropriate implementation and transport conditions.
For these reasons, the width of the panels is fixed at 1.20 m, and the length is 7.5 m. The experiments are conducted at the Laboratory for Composite Materials and Composite Structures at the University Claude Bernard Lyon I. The experimental setup, connection
configurations, and material properties are introduced, followed by a detailed analysis of the
test results and observations. The obtained results reveal the overall mechanical behavior of
the connections. All of the connections are designed to support the same load combination
until failure. Based on the results, the new connections are able to reduce the deflection of the
floor panel in the middle of the span by 45% in comparison with the common bolted connections that have been designed to support the same load combination and have the same dimensions.

Keywords: Component models, carbon FRP, glass FRP, joints, timber reinforcement, Hybrid
system.
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1

INTRODUCTION

The safety of structures (existing or new; steel, reinforced concrete, or timber) is a major
priority of engineering globally. The way in which constructions are strengthened depends on
the main building material. For steel or reinforced concrete (RC) structures, significant effort
has been focused on developing devices that can dissipate a large percentage of the seismic
energy without belonging to the supporting structure of the construction [1-6]. On the other
hand, timber structures are a more environmentally friendly approach in construction, and this
alternative solution is governed by Eurocode 5 [7]. However, one of the major problems in
using timber material is its low elastic modulus, which can only be countered by increasing
the depth, thus significantly limiting the use of timber elements.
In order to achieve better timber structure performance, the main idea is to combine the
wood with other materials [8-12]. The development of hybrid systems focusing on the ecology, economy, and performance of the final product is needed and represents the next step in
civil engineering. According to Ferrier et al. [13] the development of ultra-high performance
fibre-reinforced concrete (UHPFRC) in collaboration with timber elements has better properties than ordinary concrete (OC). As a result, the proposed hybrid solution has many advantages; the cross-section can be reduced by decreasing the height of wooden beams, and the
mechanical performance is improved in terms of the load capacity and stiffness [13]. In addition, hybrid structural systems that combine materials with complementary properties have
the potential to achieve significant levels of efficiency.
The main challenge in their application remains the type of connection between these panels and the façade of the building. Several studies have been carried out to investigate the
connection of hybrid construction systems in which steel and timber are the main structural
materials or are joined to enhance the loadbearing capacity [14-16].
This study experimentally investigates the mechanical response of seven new types of hybrid connections between glulam timber–concrete panels and glulam timber columns. We focus our study on the mechanical response of the composite panels connected with timber
columns by the investigated connections. The investigated composite panels are proposed by
Augeard et al. 2018 [17]. Each panel is composed of glued laminated wood beams and/or
concrete constituting the floor and wooden beams constituting the supporting framework for
the façade elements. The dimensions of the hybrid panels are defined to ensure appropriate
implementation and transport conditions. The aim of this study is to investigate the better
connection in order to reduce the deflection of the floor panel in the middle spam. The obtained results reveal the overall mechanical behavior of the connections. All of the connections are designed to support the same load combination until failure. Based on the results, the
new connections are able to reduce the deflection of the floor panel in the middle of the span
by 45% in comparison with the common bolted connections that have been designed to support the same load combination and have the same dimensions.
2

SHORT DESCRIPTION OF THE INVESTIGATED CONNECTIONS

This section descripts in short the seven (7) investigated connections, which are proposed
by Titirla et al. [18, 19]. The design of the connections is based to a 3-floor prototype building
with storey height equal to 3.00m and width of 7.5m. As well as, they are designed based to
Eurocode to support the same load combination until the failure. Each hybrid panel is composed of five glued laminated wood beams and concrete constituting the floor and five wooden beams constituting the supporting framework for the façade elements. The columns are
rectangular with a cross-section of 90  225 mm, while the beams have dimensions of 90 
290 mm, plus 50 mm for the concrete slab (UHPFRC) connecting the beams. The connection
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between the wood surfaces of the beams with the surface of the concrete slab is accomplished
using sand bonded onto the wood with epoxy adhesive to enable the concrete to be cast directly on the timber [17].
The 7 connections are illustrated in Figure 1. The first connection type incorporates a dowel-type column jointed to the beam through long bolts (Figure 1a), while the second connection type consists of a steel plate slotted into the timber beam to which the timber columns are
connected with transverse bolts (Figure 1b). The other five connection types are far from the
bolted connections. The third connection type incorporates a steel rebar connection in
UHPFRC concrete (Figure 1c), while the fourth and fifth connections are two additional connections based on the previous one in order to avoid the detachment of the concrete in the tension zone of the connections. So, the fourth connection involves the strengthening of the
concrete joint with a bolt (d=16 mm) bonded in glue in the timber and concrete parts of the
connection, while the fifth connection strengthens the concrete joint with a Glass FRP bar
(d=16 mm) bonded in glue in the same position (Figure 1d). The sixth type utilises carbon
bonded FRP rebar in glulam both in the timber and concrete parts of the beams (Figure 1e),
and finally the last one uses glass bonded FRP rebar in glulam (Figure 1f).

(a)

(b)

(c)

(d)

(e)

(f)

Figure 1. The seven investigated connections between composite floor panels and timber columns.
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3
3.1

EXPERIMENTAL STUDY
Experimental set up

For the experimental tests, the junction specimens were first reduced to two beams and
then tested at a 90° rotation. In this case, the force generating the rotation and/or the moment
was applied horizontally to avoid a P-δ effect on the displacement of the column and focus
attention only on the connections. Figure 2 shows the experimental setup used for testing the
seven proposed moment connections between the hybrid panels and timber columns under
bending. A hydraulic actuator operating in displacement control mode with a speed of 2
mm/min (fixed to a strong wall) was attached to the top of the glulam beam using a specially
designed clamping device. The displacement at the top of the beam increased gradually at a
rate of approximately 2 mm/min until the stroke of the actuator was reached or until clear
connection failure was observed. The load cell incorporated in the actuator was used to record
the applied load at the top of the beam. The column was held in a fixed position relative to the
strong floor with the help of fixing blocks in both the horizontal and vertical directions. Eleven linear variable differential transformers (LVDT) and one laser were positioned on each
specimen, and measured the corresponding displacement at different positions in the specimen (see Figure 4). Four LVDT (nos. 4, 5, 6, and 7) and the laser measured the horizontal
displacement of the beams at three different heights, two LVDT (nos. 10 and 11) checked if
there was any horizontal movement of the columns despite the existence of the horizontal fixing block, and four LVDT (nos. 1, 2, 8, and 9) checked for vertical movement of the columns
despite the existence of the vertical fixing block. There was also one additional LVDT (no. 3),
which measured the displacement between the UHPC and timber to check for debonding. All
data was recorded and stored in a digital data system via a computer.

Figure 2. Details of the experimental setup.
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3.2

Experimental results

The force-displacement diagram at the top of the beam (laser displacement) for the seven
investigated connection types is presented in Figure 3. Two different types of response can be
observed. The carbon and glass FRP connections exhibit an initial linear phase with very high
stiffness (2.00 kN/mm and 1.45 kN/mm, respectively) coupled to a high tensile strength of
20.47 kN and 24.06 kN, respectively. After the failure of the first bar, the load is reduced. As
carbon material is stiffer than the glass material, the connection with the carbon FRP exhibits
an increase in connection rigidity of 37% that of the glass FRP connection, which resulted in
a 17% reduction of the maximum load. Both of these connections experience brittle failure.
On the other hand, the other connections exhibit comparable stiffness, but cannot reach
high failure loads without generating large overall displacements. In the case of the connection with bolts, the limit of the elastic behaviour is approximately 2.3 kN, after which there is
a second behaviour phase with a stiffness of 0.1 kN/mm and a maximum load of 5.12 kN.
Compared to the connection with carbon FRP, the maximum load of the bolted connection is
four times smaller, while the stiffness is almost 10 times smaller. The connection with the
bolts and steel plate exhibits a similar behaviour to the bolted connection, but with a large
slippage in the junction between the wood elements and the steel plate at the beginning of the
test; as a result, the limit of the elastic behaviour is approximately 0.9 kN, and a second phase
of behaviour with a stiffness of 0.17 kN/mm reaches a maximum load of 2.75 kN. This suggests that for a bolted connection (with or without a steel plate), to increase the stiffness and
the load, it is necessary to increase the number of bolts and the cross-section of the beams in
order to satisfy the limits set by Eurocode. Finally, for the connection with steel rebars, the
elastic limit load is approximately 8.25 kN, and a failure load is occurs at approximately 11
kN. In the elastic stage, this connection is reasonably stiff (1.63 kN/mm), but a relaxing of the
interaction between the surface of the UHPFRC and the surface of the timber was observed at
a load of 8.25 kN (which is 2.5 times smaller than the maximum load of the carbon FRP connection). The improved connections with steel rebars and a bolt or GFRP bar have effective
stiffness of 0.83 kN/mm and 1.46 kN/mm, respectively, coupled to high tensile strengths of
21.9 kN and 23.5 kN (increases of 165% and 185%, respectively). Overall, we are led to conclude the stiffness of all the connections in the Table 1.

Figure 3. Load vs. horizontal displacement at the top of the beam.
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Connection

Description of the connections

1

Dowel-type connection with 6M16

2
3
4

5

Effective stiffness
(kN/mm)
0.45

Connection with 12M12 and one steel
plate with thickness of 6mm
Steel rebars in a UHPFRC joint
Steel rebars in a UHPFRC joint and one
bolt of M16 in the tension zone
Steel rebars in a UHPFRC joint and one
bar of GFRP in the tension zone

0.19
1.46
1.45

1.45

6

Connection with 4 CFRP Φ10

2.02

7

Connection with 4 GFRP Φ10

1.45

Table 1: Effective stiffness of the seven connections.

4

NUMERICAL MODELING

To simulate the behavior of the investigated connections, it was selected to use the software SAP2000 [20]. Only one composite panel of the 3-floor prototype building (Figure 4)
was selected to be studied, as the aim of this section is to investigate how the deflection in the
middle span (composite floor panel) is change based to the type of the connection between the
composite panel and the timber columns.

Figure 4. Study of only one panel of the 3storey prototype building.
The first step of this study was to verify the reliable modeling of the panel without taking
into account the boundary conditions of the connections, but assuming that the panel is simple
supported. The numerical results are compared with the experimental results that have been
conducted by Augeard, 2018. After that, the stiffness of the connections is applied in the
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joints and all the results are presented in Table 2. The load that is applied is based to the combination 1.35G+1.5Q, where a gravity load (dead load: G = 2.5 kN/m2, live loads: Q = 3
kN/m2) are assumed to act on the beams based on European Standard [21].

Connection

Description of the connections

Simple support

The panel is isostatic

Deflection in the
middle span
[mm]
17.12

1

Dowel-type connection with 6M16

13.38

2
3
4

5

Connection with 12M12 and one steel
plate with thickness of 6mm
Steel rebars in a UHPFRC joint
Steel rebars in a UHPFRC joint and one
bolt of M16 in the tension zone
Steel rebars in a UHPFRC joint and one
bar of GFRP in the tension zone

14.31
10.63
10.63

10.63

6

Connection with 4 CFRP Φ10

8.27

7

Connection with 4 GFRP Φ10

10.63

Table 2: Deflection of the panel in the middle span.

Based on the numerical results, the following conclusions are drawn:
i.
Bolted connections (Dowel-type connection with 6M16 (see connection 1) and/or
connection with 12M12 and one steel plate with thickness of 6mm (see connection
2)) seem to behave like a simple supports.
ii.
All the other types of connections are stiffer in the elastic part as a result the deflection
in the middle span is reduced at least 25% compared with the bolted connections.
iii.
The connection with the FRP bars in Carbon is the best one as it can reduce the deflection of the big span to 45%.
5

CONCLUSIONS

This paper experimentally investigates the mechanical response of seven new types of hybrid connections between glulam timber–concrete panels and glulam timber columns. We focus our study on the mechanical response of the composite panels connected with timber
columns by the investigated connections. The investigated composite panels are proposed by
Augeard et al. 2018 [17]. The aim of this study is to investigate the better connection in order
to reduce the deflection of the floor panel in the middle spam. The obtained results reveal the
overall mechanical behavior of the connections. All of the connections are designed to support the same load combination until failure. These results confirm the outcomes of previous
theoretical and experimental studies about the innovative moment connections between composite floor panels and timber columns [18, 19].The present study represents that:
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i.

ii.

iii.

6

For the bolted connections (with or without a steel plate), the breaking load is reached
at a large displacement. As a result, these connections cannot guarantee the recovery
of the moments in the junctions without involving strong rotation. Furthermore, to increase the stiffness and the load in this type of connection, it is necessary the increase
of the number of bolts and the cross-section of the beams in order to satisfy the limits
provided by Eurocode. Finally, in terms of the deflection, these types of connections
behave like a simple support.
The connection with the steel rebars is fairly stiff (1.63 kN/mm) in the elastic part, but
a slackening of the interaction between the surface of the UHPFRC and the surface of
the timber is observed at a load of 8.25 kN. To increase the load capacity of the connection with steel rebar, as well as to prevent detachment of the concrete in the tension
zone, two additional connections based on the initial connection with steel rebar are
proposed and investigated: the connection with steel rebars and bolt, and the connection with steel rebars and GFRP bar. The connection with steel rebars and bolt and the
connection with steel rebars and GFRP bar exhibit effective stiffness of 0.83 kN/mm
and 1.46 kN/mm, respectively, coupled to high tensile strengths of 21.88 kN and 23.5
kN (an increase of 165% and 185%, respectively). Finally, in terms of the deflection,
these types of connections can reduce the deflection in the middle span at least 25%
compared with the bolted connections.
The two connections utilizing FRP bars provide similar but not identical results due to
the different Young’s modulus of the two materials (carbon and glass). As carbon is
stiffer than the glass material, in the connection with the carbon FRP, an increase in
the rigidity of the connection equal to 37% that of the connection with the glass FRP
can be observed, resulting in a 17% reduction of the maximum load. In addition, the
connection with the FRP bars in Carbon are able to reduce the deflection of the floor
panel in the middle of the span by 45% in comparison with the common bolted connections that have been designed to support the same load combination and have the
same dimensions.
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Abstract
Current trends in structural design and retrofit frequently dictate artificially modifying the
structural behavior in an attempt to target unfavorable loading scenarios expected to compromise the fulfilment of stability and serviceability criteria. Particularly in structures where
operational requirements result in adopting unconventional structural systems, usually falling
outside the scope of codified regulations and guidelines, adapting the structural behavior by
means of structural subsystems has been widespread. Referred to as “structural control”, enhancing the ability of structures to adapt to unfavorable loading conditions encompasses attaching structural subsystems, such as dampers, to the main structure. Moreover, the
increasing application of structural health monitoring (SHM) for structural assessment and
maintenance has fueled research in coupling SHM with structural control, thus paving the
way for developing structural systems capable of autonomously adapting structural properties. In this context, this paper describes a preliminary approach to automated structural
health monitoring and control by coupling a wireless SHM system with a tuned liquid column
damper (TLCD). The wireless SHM system is equipped with embedded algorithms managing
SHM tasks, such as data sampling and data processing, and with actuators able to modify the
properties of the TLCD based on any user-defined control algorithm. The proposed approach
serves as a first step towards fully automated structural health monitoring and control and is
validated through laboratory tests on a four-story shear frame structure equipped with a
wireless SHM system and a TLCD on the top story.

Keywords: Automated structural control, structural health monitoring, wireless sensor networks, tuned liquid column dampers.

172

1

INTRODUCTION

In structural design, minimizing material usage while complying with design requirements
and specifications is common practice. Particularly with the advent of high-strength materials,
engineers tend to adopt lightweight designs for structural systems, which, in turn, offer architectural flexibility and ease of construction. However, the consequent decrease in structural
mass has been proven particularly detrimental to structural dynamic behavior [1, 2]. Unfavorable (excessive) dynamic responses in lightweight structures are basically attributed to low
inertial forces counteracting vibrations and to low critical viscous damping forces dissipating
vibration energy; both inertial and damping forces are proportional to structural mass. Since
lightweight structural design is frequently employed in critical infrastructure and is therefore
associated with public safety, devising structural modifications to mitigate unfavorable vibrations that come to the forefront. Representing the state of the art in artificially modifying
structural responses, “structural control” has been gaining increasing attention over the past
decades [3, 4].
With respect to suppressing unfavorable structural vibrations, structural control is typically
realized through damping devices (“dampers”) attached to structures to dissipate vibration
energy. According to the theory of structural dynamics, the behavior of a vibrating structure is
described by its vibration modes. As a result, dampers attached to the structure are accordingly “tuned” to act against frequency components in the structural response that correspond to
vibration modes. Depending on the technique used for tuning, structural control via damping
can be passive, active, or semi-active. Passive control is associated with dampers dissipating
energy though out-of-phase motion with respect to the structure at critical frequency components of the structural response. In active control, damping forces are computed in real time
using control algorithms and directly applied to dampers. Semi-active control has been developed to compensate for the drawbacks of passive and active control. Specifically, passive control systems suffer from inability (i) to adapt to structural conditions altered over the lifespan
of structures and (ii) to target multiple frequency components; active control systems demand
continuous power supply. By contrast, semi-active control systems are similar to passive systems in terms of mechanics, albeit able to alter their structural properties on demand with
minimal power supply. As a result, semi-active control systems have been gaining increasing
popularity.
Active and semi-active structural control is frequently coupled with structural health monitoring (SHM) strategies. Structural response data collected by SHM systems can be used as
input to feedback loop systems for computing vibration-counteracting control forces that need
to be applied to structural systems. Depending on the type of structural control system, control
forces are either directly applied to the damper or used to modify the structural properties of
the damper. Following advances in wireless technologies and the gradual incorporation of
wireless sensor networks in SHM [5, 6], structural control strategies have been adapted to
wireless SHM systems. Specifically, structural control algorithms traditionally designed for
centralized applications of tethered SHM systems have been embedded in wireless sensor
nodes to leverage the on-board processing capabilities of the sensor nodes and to reduce wireless data transmission, which is unreliable and power-consuming. Moreover, the inherent automation in wireless SHM systems is fully compatible with the emerging “smart” structures
paradigm, which fosters structures able to perceive and adapt to structural modifications and
to surrounding environmental conditions.
Research in structural health monitoring and control (SHMC) has been widespread; Fisco
and Adelli [7] have provided a thorough review on semi-active and active control approaches
using SHM. Xu and Chen [8] have proposed a scheme for integrating vibration health moni-
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toring and vibration control, by updating stiffness matrices of monitored structures and structural parameters identified through system identification with known stiffness induced by
semi-active friction dampers. SHMC approaches pertaining to system identification and damage detection have also been proposed. For example, Fu and Johnson [9] have presented algorithms for enhancing damage detection strategies via SHM by triggering specific vibration
modes during excitation using distributed mass dampers. Moreover, Dragos et al. [10] introduced a data-driven analysis algorithm for system identification of a radio tower equipped
with a tuned mass damper. Finally, embedded algorithms for SHMC have also been proposed
in the field of wireless SHM. Notable examples include the wireless active sensor node developed by Loh et al. [11], for applying control forces to a semi-active magnetorheological
damper using an embedded linear quadratic Gaussian control algorithm, and the closed-loop
control system proposed by Lynch et al. [12], in which control forces are computed using the
linear quadratic regulator algorithm.
This paper presents a preliminary approach towards developing a wireless structural health
monitoring and control system. Specifically, considering the specific features of wireless
SHM systems in terms of networking and system management, the infrastructure for applying
control strategies on a wireless SHM system is developed. Structural control in this study is
achieved using a tuned liquid column damper (TLCD), whose benefits have been well documented in literature [13-16]. By leveraging the autonomy of wireless sensor nodes, the infrastructure proposed in this paper is designed in a modular manner to automate the intranetwork wireless communication as well as the management of the control device (TLCD).
Furthermore, the user is given the option to embed any control algorithm into the system or to
override the embedded algorithms for tuning the TLCD manually. The remainder of the paper
is organized as follows: In the second section, the fundamentals of TLCD operation are explained. The third section covers the description of the wireless SHMC infrastructure. The
fourth section includes preliminary validation tests of the wireless SHMC infrastructure. Finally, the work presented in this paper is summarized, conclusions are drawn, and an outlook
on future research is provided.
2

TUNED LIQUID COLUMN DAMPERS

Traditional passive control practice in structural engineering has been largely relying on
tuned mass dampers for vibration energy dissipation. A tuned mass damper is attached to a
structure as a secondary structural system that absorbs oscillation energy through out-of-phase
motion with respect to the structure. However, the origin of the tuned damping concept is associated with a damper introduced by Frahm in 1909 as an approach to counteract the motion
of ships. Frahm’s damper consisted of communicating vessels filled with water, whose out-ofphase motion with the ship vibration reduced the overall hull-rocking motion. Moreover, the
frequently onerous logistics of installing tuned mass dampers on structures (i.e. large masses
required, which construction-wise are difficult to install) has diverted the attention of engineers towards utilizing non-structural equipment to the benefit of damping, resulting in the
development of tuned liquid dampers and tuned liquid column dampers.
Tuned liquid column dampers exhibit dampening functionality that resembles the mechanics of Frahm’s damper. A typical tuned liquid column damper is a U-shaped tank filled with a
Newtonian liquid, as shown in Figure 1. Essentially, the tank is formed by two vertical tubes
functioning as communicating vessels being connected via a horizontal tube. The out-ofphase motion of the liquid with respect to the structure results in vibration energy being absorbed by the TLCD, which, in turn, reduces the overall oscillatory motion of the structure.
While full TLCD operation is achieved via unconstrained motion of the liquid, tuned liquid
column dampers are frequently manufactured with a valve installed at the midpoint of the hor-
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izontal tube to control the liquid flow. By varying the angle of the valve opening, the structural properties of the TLCD can be easily modified.
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Figure 1: Schematic of a typical TLCD installed in a structure.
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The governing equation of a structure equipped with a TLCD is [17]:
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In Equation 1, Ms, Cs and Ks represent the mass, damping and stiffness, respectively, of the
structure. The dynamic properties of the liquid are denoted by mf and Kf, representing the
mass and the stiffness of the liquid, respectively, while ρ is the density of the liquid. Regarding the geometrical properties of the tank, A is the cross section area of the horizontal tube, Av
is the cross section area of the vertical tubes, θ is the angle between each vertical tube and the
horizontal tube, and b is the length of the horizontal tube. The motion of the structure in terms
of acceleration, velocity, and displacement is expressed by Ẍs, Ẋs and Xs, respectively, and the
corresponding variables for the liquid motion are Ẍf, Ẋf, and Xf. The external force is denoted
by F(t), l represents the effective length of the liquid inside the TLCD, α is the length ratio l/b,
and ξ is the head-loss coefficient of the valve, which depends on the type of orifice used to
control the valve. The ability to control the liquid flow in tuned liquid column dampers offers
the option of quick and easy modification of TLCD structural properties. The TLCD dampening effect is proportional to the liquid mass passing through the valve, given that the geometry
of the tank is constant. The versatility in adjusting structural properties has rendered tuned
liquid column dampers a practical solution for semi-active control. In the next section, the infrastructure for semi-active structural control combining a TLCD with a wireless SHM systems is described.
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3

A WIRELESS STRUCTURAL HEALTH MONITORING SYSTEM WITH
STRUCTURAL CONTROL CAPABILITIES

To materialize the wireless SHMC infrastructure for the purposes of this study, a wireless
structural health monitoring system is devised. The SHM system comprises wireless sensor
nodes, one of which is designated as “control” node and is interfaced with a TLCD by connecting the valve orifice to the actuation interface of the control node platform. The control
node processing unit offers the possibility of deploying any control algorithm, which, by using structural response data locally collected, manages the TLCD valve opening. As a result,
the wireless SHMC infrastructure follows the semi-active control paradigm. The rest of the
sensor nodes are mainly tasked with collecting structural response data to be transferred to the
control node, while also offering the option to embed portions of the structural control algorithm into their processing units and, thus, to perform structural control in a distributed manner. The valve opening is managed via a stepper motor, with the steps for powering the motor
corresponding to the angle computed as the outcome of the control algorithm. Furthermore,
the control node offers the option to manually override the TLCD valve angle by directly setting the angle value, so as to avoid unfavorable modifications of the TLCD properties as a result of erroneous outcomes from the structural control algorithm. The wireless SHMC
infrastructure also includes a server for logging SHMC outcomes and for managing the
SHMC components of the system. Communication between the server and the wireless sensor
nodes, as well as between the wireless sensor nodes themselves, is achieved through wireless
peer-to-peer links. The wireless SHMC infrastructure is shown in Figure 2.
Server

Control node

Initialize system
Read and send network
information and analysis
parameters

Override orifice management

Receive network
information
and analysis parameters

Receive network
information
and analysis parameters

Calibrate/standby mode

Calibrate/standby mode

Sample acc. response data

Sample acc. response data

Process acc. response data

Process acc. response data

Receive control
information

Receive control
parameters

Sensor nodes

Send control information

Apply control algorithm
Storage/further action
Manage TLCD orifice
angle

Send control parameters

Figure 2: Operation flow chart of the wireless SHM and control system.
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The tasks of the server and the embedded algorithms of the sensor nodes are organized into
two software modules, the “server module” and the “on-board module”. Both software modules are written in Java programming language, leveraging the object-orientation concept,
which is frequently followed in modular software design. The server module includes three
classes, the TLCDonDesktop, the SystemSetup, and the Transceiver. The TLCDonDesktop
class handles the initialization of the wireless SHM system and the storage of SHMC outcomes. The class SystemSetup assigns tasks to wireless sensor nodes, and class Transceiver
manages the wireless communication between the server and the sensor nodes. As mentioned
previously, the wireless SHMC infrastructure offers the possibility to manually override the
valve angle; manual overriding is implemented in the specifyAngle method of the class
TLCDonDesktop. The on-board module comprises four classes, the TLCDonBoard class, the
SystemManager class, the Sampling class, and the Control class. The TLCDonBoard class initializes the processing unit and manages the valve opening based on the controlForce attribute,
which is utilized by the manageValve method. The class SystemManager manages the sensor
node peripherals, and structural response data collection is performed by the Sampling class.
Finally, the class Control executes a user-defined structural control algorithm whose outcome
is passed to the controlForce attribute. It is evident from the modular software design that the
user is able to plug in any structural control algorithm without affecting the overall operation
of the wireless sensor node. Figure 3 and Figure 4 illustrate UML class diagrams of the server
module and of the on-board module, respectively. Preliminary tests on the wireless SHMC
infrastructure are shown in the next section.
Host Application

appmanager

TLCDOnDesktop

SystemSetup

– systemSetup: SystemSetup
– run( ): void
– receiveAndStoreData(int, int): void
– main(String[ ]): void
Transceiver
–
–
–
–
–
–
–

NUMBER_OF_NODES: int
rCon: RadiostreamConnection
dis: DataInputStream [ ]
dos: DataOutputStream [ ]
addressPrefix: String = “0014.4F01.0000.”
addresses: String [ ]
nodePorts: String [ ] [ ]

+
+
+
+
+
+

Transceiver(String [ ])
initializeWirelessConnections(): void
getReceivers( ): DataInputStream [ ]
getTransmitters( ): DataOutputStream [ ]
getReceiver(int): DataInputStream
getTransmitter(int): DataOutputStream

–
–
–
–
–
–

NODE_PORTS: String [ ] [ ]
transceiver: Transceiver
numOfModes: int
samplingRate: int
length: int
IEEEAddresses: String [ ] [ ]

+
+
+
+
+
+
+
+
+
+
+
–
–
–

SystemSetup( )
specifyAngle(String): void
setOption( ): boolean
sendPacketToNode(int, String): void
sendPacketToAll(String [ ]): void
receivePacketFromNode(int): String [ ]
receivePacketFromAll( ): String
getSamplingRate( ): int
getNumberOfNodes( ): int
getLengthOfTimeSeries( ): int
getIEEEAddresses( ): String [ ]
enterInfo( ): void
enterIEEEAddresses( ): void
setValue(String, int, int): int

Figure 3: UML representation of the server module.
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On-board Application

appmanager

TLCDOnBoard

SystemManager
–
–
–
–
–

transceiver: Transceiver
led: ITricolorLED
myAddress: String
myPort: String
nodePorts: String [ ] [ ]

–
–
–
–
–
–

pin1: IIOPin
pin2: IIOPin
manager: SystemManager
acc: double [ ]
myAddress: String
controlForce: Control

+
+
+
+
+
+
+
–

SystemManager(String)
sendPacketToBaseStation (String): void
receivePacketFromBaseStation ( ): String
getMyPort( ): String
flashLED(String, int): void
turnOffLED(int): void
terminate( ): void
findMyPort(): void

–
–
#
#
#
#

manageValveAngle(doubl): int[ ]
sendAccelerationData(double [ ] [ ]): void
startApp(): void
pauseApp(): void
destroyApp(): void
manageValve( ): void

–
–
–
–
–
–
–

myAddress: String
myPort: String
addressPrefix: String = “0014.4F01.0000”
addressOfBaseStation: String
dis: DataInputStream
dos: DataOutputStream
rCon: RadioStreamConnection

+
+
+
–

Transceiver(String, String)
getReceiver: DataInputStream
getTransmitter: DataOutputStream
initializeWirelessConnection(): void

Sampling
–
–
–
–

ACC: MMA7455LAccelerometer
DELTA_T: double
DIRECTION: String
noise: double

+
–
–
–
–
#

Sampling(int, double, String, double)
customizeSensor(): void
computeNoiseReduction(int): void
setSensorToStandby(double): void
baseLineCorrection(double []): double []
collectAccelerations(int): double []

Transceiver

Control
– timeStep: double
– accelerations: double [ ]
– ……
+
+
–
–

Control(double, double [ ], …)
getControlForce(): double
applyControl(): double
…

Figure 4: UML representation of the on-board module.

4

VALIDATION TESTS

This section reports on preliminary laboratory validation tests of the proposed wireless
SHMC infrastructure. The laboratory tests are performed on a shear frame structure equipped
with a wireless SHM system and a TLCD installed on the top story. The shear frame structure
comprises four stories each having a 300 mm × 200 mm × 15 mm (length × width ×thickness)
aluminum slab resting on four aluminum columns of rectangular cross section with dimensions 20 mm × 2 mm. The short cross section dimension of the columns (2 mm) is aligned
with the long dimension of the plates (300 mm). The columns are clamped at their base. The
TLCD has two vertical tubes (θ = 90°) connected with a horizontal tube and an orifice at the
midpoint of the horizontal tube. More details on the TLCD specification can be found in
Karimi et al. [18]. The wireless SHM system consists of two wireless sensor nodes, one
placed at the center of the second story and one placed at the center of the top story. The sensor node at the top story is designated as control node and its actuation interface is therefore
connected to the TLCD valve orifice. The experimental setup is illustrated in Figure 5.

Figure 5: Experimental setup.
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The preliminary validation tests serve as proof that the valve angle value can be successfully applied to the TLCD. Since the proposed wireless SHMC infrastructure is expected to be
compatible with any control algorithm, implementing a control algorithm would fall beyond
the scope of preliminary testing. Instead, to showcase the effective operation of both the
hardware and the software modules of the SHMC infrastructure, the override option for the
valve angle is applied. The preliminary validation tests are conducted under free vibration of
the shear frame along the long side of the plates. To gain insights into the dampening effect
that the TLCD is expected to achieve, numerical simulations of the shear frame structure are
performed. The shear frame structure is modeled as a plane frame with four translational degrees of freedom compatible with the actual motion of the shear frame structure. The dampening effect of the TLCD is simulated by adding a “damper” mass to the top story. Given the
low complexity of the numerical analysis, for simulating the shear frame structure the Dynasoft educational software package developed at Artistotle University of Thessaloniki is employed [19]. Since the excitation is studied only in one direction, the shear frame is simulated
as a two-directional (plane) frame, by evenly distributing the stiffness of each story of the
shear frame structure to the two columns of the corresponding story of the plane frame. In the
simulations, the mass of each story is assumed lumped at the midpoint of each story.
Figure 6 illustrates the displacement histories of the numerical analysis for thee values for
the damper mass, md = 0, md = 1.5 kg, md = 2 kg. The three damper mass values aim at approximating the behavior of the structure for TLCD valve angles, φ = 0° (fully closed valve),
φ = 60°, and φ = 90° (fully open valve), respectively. The aforementioned TLCD valve angles
are experimentally tested with the displacement histories of the tests shown in Figure 7.

Figure 6: Top story displacement time history from numerical analysis using Dynasoft for variable damper
masses (corresponding to different valve angles of the TLCD).

Figure 7: Top story displacement time history obtained from the experiments for variable valve angles of the TLCD.

The favorable effect of the damper is clearly shown in both the numerical simulations and
the laboratory tests. Moreover, the increasing dampening effect of the TLCD as the valve
opens from 0° to 90° is evident and in accordance with the increase of the damper mass in the
simulations. Discrepancies in the magnitudes of the displacement histories between the laboratory tests and the simulations are attributed to differences in the excitation input and to
TLCD effects not being able to be adequately captured in simulations essentially using tuned
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mass damping. Nevertheless, the validation tests showcase the ability of the wireless SHMC
infrastructure to efficiently modify the structural behavior under dynamic actions. The operation of the wireless SHMC infrastructure can be fully automated by integrating any structural
control algorithm into the embedded processor of the control node.
5

SUMMARY AND CONCLUSIONS

This paper has presented a wireless structural health monitoring and control infrastructure.
Drawing from trends in building maintenance and management, the infrastructure proposed in
this paper integrates wireless SHM systems with semi-active control strategies to autonomously modify the structural behavior. The wireless SHMC infrastructure consists of a wireless SHM system coupled with a tuned liquid column damper, whose properties can be
modified by the wireless sensor nodes of the SHM system. Specifically, the TLCD properties
are modified by varying the angle of a valve installed in the horizontal tube of the TLCD. One
wireless sensor node in the SHM system is equipped with embedded algorithms that compute
control forces using structural response data and, subsequently, accordingly modify the valve
angle. The embedded algorithms are designed in a modular manner to enable deploying any
control algorithm for computing control forces, while also allowing the manual override of
the valve angle by the user.
Preliminary validation tests have showcased the operability of the proposed wireless
SHMC infrastructure. A wireless SHM system has been installed on a laboratory shear frame
structure equipped with a TLCD on the top story. Free vibration tests for various valve angles
manually introduced to the embedded software have resulted in noticeable modification of the
structural behavior of the shear frame structure. Moreover, the results from the tests have been
shown to be in satisfactory agreement with simulation tests of the shear frame structure,
which have been conducted to gain insights into the anticipated dampening effect of the
TLCD. Future work will be directed into testing various well-established control algorithms,
both in terms of efficiency of the algorithms themselves as well as from the viewpoint of ease
in algorithm deployment to advance the modularity of the proposed wireless SHMC infrastructure.
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Abstract
The present research is aimed at evaluating the influence of different modelling assumptions,
such as crane-load and beam-column connections, on the local seismic response of precast
RC buildings. The considered case study is a one-story industrial building designed in accordance with the Italian building code NTC 2008. Typical pinned beam-column connections
are investigated. They are made by dowels protruding from the column inserted into holes in
the beams, which are subsequently grouted. This technique ensures stability during the construction process and allows the horizontal seismic load transfer from the beam to the column. Different structural layouts have been modeled considering various types of beamcolumn joint models, namely a perfect hinge, an elastic hinge and a non-linear spring with a
degrading hysteretic force-displacement model; the last model reproduces the results of recent experimental campaigns. Non-linear dynamic time history analyses allow to evaluate
displacements, drifts, deformations and ultimate curvatures. The results are analyzed in terms
of both global quantities, i.e. roof maximum displacements and rotation at the base of the columns, and local quantities, i.e. force or displacement demand at the beam-column connections, for the various implemented models. Depending on the considered model, it is observed
that the effects of higher vibrating modes may increase the load in the connections.
Keywords: Higher mode vibration, Crane load, Dowel connection, Demand-capacity ratio,
Simplified model, Precast industrial building.
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1

INTRODUCTION

Precast structures are recognized as being able to ensure many benefits as the ability to
cover large surfaces, the high-quality control of materials and elements and the reduced construction time compared to traditional structures. For these reasons, these structures have been
commonly adopted in industrial building.
Precast structures are typically characterized by a simple structural layout with cantilever
columns pin-connected to pre-stressed beams supporting roof elements. Generally, the columns are either placed inside pocket footings or connected to the foundation by means of mechanical devices or grouted sleeves [1],[2],[3],[4]. In the past, beams were either simply
supported on the columns, or connected to them through dowels. The contact surface was typically equipped with a neoprene pad to spread the load over the support. The simple-support
connections relying solely on friction for the horizontal load transfer are typical of existing
precast industrial structures designed only for vertical loads, in zones that have been classified
seismically hazardous only in the last decades. In the case of dowel connections, one or more
steel dowels are embedded in the column and inserted in a beam hole, filled with mortar.
Recent earthquakes in Italy highlighted many vulnerabilities of existing industrial precast
structures [5],[6],[7],[8]. The main collapses experienced by these structures are related to:
fall of roof elements caused by high relative displacement and loss of support, loss of support
in the beam-to-column connections, rupture of the mechanical connections and consequent
fall of cladding panels [9],[10],[11]. The collapse of the reinforced concrete forks at the top of
the columns and collapse of the columns were also observed. The frame connections are crucial in precast industrial buildings, given that they may inhibit the exploitation of strength and
ductility reserves in precast elements. The lack of connections between roof elements leads to
a higher global flexibility of the roof system with a non-rigid diaphragm effect which may
activate higher modes [12],[13]. This can lead to the development of mechanisms due to relative movements between structural elements. Furthermore, given the different distribution of
the participating mass and the stiffening effect provided by cladding panels, the flexibility of
the floor causes differences in the seismic response between the internal and external frames.
In this way, the main damage is mainly linked with the loss of support and fall of the horizontal structural elements (roof elements and beams) due to the lack or reduced ability of the mechanical connections to achieve a proper restraint. Several studies have analyzed the
performance of existing precast structures and how to make them earthquake proof [14],[15],
[16],[17],[18],[19],[20],[21].
The research presented herein is aimed at evaluating the failure probability of new precast
structures designed according to the current Italian seismic regulations as part of a national
project financed by the Italian Civil Protection focused on the assessment of new and existing
buildings [22],[23],[24],[25],[26],[27]. The influence of different modelling strategies on the
failure rate are analyzed taking as reference a typical precast building.
2

CASE STUDY STRUCTURE

The reference structure is a single-story 4-bay precast reinforced concrete (RC) industrial
building considered built at L’Aquila (Italy) with span length along the transverse x-direction
equal to 15 m and 6 m along the longitudinal y-direction (Figure 1). The structural elements
are designed and verified [28] according to the Italian building code [29] and commentary
[30]. For further structural verifications, not available or not fully addressed in the Italian
building code, Eurocode 2 CEN 2004, Eurocode 3 CEN 2005, CNR 10018/99 and CNR
10025/98 provisions were considered [31],[32],[33],[34].
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Figure 1: Schematic transverse frame (left) and plan view (right).

The case study structure consists of precast square columns fixed at the base with isolated
socket foundations, connected in both directions by RC beams on grade. All the precast elements are made of C45/55 concrete and B450C steel. The columns, with a longitudinal reinforcement ratio equal to 2.5%, are connected, by means of dowel connection, to the main
precast prestressed beams. The dowel connection is considered effective only in the transverse
direction, due to the presence of a RC fork at the top of the column inhibiting the beam
movements in the longitudinal direction. The height of the column is 6 m, with a corbel at 4.5
m supporting the overhead crane. The beams are double-tapered with 10% slope and are characterized by a variable I-shaped cross-section. The longitudinal girder beams have a rectangular cross section (0.3 m x 0.5 m) and provide a support to the cladding system. The roof is
made by precast TT-shaped elements above which a cast in place concrete slab (C25/30, 5 cm
thickness), provides a rigid diaphragm.
The cladding system consists of vertical precast panels, with specific weight of 4 kN/m2,
connected to the longitudinal girder beams. Considering the industrial use for the building, the
presence of a crane is taken into account: precast corbels in the internal side of the columns
support crane runway beams, HE400A, on which the crane is supported. For this structural
typology, the structural behavior factor q is equal to 2.5 for low ductility class. Lumped masses are placed in the model: mC is equal to 2.13 kN/g at each corbel position (corresponding to
an equal distribution among the columns of the crane mass and 80% of the crane payload, according to the Italian building code for structures of category D [29]), mT at the top of each
central column is equal to 37.90 kN/g in the horizontal directions and 28.85 kN/g in the vertical direction, while at each end column mT is equal to 37.40 kN/g in the horizontal directions
and 16.50 kN/g in the vertical direction. Where mT represents the mass of the roof system and
cladding panels, while mC indicates the crane mass. The differences of the values of mT in the
vertical directions are related to the weight of the cladding system which is not participating
in the vertical excitation.
3

MODELING AND ANALYSIS

In order to perform non-linear dynamic analyses, numerical models are created in the
OpenSees software [35]. Six simplified modelling assumptions (Figure 2) are considered to
evaluate the influence of modeling choices on the results.
The first model (model A) is the reference model. The columns are fixed at the base. The
main beams and the girders are modeled with elastic elements; a constant cross section is assigned to the main beams as the mean value of the variable height and width. Perfect hinge
constraints are considered between girder beams and columns and between the main beams
and columns. The cladding panels are not considered in the model in terms of lateral stiffness,
but only in terms of masses and loads applied to the main structure. This reflects the hypothe-
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sis that the cladding panels are connected to the structure with isostatic pendulum connection
arrangement [36]. The non-linear behavior of the structural elements is modeled considering a
lumped plasticity approach with plastic hinges at the column bases including plastic deformation and elastic column elements. The curvature and the yielding moment of the columns
are obtained from a fiber analysis of the column cross-section. The plastic hinge at the base of
the columns is modelled with a zero-length element considering the Modified Ibarra-MedinaKrawinkler Deterioration Model with peak-oriented hysteretic response [37]: effective yielding moment My equal to 1256 kNm, effective stiffness Ke equal to 4.37∙104 kN/m and cyclic
deterioration parameter 𝜆 equal to 2.734. The second model (model B) differs from model A
only for the overhead crane mass mC with no account of the pay load [38], therefore m’C is
equal to 1.329 kN/g. The third model (model C) is similar to model A, but the main beam-tocolumn connections are at their real position, i.e. at the interface between the beam and the
column and not at the beam center-line. The forth model, model D, is equal to model C, with
reduced crane loads (equal to model B). Two additional models, model E and model F (Figure
3), are defined to analyze effects of modelling assumptions of the dowel connection between
the main beams and the columns. Such connections are modeled using a non-linear spring
with a degrading hysteretic model in terms of force and displacement, i.e. Modified IbarraMedina-Krawinkler deterioration model. To specifically evaluate the effects of the higher
modes of vibration, the two models have different Rayleigh damping coefficients α and β. In
model F, all the relevant masses are concentrated in the center of the roof diaphragm. Such
mass is equal to 425 kN/g in the two horizontal directions and 287 kN/g in the vertical direction.

Figure 2: Main simplified models considered.

Figure 3: Schematic view of model E.
Note: the circles indicate the position of the masses in the modelled structure with OpenSees.
The number 110001 in the center indicates the degree of constraint of the diaphragm floor, i.e. blocked relative
displacements in the horizontal directions.
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3.1

Beam-to-column dowel connection

The connections between the principal beams and the columns are made by steel dowels
protruding from the column, inserted into holes in the beams and subsequently grouted. The
connections are designed with a shear action resulting from capacity design and a shear
strength resulting from the following formulation [39],[40],[41].

VRm = n    db2  f ym  f cm

(1)

In this formulation n represents the number of dowels, db the dowel diameter, fym the mean
value of yielding of the dowels, fcm is the concrete mean compression strength and α is a reduction factor [42],[43],[44]. For this case, fym is equal to 816 MPa, fcm is equal to 60 MPa.
The connections have been designed with a coefficient  equal to 1,6 according to [34] and
have been checked against failure with a more recent and conservative formulation provided
in the design guidelines of the Safecast project [45] with a coefficient  equal to 0.9.
The design process led to 2 steel dowels with 24 mm diameter for each joint.
The stiffness of beam-to-column dowel’s connection is calculated with the following formulation derived by Ferreira [46]:
1  n  Es    db4  tn3
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= =
 +
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Where subscript n indicates neoprene and g indicates grout. Yielding displacement is computed according to:

d y =   Fy

(3)

Where Fy is computed according to (1). The yield displacement of the connection for this
case study is equal to 2.8 mm.
In model E, as a result of the cyclic tests of Kremmyda [47], the capping displacement is
conservatively assumed equal to the diameter of the dowel, i.e. 24 mm, while the ultimate
displacement capacity equal to twice the diameter of the dowel (Figure 4). In model F the value of the capping displacement is equal to half the diameter of dowel, i.e. 12 mm, and the ultimate displacement is equal of 1.5 times, i.e. 36 mm. The yield displacement is the same.

Figure 4: Beam-to-column dowel’s connection in model E.

3.2

Seismic input

Non-linear dynamic analyses, i.e. time history analyses, are performed for ten different intensity motion (IM), with increasing intensity, from PGA equal to 0.011 g to 1.077 g. Each
IM has twenty records in both horizontal directions and it corresponds to a defined return pe-

186

M.E. Bressanelli, A. Belleri, P. Riva, G. Magliulo, D. Bellotti and B. Dal Lago

riod Tr (Table 1). The records were selected according to the conditional mean spectrum approach [48]. The value of the reference period was selected to be appropriate for the fundamental period of the considered structure (2.0 s).
Table 1: Intensity motion in the analyses.

Intensity motion
1
2
3
4
5
6
7
8
9
10
4

Tr [years]
10
50
100
250
500
1000
2500
5000
10000
100000

PGA [g]
0.011
0.026
0.049
0.080
0.124
0.184
0.27
0.379
0.572
1.077

DISCUSSION OF THE RESULTS

The results are analyzed in terms of both global response (Figure 5), i.e. roof maximum
displacement and rotation at the base of the columns, and local response (Figure 6), i.e. force
and displacement demand in the beam-to-column connections. For the global response, the
maximum displacement capacity is that corresponding to a 50% reduction of the shear at the
base of the column, obtained from a non-linear static analysis. While the maximum rotation
capacity at the column base is that corresponding to a post-peak reduction of 50% of the
bending moment. To evaluate the differences among the various models, the results are firstly
presented for one ground motion of IM 9, with PGA equal to 0.572 g. For the local response
in terms of shear force in the dowel connection, reference is made to its maximum shear capacity. For the evaluation in terms of relative displacement, the beam-to-column connection
capacity is defined by the displacement at a post-peak reduction of 50% of the maximum
shear in model E, while, in model F, this capacity is defined at a post-peak reduction of 20%.
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Figure 6: Demand/Capacity (D/C) local evaluation.

Figure 5: Demand/Capacity (D/C) global evaluation.

Comparing the models, in particular A with C and B with D, the lowering of the vertical
position of the zero-length element associated with the hinge connection leads to a decrease of
the shear span in the column with a consequent increase of the shear demand. Table 2 and Table 3 compare the main results between the models. It is possible to state that the global re-
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sponse is not influenced by the type of modeling conducted; indeed, the global response in
terms of displacement at the roof level does not show any difference between the models because the displacement is governed by the first mode of vibration. Instead, important differences are present in the local response.
Table 2: D/C global evaluation for GM1 with IM9.

Model
A
E
F

Dx: f(50%∙Vpushover)
36%
38%
40%

Dy: f(50%∙Vpushover)
77%
78%
73%

ϑ: f(50%∙Vmax)
67%
69%
63%

Table 3: D/C local evaluation for GM1 with IM9.

Model
A
E
F

Vconnection
145%
112%
99%

Vbase column
104%
125%
95%

Drel(α%∙Fmax)
Hinge model
66% (for α=50)
16% (for α=80)

It is interesting to note that in model A, the higher value of shear in the beam-to-column
connection is caused by the higher modes of vibration of the columns; if we remove the masses on the columns (i.e. the mass of the crane load) this effect vanishes. Similarly, the shear at
the base of the column in model E is higher than in model A for the effect of higher modes of
vibration associated with a low damping ratio. On the other end, lumping all the masses in
only one point in the roof center, as in model F, leads to lower shear values in the beam-tocolumn connections.
The following figures show the contribution of the higher modes of vibration: the 1st and
3rd modes are associated with global displacement in the horizontal directions, the 2nd mode is
associated with torsional motion of the structure, while the 4th mode is responsible of increasing loads in the connection particularly sensitive to the value of Rayleigh damping ratio.
To investigate the effects of higher modes of vibration, the difference between Rayleigh
damping proportional to the mass and stiffness matrices and to the sole mass matrix is analyzed. The damping ratio for the nth mode of the system in the case of Rayleigh damping is:

1 
+   wn 
2  wn


n =  

(5)

with α and β defined as:

 = 

2  w1  w3
2 
; =
w1 + w3
w1 + w3

(6) (7)

Where w1 and w3 are the circular frequencies of the elastic system relative to the first and
the third vibration modes, respectively. The damping curve is defined as a function of the period of the structure T and relative damping ξ (Figure 11).
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Figure 7: 1st mode of vibration of model A.

Figure 8: 2nd mode of vibration of model A.

Figure 9: 3rd mode of vibration of model A.

Figure 10: 4th mode of vibration of model A.

Figure 11: Rayleigh damping.

In the case of mass matrix proportional damping, for the first period, approximately equal
to 1.5 s (0.67 Hz), the relative damping is 5% (Figure 11). For higher vibration modes, for
example the 4th (14.72 Hz), the relative damping is very low (under 5‰). Therefore, considering the crane mass at the column corbel, a portion of the participating mass is in correspondence to higher vibration modes and it is subjected to very low damping values. In
addition, as in model A, the low rotational stiffness at the column base after the development
of a plastic hinge compared to the high axial stiffness of the beam leads to an uneven shear
distribution with higher values in the connection (Figure 12a). The increase of the shear in the
connection leads to evaluations in terms of shear worse than in terms of relative displacement.
In the case of hysteretic beam-to-column connections, once the connection yield, the shear
distribution along the column corresponds to Figure 12b.
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Figure 12. Distribution of internal actions after the development of the plastic hinges at the base of the columns as in model A (left side) and in the case of beam-to-column connections as in model F (right side).

The previous assessment in terms of global and local demand/capacity for one ground motion is now extended to all ground motions and all IM. Figure 13 shows the results in terms of
demand-capacity ratio (D/C) for model F; for each intensity motion, the results of the local
evaluation in terms of relative displacements of the beam-to-column connection are represented in gray, while the global evaluation in terms of maximum displacement at the top of the
column is represented in black. The results show collapses of some beam-to-column connections for PGA equal or larger than 0.27 g. When the seismic intensity increases, there are several collapses of the connections. The following figures (Figures 14-17) show the cumulative
distribution of the damage as function of IM. IM10, with PGA equal to 1.077 g, causes the
collapse of all the connections of this precast industrial building.
Relative displacement of the beam-to-column connection

Maximum displacement at the top of the column

Collapse of all beam-to-column connection for all GMs

IM10
IM9
IM8

IM7

Tr [years]

IM6
IM5
IM4

IM3
IM2
IM1

0

1

2

D/C
Figure 13: Demand/Capacity (D/C) for model F.

For low IM, both global and local assessments show a gradual increase in damage (Figure
13). The low dispersion of D/C results highlights a good accuracy of the results. While, for
high IM, i.e. for PGA values above 0.27 g, the results in terms of local assessments are more
scattered. For example, considering the IM9, the local evaluation shows results ranging from
a linear behavior of the beam-to-column connections to their failure.
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Figure 15: Evaluation of the IM4 of Model F.

1

0,6

40

Demand / Capacity (%)

Figure 14: Evaluation of the IM2 of Model F.
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Figure 16: Evaluation of the IM6 of Model F.
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Local evaluation of the connection (80% Fu)

Figure 17: Evaluation of the IM8 of Model F.

CONCLUSIONS

The present paper analyzed the influence of finite element modelling in the evaluation of
the collapse rate of precast industrial buildings, referring in particular to beam-to-column
connections. A single-story precast industrial building was selected as reference structure and
modelled in OpenSees with different assumptions, such as the distribution of the overhead
crane mass (i.e. equally distributed on each column corbel and with or without accounting for
the payload) and the beam-to-column connections (i.e. hinged or dowel connection), for a total of six models. Non-linear dynamic analyses with increasing intensity were carried out
(PGA ranging from 0.011 g to 1.077 g). The results showed that in model A (i.e. the model
with plastic hinges at the base of the columns, crane mass at corbel position and beam-tocolumn hinged connection at the top of the column) the effect of higher modes of vibration
causes a higher value of shear in the connections. Removing the masses of the crane load
makes this effect vanishing. In model E, where the dowel connections are explicitly modelled
in terms of force-displacement hysteretic curve, the shear at the base of the columns is higher
than in the model A, when mass proportional Rayleigh damping is selected. Besides, the lowering of the vertical position of the beam-to-column connection, for example in model C and
D, leads to an increase of the shear in the connections due to the decrease of the shear span.
For low levels of intensity motions, both global and local assessments show a gradual increase in damage; while, for higher values, the results in terms of local response are more
scattered.
The models of the precast building showed many collapses of beam-to-column connections
for medium and high intensity motions. In these numerical simulations, the collapse of the

191

M.E. Bressanelli, A. Belleri, P. Riva, G. Magliulo, D. Bellotti and B. Dal Lago

connections is considered as a global collapse of the structure. The analyses on the model F,
i.e. the most representative model for this precast structure, show collapses of several connections for PGA equal or higher than 0.27 g. For PGA greater than 1.077 g all the connections
fail. Despite capacity design was used for these connections, this result reflects a design formulation taken from an aged Italian co-normative document and a stricter check formulation
taken from a more recent Communitary design guideline report.
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Abstract
The performance of steel beam-to-column connections under a cyclic sinusoidal loading history was studied. The experimental part included a number of full-scale specimens having a
cross section of IPE240 or IPE300 and a height of 1.0m which were rigidly connected to a
much stiffer steel beam thus representing a steel beam-to-column connection. These specimens were tested to failure being subjected to a cyclic sinusoidal point load of continuously
increasing amplitude. Next, a numerical study is performed in an effort to simulate the observed behaviour of these steel beam-to-column connections and their response is presented
and discussed. Simple steel coupons were taken from these T-beam specimens after testing in
order to provide material test data for the numerical simulation of the steel beam-to-column
connection. The cross-section of these coupons was 6.2mm x 8.0mm and their height equal to
16.5mm. A number of such simple steel coupons were tested having as main variable the nature of the load (monotonic or cyclic) and the variation of the loading frequency. From the
observed behaviour it can be concluded that an increase in the strain rate results in an increase of the stress values beyond the yield. Next, a numerical study is performed in an effort
to simulate the observed behaviour of these simple steel coupons. It can be concluded that the
combined constitutive law can be quite successful in yielding realistic prediction of the cyclic
response provided the appropriate values for the parameters defining this constitutive law
from the experimental test data. Moreover using the option of the dynamic increase factor
(DIF) the numerical simulations are generically sensitive to the variation of the strain rate
effect.

Keywords: Steel beam-to-column connection, Simple steel coupons, cyclic response, Numerical Simulation, Comparison of measured and predicted response, strain rate effects
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1

INTRODUCTION

Steel frame structures are commonly used in seismic areas because of their excellence on
seismic resistance. This type of structures are usually composed of moment resistant frames
whereby the performance of beam-to-column connections are of particular importance especially when these structures are subjected to strong earthquake ground motions [1, 2, 5]. Usually these connections undergo large moment reversals during the earthquake excitation, thus
it is important to exhibit stable plastic flexural response in order to provide dissipative capability, without the development of undesired damage patterns, and in this way prevent any
kind of local or global instability. However, two recent earthquakes, in Northridge, California
1994 and Kobe Japan 1995, revealed the vulnerability of this type of construction. Premature
cracks were observed at welded connections of steel beam-to-column joints leading to brittle
failure without prior warning (obvious yielding) at the area around the weld. Such a failure
mode or the development of local buckling, when beam-to-column connections undergo lowcycle fatigue seismic-type of loading, is of particular research interest [3, 4, 9 and 18].
The fatigue life of steel beam-to-column joints depends on the amplitude of the imposed
loading cycles and the hysteretic behavior of the constituent material that is linked with the
amplitude and rate of the developing plastic strains. In order to investigate the fatigue life of
steel beam-to-column joints several fatigue testing investigations have been proposed leading
to tests that can be categorized in two groups. Testing regimes in which the elastic strain amplitude is higher than the plastic strain amplitude and testing regimes in which the plastic
strain dominates. The first type of tests is generally referred as high cycle fatigue (HCF) and
the second type of tests is named low cycle fatigue (LCF). At low cycle fatigue test and number of cycles to failure generally ranges from 102 to 104 cycles and this is usually employed
for testing the seismic performance of steel beam-to-column joints [6, 7, 8, 12, 13, 19].
In a previous investigation by Manos, Nalmpantidou and Anastasiadis ([16]) the performance of steel beam-to-column joints was studied first by examining steel beam-to-column
welded joint specimens at the laboratory subjecting them to cyclic seismic-type low-cycle fatigue loading and then by numerically simulating the observed performance of the same specimens. Similar studies have been performed in the past by other researchers. Despite the fact
that many similar experiments have been performed in the past [6, 8], this investigation provided at first hand all the information required for the numerical analyses. That is, the exact
geometric and material characteristics of the specimens as well as specific information on the
type of loading conditions and on the measured response. The numerical simulation was performed utilizing a commercial software package that is thought to be suitable to simulate the
observed response and the non-linearity that developed and included large plastic strains and
local instabilities.
One parameter that was found to be of significance in this investigation was the definition
of the material characteristic of the steel T-beam specimens that were investigated ([10], [14],
[16] and [18]). The T-beam specimens were tested under cyclic load with the frequency of
this loading being one of the variables that was studied. For this reason it was necessary to
study the material properties in light of the fact that the imposed cyclic loading was not of the
constant slow-rate monotonic type that usually characterizes the material properties of steel
structural elements. For this purpose the following experimental sequence was carried out.
From each of the tested steel T-beams a number of coupon samples were taken, as is described in section 2. These samples were tested in axial tension/compression under cyclic
loading with the frequency of the loading being one of the main variables. In addition, apart
from these samples being tested by cyclic load additional samples of the same T-beam specimens were tested applying the tension in a monotonic way. From all these tests results were
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obtained that shed some light on the influence of the nature of loading (cyclic or monotonic)
as well as on the frequency of this loading. The results have been used to develop cyclic hardening parameters and dynamic increase factors suitable for incorporation into numerical models in order to predict the material behavior of structural members subjected to cyclic loading
under several different frequencies. Summary results of this experimental sequence are presented and discussed in section 3. The numerical analysis of the observed performance is presented in section 4. The ABAQUS commercial software package was utilized for this purpose.
2

MATERIALS AND EXPERIMENTAL SETUP

The coupon samples for the tests aiming for the material characterization were taken by
removing parts of the flanges of the previously tested T-beam specimens as can been seen in
figures 1a and 1b. The testing of these T-beam specimens is described in the work by Manos
et al. (2015 [16]) and is not repeated here. These removed flange parts were from sections of
the T-beam specimens that were away from the plastic hinge locations, which developed during the T-beam tests ([16]).

Figure 1a. T-beam 9 specimen after the removal of
parts of the flanges.

Figure 1b. T-beam 10 specimen after the removal of
parts of the flanges.

Figure 2a. Coupon 6R1-6 (6.7mm x 6.7mm, ℓ =16mm)

Figure 2a. Coupon 6R1-5 (7.95mm x 7.80, ℓ =16mm)
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The coupons to be tested were formed by machining the parts removed from the flanges,
as shown in figures 2a and 2b. These coupons had a narrow central part of relatively small
cross section with a small length (ℓ =16mm) and it was this part that was designed to provide
the necessary information for the material characterization. Through the two larger parts,
which were provided with holes in order their attachment to the loading reaction frame to approximate pinned support conditions (see figures 2a, 2b, 3a and 3b), the coupon was attached
to the loading reaction frame. In figure 3b part of the reaction frame is also shown. At the top
and bottom of the coupon in figures 3a and 3b steel brackets are employed to attach the coupon sample using cylindrical pins. These brackets are in turn firmly attached to the reaction
loading frame. At the top bracket a load cell is also attached that monitors the variation of the
applied axial load.

Figure 3a. Coupon 6R1-5 (7.95mm x
7.80, ℓ =16mm)

Figure 4a. Coupon 9R1-2 (6.2mm
x 8.0mm, ℓ =16.5mm)

Figure 3b. Coupon 6R1-3

(8.3mm x 7.4mm, ℓ =16mm)

Figure 4b. Dimensions of the
coupon
Figure 4c. Dimensions of the coupon
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The cross section of the narrow part remained constant all along its 16mm length. Its dimensions (x, y) were accurately measured (figures 4b and 4c). Moreover, strain gauges were
attached at the middle of all the sides of this rectangular prismatic narrow part. These strain
gauges were placed in the longitudinal direction of this steel prismatic part in order to measure the variation of the axial strain that developed during the variation of the axial load. The
dimensions of the cross section of this narrow part combined with its length dictated almost
uniform tension / compression conditions prohibiting the development of any distortions from
local buckling, especially when large plastic strains developed in this narrow central part.
Through the readings of the strain gauges the eccentricity of the axial load application could
be checked and controlled.

3

OBSERVED PERFORMANCE AND CORRESPONDING MEASUREMENTS.

As already mentioned, one of the main variables of this investigation was the nature of
loading, being either cyclic or monotonic. The second variable was the frequency of the cyclic
loading or the rate that the monotonic loading was applied, as will be indicated in what follows.
3.1

Monotonic loading

In what follows a summary of results are presented obtained when the tested specimens
were subjected to monotonic axial tensile load. When these results are presented the code
name of the T-beam of their origin is indicated together with the characterization of the applied load in terms of loading rate (slow or fast). In figure 5a the axial stress versus axial
strain response is shown from two coupons taken from T-Beam 9R1; one of them was tested
with slow strain rate whereas the other one with fast strain rate. As can be seen from this figure, this variation of the strain rate during the monotonic application of the applied load resulted in a significant change in the yield stress value as well as in the plasticized part of the
response beyond the yield point. In figure 5b the axial stress versus axial strain response is
shown from two coupons both of them tested with slow strain rate; one of them was taken
from T-Beam 9R1 whereas the other one from T-beam 10R1. As can be seen from this figure
the obtained response from these two coupons is rather similar. In general, the increase of the
strain rate from slow to fast results in an increase in the yield stress as well as in the stress
values beyond the yield point.
Monotonic Tensile Tests Specimen 9R1-5,10R1-3
Axial Stress (Mpa)

Axial Stress (Mpa)

Monotonic Tensile Tests Specimen 9R1-5
450
400
350
300
250
200
150
100
50
0

E= 210GPa
9R1-5 Fast strain rate
9R1-5 Slow strain rate

0

2000

4000

6000

8000

10000

450
400
350
300
250
200
150
100
50
0

E= 210GPa
10R1-3 Slow strain rate
9R1-5 Slow strain rate

0

Axial Strain (microstrains)

5000

10000

15000

20000

Axial Strain (microstrains)

Figure 5a. Coupons taken from T-Beam 9R1 tested
with slow and fast strain rate

Figure 5b. Coupons taken from T-Beam 9R1 and Tbeam 10R1 both tested with slow strain rate
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3.2

Cyclic loading

In figure 6 the obtained axial stress versus axial strain response is shown as it was measured
from a coupon taken from T-beam 8R1 specimen and subjected to a number of cyclic loading
tests. The strain rate during all these tests was rather fast as it resulted from the application of
the axial tensile / compressive load from a sinusoidal variation having a frequency of 2.0Hz.
In figure 6a the cyclic response of a coupon taken from T-Beam 8R1 is shown. This response
resulted by applying the axial load in a sinusoidal way with a frequency of 2.0Hz thus producing a rather fast strain rate. In figure 6b the cyclic response of a coupon taken from T-Beam
9R1 is shown. This response resulted by applying the axial load in a sinusoidal way with a
frequency of 0.1Hz thus producing a moderately fast strain rate. In figure 7 the cyclic response of a coupon taken from T-Beam 6R1 is shown. This response resulted by applying the
axial load in a sinusoidal way with a frequency that is varying in the range from 0.01Hz till
1.0Hz. The response obtained during the test whereby the cyclic load was varied with a frequency equal to 0.01Hz is considered as a rather slow strain rate test whereas the one with a
frequency equal to 0.1Hz as a rather moderately fast strain rate test. Finally, the response obtained during the test whereby the cyclic load was varied with a frequency equal to 1.0Hz is
considered as a rather fast strain rate test.
Dynamic tension compression Specimen 9R1 - 1
7.9mmx8.0mm Test 6,7,8,9,10 0.1Hz

500

500

400

400

300

300

200
100
0
-12000

-8000

-4000

-100 0

4000

8000

12000

-200
-300
-400
-500
Axial Strain (microstrains)

E= 210GPa
Test 3
Test 4
Test 1
Test 5

Figure 6a. Cyclic response with axial load varying in a
sinusoidal way with a frequency of 2.0Hz.
Coupon taken from T-Beam 8R1 tested with a rather fast
strain rate

Axial Stress (Mpa)

Axial Stress (Mpa)

Dynamic tension compression Specimen 8R1 - 4
7.0mmx6.8mm Test 1,3,4,5 2.0Hz

200
100
0

-1000 -8000 -6000 -4000 -2000
-100 0
0
-200

2000 4000 6000 8000 10000

-300
-400
-500

Axial Strain (microstrains)

E= 210GPa
Test 6 0.1Hz
Test 7 0.1Hz
Test 8 0.1Hz
Test 9 0.1Hz
Test 10 0.1Hz

Figure 6b. Cyclic response with axial load varying in
a sinusoidal way with a frequency of 0.1Hz. Coupon
taken from T-Beam 9R1 tested with a moderately
fast strain rate

As can be seen from these figures (6a, 6b, and 7) the yield point can be hardly distinguished
from the obtained axial stress versus axial strain response. However, as can be seen in figure 7,
the variation of the strain rate during the cyclic application of the applied load resulted in a
significant change in the plasticized part of the response beyond yield as it was also observed
in figure 5a for the monotonic application of the load. It can be concluded from both figures
5a and 7 that the increase in the strain rate results in a noticeable increase both at the yield
stress as well as at the stress values beyond the yield point for strain values larger that the
yield strain.

201

A. Nalmpantidou, G.C. Manos

Dynamic tension compr. Sp. 6R1-1 0.1Hz
Sp. 6R1-2 1.0Hz Sp.6R1-3 2.0Hz Sp. 6R1-4 0.01Hz
400

Axial Stress (Mpa)

300
200
100
0
-1000 -8000 -6000 -4000 -2000
-100 0
0
-200

2000

4000

6000 8000 10000

-300

0.1Hz Test 11
E= 210GPa
1.0Hz Test 2
0.01Hz Test 5

-400
Axial Strain (microstrains)

Figure 7. Cyclic response when axial load is varying in a sinusoidal way with frequency values in the range from
0.01Hz to 1.0Hz. Coupons taken from T-Beam 6R1 tested with slow as well as with fast strain rate

In figure 8 the axial stress versus axial strain response is shown from four coupons; three of
them are taken from T-Beam 9R1 and one of them is taken from T-beam 10R1. Coupon 9R1
was tested with a cyclic loading frequency equal to 2.0Hz (Tests 1, 4, 5) producing a rather
fast strain rate. Two coupons from the same T-beam 9R1 were tested by applying the tensile
load in a monotonic way; on of them with a slow strain rate (INSTRON static 9R1-5) and the
other one with a fast strain rate (INSTRON quick 9R1-5). Finally, the fourth specimen was taken from T-beam 10R1 and was tested by applying monotonic load with a slow strain rate
(INSTRON static 10R1-3). The two main observations that were made before can also be seen
in this figure.
Dynamic tension compression Specimen 9R1 - 3 6.2mmx8.0mm
Test 1,4,5 2.0Hz and 10R1-3 Static INSTRON and 9R1-5 Static
INSTRON
500

Axial Stress (Mpa)

400
300
200
100

Axial Strain (microstrains)

0
-10000

-100 0

10000

20000

-200

30000

40000

50000

Test 1 2Hz 9R1
Test 4 2Hz 9R1
Test 5 2Hz 9R1
INSTRON static 10R1-3

-300
-400
-500

INSTRON static 9R1-5
INSTRON quick 9R1-5

Figure 8. Monotonic / cyclic axial stress - strain response. The cyclic axial load is varying in a sinusoidal way
with frequency value equal to 2.0Hz (T-beam 9R1). Monotonic response from coupons taken from T-Beam 9R1
and 10R1 tested either with slow or with fast strain rate
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From the above observed performance it can again be concluded that,
a) An increase in the strain rate during the monotonic application of the load resulted in an
increase in the yield stress value as well as in the stress values of the plasticized part of the
response beyond the yield point.
b) The observed axial stress versus axial strain response from different coupons subjected
to the same slow strain rate monotonic load is quite similar.
c) The application of the cyclic load with slow, moderately fast or rather fast strain rate
resulted in axial stress versus axial strain response whereby the yield point is hardly distinguishable. Thus the strain rate effect can be clearly seen.
d) The application of the cyclic load with slow, moderately fast or rather fast strain rate
resulted in axial stress versus axial strain response that has stress values beyond the yield
point that exhibit a noticeable increase with the increase in the strain rate.
e) From the limited results presented here the effect of the cyclic nature of the loading results in a more pronounced increase of the stress values with the increase in the strain rate
than when the load is applied in a monotonic way.
4
4.1

NUMERICAL SIMULATION OF THE TENSION AND CYCLIC TESTS
Numerical modeling.

As mentioned in section 2 simple specimens having the shape of an orthogonal prism were
taken from the flanges and were applied to monotonic tension or / and to cyclic tensile / compressive load with a sinusoidal time variation having a given amplitude and frequency. A
number of such simple specimens were tested and their results are presented and discussed in
section 3 having as main variable the variation of the loading frequency and the nature of the
loading (monotonic or cyclic). In order to simulate numerically the behavior of these specimens a numerical study was performed utilizing the commercial software package ABAQUS
[11].
The orthogonal prism of the experimental sequence (figure 9a), which was represented
through the finite element 2-D mesh, is shown in figures 9b. The prism was considered to be
represented with absolute fixity conditions in the numerical simulation on the top side whereas on the bottom side either the monotonic or the cyclic load was applied. The other two sides
were left unconstrained. However, the rigid body in-plane as well as the out-of-plane horizontal displacement response was also constrained.
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Top boundary that was constrained

Part of the
coupon
which was
numerically
simulated

Bottom boundary where either the monotonic or the cyclic load was applied

Figure 9a. The tested coupon and the orthogonal steel
prism which was numerically simulated, as shown in
figure 9b (see also figures 4a, 4b and 4c )

Figure 9b. The ABAQUS numerical simulation of the
orthogonal steel prism of the tested coupon (see figure
9a and figures 4a, 4b and 4c)

In order to simulate the variation of the load in time as either fast or slow monotonic load
or as cyclic load with varying sinusoidal cyclic frequency, the displacement control option
was utilized whereby an imposed displacement was defined as a function of time and displacement amplitude. Dynamic implicit analyses were in-order for this software to take into
account the different load frequencies. Following the load variation that was applied during
testing the numerical analyses were also performed with monotonic load (with either slow or
fast strain rate) and with cyclic load (again with either slow, moderate or fast strain rate). The
imposed displacement variation was introduced to the software in tabular form identical with
the one that was applied to the corresponding specimen during the experimental sequence.
The adopted discretization scheme (figure 9b) is believed to be considerably fine in an effort
to capture numerically the observed behavior.
4.2

Material modeling

In the framework of the numerical investigation a parametric study was conducted that focused on the way the steel material properties were introduced in the numerical simulation.
Two different approaches were tried. According to the first approach the measured tensile
steel properties were modified accordingly in order to be introduced in the numerical simulation through the ABAQUS combined hardening material constitutive law whereas in the second approach the measured properties were introduced in the numerical simulation through
the ABAQUS isotropic hardening constitutive law. Furthermore in both cases different yield
stress ratios for different strain rates were taken into account. There are several ways in this
commercial software package [11] to define a combined hardening material constitutive law
in order to capture the cyclic response of a specimen. The evolution law of this model consists
of two components: a nonlinear kinematic hardening component, which describes the translation of the yield surface in stress space through the backstress, and an isotropic hardening
component, which describes the change of the equivalent stress defining the size of the yield
surface, as a function of plastic deformation [11]. In this study the combined hardening constitutive law is defined through the values that are given to certain relevant parameters. For
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the nonlinear kinematic hardening component these parameters are a) σ0, the yield stress at
zero equivalent plastic strain, b) Ck and γk (material constants that can be calibrated from test
data) and for the isotropic hardening model these parameters are c) σo, equivalent yield stress,
d) Q∞ and biso (material constants that can be calibrated from test data). Values for these parameters were calculated from the test data that were obtained from the experimental process
from the tests of steel samples and were utilized in the parametric study that was performed in
the present work. The nonlinear kinematic hardening component of the model defines the
change of backstress α and is given by Equation (1). All stress strain data are taken from a
stabilized cycle from the test data.
αk= Ck / γk (1 - e-γk εpl) + αk,1 eγk εpl

(1)

The isotropic component defines the change of the size of the yield surface σo as a function of
equivalent plastic strain εp and is given by Equation (2).
σo = σI0 + Q∞ (1 - ebiso εp)

(2)

The second material constitutive material law that was employed through this commercial
software [11] is denoted as isotropic hardening together with an option to account for different strain rates. The isotropic hardening constitutive law was defined by true stress-true strain
data from the monotonic axial tension test of specimen 9R1-5 with slow strain rate (figure 8).
Abaqus allows the specification of strain rates effects with the option of rate dependent data at
combined and isotropic hardening constitutive law. In order to define the strain rate effect the
use of a dynamic increase factor (DIF) was utilized based on the work of Malvar and Crawford [15]. Values for DIF were calculate and introduced as input in tabular form in terms of a
ratio of the yield stress versus the equivalent plastic strain rate to be used in the particular case
being analyzed. The work of Malvar and Crawford [15] is based on numerous experimental
data from a literature review on the effects of strain rates on the properties of steel reinforcing
bars for reinforced concrete structural elements. The dynamic increase factor (DIF) is the amplification by DIF of the value a certain mechanical property (yield stress or maximum stress)
has under low strain rate loading conditions (static) to another condition whereby because of
the nature of loading (dynamic) the strain rate has a larger value than before. A relationship is
proposed by Malvar and Crawford ([15]) that a DIF value can be derived for a given strain
rate increase and thus evaluate through this DIF the corresponding for this increased strain
rate amplified yield and ultimate stress values. This formulation is valid for bars with yield
stresses between 290 and 710 MPa and for strain rates between 10-4 sec-1 and 225 sec-1. Figure
10 depicts the variation of DIF with the variation of the strain rate. This approach was presently followed use as reference control properties the yield stress found for the slow rate
monotonic axial tension test with coupon 9R1-5 (see figure 8).
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Figure 10. Dynamic increase factor which have been considered for the numerical investigation

4.3

Numerical results for monotonic axial tensile load cases

Figure 11 shows the axial stress – axial strain monotonic tensile response obtained from
the numerical analysis of coupon 9R1-5 and 10-3 loaded under slow strain rate conditions
(duration of loading 700 seconds) and coupon 9R-5 loaded under fast strain rate conditions
(duration of loading 2.5 seconds). The constitutive law in both analyses is that of the isotropic
hardening.

500
450
400
350
300
250
200
150
100
50
0

Monotonic Tensile Tests Specimen 9R1-5,10R-3 and
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Figure 11a. Numerical axial stress-strain response with
isotropic hardening and DIF for coupons 9R1-5 subjected to either slow or fast strain rate monotonic load.

10000
20000
30000
Axial Strain (microstrains)

40000

Figure 11b. Numerical axial stress-strain response with
isotropic hardening and DIF for coupons 9R1-5 and
10R1-3 subjected to either slow or fast strain rate monotonic load.

As can be seen, the numerical simulation is quite sensitive to the effect of the strain rate
variation. Moreover, the numerical response agrees quite well with the observed response for
strain values smaller than 6000 micro-strains. The same comparison is included in figure 11b
this time for strain values up to 40000 micro-strains. In figure 11b the observed behaviour of
coupon 10R1-3 is also included. Again it can be seen that the numerical simulation including
the isotropic hardening with the DIF option is sensitive to the strain rate variation. In the case
of the slow strain rate there is a certain discrepancy between predicted and observed stress
values for strains larger than 10000 micro-strains and smaller than 20000 micro-strains. Similarly, in the case of the fast strain rate there is again a certain discrepancy between predicted
and observed stress values for strains larger than 6000 micro-strains and smaller than 25000
micro-strains.
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In figure 12a depicts the axial stress-strain numerical response employing combined
hardening constitutive low together with the DIF options for coupons 9R1-5 submitted to
monotonic tension load with slow strain rate conditions (duration of loading 700 seconds) and
with fast strain rate conditions (duration of loading 2.5sec). The material parameters that were
calculated from test data and were used to define the combined hardening constitutive law
with cycling hardening are σο=200Mpa, Ck=28300, γk=250, Q∞=81, biso=6.5. The same comparison is included in figure 12b this time for strain values up to 40000 micro-strains. As
indicated in both figures 12a and 12b there is no good agreement between numerical
simulation and measured response. The reason for that could be that the kinematic hardening
models which includes the combined hardening are provided in Abaqus to model the cyclic
loading of metals and not monotonic tensile tests. From both graphs it can be easily seen that
the software package ABAQUS takes the yield point at 200Mpa for the slow strain rate tension test (duration of loading 700 sec) which is the same value of the yield stress at zero
equivalent plastic strain from a stabilised cycle σο=200Mpa which was taken into account
from the test data of the cycling loading. Further more the numerical simulation is quite sensitive to the effect of the strain rate variation as can be seen. The yield and ultimate stress
increase when the specimen is subjected from slow loading which corresponds to a slow
strain rate to a fast loading which corresponds to a fast strain rate.

Figure 12a. Monotonic axial tension numerical simulation with combined hardening constitutive law for coupon 9R1-5 for strain values up to 10000 microstrains.

4.4

Figure 12b. Monotonic axial tension numerical simulation
with combined hardening constitutive law for coupon
9R1-5 for strain values up to 40000 microstrains.

Numerical results for cyclic axial tension / compression load cases

In this section the same approach that was tried in section 4.3 for the monotonic load cases
is applied here for the cyclic load cases. Figure 13 depicts the axial stress-strain numerical
response employing isotropic hardening constitutive low together with the DIF options for
coupons 9R1-5 submitted to cyclic tension / compression load resulting in a fast strain rate
condition (variation in time of the sinusoidal cyclic load equal to 2.0Hz). As can be seen in
this figure, the numerical predictions overestimate both the observed yield and strength values.
Moreover, the predicted hysteretic loops are rather of a square than of an elliptical shape that
is exhibited by the measured hysteretic response.
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Figure 13. Axial stress-strain numerical response employing isotropic hardening constitutive low together
with the DIF options for coupons 9R1-5 submitted to cyclic tension / compression load resulting in a fast strain
rate condition

Figures 14a and 14b depict the axial stress-strain numerical response employing combined
hardening constitutive low with cyclic hardening together with the DIF options for coupons
9R1-5 submitted to cyclic tension / compression load resulting in a moderately fast strain rate
condition (variation in time of the sinusoidal cyclic load equal to 0.1Hz) and in a fast strain
rate condition (variation in time of the sinusoidal cyclic load equal to 2.0Hz). As indicated in
the figures below a reasonably good agreement between numerical predictions and measured
response was achieved for values of the parameters σο=200Mpa, Ck=28300, γk=250, Q∞=81,
biso=6.5 for a cyclic load equal to 0.1Hz and a cyclic load equal to 2.0Hz. The values of these
parameters are the same as the ones employed in the numerical simulation of the monotonic
case of figure 12a and 12b. This good agreement applies both to the measured and predicted
yield and ultimate stress values as well as to the shape of the hysteretic loops.
From the numerical study it can again be concluded that the combined constitutive law with
the right calculated parameters from the test data (such as σ0, the yield stress at zero equivalent plastic strain, and C1 and γ the material constants) is quite successful in yielding realistic
prediction of the cyclic response and with the option of the DIF it is also sensitive to the strain
rate effect so it is reasonable to believe that it would also be successful in simulating the
behaviour of more complex structural elements with a variety of loading introducing different
strain rate conditions.
On the contrary, the numerical predictions employing the isotropic hardening constitutive law
do not achieve the same degree of agreement with the observed behaviour, especially when
the comparison is made on the cyclic response results. However, this type of numerical
simulation including the isotropic hardening constitutive law is sensitive to the variation of
the strain rate effect through the option of the dynamic increase factor (DIF).
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Figure 14a. Numerical axial stress strain response
employing combined hardening constitutive law for
coupons 9R1-1 submitted to cyclic tension/compression load resulting in a moderately fast strain rate

5

Figure 14b. Numerical axial stress strain response
employing combined hardening constitutive law for
coupons 9R1-1 submitted to cyclic tension/compression load resulting in a fast strain rate

CONCLUSIONS
-

-

-

An extensive experimental sequence was conducted testing relatively small dimension
coupons to axial monotonic or cyclic loading with a variety of strain rate conditions.
These coupons were formed from steel parts taken from the flanges of T-beam steel
section that were previously tested to destruction by cyclic seismic-type loading. The
current study is an extension of the previous research in an effort to first quantify the
strain rate effect in a controlled way and next to be able to effectively simulated utilizing existing numerical tools. From the current investigation the following findings
could be stated.
An increase in the strain rate during the monotonic application of the load resulted in
an increase in the yield stress value as well as in the stress values of the plasticized
part of the response beyond the yield point.
The application of the cyclic load with slow, moderately fast or rather fast strain rate
resulted in axial stress versus axial strain response whereby the yield point is hardly
distinguishable. Thus the strain rate effect can be clearly seen.
The application of the cyclic load with slow, moderately fast or rather fast strain rate
resulted in axial stress versus axial strain response that has stress values beyond the
yield point that exhibit a noticeable increase with the increase in the strain rate.
From the subsequent numerical study it can be concluded that the combined constitutive law is quite successful in yielding realistic prediction of the cyclic response but
not of the monotonic tensile response; the appropriate values of the parameters defining this constitutive law (such as σ0, the yield stress at zero equivalent plastic strain,
Ck, γk, Q∞ and biso the material constants) must be calibrated from test data. In this case,
the numerical simulation employing the same material constitutive law with DIF is
reasonable to believe that it would also be successful in simulating the behaviour of
more complex structural elements for loading introducing a variety of strain rate conditions.
On the contrary, the numerical predictions employing the isotropic hardening constitutive law do not achieve the same degree of agreement with the observed behaviour,
especially when the comparison is made on the cyclic response results. However, this
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-

type of numerical simulation including the isotropic hardening constitutive law is sensitive to the variation of the strain rate effect through the option of the dynamic increase factor (DIF).
Both the experimental and the numerical part of this study are still under way; thus the
above conclusions should be considered as preliminary.
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Abstract
This paper presents the experimental and numerical investigation of steel sections of storage
systems under compressive loading according to EN15512 Standards. This investigation was
carried out at the Laboratory of Strength of Materials of Aristotle University of Thessaloniki
The experimental part included a number of full-scale specimens of single columns and typical frames which are used in storage systems. This typical frame unit consist two columns
joined together by diagonal bracing. These specimens were tested to failure being subjected
to a vertically compressive point load. It can be concluded that in these cases the numerical
simulation is quite successful in predicting the axial compressive capacity of the named Omega sections for single columns.The beneficial presence of the bolts and spacers is recognized
by the numerical simulation, as can be seen by comparing the predicted axial compressive
load capacity without and with bolts and spacers. When the column is provided with bolts and
spacers in closer distances it results in an increase of the numerically predicted axial compressive load bearing capacity. .The corresponding buckling modes, which are predicted by
the numerical simulations bear a certain degree of resemblance with the observed during
testing buckling modes.

Keywords: Steel storage systems, Failure Tests, Bearing capacity, Buckling modes, Numerical Simulation.
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1

INTRODUCTION

Racking systems are load bearing structures for the storage and retrieval of goods in warehouses for goods that are to be stored generally on pallets or in box-containers. In addition to
the Eurocodes there are requirements included in EN Standards for racking and shelving, because of the differences in shape of structural components, detailing and connection type's in
order to have reliable state of the art guidance for the practicing designer involved in designing racking [1].
This paper presents the experimental and numerical investigation of steel sections of storage systems under compressive loading according to EN15512 Standards [1]. This investigation was carried out at the Laboratory of Strength of Materials of Aristotle University of
Thessaloniki. A numerical study is also performed in an effort to simulate the observed behaviour of the single columns and the typical storage systems frames. The loading arrangement as well as the observed behaviour in terms of load bearing capacity and failure modes is
presented and discussed.
2

EXPERIMENTAL SETUP OF OMEGA COLUMNS

An experimental investigation of steel sections of storage systems under compressive loading according to EN15512 Standards was carried out at the Laboratory of Strength of Materials of Aristotle University of Thessaloniki. The experimental part included a number of fullscale specimens of single columns and typical frames which are used in storage steel sections
of storage systems. Seven different thin walled Omega shaped sections in five different
heights were tested. Below in table 1 there is a summary of all cross sections and their heights
that were studied.
Table 1: Omega cross sections and their heights
Type of Omega sections
Omega 60
Height of tested
specimens (mm)

270
720
1440
2160

Omega
Omega
Omega 90
60x
90x
270
270
270
720
1440
2160

720
1440
2160

Omega 120

Omega
120x

Omega 150

360
720
1440
2160

360
720
1440
2160

360
720
1440
2160

720
1440
2160

Figure 1: Omega cross sections
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All Omega samples were cut in size before testing. A special steel base was prepared in
order to support the specimens exactly at vertical orientation according to the testing requirements described for this purpose in EN15512. Figure 1 and figure 2 show the cross sections
of the Omega test specimens. The center of gravity for each section is also indicated in these
figures. The axial load was imposed for each specimen during testing at the center of gravity,
as provided by the relevant standard EN 15512. For each cross section and each height three
tests were tested in accordance with EN 15512 (three samples per section).

Figure 2: Omega x cross sections

Figure 3: Experimental set-up

3

OBSERVED PERFORMANCE AND CORRESPONDING MEASURMENTS

Two groups of experiments with Omega section specimens were performed representing
single columns of a storage system. The first group included columns without bolts and spacers and the second one with bolts and spacers in a distance of 720 mm or 1440 mm. The col-
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umns were named after the relevant cross section and the height of the specimen. The specimens that included bolts and spacers include in their code name a relevant indication of the
spacing. Selective results of the bearing capacity and the mode of failure of the tested specimens are presented and discussed. These experimental results provide the basis for a comparison with the corresponding numerical predictions of the performance of the tested specimens
as obtained by a subsequent numerical simulation (section 4).
Figure 3 depicts the experimental set-up. After placing each specimen in the testing machine, with its longitudinal axis having an exact vertical orientation, the axial load was applied at exactly the center of gravity of each cross-section employing a special fixture
ensuring that the axis of the applied load coincided with the longitudinal axis of each specimen through its center of gravity. During each test the applied axial load was continually recorded, utilizing a load-cell at the bottom of the specimen, together with the deformation of the
specimen in the vertical direction, utilizing two displacement transducers in the longitudinal
direction, as it is shown in figure 3. The failure mode was also recorded by photographic
means (see figure 3).
Table 2 lists the bearing capacity in terms of average maximum axial load, recorded during
testing prior to failure. The experimental setup and the failure modes for the five different
column specimens listed in table 2 can also be seen in figures 3, 4, 5, 6, 14 and 15.
Table 2: Results of the tests of Omega sections tested according to EN15512
Code name of section

Average max Load (ΚΝ)

60X.270

Number of tested specimens
Three (3)

120.720

Three (3)

96.45

90.1440

Three (3)

57.20

90.1440.S/720

Three (3)

68.28

90.2160.S/720

Three (3)

53.43

101.37

Figure 4: Experimental setup and failure mode of Omega 60x.270
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Figure 5: Experimental setup and response of Omega 120.720

Figure 6: Experimental setup and response of Omega 90.1440
4

NUMERICAL SIMULATION

In order to simulate numerically the behavior of the tested Omega section specimens a numerical study was performed utilizing the commercial software package ABAQUS [2].
The Omega steel sections of the experimental sequence (figures 3, 4, 5 and 6) were numerically simulated in the 3-D space employing shell elements as shown in figures 7, 8 and 9.
The points of the very bottom section of each specimen were assumed to be fully constrained
representing absolute fixity conditions. On the contrary, the points of the very top side, where
the monotonic compressive load was applied, were constrained only along the two horizontal
out-of-plane directions.
The numerical analysis was carried out using the static riks method of the Abaqus software.
Each numerical model was a very close representation of the tested specimens in terms of geometric details. The numerical analysis included the inelastic behavior of the material of the
specimens through the ABAQUS isotropic hardening constitutive law by means of a table of
true stress - true strains ([3], [4], [5]). The relevant values of this constitutive material load
were introduced based on relevant axial tension experiments of coupons performed in the laboratory of Experimental Strength of Materials and Structures of Aristotle University of
Thessaloniki [5].
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The analysis of the compressive strength, in relation to the displacement and the deformation of the columns, was done in the numerical analysis by the static riks method, in which
the initial compressive force and a limit of incremental steps are introduced into the program.
The program considers the compressive strength as an extra unknown and computes the compressive force at the same time as the displacement. This method is used to predict an unstable,
geometric non-linear collapse of the structure and provides information on the plasticbuckling behaviour.
Table 3: Omega cross sections studied with Abaqus
Type of Omega sections
Omega 60

Height
(mm)

270
360
720
1080
1440
1800
2160
2520

Omega
60x
270
360
720
1080
1440
1800
2160
2520

Omega 90
270
360
720
1080
1440
1800
2160
2520

Omega
90x
270
360
720
1080
1440
1800
2160
2520

Omega
120
270
360
720
1080
1440
1800
2160
2520

Omega
120x
270
360
720
1080
1440
1800
2160
2520

Omega
150
270
360
720
1080
1440
1800
2160
2520

Table 4: Omega cross sections studied with Abaqus
Code name of
section
(1)

Numerically Predicted
max. axial load (KN)
(2)

Measured average maximum axial load (ΚΝ)
(3)

Ratio of Measured over
predicted max load
(4)

60X.270

100.56

101.37

1.008

120.720

100.33

96.45

0.961

90.1440

64.50

57.20

0.887

90.1440.S/720

68.73

68.28

0.993

90.2160.S/720

61.26

53.43

0.872

Table 4 (column 3) presents a comparison between the measured axial compressive capacity
of the tested Omega sections with the corresponding numerical predictions (Table 4, column
2). In column 4 of this table the ratio of the measured over the numerically predicted axial
compressive capacity of the tested sections is also listed. As can be seen these ratio values
range between 0.872 (the minimum ratio value) to 1.008 (the maximum ratio value). A ratio
value equal to 1 denotes a perfect agreement between the measurements and the numerical
predictions. As can be seen in column 4 of this table the ratio values for tested Omega sections 60X.270, 120.720 and 90.1440.S/720 are quite close to 1. Consequently, it can be concluded that in these cases the numerical simulation is quite successful in predicting the axial
compressive capacity of the named Omega sections. For the remaining 90.1440 and
90.2160.S/720 Omega sections this ratio value is equal to 0.887 and 0.872, respectively. This
means that the predicted by the numerical simulation axial compressive capacity overestimates by approximately 13% the measured response.
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Figure 7: Observed and numerically predicted buckling mode for Omega 60.270 section

Figure 8: Observed and numerically predicted buckling mode for Omega 120.720 section

Figure 10: Observed buckling mode for Omega 90.1440 section
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In figures 7, 8, 9 and 10 the numerically predicted buckling modes are depicted together with
the observed performance of the tested 60.270, 120.720 and 90.1440 Omega sections. As can
be seen in these figures the numerically predicted buckling modes resemble up to a point the
observed performance during the laboratory tests. Therefore, based on these comparisons of
the predicted axial compressive capacity and the buckling mode with the corresponding observed performance it can be concluded that a reasonable approximation of the observed response can be reached with the described numerical simulation.

Figure 9: Numerical simulation of the buckling mode for Omega 90.1440 section

5

EXPERIMENTAL SET-UP SUBJECTING A STORAGE FRAME UNIT TO
AXIAL COMPRESSION

An experimental investigation of a typical storage frame was carried out at the Laboratory
of Strength of Materials of Aristotle University of Thessaloniki. This unit consist two columns joined together by diagonal bracing. The two columns of Omega cross sections with a
height of 2.155m are joined with four diagonals. Each diagonal is of c-cross sections having a
length of 1.22m (figures 11, 12 and 13). Near the top of this frame the two columns are with
an additional horizontal brace also of a c-cross section and a length 0.98m. The braces are
connected to the columns with M8 bolts and spacers. Furthermore every 360mm along the
height of each column bolts and spacers have been placed at the columns (figures 11). The
frame is subjected to axial vertical compression and was tested to failure. The compressive
load was applied through a hydraulic jack, which was placed below the bottom support of the
specimen which was formed by a stiff steel beam, together with a load cell. The top of the
two columns were also supported by a steel beam, which is part of a reaction frame (see figures 11). Displacement transducers were attached to the specimen in order to measure the total vertical shortening (denoted as positive vertical displacement) as well as the horizontal
out-of-plane displacements.
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North

South

Upper
Level
Upper
Level

Lower
Level

Lower
Level

Compressive
Load

Load

Figure 11. Tested storage frame specimen 90-3

Figure 12. Buckling mode of tested storage frame specimen 90-3
The horizontal transducers were attached in a way to record the horizontal out-of-plane
displacement of the North and South column (see figure 11) of the tested frame at two horizontal planes; one horizontal plane, denoted as upper level in figure 11, was going through a
horizontal cross-section of the specimen located approximately 582mm from the top of the
specimen whereas the second horizontal plane, denoted as lower level in figure 11, was going
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through a horizontal cross-section of the specimen located approximately 853mm from the
bottom of the specimen.
Compressive test-3 of storage Frame 90-3
Total Compressive Load (kN)

140

Max Load = 120.81KN
120
100
80
60

Vertical Shortening
Out-of-plane level up
Out-of-plane level down
Average Out-of-plane

-40

-30

-20

40
20
0

-10

0

10

Hor. and Ver. Displacements (mm)

Figure 13: Load – Displacement Graph of Buckling Test -3 from Frame 90-3
Compressive test-3 of storage Frame 90-3

Total Comressive Load (kN)

140

Average rotation Positive clockwise

120

Roation level up Positive clockwise

100

Roation level down Positive clockwise

80
60
40
20

Max Load = 120.81KN

0
-0.6 -0.4 -0.2

0

0.2

0.4

0.6

0.8

1

1.2

1.4

1.6

1.8

2

Roation (deg)

Figure 14: Load – Rotation Graph of Buckling Test - 3 from Frame 90-3
The measured load-deformation response of the specimen is depicted in figures 13 and 14.
As can be seen in figure 13 when the maximum compressive load is reached the vertical
shortening and the horizontal out-of-plane displacements of the specimen have a relatively
small amplitude (approximately of the order of 4-5mm). However, next the bucking mode
starts developing that is characterized by a sudden decrease in the axial load bearing capacity
accompanied by a significant decrease of the horizontal out-of-plane displacements. These
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displacements were approximately the same during the loading of the specimen up to the
maximum load with small differences between the North and South column or the upper and
lower level. However, during the development of the buckling mode and the dramatic decrease of the axial compressive load bearing capacity the out-of-plane response is not any
more uniform between the North and South columns of the storage frame. This is depicted in
figure 14 in terms of rotational response of a horizontal cross-section that goes through either
the upper or the lower horizontal levels. The bucking mode is depicted in figures 11 and 12.
6

NUMERICAL SIMULATION OF A STORAGE FRAME UNIT BEING
SUBJECTED TO AXIAL COMPRESSION

Next, a numerical study is performed in an effort to simulate the observed behaviour of the
typical storage frame specimens. As mentioned in section 5 a typical frame consisting of two
Omega columns and diagonal bracings. In order to simulate numerically the behavior of this
typical storage frame a numerical study was performed utilizing the commercial software
package ABAQUS [2].
Initially, the numerical simulation of the behaviour of single columns to axial compressive
load, according to EN15512 Standards, was performed. These columns are of the same cross
section (Omega 90) and height (2160mm) as the columns of the tested frame, shown in section 5. Three different numerical simulations are studied; in the first the column is simulated
without any bolts or spacers, whereas in the second two bolts and spacers are also included
with a distance between the equal to 720mm. In the third numerical simulation the bolts and
spacers are located every 360mm intervals along the height, as was in the storage frame specimen, which was also provided with the diagonal bracing. The same loading and support conditions used in the experimental setup, as mentioned in sections 2, 3 and 4 were applied here.
Table 5: Numerically predicted axial load capacity of a single column of height 2160mm with Omega
90 cross-section.
Details of numerically simulated
columns
(1)

Numerically Predicted max. axial load
(KN)
(2)

50% of the Measured
maximum axial load of
the tested frame (ΚΝ)
(3)

Ratio of Measured over
predicted max load

Column without
bolts and spacers
Column with bolts
and spacers at
720mm interval
Column with bolts
and spacers at
360mm interval

56.82

60.40

1.063

60.40

1.01

60.40

0.986

59.81

61.26

(4)

The axial compressive load capacity predicted by these three numerical models is listed in
table 5. The numerical predictions are compared in this table with ½ of the corresponding
maximum load value measured during testing of the storage frame having two such columns,
as explained in section 5. As can be seen by this comparison (ratio values in column 4 of table
5) reasonably good agreement can be reached between numerical predictions and experimental capacity value. The beneficial presence of the bolts and spacers is recognized by the
numerical simulation, as can be seen by comparing the predicted axial compressive load ca-
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pacity without and with bolts and spacers. When the column is provided with bolts and spacers in closer distances it results in an increase of the numerically predicted axial compressive
load bearing capacity. The corresponding buckling modes, which are predicted by each one of
these three numerical simulations, are depicted in figure 15. As can be seen by comparing
these predicted buckling modes with the one recorded during testing of storage frame 90-3
(figure12), a certain degree of resemblance can be observed.
Column without bolts and spacers

Column with bolts and spacers Column with bolts and spacers
Every 360mm intervals
Every 720mm intervals

Figure 15: Numerically predicted buckling modes for numerical simulation of single columns
with a height of 2160mm built with section Omega 90
Next stage of this investigation is the numerical simulation of the full storage frame structure, shown in figure 16. The results of the numerical simulation so far are promising for this
more complex numerical simulation effort.

Figure 16: Numerical simulation of storage frame 90-3 specimen
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7

CONCLUSIONS
1. The behaviour of steel sections used in forming frame structures used for storage of
various products is being investigated with prototype specimens of such sections being
subjected to axial compression according to the provisions of EN-15512.
2. A number of such specimens of various heights has been tested to failure measuring
the axial load capacity and recording the buckling mode of failure. Apart from the
height as a parameter the presence or absence of bolts and spacers was part of the parametric study. A subsequent numerical investigation with numerical models replicating all the geometric and structural details as well as the loading and support
conditions of the experimental sequence was also carried out.
3. It can be concluded that in these cases the numerical simulation is quite successful in
predicting the axial compressive capacity of the named Omega sections for single columns.
4. The beneficial presence of the bolts and spacers is recognized by the numerical simulation, as can be seen by comparing the predicted axial compressive load capacity
without and with bolts and spacers. When the column is provided with bolts and spacers in closer distances it results in an increase of the numerically predicted axial compressive load bearing capacity.
5. The corresponding buckling modes, which are predicted by the numerical simulations
bear a certain degree of resemblance with the observed during testing buckling modes.

8
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Abstract
The behaviour of R/C beam-to-columns joints is studied here. For this purpose, a 1:3 scaled
specimen is constructed and tested. Apart from the observations of this R/C joint behaviour
based on the laboratory measurements this R/C subassembly was numerically simulated.
These numerical simulations employed all the geometric and mechanical characteristics of
the tested specimen. In all these specimens the reinforcing details prohibited the appearance
of shear failure modes. Therefore, this study focuses on the flexural response and the numerical simulation of the bending mode of failure at either the columns or the beams forming each
sub-assembly. Towards this objective the features of commercial software were utilized. The
observed behaviour is portrayed in terms of horizontal load versus horizontal displacement
cyclic response as well as bending moment cyclic response that develops et the beams and
columns forming this RC joint. These bending moment values are compared with the corresponding ultimate bending moment values derived from the relevant cross-sectional detailing as well as from the measured concrete and steel material properties. From this comparison the observed cracking of the beams near the RC joint can be explained. The used 2-D and
3-D numerical simulations of the tested RC joint were successful up to a point to represent the
observed flexural non-linear response of this RC structural sub-assembly. The used 3-D numerical simulation, although more complex than the corresponding 2-D numerical simulation, produces numerical predictions that are in better agreement with the observed maximum
horizontal load and therefore ultimate bending moment capacity. By comparing the numerical results with the corresponding experimental measurements the validity of the employed
numerical simulation is validated.
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1

INTRODUCTION

The behavior of RC beam to column joints subjected to seismic type cyclic loading is studied
here ([2], [7], [9]). For this purpose, a 1:3 scaled 3-D reinforced concrete (RC) joint specimen
was constructed and tested at the laboratory of Strength of Materials and Structures of Aristotle University ([4], [5], [6]. [11]), shown in figure 1.
Vertical Jack with
load cell

Horizontal
slider

Horizontal Jack
with load cell
Top Column

Left Trans. Beam

East Long. Beam
Bottom
Column

Horizontal
slider

Hinge support

Hinge support with
vertical load cell

Figure 1. Interior RC joint model at Aristotle University – Experimental set-up.
In addition, 2-D and 3-D numerical simulations of the tested specimen are also formed. These
numerical models were subjected to a loading sequence resembling the loading used during
testing. The reinforcing detailing of the tested specimen was such as to prohibit the development of any shear mode of failure. Therefore, this study focuses on numerically simulating
the flexural response and mode of failures of the structural members that form this 3-D and
not on the failure of the joint core. Two different numerical models were developed. The first
one is a 2-D numerical model employing linear elastic frame elements for the beams and columns of the RC joint together with plastic hinges. These plastic hinges, governed by realistic
moment-rotation relationships, were placed near the region where the individual beams and
columns meet forming the RC joint. In the second numerical simulation a 3-D micro-model is
formed whereby the concrete volume is represented together with the embedded longitudinal
and transverse reinforcement in an explicit way. Both materials are governed by nonlinear
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material laws which have been derived by testing. Nonlinear Static analysis (pushover analysis) is next conducted to determine ultimate load, deflection capability and failure mechanisms. By comparing the measured behaviour with the corresponding numerical predictions
an attempt is made to check the validity of the employed numerical simulations.
2

FEATURES OF THE EXPERIMENTA SEQUENCE

In what follows a brief description of a 1:3 scaled specimen of RC beam-to-column joint is
presented. This scaled model was constructed and tested at the Laboratory of Strength of Materials of Aristotle University. The specimens tested at Aristotle University did not include an
RC slab. Details of this specimen are shown in figures 1 and 2. Further details are included in
the published works by Manos et al. ([4], [5], and [6]). The East (E) and West (W) longitudinal beams have at their ends a hinge support which is also provided with a load cell capable of
recording the vertical (upwards or downwards) reaction at these supports. The transverse
beam North (N) and South (S) ends are free to deflect vertically as well as to slide horizontally at the E-W direction of the cyclic horizontal load (as is shown in figure 1) being in contact
with a sliding surface at these locations. The horizontal movement of these transverse beam
ends at the N-S directions is restrained. The end of the bottom column is restrained in the two
horizontal as well as at the vertical direction though a hinged support. The top of the column
is attached to the horizontal dynamic actuator capable of applying an imposed cyclic horizontal displacement in the E-W directions, as depicted in figures 1 and 2.

100mm

Cross-section
of beams

Cross-section
of columns

Figure 2. Interior RC joint model at Aristotle University – Experimental set-up and instrumentation scheme.

227

The corresponding horizontal load is measured in this location by a horizontal load cell. In a
number of tests, before any horizontal displacement is applied at the top of the column, a vertical load of 5.0tnf is applied through a jack and kept constant throughout each test. This load
is monitored through a vertical load cell. In another series of tests this vertical load was set
equal to zero. These vertical load cell and jack were supported on top of the column through a
set of sliders in such a way as not to restrict the horizontal movement of the top of the column
(figure 1).
Apart from the load cells described before a number of displacement transducers were also
provided in order to monitor the horizontal displacement of the top of the column at the point
of horizontal cyclic load application as well as the horizontal displacement of the axis of the
longitudinal beam. In addition, for both left and right longitudinal beams as well as top and
bottom columns displacement transducers were provided capable of recording the relative extension or contraction of their top and bottom fiber near the joint in an effort to measure directly the rotation of each part of these structural elements during the flexural response of the
whole RC joint. The geometry of the cross-sections of the beams and columns of this specimen are shown in figures 1 and 2 together with the details of the used reinforcing arrangement
(see also table 1). The mechanical properties of the concrete and the steel used to build this
specimen are listed in table 2 from axial compression and tension tests with coupons taken
during the construction. All RC beams and columns were provided with steel stirrups spaced
in a way to prohibit the development of any form of shear failure. Both the longitudinal and
transverse reinforcement was formed by smooth small diameter reinforcing bars according to
similitude requirements ([4], [5], and [6]).
Table 1. Details of RC joints (figure 1)
Columns
width b (mm)
110

Longitudinal beams

height h (mm)
110

Transverse beams

width b (mm)

height h (mm)

width b (mm)

height h (mm)

100

160

100

160

Longitudinal Reinforcing bars Number / diameter (mm)
4 / Ø5.5mm

2 / Ø5.5mm + 2 / Ø5.5mm

Table 2. Mechanical properties of used reinforcing bars (figure 1)
Steel reinforcing bars
Diameter Φ5.50mm
longitudinal
Diameter Φ5.50mm
(stirrups)

3

Yield stress fy (MPa)

Yield strain εy

Ultimate stress
fu (MPa)

Ultimate strain
εu

311

0.08

425

0.22

360

0.06

542

0.20

RESULTS AND OBSERVATION FROM THE MEASURED BEHAVIOUR

Figure 3 depicts the vertical cross-sections of the East and West longitudinal beams as well as
of the horizontal cross-sections of the top and bottom collumns adjacent to the region of the
RC joint where all these structural elements meet.
Figure 4 depicts the variation of the applied horizontal cyclic load versus the corresponding
horizontal dislacement of the tested RC beam-to-column joint that develops either at the top
of the column or at the axis of the longidudinal beam (approximately at the mid-height of the
specimen).
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West Beam

Top Column

East Beam

Bottom
Column

Horizontal Force (KN)

Figure 3. Horizontal and vertical cross-section of the beams and columns, respectively, adjacent to the RC beam-to-column interior joint region where all these beams and columns meet.
Virgin 3-D R/C Joint subjected to cyclic horizontal load
with 50KN compressive load at the top of the column
10
Axis long. beam
8
Top of column
6
4
2
0
-2
-14 -12 -10 -8 -6 -4 -2
0
2
4
6
8 10
-4
-6
-8
-10

12

Horizontal Dipslacement (mm)

Bending Moment (KNm)

Figure 4. Cyclic load versus the corresponding horizontal dislacement response of the RC
beam-to-column iinterior joint model tested at Aristotle University.
Virgin 3-D R/C Joint subjected to cyclic horizontal load
with 50KN compressive load at the top of the column
6
5
4
3
2
1
0
-1
-0.012
-0.008
-0.004
0
0.004
0.008
0.012
-2
-3
-4
M1-Th1 Top Column
-5
M2-Th2 West Beam
-6
rotational angle (rad)

M3-Th3 East Beam
M4-Th4 Bottom Column

Figure 5. Variation of the beam and column bending moments versus the corresponding
rotational angles. RC beam-to-column iinterior joint model tested at Aristotle University.
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Next, the bending moments that develop at these East and West beam vertical cross-sections
as well as at the top and bottom column horizontal cross sections are derived from the measurements of the applied horizontal and vertical load and the vertical reactions at the ends of
the East and West Beams. In addition, use is made of the displacement transducer measurements located at the top and bottom fiber of the left and right longitudinal beams as well as
top and bottom columns recording the relative extension or contraction of their top and bottom fiber near the joint in order to derive directly the rotation of each part of these structural
elements during the flexural response of the whole RC joint. The moment-rotation response
for each beam or column is depicted in figure 5. In deriving the bending moment values for
these cross-sections it was assumed that the applied horizontal force is equilibrated by a horizontal reaction at the hinge support of the bottom column. Similarly, the vertical reaction at
this location equilibrates the vertical applied load. This was checked by comparing the vertical reactions at the supports of the East and West longitudinal beams that have a sum approximately equal to zero. Moreover, the P-δ effect introduced from the application of the vertical
load of 50KN is also considered.

Bending Moment (KNm)

Virgin 3-D R/C Joint subjected to cyclic horizontal load
5 with 50KN compressive load at the top of the column
4
3
2
1
0
-1 0
-2
-3
-4
-5

10

20

30

40

M4 Bottom Col.
M1 Top Column
M2 West Beam
M3 East Beam
Moment equilibrium

time(sec)

Figure 6. Variation of the beam and column bending moments with time during the cyclic application of the horizontal load. RC beam-to-column interior joint model.
The variation of the bending moment that develops at the two vertical cross-sections of the
East and West longitudinal beams together with the variation of the bending moment that
develops at the two horizontal cross-sections of the top and bottom columns is depicted in
figure 6. In the same figure the sum of all these bending moment values is also plotted, which
attains relatively small values. Ideally, the sum of all these values should be zero. It can be
observed that this is the case when these bending moment values are at their peaks during
cycling.
Next, the flexural capacity of the longitudinal beams and the coulmns in terms of bending
mement versus rotation is obtained making use of the software package RCCOLA developed
at the University of Califorina Berkeley [3]. Use is made of the reinforcing details of each
cross section depicted in figure 2 and table 1 as well as the mechanical properties of the
concrete and steel listed in table 2. The derived in this way (RCCOLA) momemt-rotation Μ-θ
diagrams are depicted in figure 7a for the RC beam cross-section and in figure 7b For the RC
column cross section. For the column cross-section the derivation of the moment-rotation Μ-
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θ diagrams in figure 7b is for either the case with a constant axial vertical force equal to
5.0tnf or for the case where no vertical axial force is present.

Figure 7. The derived (RCCOLA) Μ-θ moment-rotation diagrams a) For the RC beam crosssection b) For the RC column cross section with or without constant vertical force equal to
5.0tnf

Bending Moment (KNm)

Virgin 3-D R/C Joint subjected to cyclic horizontal load
with 50KN compressive load at the top of the column
3
2
1
0
-0.012

-0.008

-0.004

-1

0

0.004

0.008

0.012

-2
-3
rotational angle (rad)

M2-Th2 West Beam
M3-Th3 East Beam
+Ult. Beam Moment
-Ult. Beam Moment

Figure 8. a) Comparison of the measured maximum bending moment for the longitudinal
beam East and West cross-sections at the RC joint with the corresponding flexural capacity
derived from RCCOLA [3]. b) observed cracking at the East beam cross-section

In figure 8a the measured maximum bending moment developed during cycling at the East
and West vertical cross-section of the longitudinal beam near the RC joint region are
compared with the corresponding ultimateof flexural capacilty of these cross sections derived
as explained before. Because of the symmetry of the longitudinal reinforcing bars of these
cross-sections the positive and negative flexural capacity has the same absolute value as
depicted in figure 7a. As can be seen in this figure, the measured bending moment value
exceeds the derived flexural capacily which is in agreement with the observed flexural
cracking of the concrete at this loacation (figure 8b). Similarly, in figure 9a the measured
maximum bending moment developed during cycling at the top and bottom horizontal crosssection of the columns near the RC joint region are compared with the corresponding
ultimateof flexural capacilty of these cross sections derived as explained before. Again,
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because of the symmetry of the longitudinal reinforcing bars of these cross-sections the
positive and negative flexural capacity has the same absolute value as depicted in figure 7b. In
this comparison the flexural capacity value derived for an axial compressive force equal to
50KN is used (figure 7b). As can be seen in figure 9a, the measured bending moment value is
approximately equal to the derived flexural capacily. As pointed out before, the observed
flexural cracking of the concrete developed at the East and West longitudinal beam vertical
cross-sections and not on the top and bottom horizontal column cross-sections (figures 8b and
9b).
Virgin 3-D R/C Joint subjected to cyclic horizontal load
with 50KN compressive load at the top of the column
5
4
3
2
1
0
-0.012
-0.008
-0.004 -1 0
0.004
0.008
0.012
-2
-3
-4
M1-Th1 Top Column
-5
M4-Th4 Bottom Column
rotational angle (rad)

+Ult. Column Moment
-Ult. Column Moment

Figure 9. a) Comparison of the measured maximum bending moment for the column Top and
Bottom cross-sections at the RC joint region with the corresponding flexural capacity derived
from RCCOLA [3]. b) observed cracking at the East beam cross-section. No cracking visible
for the column cross-sections
4

NUMERICAL SIMULATIONS OF THE OBSERVED BEHAVIOUR

4.1. Non-linear 2-D pushover analysis of RC joint formed with frame elements and plastic hinge elements.
First, a 2-D model is formed, having linear frame elements for the RC columns and beams as
well as plastic hinges in predetermined positions near the location whereby the beams and
columns are connected to form the RC joint [10]. The narrow RC joint region close to the
point where the beams meet the columns is formed by rigid frame elements. As already mentioned, the moment-rotation diagram governing each plastic hinge is found from the crosssection details as well as from the stress-strain measured relationship for the used concrete
and reinforcing bars (RCCOLA, [3]). These Μ-φ diagrams are shown in Figure 7a and 7b.
Two alternative loading conditions are studied. In the first, an imposed horizontal force is applied at the top of the column (figure 10a) whereas in the second this imposed horizontal displacement is imposed together with a constant vertical load of 5.0tnf applied as an axial force
on the column at this location (figure 10b), as was done during the experimental sequence
(figure 1).
In the subsequent numerical simulation the vertical load was initially applied and kept constant whereas the horizontal force at the top of the column was applied in a gradually increasing manner, following a step-by-step time history pushover analysis. Figure 11 depicts the
resulting from this analysis horizontal load versus horizontal top-column displacement varia-
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tion whereas figure shows the formation of the plastic hinges. As can be seen in figure 11
when the vertical force of 5.0tnf is applied at the top of the RC column the plastic hinges are
formed at the vertical beam cross-sections near the RC joint; when there is no vertical force
the plastic hinges are formed at the horizontal column cross-sections. As can be seen in figure
11, when the vertical force is applied at the top of the column the RC joint response is obtained through two different non-linear analyses. In one of these analyses the P-delta effect is
taken into account. As can be seen, the resulting horizontal force – horizontal displacement
RC joint response including the P-delta effect is distinctly different from the corresponding
response obtained without taking the P-delta effect into account. Moreover, the application of
the vertical load resulted in an increase of the horizontal load for the same level of horizontal
displacement apart from the formation of the plastic hinges instead at the columns crosssections at the beam cross-sections. As already mentioned in section 3, the P-delta effect was
used in obtaining the bending moment values from the experimental measurements (figures
5,6,8,9).

Push

5tn
ux,top=2.7mm

Push

ux,mid=1.4mm

ux,top=3.9mm

ux,mid=2.0mm

Figure 10. The numerical simulation of the RC joint simulated with frame elements and 2-D
plastic hinges. a) Only a horizontal force (Push) is applied. b) The horizontal force (Push) is
applied together with a constant vertical force equal to 5.0tnf.

Figure 11. The numerical response of the RC joint, simulated with frame elements and 2-D
plastic hinges, with or without the application of a vertical axial force together with the horizontal force at the top of the column.
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4.2. Non-linear 3-D pushover analysis of RC joint formed with solid elements for the
concrete volume together with numerical representation of the reinforcing bars.
An additional numerical simulation of the RC beam-to-column joint tested at the laboratory
was tried. This time this numerical model was formed with solid finite elements representing
the concrete volume as is shown in figure 12a. Reinforcing bars were added within this numerical formation representing the actual reinforcing bars (figure 12b). The reinforcing bars
were in full contact with the surrounding concrete through the relevant option (embedded region) provided in the software [1]. Alternative contact constitutive laws have been also tried.

Figure 12. 3-D numerical simulation of the RC beam-to-column joint tested at the laboratory
of Strength of Materials and Structures of Aristotle University. a) The numerical simulation of
the concrete volume. b) The numerical simulation of the longitudinal and transverse reinforcement.

Figure 13. Constitutive laws adopted in the numerical simulation [1]. a) For the concrete and
b) For the steel.
Non-linear constitutive laws were adopted in this numerical simulation for either the concrete
or the steel elements; they are depicted in figures 13a and 13b, respectively. These stressstrain constitutive laws are based on the corresponding measured axial compression or tension
tests performed with specimens taken during the construction of the RC beam-to-column
mock-up at the laboratory of Strength of Materials and Structures of Aristotle University. As
was done before, in the subsequent numerical simulation the vertical load was initially set
equal to zero (figure 10). In an additional numerical simulation, the vertical load of 5.0tnf was
initially applied and kept constant (figure 10b) whereas the horizontal force at the top of the
column was applied in a gradually increasing manner, following a step-by-step time history
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Column Horizontal Force (KN)

pushover analysis. This time, the P-delta effect was taken into account by default. Figure 14
depicts the resulting from this analysis horizontal load versus horizontal top-column displacement variation. As was observed before, the application of the vertical load resulted in
an increase of the horizontal load for the same level of horizontal displacement (figure 11).

P-d curves

6

5
4

3
2

Ncol. = 50KN

1

Ncol.=0

0
0

20

40

60

ux,top(mm)

80

100

Figure 14. The 3-D numerical response of the RC joint, simulated with solid concrete elements and embedded reinforcing bar elements, with or without the application of a vertical
axial force together with the horizontal force at the top of the column.

Figure 15. RC joint 3-D numerical cyclic response without the application of vertical axial
force. a) The distribution of plastic strains at the columns near the region that the meet the RC
joint. b) Distribution of axial stress at the longitudinal reinforcement of the top and bottom
column and of the East and West beams. The yielded top and bottom column reinforcing longitudinal bars are marked with red colour.
The formation of plastic hinges is depicted in figures 15a and 15b for the loading case with no
vertical load at the top of the column (see figure 1 and 10a). Figure 15a shows the distribution
of plastic strains in the RC joint region where the column and the beam ends join each other.
As can be seen in this figure, large principal plastic strains appear to develop at the edges of
the column ends near the joint faces corresponding to areas of the concrete volume that develops flexural cracks. Figure 15b depicts the variation of the axial stress which develops at the
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longitudinal reinforcing bars. As can be seen in this figure the reinforcing bars, at the same
locations where the concrete develops high principal plastic strains (at the left and right column regions), develop high tensile stress that have values larger than the yield stress of the
reinforcing steel (311MPa, figure 13b and Table 2). The yielded top and bottom column reinforcing longitudinal bars are marked with red colour in figure 15b. Therefore, in this 3-D numerical simulation the plastic hinges in the column are numerically represented explicitly in
this detailed manner.
Similarly, the formation of plastic hinges is depicted in figures 16a and 16b for the loading
case with vertical load at the top of the column equal to 5.0tnf (figures 1, 2 and 10b). Figure
16a shows the distribution of plastic strains in the RC joint region where the column and the
beam ends join each other. As can be seen in this figure, large principal plastic strains appear
to develop at the edges of the East and West beam ends near the joint faces corresponding to
areas of the concrete volume that develops flexural cracks. Figure 16b depicts the variation of
the axial stress which develops at the longitudinal reinforcing bars of the top and bottom column as well as of the East and West beams. As can be seen in this figure the reinforcing bars,
at the same locations where the concrete develops high principal plastic strains (at the East
and West beam regions), develop high tensile stress that have values larger than the yield
stress of the reinforcing steel (311MPa, figure 13b and Table 2). The yielded East and West
beam reinforcing longitudinal bars are marked with red colour. Again, in this 3-D numerical
simulation the plastic hinges in the column are numerically represented explicitly in this detailed manner.

Figure 16. RC joint 3-D numerical cyclic response with the application of vertical axial force
a) The distribution of plastic strains at the beams near the region that the meet the RC joint. b)
Distribution of axial stress at the longitudinal reinforcement of the top and bottom column and
of the East and West beams. The yielded East and West beam reinforcing longitudinal bars
are marked with red colour.
4.3. Discussion of the obtained results.
In figure 17 a comparison is shown between the 2-D and the 3-D numerical predictions of the
horizontal force versus horizontal displacement at the top response for the RC joint tested at
Aristotle University. In both cases the P-delta effect is taken into account. As can be seen in
this figure, the 2-D numerical prediction reaches a much smaller horizontal force level than
the corresponding 3-D numerical prediction. Moreover, it can be seen that the 2-D numerical
prediction is characterized by a declining non-linear branch immediately after the maximum
horizontal load is reached. On the contrary, the 3-D numerical predictions is characterized by
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a much wider stable non-linear branch, for a top horizontal displacement range between 7mm
and 17mm, before the declining force branch commences for horizontal displacements larger
than 17mm.
Virgin 3-D R/C Joint subjected to cyclic horizontal load with
50KN compressive load at the top of the column

Horizontal force (KN)

6
5
4
3
2

3-D Num. Simulation

1

2-D Num. Simulation

0
0

10
20
30
40
Top horizontal displacement ux(mm)

50

Horizontal Force (KN)

Figure 17. Comparison between the 2-D and the 3-D numerical predictions of the horizontal
force versus horizontal displacement at the top response for the RC joint tested at Aristotle
University.
Virgin 3-D R/C Joint subjected to cyclic horizontal
load with 50KN compressive load at the top of the
column
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Figure 18. Comparison between the measured horizontal force versus horizontal displacement at the top response for the RC joint tested at Aristotle University with the 2-D and the 3D numerical predictions
In figure 18 the comparison of the 2-D and the 3-D numerical predictions of the horizontal
force versus horizontal displacement at the top response for the RC joint is done this time
with the measured cyclic response. In both cases the numerical predictions are assumed to be
anti-symmetric. As can be seen in this figure, the 3-D numerical prediction is in better agreement with the measured cyclic response than the corresponding 2-D numerical prediction.
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CONCLUSIONS

- The behavior of RC beam-to-column joints subjected to seismic type cyclic loading is studied here by subjecting a 1:3 scaled 3-D reinforced concrete (RC) joint specimen to this type of
controlled laboratory loading.
- The observed behaviour is portrayed in terms of horizontal load versus horizontal displacement cyclic response as well as bending moment cyclic response that develops et the beams
and columns forming this RC joint. These bending moment values are compared with the corresponding ultimate bending moment values derived from the relevant cross-sectional detailing as well as from the measured concrete and steel material properties. From this
comparison the observed cracking of the beams near the RC joint can be explained.
- The used 2-D and 3-D numerical simulations of the tested RC joint were successful up to a
point to represent the observed flexural non-linear response of this RC structural subassembly.
- The used 3-D numerical simulation, although more complex than the corresponding 2-D
numerical simulation, produces numerical predictions that are in better agreement with the
observed maximum horizontal load and therefore ultimate bending moment capacity.
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Abstract
The behaviour of a one-bay single-story frame made of reinforced concrete is investigated
here. This structure was constructed in the Laboratory of Strength of Materials and Structures of Aristotle University as a 1:3 scaled physical model employing prototype materials for
the concrete and the reinforcing bars. Next, it was subjected to a combination of 50KN vertical load applied at each one of the two columns together with a horizontal cyclic load at the
top beam, simulating in this way horizontal seismic forces. In this specimen the reinforcing
details prohibited the appearance of shear failure modes. Therefore, this study focuses on the
flexural response and the numerical simulation of the bending mode of failure at either the
columns or the beams forming this frame structure. The numerical simulation utilized the capabilities of commercial software in predicting either the monotonic or the cyclic response of
R/C structures in the linear and non-linear range. The results include predictions of the maximum horizontal force frame capacity together with the corresponding modes of failure. Initially, all the relevant information of the geometry as well as of the mechanical
characteristics of the concrete and the reinforcing bars of the tested RC frame were introduced to the numerical model. A sensitivity parametric analysis was performed varying the
way that this commercial software simulates the bond between the concrete and the reinforcing bars as well as the non-linear mechanical properties of the concrete. By comparing the
results of the experimental behaviour in terms of horizontal load versus imposed horizontal
displacement at the top RC beam with the corresponding numerical predictions it can be concluded that the used numerical simulation of the tested one-bay, single-story RC frame cyclic
non-linear flexural behaviour was successful up to a point to predict the observed flexural
non-linear response.
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1

INTRODUCTION

Reinforced concrete frame structures are one of the most common structural systems of modern buildings. The behavior of these frame structures under seismic type loading has been the
subject of a large research effort in the past ([9], [10]). This work presents results form the
behavior of a 1:3 scaled one-bay, single-story RC frame specimen which was constructed and
tested at the laboratory of Strength of Materials and Structures of Aristotle University. Numerical models of the tested specimen are developed and subjected in a loading sequence resembling the loading used during testing. These numerical models include the geometry of the
concrete with the reinforcement detailing, both longitudinal and transverse. Both materials
used in the numerical simulation are governed by non-linear materials laws derived from material testing (figures 2a and 2b). By comparing the measured behavior with the corresponding
numerical predictions an attempt is made to check the validity of the employed numerical
simulations ([11]).
Vertical Jack with load cell

East

West
Horizontal slider

Stiff Steel Beam

Top R/C Beam

Horizontal Jack
with load cell

West RC
Column

East RC
Column

Foundation Block

Figure 1. One-bay, single-story RC frame model at Aristotle University – Experimental set-up.
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2

FEATURES OF THE EXPERIMENTA SEQUENCE

In what follows a brief description of a one-bay, single-story 1:3 scaled specimen of RC
frame is presented (figure 1). This scaled model was constructed and tested at the Laboratory
of Strength of Materials of Aristotle University. The specimens tested at Aristotle University
did not include an RC slab. Details of this specimen are shown in figures 1 and 2. Further details are included in the published works by Manos et al. ([3], [4], and [5]). The East and West
RC columns are connected at the top with the top longitudinal beam whereas at the bottom
they are fixed on a stiff foundation block which is fixed on the strong reaction frame of the
laboratory of Strength of Materials and Structures of Aristotle University.

Figure 2a. Measured stress-strain compres- Figure 2b. Measured stress-strain tensile besive behaviour of the used concrete
haviour of the used steel reinforcement

Figure 3. One-bay, one-story RC frame model tested at Aristotle University – Reinforcing details.
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A stiff steel beam is placed on top of the RC frame. This steel beam is being supported at its
two ends by two small steel cylinders located at the vertical axis of either the East or the West
RC column. This steel beam is loaded at mid-span with a central vertical load through a hydraulic jack equipped with a load cell. One half (1/2) of this vertical load is transferred trough
each RC column to the RC foundation. This vertical load is kept constant throughout each
horizontal cyclic load sequence. The central vertical load is applied to the steel beam through
a system of horizontal sliders in such a way as not to resist the horizontal movement of the
RC frame specimen. As can be seen in figure 1, a dynamic servo-hydraulic actuator is attached on the reaction frame and it provides a controlled horizontal imposed cyclic displacement on the RC beam in the East-West direction. The horizontal load resulting from this
imposed horizontal cyclic displacement is measured by a load cell. The vertical load is also
measured by a load cell and is kept constant to a level of approximately 100KN. This results
to an axial force for the East and West column cross sections equal to approximately 50KN.
The top RC beam of the frame specimen is provided with 5.5mm diameter close hoop steel
stirrups spaced every 75mm whereas for the East and West columns the 5.5mm diameter
close hoop steel stirrups are spaced every 50mm (figure 3).
This transverse reinforcement arrangement together with the selected longitudinal reinforcement ensures that the response of this one-bay, one-story RC frame specimen is dominated by
the flexural response of its RC beam and RC columns, prohibiting the formation of any shear
mode of failure. Apart from the load cells described before a number of displacement transducers were also provided in order to monitor the horizontal displacement of the top beam at
the point of horizontal cyclic load application. In addition, for both East and West columns
displacement transducers were provided capable of recording the relative extension or contraction of their top and bottom fiber near the foundation. The geometry of the cross-sections
of the beam and columns of this specimen are shown in figure 3 together with the details of
the used reinforcing arrangement (see also table 1). The mechanical properties of the concrete
and the steel used to build this specimen are listed in table 2 from axial compression and tension tests with coupons taken during the construction. Both the longitudinal and transverse
reinforcement was formed by smooth small diameter reinforcing bars according to similitude
requirements ([3], [4], and [5]).
Table 1. Details of structural elements of RC frame (figures 1 and 2)
Columns (Right and Left)
width b
height h (mm)
(mm)
110
110

Top Beam
width b (mm)

height h (mm)

100

160

Longitudinal Reinforcing bars Number / diameter (mm)
4 / Ø5.5mm

2 / Ø5.5mm + 2 / Ø5.5mm

Table 2. Mechanical properties of used reinforcing bars (figures 1 and 2)
Steel reinforcing bars
Diameter Φ5.50mm
longitudinal
Diameter Φ5.50mm
(stirrups)

Yield stress fy (MPa)

Yield strain εy

Ultimate stress
fu (MPa)

Ultimate strain
εu

311

0.08

425

0.22

360

0.06

542

0.20
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Figure 4. Cyclic horizontal load versus the corresponding horizontal dislacement response of
the RC frame model tested at Aristotle University.

Figure 5a. Formation of plastic hinge at the Figure 5b. Formation of plastic hinge at the
East end of the top RC beam
West end of the top RC beam

Figure 6a. Formation of plastic hinge at the Figure 6b. Formation of plastic hinge at the
top end of the East RC column
bottom end of the East RC column
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Figure 4 depicts the variation of the applied horizontal cyclic load versus the corresponding
horizontal dislacement of the tested RC frame specimen. As can be seen in this figure, the
obtained response is quite ductile. This flexural ductile response is also accompanied with the
development of damage in the form of plastic hinges at the East and West ends of the top RC
beam (figures 5a and 5b) as well as at the top and bottom ends of the East and West RC
columns (figures 6a and 6b). Next, the flexural capacity of the longitudinal beams and the
coulmns in terms of bending moment versus flexural rotaton is obtained making use of the
software package RCCOLA developed at the University of Califorina Berkeley [3]. Use is
made of the reinforcing details of each cross section depicted in figure 2 and table 1 as well as
the mechanical properties of the concrete and steel listed in table 2. The derived in this way
(RCCOLA) momemt-rotation Μ-θ diagrams are depicted in figure 7a for the RC beam crosssections and in figure 7b For the RC column cross sections. For the column cross-section the
derivation of the moment-rotation Μ-θ diagrams in figure 7b is for either the case with a constant axial vertical force equal to 5.0tnf or for the case where no vertical axial force is present.

Figure 7. The derived (RCCOLA) Μ-θ moment-rotation diagrams a) For the RC beam crosssection b) For the RC column cross section with or without constant vertical force equal to
5.0tnf

Figure 8a. The numerical simulation of the Figure 8b. The numerical simulation of the
conrete parts of the RC top beam and East longitudinal and transverse reinforcement of
and West columns.
the RC top beam and East and West columns.
3

NUMERICAL SIMULATIONS OF THE OBSERVED BEHAVIOUR

The one-bay, single-story RC frame described in section 2 is numerically simulated using
ATENA Science software. Firstly, the geometry of the structure is created in the preprocessing step (GiD + ATENA). The analytical geometry of each structural member, columns,
beam and connecting beam, is created using the command 3D “Volumes” (figure 8a) and the
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reinforcing steel bars using the command “Lines” (figure 8b). This numerical model is divided in adequate number of parts in order to achieve a finer mesh, mainly in the areas where the
formation of plastic hinges is expected (regions indicated with blue colour in figure 8a). The
length of each plastic hinge is calculated according to Priestly and Park’s relationship. The
longitudinal steel reinforcing bars and the stirrups are drawn with the appropriate spacing using the command “Lines”. For the concrete volume the Solid Concrete – Cementitious 2 with
compression strength fc=28 MPa is selected with a stress-strain behaviour that approximates
the measured compressive concrete behaviour found from relevant tests (figure 2a). Steel reinforcement lines are assigned with 1D Reinforcement with constitutive law for the steel depicted in figure 9. The steel reinforcing bars have an area equal to 201mm2 (diameter 5.5mm).
At this stage a perfect bond is assumed between the concrete volume and the reinforcing bars.

Figure 9. The non-linear constitutive law for the steel reinforcement used in the numerical
simulation as an approximation of the measured stress-strain steel behaviour.

Figure 10a. The mesh of the numerical model of the Figure 10b. Detail of the numerical
one-bay, single-story RC frame.
model at the upper left beam-tocolumn joint
Because the foundation block has a much greater strength and stiffness than the columns.
Therefore, in order to reduce the computational cost, the foundation block is assumed to behave as a linear elastic material with modulus of elasticity equal to 200 GPa, ignoring at the
same time the existing steel bars placed in the foundation block. The mesh of the numerical
model is depicted in figure 10a; 260 linear elements, 5644 hexahedra elements and 8924
number of nodes are employed. In addition, two rigid rectangular prisms are added as an extension of the top horizontal beam, indicated in figures 10a and 10b with a brown colour, in
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order to ensure the uniformity of the horizontal load applied at the top beam avoiding any local distortions. The foundation block is supported with full fixity in its base.
A vertical load equal to 50KN is applied at the top of each column. In addition, two different
types of horizontal force applied at the axis of the top RC beam are examined. The first is a
horizontal force monotonic in nature whereas the second type is a horizontal force cyclic in
nature, resulting from the imposed cyclic displacement as was done during the experimental
sequence (section 2). The numerical behaviour is obtained utilizing ATENA Win and post
processed using ATENA Win and ATENA 3D. The obtained horizontal force versus horizontal displacement, obtained by the numerical simulation under monotonic loading, is depicted
in figure 11 (red line). A maximum horizontal force equal to 17.14 KN is reached for a
4.5mm horizontal displacement at the top beam. For a horizontal displacement ranging from
4.5mm to 6.6mm the corresponding horizontal force capacity decreases approximately 10%.
For a horizontal displacement larger than 6.6mm large inelastic strains develop in the concrete
at the beam-to-column joint regions, forming plastic hinges. For a further increase in the horizontal displacement (up to 25mm) the value of the corresponding horizontal force remains
almost constant, approximately equal to 15KN (figure 11). The variation of the top horizontal
displacement versus the corresponding variation of the longitudinal reinforcing bar axial tensile stress, which develops at the various longitudinal bars of the top beam as well as of the
East and West column at the beam-to-column joint regions, are also depicted in figure 11.

Figure 11. Horizontal force versus horizontal displacement of the RC frame. Variation of the
axial tensile stress for all the longitudinal reinforcing bars. Monotonic load.
As can be seen in this figure, bar 4 yields (by exceeding the yield stress equal to 320MPa)
first at the top fiber of the West end of top beam followed by bar3 which yields at the bottom
fiber of the East end of top beam. Bar1 yields at the outer fiber of the bottom end of East col-
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umn; this occurs almost at the same horizontal displacement level with bar5 which yields at
the inner fiber of the bottom end of the West column. These are the locations where plastic
hinges are formed, in the same sequence as the yielding of the previously mentioned longitudinal reinforcing bars. This is also indicated in figure 11. The first plastic hinge develops at
the East end of the top beam involving bar 4 at the top fiber. The second plastic hinge develops at the West end of the of the top beam involving bar 3 at the bottom fiber. The third plastic hinge develops at the bottom end of the West column involving bar5 at the inner fiber
followed by the formation of the fourth plastic hinge at the bottom end of the East column involving bar1 at the outer fiber. This is also shown in figure 12 which represents the distribution of the axial tensile stresses in all the longitudinal reinforcing bars when the top beam
horizontal displacement is equal to 25mm. The yielded reinforcing bars are indicated with red
colour in a way that also indicates the formation of the plastic hinges mentioned before.

Figure 12. Deformed shape and axial stress distribution for all the longitudinal steel reiforcing bars for a horizontal displacement of the top beam equal to 25mm

Figure 13. Horizontal force versus horizontal displacement of the RC frame. Cyclic load.
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The formation of the plastic hinges in figure 12 are in agreement with the observed damage
depicted in figures 5a, 5b, 6a and 6b. The obtained from the numerical simulation horizontal
force versus horizontal displacement, under cyclic loading, is depicted in figure 13 (blue line).
In the same figure the corresponding numerical monotonic response is plotted together with
the measured cyclic response obtained during the experimental sequence. As can be seen in
figure 13, the numerically predicted monotonic response, to be considered as an envelop
curve, agrees well with the observed RC frame cyclic performance. When the observed cyclic
performance is compared with the corresponding predicted cyclic response the agreement can
also be characterized as satisfactory.

Figure 14. Distribution of tensile stresses in the numerical model for horizontal displacement
equal to 6mm. Yielding of the longitudinal reinforcement at the bottom fiber and initial stage
of the formation of the plastic hinge at the East end of the top-beam near the beam-to-column
RC joint.

Figure 15. Distribution of tensile stresses in the numerical model for horizontal displacement
equal to 12mm. Longitudinal reinforcement at the bottom fiber well beyond yielding. Development of the plastic hinge at the East end of the top-beam near the beam-to-column RC joint.

249

S. Bousgos, G.C. Manos and L. Melidis

In figure 14 the distribution of the tensile stress in the numerical model is depicted, for horizontal displacement equal to 6mm. As discussed before on the basis of the results plotted in
figure 11, at this stage yielding of the longitudinal reinforcement at the bottom fiber of the top
beam has already developed. Moreover, the plastic hinge at this East end of the top-beam near
the beam-to-column RC joint started to form (see figure 5a and figure 11). Similarly, in figure
15 the distribution of the tensile stress in the numerical model is depicted, for horizontal displacement equal to 12mm. As discussed before on the basis of the results plotted in figure 11,
at this stage the longitudinal reinforcement at the bottom fiber develops tensile stress larger
than the yield stress. Moreover, the plastic hinge at this East end of the top-beam near the
beam-to-column RC joint is fully formed (see figure 5a and figure 11). In both figures 14 and
14 the numerical predictions obtained for the monotonic loading are compared with the corresponding predictions for the cyclic loading. Despite certain discrepancies, reasonable agreement can be seen between the tensile stress distribution resulting from the numerical
simulation of the monotonic load behaviour with that of the cyclic load behaviour. In both
cases, either monotonic or cyclic loading, the agreement between the numerical simulation of
the plastic hinges with the corresponding observed plastic hinge formation during the experiment can be considered as satisfactory.

4

CONCLUSIONS

- The behavior of an one-story, one-bay RC frame specimen to seismic type cyclic loading is
studied here by subjecting such a 1:3 scaled 3-D reinforced concrete (RC) frame specimen to
this type of controlled laboratory loading.
- The observed behaviour is portrayed in terms of horizontal load versus horizontal displacement cyclic response as well as the state of stress of the longitudinal reinforcing bars and the
corresponding predictions of the formation of the plastic hinges at the ends of the columns
and beam.
- The numerically predicted monotonic response, to be considered as an envelop curve, agrees
well with the observed RC frame cyclic performance. When the observed cyclic performance
is compared with the corresponding predicted cyclic response the agreement can also be characterized as satisfactory.
- The agreement between the numerical simulation of the plastic hinges with the corresponding observed plastic hinge formation during the experiment can be considered as satisfactory.
- The used numerical simulation of the tested one-bay, single-story RC frame cyclic nonlinear flexural behaviour was successful up to a point to predict the observed flexural nonlinear response.
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Abstract
The main features of a study dealing with partially grouted reinforced clay brick masonry
wall specimens are summarized here. The experimental campaign studied the in-plane behavior of such partially grouted wall specimens, built using clay bricks with vertical holes manufactured by a local industry. All wall specimens were partially grouted at specific locations
hosting vertical steel reinforcement. Horizontal (shear) steel reinforcement was also included
at the mortar bed joints. These specimens were rigidly attached at a reaction frame and were
subjected at their top to a constant vertical load together with a horizontal seismic-type cyclic
load. The mechanical properties of all used materials were measured through laboratory
tests. For the tested walls, with a height over length ratio equal to 1 and for horizontal reinforcing ratio values larger than 0.085%, the flexural response together with the rather ductile
plastic rotation response at their bottom appeared to dominate the observed behavior when
the maximum horizontal load was reached. A micro-modeling numerical simulation was performed with the bricks simulated by elastic plane finite elements separately from the mortar
joints which were represented with non-linear links aimed to simulate the cut-off tensile capacity normal to the mortar joint -brick interface. The vertical reinforcement was simulated
explicitly with non-linear links having mechanical properties based on the measured tensile
characteristics of the actual reinforcement. The observed mainly flexural behavior was successfully reproduced by this micro-modeling numerical simulation featuring all the geometric
and construction detailing together with the measured non-linear mechanical characteristics
of the mortar joints and the vertical reinforcement of one tested specimen
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1

INTRODUCTION

Extensive past research dealt with the performance of partially grouted reinforced masonry
walls, when subjected to simulated seismic loads. Of particular interest is the in-plane seismic
behavior. As was shown by Manos and co-workers (Manos 1983, Gulkan 1990) for low-rise
well-built masonry structures, the in-plane behavior can be studied separately from the out-ofplane behavior. When subjecting such masonry walls simultaneously to combined in-plane
horizontal and vertical loads (Hidalgo et al. 1978, Tomazevic et al., 1993), the most significant parameters that are usually examined are the type and strength of the mortar and masonry
units, the geometry of the masonry walls and their reinforcing arrangement (in quantity and
structural details), and the level of axial compression (Tasios 1987). Oan Shrive (2009) examined the shear behavior of concrete masonry walls whereas Sandoval, C. et al. (2018) investigated the in-plane cyclic response of partially grouted reinforced clay brick masonry walls in
a way similar to the one employed in the present work. A first objective of the present study is
to validate the local materials and construction practices towards building earthquake resistant
low-rise partially grouted reinforced clay brick masonry structures in areas of moderate seismicity of Greece (Manos 2000a, Manos 2000b). A second objective is to numerically simulate the observed behavior of such partially grouted reinforced masonry wall specimens. The
following summarizes the main features of the experimental program with partially grouted
reinforced clay brick masonry wall specimens (Manos 2000a).
2

EXPERIMENTAL PROGRAM

This investigation examined the influence of the variation of the specimens’ geometry, the
mortar type, the horizontal and vertical reinforcement ratio values, the level of compressive
axial load applied together with the horizontal force at the top of each specimen (pseudodynamic or dynamic in nature). This varia-tion resulted in a considerable number of partially
grouted reinforced masonry wall specimens. Almost all wall specimens were 154mm thick
built with the clay brick unit shown in figure 1. Specimen Wall-34N, which was 320mm thick,
was also built with the same brick unit of figure 1 (alternatively either two bricks or one brick
forming the width of the wall). Most specimens were built with clay brick type C (see figure
1). A small number of specimens were built with a slightly different clay brick (type D). The
over-all dimensions of both brick types were 154mm wide, 320mm long with a height of
155mm. According to Table 3.1. of Eurocode 6 (2005) both these clay bricks are classified as
a group 2 masonry units.
Type C clay brick: Gross area =
50560mm2. Area of all holes
48.6% of gross area. Area of
grip holes 10.8% of gross area.
74mm
Area of each one of small holes
74mm
x
154mm < 2% of gross area. Thickness
74mm
74mm
of internal web and external
shell = 11mm > 8mm. Minimum
value of combined thickness
webs and shells = 44mm > 16%
of overall width.
320mm
Figure 1. Type C clay brick
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The clay brick unit of figure 1 was initially developed as a pilot masonry unit by the Filippou
Structural Clay Products (Manos 2000a). Moreover, apart from the current study the potential
of such a clay brick unit to be used for partially grouted reinforced masonry was also examined by Psylla et al., 1996. The measured values of the mechanical properties of the all used
materials are given in the next section. More information on the parameters that were varied
during the experimental sequence is given by Manos (2019).
2.1. Material Characterization
From the maximum value of the axial or diagonal compressive load, measured during testing
masonry wallets built at the same time and with the same materials as the wall specimens, the
corresponding compressive strength (fk) and shear strength (fvk) values are derived; these are
equal to 4.73MPa and 0.24MPa, respectively. Deformable reinforcing bars with diameter either 8mm or 10mm were used as vertical reinforcement with measured mean yield stress
523MPa and 501MPa, respectively. The corresponding measured tensile strength values were
635MPa and 647MPa for these deformable reinforcing bars exhibiting a tensile strain of 11%
at maximum load. Deformable reinforcing rods of 4mm diameter formed the horizontal reinforcement for most specimens with a measured yield stress and tensile strength equal to
590MPa and 757MPa, respectively. The mean measured grout compressive strength was
equal to 9.35MPa and the mean measured bond strength was equal to 0.45MPa and 0.65MPa
for the horizontal and vertical reinforcing bars, respectively.
2.2. Loading Arrangement
Figure 2 depicts the testing layout whereby all wall specimens were placed, one at a time,
within a steel reaction frame. The vertical load was kept almost constant at a predetermined
level, whereas the horizontal displacement, applied at the top, was varied in a cyclic manner
(figure 3). When loaded, the specimen has its foundation anchored to the reaction frame.
A reinforced concrete beam was built at the top
fully connected to each specimen. The horizontal
actuator was attached both to this concrete beam
and to the reaction frame with a system of hinges
in order to allow the in-plane top horizontal displacement and the in-plane rotation of the specimen during loading. The out-of-plane response
of the specimen was prohibited with a system of
roller-sliders. The frequency of this cyclic loading is also one of the studied parameters and was
specified at the beginning of the test for each
wall (see relevant description in the section Figure 2. Masonry wall being subjected to
named experimental program).
the cyclic test
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2.2.1. Variation of the vertical load imposed at the top of each specimen. Twenty two specimens were subjected to 4% of the compressive strength of the brick masonry (fk) whereas
eleven specimens were subjected to 8% of that strength. A limited number of specimens
(three) were tested with no axial compression.
2.2.2. Variation of the seismic-type load. The horizontal seismic-type load was imposed to
each wall specimen together with the vertical compressive load. In all cases, this horizontal
load was a series of three sinusoidal cycles of progressively increasing amplitude as depicted
in figure 3. In this figure the maxi-mum amplitude at the end (13th step) of this horizontal se-
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Imposed horizontal displaceOñéæüíôéá
mentÌåôáôüðéóç
at the top(mm)

quence is 20mm and it is reached by thirteen (13) similar 3-cycle consecutive loading steps of
continuously increasing amplitude. The amplitudes of each one of these thirteen 3-cycle loading steps are listed at the top of figure 2. The frequency of each one of these cycles was kept
constant. For thirty specimens, including large dimensions specimens Wall-27N and Wall34N, the frequency of the horizontal loading cycles was equal to 0.048Hz, representing a
pseudo-dynamic type of loading. For eight wall specimens the frequency of these loading cycles was much higher set equal to 1Hz thus representing a dynamic type of loading sequence.
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Figure 3. Imposed horizontal seismic-type loading sequence
2.2. Construction Details
Figure 4 depicts the partial reinforcement of a typical wall-specimen 2700mm long and
154mm thick with a height 2475mm (Wall-27N). The vertical reinforcement had a lapse
length of 800mm with 10mm diameter dowels protruding from the R/C foundation block. The
cells hosting the vertical reinforcement were the only ones grouted being previously properly
cleaned. In all cases horizontal reinforcing rods of 4.0mm diameter were embedded within the
mortar of each bed-joint. During the loading sequence a number of sensors were employed
together with a data acquisition system in order to record continuously the level of the applied
horizontal and vertical forces as well as the horizontal, vertical and diagonal displacements at
various points of the loaded specimens. During the loading sequence the level of the applied
horizontal and vertical forces was monitored in real-time in-order to check at all-times the
progress of the loading sequence and prohibit any possibility of accidental over-loading.
Moreover, during all the stages of the test the development of damage was recorded at both
sides of each wall specimen. The main types of damage that were recorded are the following
(see figure 5b): a) Breaking of a brick unit and disintegration of its outer face. b) Breaking
and disintegration of the whole brick unit. c) Compression failure of the brick unit and grout
fill at the toe of the wall.
d) Rupture or buckling of the longitudinal reinforcement. The
measured response during the cyclic tests of the partially grouted reinforced walls has been
treated in such a way as to deduce the most significant modes of deformation. In general, the
following dominant response modes are expected to develop in these brick masonry specimens, which are also depicted in figures 4a, 4b, 4c, 4d:
- A predominantly flexural mode for the main body of the masonry wall, apart from the wallfoundation interface, due to the flexural state of stress for the rest of the brick masonry under
the combined action of the horizontal and vertical loads (fig. 4a).
- A predominantly shear mode for the main body of the brick masonry wall, apart from the
wall-foundation interface, which is due to the development of a shearing state of stress for the
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rest of the brick masonry under the combined action of the horizontal and vertical loads (fig.
4b).
- A predominantly plastic rotation at the wall-foundation interface, which is due to the development of a flexural limit-state of stress of the wall at this level, similar to a plastic hinge,
from the combined action of the horizontal and vertical loads (fig. 4c).
- A predominantly sliding mode at the wall-foundation interface, which is due to the development of a limit sliding state of stress at this level under the combined action of the horizontal and vertical loads (fig. 4d).

Flexural Deformation

Fig. 4a. Flexural mode

3

Shear

Deformation

Fig. 4b. Shear Mode,

Rigid Body Rotation
At the Foundation Interface

Sliding Deformation
At the Foundation Interface

Fig. 4c. Plastic hinge at bottom Fig. 4d. Sliding at bottom

OBSERVED RESPONSE

The observed response of specimen Wall-27N is shown here, discussing its most significant
features representative of “wide” wall specimens with shear reinforcement ratio just below
0.1%. The influence of the varied parameters is included in the full report. Figure 5a portrays
the overall measured response in terms of imposed horizontal load at the top of the specimen
versus the corresponding horizontal displacement at the same location. As can be seen in this
figure an initial approximately elastic behavior is evident with a stiffness value 27kN/mm in
the range up to 4mm horizontal displacement and 110kN horizontal load. Next, the non-linear
response of the specimen becomes evident till the maximum load value equal to 148kN is
reached for an imposed horizontal displacement equal to 13mm. From this point any further
increase in the imposed horizontal displacement (up to 40mm) is accompanied with a gradual
deterioration of the horizontal load which reaches 25% of the maximum load at the end of
test. Figure 5b shows the accumulated damage throughout all loading cycles at the end of test.
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Figure 5a. Wall-27N overall cyclic response.

Figure 5b. Wall-27N damage (end of test)
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Figure 6a. Flexural response within Wall-27N
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Figure 6b. Shear response within Wall-27N
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Figure 6c. Plastic rotation at the bottom for Wall27N
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Figure 6d. Sliding response at the bottom for Wall27N
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Throughout all this cyclic loading sequence the response remains almost
symmetric absorbing at the same time
considerable plastic deformation energy, which is beneficial for the seismic resistance. The measured response
of specimen Wall-27N is being decomposed in the most predominant
modes (flexural, shear, plastic rotation
and sliding at the wall-foundation interface). This is depicted in figures 6a,
6b, 6c and 6d, and corresponds to the
response modes depicted in figures 5a,
5b, 5c, and 5d. The measured response
in figures 6a to 6d was deduced from
combining the measured response of
all deployed sensors. It must be noted
that the relative deformation between
the brick masonry wall and the top
R/C head-beam was negligible.
Through these figures the most significant aspects of the observed behavior of specimen Wall-27N can be
clarified. From figures 5a, 6a, 6b, 6c
and 6d it can be seen that initially, and
up to 7mm top horizontal displacement, the dominant deformation
modes are those of flexure (figures 4a
and 6a) and shear (figures 4b and 6b)
within the wall. The maximum load is
reached when the top horizontal displacement attains the value of 13mm.
The response now includes also modes
of deformation at the interface between the foundation and the wall. In
particular, the plastic rotation response
at the bottom (figures 4c and 6c) becomes significant. For top horizontal
displacement amplitudes larger than
13mm this plastic rotation response
becomes dominant; this is similar to a
plastic-hinge type mechanism that exhibits large cyclic-load reversals, up to
a point desirable. In comparison, the
shear mode (figures 4b and 6b) becomes less significant than the combined flexure within the wall and the
plastic rotation at the wall-foundation
interface.

The sliding at the wall-foundation interface (figures 5d and 7d) becomes noticeable only at
the last load reversals when, at this stage, the bricks at the compressive toes of the wall were
broken. The observed damage for Wall-27N (Fig. 6b) follows similar trends to the damage
which was observed for “wide” wall specimens with height over length ratio approximately
equal to 1. This is initially of flexural type, but as the imposed level of horizontal displacement increases the shear type of damage also becomes evident. However, for Wall-27N there
was no disintegration of any part of the brick masonry within the wall. Moreover, the large
plastic rotation at the wall-foundation interface was accompanied with compression brick
failures at the toes of the wall and with signs of overstress of the longitudinal reinforcement at
these locations during the cycles after the maximum horizontal load was reached. The deterioration of the bearing capacity of Wall-27N must be attributed to the contribution of the shear
response together with the disintegration of the compressive zones at the two toes of this wall
during large plastic rotations (figure 6b).
4

NUMERICAL SIMULATION

An attempt is made here to numerically simulate the observed partially grouted behavior of
Wall-27N presented before. This was done employing a micro-modeling technique whereby
the bricks were simulated by elastic plane finite elements separately from the simulation of
the mortar bed and head joints and of the longitudinal reinforcement. A brief outline of this
numerical simulation is presented together with a selection of the obtained results. The mortar
joints in this micro-model are represented with non-linear link elements aimed to simulate the
cut-off tensile capacity normal to the mortar joint -brick interface (figures 8a and 8b) as well
as the non-linear compressive behavior when, as was observed (figure 6b) the axial compression attains relatively large values at the narrow compressive zone along the toes of this wall.
Initially, this micro-modeling numerical simulation of the bed-joint mortar to brick interface
is studied through the well known triplet test whereby three bricks are connected with two
mortar joints and then subjected to combined shear and axial stress normal to the bed-joints.
4.1. Numerical Simulation of the mortar bed-joint interface
Figure 7 depicts three masonry units which are joined together with two mortar bed-joints to
form a triplet (Manos and Kotoulas 2017). During testing this triplet assembly is initially subjected to a pre-selected uniform stress field normal to the two bed joints through a vertical
load that is kept constant throughout testing. Next, the mid-block is pushed horizontally with
the top and bottom blocks being supported in such a way so that the two mortar joints are subjected simultaneously to constant axial stress normal to the mortar bed joints together with a
shear stress that gradually increases till the horizontal sliding of the mid-block relatively to
the top and bottom blocks. This sliding takes place at the two mortar joints for relatively low
to medium strength mortar. Due to its simplicity this loading arrangement has been used extensively in the past from various researchers despite certain shortcomings. At the far right of
figure 7 a 2-D simple numerical simulation of this testing arrangement is shown whereby the
top and bottom blocks are restrained in the horizontal direction with the mortar bed joints being simulated with non-linear link elements. The three blocks are practically non-deformable
whereas the non-linear links are governed by a non-linear behaviour both in the normal and
the tangential to the bed-joint direction. These non-linear links can withstand a limited shear
force in the horizontal direction according to their non-linear force-displacement relationship
that allows them to slide when a certain force displacement limit is reached.
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Figure 7. The triplet test together with a simple 2-D numerical simulation.
After that, they can sustain the force limit till another displacement limit leads them to keep
sliding with a lower force level. These limits can be defined by the user according to the quality of the mortar, the dimensions of the mortar bed joints and the number of non-linear links
used. At the same time, these non-linear links are also provided with a non-linear behaviour in
the direction normal to the mortar bed-joint which allows them to sustain limited tensile axial
force. This 2-D numerical simulation is subjected at the top and bottom to constant uniform
distributed load normal to the mortar bed-joints that is applied at a 1st phase of the non-linear
solution. At the 2nd phase of the non-linear solution, the mid-block is displaced horizontally
by an imposed horizontal displacement which is gradually increased. The support and loading
conditions in this numerical simulation are representing the triplet test described above.
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horizontal force (KN)

Numerical simulation of the triplet test by
pushover hor. displacement of mid block
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Figure 8. Horizontal force - horizontal displacement response of the mid-block.
The horizontal force resulting at the mid-block from the corresponding imposed horizontal
displacement is plotted in figure 8. This behaviour of the mid-block is dictated by the nature
of the non-linear constitutive law that describes the tangential to the bed-joint behaviour of
the non-linear links. Each mortar joint in this numerical simulation is represented by five (5)
such non-linear links. By altering this non-linear constitutive law the shape of a desired sliding behaviour can be approximated. However, it must be born in-mind that this behaviour
does not vary by interacting with the axial stress field normal to the bed joint. Figure 9a
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shows the level of link forces parallel to the mortar joint that develops at these non-linear
links when the mid-block displaces horizontally 10mm relatively to the top and bottom
blocks. For the same level of relative mid-block horizontal displacement figure 9b shows the
distribution of the shear stresses at the areas of the mid-block neighbouring the mid-block
bed-joint region. As can be seen in figure 9a, all the non-linear links develop a constant horizontal force in resisting the relative horizontal displacement of the mid-block

Figure 9a. Link forces parallel to the Figure 9b. Distribution of shear stresses at the regions
mortar joint for mid-block horizontal of the mid-block neighbouring the bed-joints when its
horizontal displacement is equal to 10mm
displacement equal to 10mm
An additional non-linear analysis was performed for the same 2-D numerical reoresentation of
the triplet assembly. This time a horizontal acceleration time history was applied. Prior to that
the mass of the top and bottom blocks was minimized to a very small value; on the contrary,
the mass of the mid-block was amplified in order to generate sufficient horizontal force
capable to displace this mid-block horizontally and thus simulate the horizontal sliding of the
mid-block relatively to the top and bottom blocks. The variation of the amlituded ofthis
horizontal acceleration excitation in time is depicted in figure 10.
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Figure 10. Horizontal acceleration excitation for the triplet assembly
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Numercal simulation of triplet test by time history
horizontal acceleration excitation
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Figure 11. Horizontal force variation at the nid-block of the triplet assembly
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Figure 12. Horizontal force - horizontal displacement response of the mid-block.

Figure 13a. Link forces parallel to the
mortar joint at 2 sec. for mid-block
horizontal displacement = -5.626mm

Figure 13b. Distribution of shear stresses at the
regions of the mid-block neighbouring the bed-joints
at 2 sec. for mid-block horizontal displacement = 5.626mm
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Figure 14a. Link forces parallel to the
mortar joint at 5 sec. for mid-block
horizontal displacement = 37.357mm

Figure 14b. Distribution of shear stresses at the
regions of the mid-block neighbouring the bed-joints
at 5 sec. for mid-block horizontal displacement =
37.357mm mm

Figure 11 shows the horizontal force that results at the mid-block from the variation of the
amlituded of this horizontal acceleration excitation in time is (figure 100 whereas figure 12
depicts the horizontal force versus horizontal displacement response of the mid-block. As
already discussed, this behaviour of the mid-block is dictated by the nature of the non-linear
constitutive law that describes the tangential to the bed-joint behaviour of the non-linear links
(see figure 8). Each mortar joint in this numerical simulation is represented by five (5) such
non-linear links. By altering this non-linear constitutive law the shape of a desired sliding behaviour can be approximated. However, it must be born in-mind that this behaviour does not
vary by interacting with the axial stress field normal to the bed joint. Figure 13a shows the
level of link forces parallel to the mortar joint that develops at these non-linear links when the
mid-block displaces horizontally -5.625mm relatively to the top and bottom blocks at time 2
sec of the horizontal acceleration excitation (figure10). For the same time instant and the same
level of relative mid-block horizontal displacement figure 9b shows the distribution of the
shear stresses at the areas of the mid-block neighbouring the mid-block bed-joint region. Figure 14a and 14b depict the link forces and shear stress distribution when the mid-block displaces horizontally 35.357mm relatively to the top and bottom blocks at the end of the
horizontal acceleration excitation (5sec., figure10). As can be seen in these figures, all the
non-linear links develop a constant horizontal force in resisting the relative horizontal displacement of the mid-block.
4.2. Numerical Simulation of Partially Grouted Reinforced Wall 27N
At this stage the numerical simulation does not simulate the non-linear shear response of the
mortar-joint brick interface and the horizontal reinforcement nor the dowel action of the longitudinal reinforcement. Therefore, this type of the response that developed in Wall-27N, as
shown by the relevant measurements, is not numerically simulated at present. The vertical reinforcement was simulated explicitly by including in the numerical model non-linear links
with properties based on the measured mechanical tensile characteristics of the actual longitudinal reinforcement as these properties were measured (see section on material characterization). These non-linear links are at the same locations where the vertical reinforcing
bars were placed and grouted within Wall-27N specimen (figures 4 and 15c). Similarly, from
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the measured mortar mechanical characteristics the properties of the non-linear links representing the mortar joints were de-rived. The loading conditions of the experimental sequence
were simplified in the numerical simulation through a step-by-step time history algorithm.
Initially, the vertical load was applied gradually followed by the gradual application of the
horizontal load (figures 15d and 15e). At this stage the cyclic nature of the horizontal loading
sequence (figure 3) was not simulated. Instead, in the present numerical simulation the horizontal load was applied in a monotonic fashion whereby this horizontal load was gradually
increased from zero to a value approximating the maximum value attained during the experimental sequence. An alternative process would be to apply a gradually increasing horizontal
top displacement.

Figure 15a. Links at mortar
bed-joints

Figure 15b. Links at mortar
head-joints

Figure 15d. Vertical load at the top of wall
specimen

Figure 15c. Links for reinforcing bars

Figure 15d. Horizontal al load at the top of
wall specimen

Figures 16a and 16b depict the deformation patterns as resulted from the described numerical
simulation for the vertical loading and the vertical and horizontal loading, respectively. As
can be seen in figure 16b the observed during testing dominant plastic rotation at the region
near the wall-foundation interface was successfully reproduced by this non-linear micromodeling. In figures 17a and 17b the overall response of Wall-27N specimen is depicted in
terms of base shear and overturning moment versus the horizontal displacement at the top of
the specimen, respectively. Both the base shear and the overturning moment develop at a
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horizontal section near the wall-foundation interface. The measured response is depicted as an
envelope curve of the measured cyclic response. Figure 5a depicts the cyclic variation of the
base shear versus the horizontal displacement at the top of Wall-27N. As can be seen in figures 17a and 17b the used numerical simulation predicted reasonably well the observed overall response up to the point of maximum base shear or overturning moment. From this point
onwards the numerical simulation fails to reproduce the observed deterioration in the overall
response. This is attributed to the fact that this numerical simulation does not represent any
deterioration arising from the disintegration of the compressive zone, which was discussed in
the previous section (figure 6b). Moreover, as was already underlined, the used numerical
simulation does not include at this stage any non-linearities arising from the shear response of
the mortar joints.
Uver=27.3mm
Uhor=41.0mm

Uver= - 0.057mm

Figure 16a. Wall deformation for vertical loading Uver measured at the
middle of the top section

Uver= - 6.3mm
Uhor=41.1mm

Figure 16b. Wall deformation for vertical and horizontal loading. Deformations measured at the two
ends of top section
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Figure 17a. Observed and predicted overall response in terms of base shear versus horizontal
displacement at the top of Wall-27N
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Figure 17b. Observed and predicted overall response in terms of overturning moment versus
horizontal displacement at the top of Wall-27N
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Figure 18. Predicted axial force variation of the longitudinal reinforcement bars near the left
toe of Wall-27N
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Figure 19. Predicted tensile axial stress variation of the longitudinal reinforcement bar near
the right toe of Wall-27N together with the compression stress at the right toe.
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Figure 18 depicts the variation of the axial force that develops at the longitudinal reinforcing
bars located near the left toe of Wall-27N. The reinforcing bar with a 10mm diameter is
located at a distance equal to 70mm from the left edge of this wall whereas the 8mm diameter
resinforcing bar is located at a distance equal to 560mm from the left edge. In this figure the
force level variation for both 10mm and 8mm diameter reinforcing bars is plotted in cross
sections located at either150mm or 310mm height from the bottom of this wall, respectively.
As expected, the 10mm diameter reinforcing bar yield at an earlier stage of the loading
sequence (smaller value of the top horizontal displacement) than the 8mm diameter
reinforcing bar. Similarly, either the 10mm or the 8mm reinforcing bars yield first at the cross
section located at 150mm height from the bottom of this wall. In figure 19 the axial tensile
stress variation is plotted that develops at the 10mm reinforcing bar near the left wall edge at a
cross section 150mm height from the bottom of this wall. The variation of this axial tensile
stress is plotted agains the variation of the horizontal displacement at the top of Wall-27N
which indicates the progress of the horizontal loading sequence. In the same figure the axial
compressive stress normal to the bed-joint at a cross section 150mm height from the bottom
of this wall located near the right edge of Wall-27N is also plotted. As can be seen in this
figure the realism in numerically approximating the non-linear response of this partially
grouted reinforced wall is based on numerically appriximating both the non-linear tensile
behaviour of the longitudinal reinforcement as well as the non-linear compressive masonry
behaviour. As already mentioned, the constitutive laws included in this numerical simulation
for either the numerical simulation of the non-linear tensile behaviour of the longitudinal
reinforcing bars or the non-linear compressive masonry behaviour are based on the
corresponding measured properties.

Maximum Axial Force
= 0.4kN,
Minimum Axial
Force=-17.6kN
Equivalent compression stress = -3.56MPa

Figure 20a. Normal to bed-joint axialstress distribution of masonry Wall-27N
(min. compr. stress=-3.56MPa)

Figure 20b. Link forces corresponding to the
normal stress distribution of the mortar bed-joints
for masonry Wall-27N

Figure 20a depicts the distribution of the normal stresses in the vertical direction (σ22 normal
to bed-joint) for Wall-27N specimen at the loading stage where the horizontal forces attain the
maximum value (together with the vertical forces descibed before). This is shown again in
figure 20b through the distribution of link forces representing the non-linear behavior of the
mortar bed-joints in this direction (normal to the bed-joints). As can be seen, this distribution
of normal stresses in the vertical direction (σ22) is quite realistic showing, as expected, a
narrow compressive zone at the right bottom toe of this masonry wall whereas the tensile
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foces at the mortar bed-joints at the left side of the wall attain very small values; instead, the
reinforcing bars at this part develop, as expected, the required tensile forces, depicted in figure
21a. Finally, figure 21b depicts the distribution of the shear stresses (τ12) in a irection parallel
to the bed-joints.

Maximum
Axial Tensile
Force =
49.3kN
Minimum
Axial Compressive
Force =
-49.0kN

Figure 21a. Distribution of axial forces of Figure 21b. Parallel to bed-joint shear stress disthe links representing the longitudinal tribution of masonry Wall-27N (min. shear
stress=-1.92MPa)
reinforcing bars.

5

CONCLUSIONS

- A number of partially grouted reinforced brick masonry wall specimens, constructed with a
brick unit produced by a Greek manufacturer, were subjected to vertical forces combined with
horizontal cyclic seismic-type loads applied simultaneously. The longitudinal reinforcing ratio
was 0.12% whereas the horizontal reinforcing ratio was varied in the range from 0.05%, to
0.15%. For the tested walls, with a height over length ratio equal to 1 and for horizontal reinforcing ratio values larger than 0.085%, the flexural response together with the rather ductile
plastic rotation response at the bottom of the wall, similar to a plastic-hinge mechanism, appeared to dominate the observed behavior when the maximum horizontal load was reached.
- This observed mainly flexural behavior was successfully reproduced by a micro-modeling
numerical simulation featuring all the geometric and construction detailing together with the
measured non-linear mechanical characteristics of the mortar joints and the vertical reinforcing bars of the described Wall-27N specimen.
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Abstract
Glass facades are one of the most used building envelope systems in contemporary architecture.
Their increasing applications are basically driven by the research of aesthetic quality, transparency and natural illumination, which raises energy efficiency of buildings. However, after
recent earthquakes, buildings designed by current seismic codes often presented the structural
part completely intact, conversely several damages to non-structural components. Among the
latter, the fall from a height of facade components, such as sharp pieces of glass or aluminum,
cannot be overlooked. They, in fact, could represent a threat for occupant and pedestrian safety,
as well as a significant economic loss due to downtime and their restoration or replacement.
The present paper describes a cyclic experimental test performed at the Construction Technologies Institute (ITC) of the Italian National Research Council (CNR) for seismic performance
assessment of a full-scale aluminum-glass façade, currently available on the market. A nonlinear finite element model has been calibrated according to experimental results. Finally, an
analytical procedure to simulate load-displacement relationship has been provided. This work
aims at enhancing the knowledge about the experimental assessment of seismic performance of
glazed systems and eventually suggesting improvements or changes in the code approaches in
order to reduce the potential risks related to their damages during earthquakes.

Keywords: glass façade, non-structural component, seismic performance, damage limit states,
in-plane experimental test.

269

C. Aiello

1

INTRODUCTION

During the last years, the demand of glazed skins in the building envelopes has increased considerably. They have remarkable aesthetic resources, combined with lightness and energy efficiency characteristics. These systems generally consist of an aluminum frame, in which glass
panels are assembled through a system made of rubber gaskets, steel screws and pressor profiles. Nevertheless, often glass facades have shown to be vulnerable to seismic loads: several
buildings, after recent earthquakes, which experienced little or no damage to the primary structural system, presented, instead, substantial damages to glazed building envelope, as shown in
Figure 1 [1].
The cost of glass curtain walls can represent a large portion of the global building cost, therefore
their repair or substitution and the consequent interruption of activities, that normally take place
in the affected building, can constitute a considerable economic loss. In addition, curtain wall
damage creates serious life safety hazards to building occupants and pedestrians and poses an
impediment to escape routes.

(a)

(b)

Figure 1: Shard of broken untempered glass that fell several stories from a multistory building in the 1994
Northridge Earthquake (a); glazing damage following the 2010 Chile Earthquake (b) [1].

For these reasons, it is necessary to study the behaviour of these systems under earthquakes
and, so, to design them with appropriate criteria, which ensure their functionality and safety
and reduce or avoid their substitution. To do this, numerous experimental tests, possibly on a
real scale, are needed, in order to calibrate many numerical and/or analytical models.
In the last years, scientific research is showing an increasing interest in seismic vulnerability of
non-structural components, however, experimental tests on glass facades are not sufficiently
developed and therefore there is also a lack of standards that specify satisfactory seismic performance requirements.
There is a general agreement to impose specific limitations about drifts, glass panel system
clearances and design details. According to different provisions[2-3], glazed curtain walls
levels of performance during earthquakes are divided in immediate occupancy and life safety
limit states, which are divided in turn in two sublevels, summarized in the following mode:
 immediate occupancy levels:
1) the glass remains unbroken in its frame or anchorage;
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2) the glass cracks while remaining in its frame or anchorage and while continuing to
provide a weather barrier so to be serviceable;
 life safety levels:
3) the glass shatters while remaining in its frame or anchorage in a precarious condition, likely to fall out at any time;
4) the glass falls out of its frame or anchorage, either in fragments, shards, or whole
panels.
In order to verify if the façade achieves these limit states, some codes specify the characteristics
of curtain walling kit and suggest a sequence of tests, including water-tightness, air permeability,
seismic and wind load resistance tests [4-8]. Moreover, seismic tests are not required when
sufficient clearance exists between glass edges and wall frame glazing pockets to prevent contact [2].
These exceptions are based on the first experimental study published by Bouwkamp and
Meehan [9] concerning the seismic performance of glass panels. This work, based on experimental observations, suggested analytical equations to predict the lateral drift that a glass panel
would experience before and after contacting the framing.
In particular, the displacement of the glass panel within the frame takes place in three phases:
I.
Undeflected panel: the window frame deforms and the glass plate translates rigidly
within the frame (phase I in Figure 2a);
II.
Deflection of frame due to horizontal movement of glass: contact between glass and
frame occurs at two opposite corners of the glass panel and the panel starts a rotation
(phase II in Figure 2b) ;
III.
Total deflection due to combined effect of horizontal movement and rotation of glass:
glass panel opposite corners coincide with the adjacent frame corners (length of the
shorter diagonal of the frame parallelogram is equal to the diagonal of the glass
panel itself), as shown in the phase III in Figure 2c.
The calculation of the in-plane deflections, drifts 𝛿𝑟 ,𝐼𝐼 (Figure 2b) and 𝛿𝑟, 𝐼𝐼𝐼 (Figure 2c) of the
meaning phase (II and III), can be derived from the following equations:
𝛿𝑟 ,𝐼𝐼 = 2𝑐

(1)

ℎ
𝛿𝑟 ,𝐼𝐼𝐼 = 2𝑐 (1 + )
𝑏

(2)

where 𝛿𝑟 denotes total drift displacement between top and bottom horizontal frame members,
c is the glass-to-frame clearance, b and h are respectively the nominal width and the nominal
height of panel.
Subsequently, Sucuoglu and Vallabhan [10] continued Bouwkamp and Meehan [9] work and
developed an equation to predict glass capacity in terms of drift. In particular, they observed
that at the second phase a diagonal compressive force across the glass panel develops and the
glass deflects diagonally out-of-plane and subsequently shortens and further rotates until the
maximum allowable flexural tensile stress of the glass is reached and the specimen fails. The
authors proposed the following equation to estimate the in-plane seismic glass capacity:
2

ℎ
1 𝜎𝑎𝑙𝑙 𝑑2
𝛿 = 2𝑐 (1 + ) + (
)
𝑏
𝑏 𝜋𝐸𝑡
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where the second term accounts for the capacity added from out-of-plane deformation. In particular 𝜎𝑎𝑙𝑙 is the allowable tensile stress, d the nominal diagonal distance across the glass
through opposite corners, E the glass Young’s modulus, and t the thickness of the glass.

(a)

(b)

(c)

Figure 2: Displacement of glass within frame: phase I (a); phase II (b); phase III (c) [9-10].

Afterwards, Memari and Shirazi [11] proposed a seismic rating system to evaluate architectural
glass by assigning a score to curtain walls based on geometric, mechanical properties and seismic drift demand. Such a score is intended as an indicator of the seismic vulnerability of the
wall so that a retrofit action can be undertaken by building owners. O'Brien et al. [12] formulated a closed-form equation to predict the drift corresponding to glass cracking failure for several curtain wall and storefront systems, on the basis of various experimental campaigns [1315]. Memari et al. [16] performed a pilot study to create finite element modeling formulations
of glass curtain walls under in-plane dynamic loads and identified various levels of damage in
the load-displacement curve acquired during an experimental test.
Furthermore, some finite element models have been developed by several authors [16-22] in
order to predict the general behaviour of glazed curtain wall systems and the drift at glass cracking and fall-out during seismic actions.
The present work is intended to lay the basis to understand how to calculate the drift limits at
the actual damage state of glass façade. Main results of an in-plane test on a full-scale curtain
wall have been discussed. Then, on the basis of previous studies [21-22], a finite element model
and an analytical procedure have been presented, in order to simulate mechanical response of
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the glass façade and identify the parameters that could affect it. Finally, a comparison between
numerical, analytical and experimental results has been shown.
2

EXPERIMENTAL CYCLIC TEST ON A FULL-SCALE GLASS FACADE

2.1 Specimen and laboratory equipment
The tested façade (Figure 3) is 7.80 m high and 5.40 m wide and covers two stories. It is a
traditional curtain wall with cover in view, which is composed by an aluminium-framed wall
(made up of five vertical mullions and five horizontal transoms), containing sixteen in-fills of
glass panels (all of the same size 1.30 x 1.90 m). Mullions are anchored to the principal structure’s beams or slabs through steel brackets.
In Figure 4 the system technology and the mullion and transom cross sections are represented.
Extruded aluminium profiles (mullions or transoms), alloy EN-AW 6060, supply type T5
(Figure 4b) compose the frame. The glass panels are insulating double glazing type (8/16/8),
consisting of two laminated glass plates (44.2), including two interlayers of PVB, 0.38 mm
thick, separated by an air space, 16 mm thick. Between glass and frame there is an empty space
of 6 mm, named “clearance”, to avoid clashes due to system internal movement. To ensure air
and water impermeability elastic EPDM gaskets are placed between glass and frame. All components are assembled by pressor and self-drilling screws, which are hidden by covers.
Instead, transoms to mullions connections is made through a specific connecting U-bolt.
The test facility to perform static and dynamic tests on curtain wall systems is located at the
Institute for Construction Technologies (ITC) of the Italian National Research Council (CNR)
in San Giuliano Milanese (Milan, Italy) (Figure 5).
The facility is able to test the primary performances expected from a façade system in terms of
resistance against wind pressure, static and dynamic water-tightness and air leakage. The structure was then recently improved to reproduce also in-plane and out-of-plane displacements, in
order to simulate earthquake induced horizontal movements.

Figure 3: Front view of the glazed stick-built system. Dimensions in mm.
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(a)

(b)

Figure 4: Transom horizontal section (a), mullion horizontal section (b).

The test facility is able to accommodate full size façades up to 6.3 m wide and up to 8 m high
which can be anchored to the steel support structure at three beam levels: one fixed beam at the
bottom and two moving support beams at the second and third level (T1 and T2 in Figure 5a).
All beams are provided with anchor channels to connect various type of façade systems, walls,
partitions through commercial typical connections. The moving beams are supported on low
friction rollers and connected to a dynamically controlled hydraulic actuators system. A mechanical lift system for the moving beams allows for various inter-storey heights.
Racking movements are produced with a dual stage hydraulic actuator (on each moving beam)
with a load capacity of 200 kN, a maximum displacement of ± 85 mm and a maximum frequency of 30 Hz in the in-plane direction (A2 in Figure 5a). Out-of plane movements are produced with two dual stage actuators (on each moving beam) with a load capacity of 100 kN
each, a maximum displacement of ± 85 mm and a maximum frequency of 30 Hz (A1 in Figure
5a), allowing high frequency load protocols. Actuators are commanded by a digital controller,
where the control panel allows applying the desired displacement amplitudes, frequencies, displacement waveforms, and number of cycles.
In particular, the test facility is composed of:
 steel frame support structure, stiff enough to counteract the actions induced by the moving beams;
 moving beams, 2 steel beams supported on low-friction rollers for smooth sliding, controlled by the dynamic hydraulic actuators system (T1 and T2 beams in Figure 5a);
 mechanical lift system connected to the moving beams to allow different inter-story
heights;
 controlled hydraulic actuators system, consisting of:
- 2 type A2 actuators (in-plane movements): hydraulic Ø157 x Ø110 cylinder with maximum static force of 200 kN, full stroke of 170 mm, frequency up to 30 Hz;
- 4 type A1 actuators (out-of-plane movements): hydraulic Ø102 x Ø063 cylinder with
maximum static force of 100 kN, full stroke of 170 mm, frequency up to 30 Hz.
 Control and data acquisition system, consisting of the following force and displacement
transducers:
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for actuators A2, a 200 kN load cell, a ±100 mm displacement transducer, 0.2% accuracy;
for actuators A1, a 100 kN load cell, a ±100 mm displacement transducer, 0.2% accuracy.
Data acquisition device and controller.
Purpose-developed computer program.

The described testing machine allows to reproduce, among the others, the “crescendo” test described in AAMA 501.6 [7], also adapting its features to the test needs.
Six linear potentiometric displacement transducers (LVDTs), with range ±100 mm, were placed
on the central mullion of the façade, in correspondence of each transom and on the central
moving beam, to measure horizontal displacements. Load and displacement data were also continuously recorded during the test through the data acquisition system located on the actuators.

(a)
(b)
Figure 5: ITC-CNR test facility for façades. (a) Schematic representation (T1-T2 moving beams, A1-out-ofplane actuators, A2- in-plane actuators); (b) tested façade mock-up.

2.2 Experimental investigation: cyclic test
The objective of the performed experimental test is the assessment of the in-plane behaviour of
the façade. An in-plane cyclic test under displacement control was performed to observe the
damage limit state of the stick-built curtain wall system. The experimental test was carried out
by moving the intermediate beam of the test machine (T1 in Figure 5a), while the upper and
lower beams were firmly fixed to the external frame (Figure 6).
A quasi-static series of two ramps at constant velocity 1 mm/s, separated by a pause (before the
change of speed) of the duration from 2 to 10 s. Each of the series of ramp functions increasingly
reaches higher displacement. The displacement time history for the moving beam (T1) and the
force-displacement (F-x) cyclic response recorded from load cell and LVDTs near the intermediate actuator are depicted in Figure 7 and Figure 8.
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Figure 6: Sign convention for external forces (given by the two actuators) and displacement of moving beams.

Figure 7: Displacement time history for beam T1.

Figure 8: Force-drift cycles.
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At start of the first cycle a residual lateral force of 4.1 kN has been recorded, probably caused
by deformation of aluminium frame in the previous tests performed before the test in exam on
the façade, in order to test the machine components (e.g. to check the correspondence between
imposed and recorded actuators displacements).
During the first cycle, the maximum recorded displacement in both directions was 15 mm, resulting in a symmetric load-displacement curve, with absolute peak value of about 7.5 kN. During the second cycle, corresponding to a positive (i.e. right) displacement of 30 mm, lateral
force was 11.5 kN. When the T1 beam was moved to the opposite direction (-30 mm), the
applied lateral force was slightly smaller (11.1 kN). Finally, the beam was brought back to the
initial position and a residual lateral force of 5.0 kN has been recorded. No glass crack occurred
during this test.
It can be concluded that the façade had practically a symmetrical behaviour in the two pushing
directions and did not show appreciable stiffness decays in the cycle subsequent to the first.
Moreover, after the first loop, the actuator’s force peak values result to change proportionally
(i.e. linearly) to the variation of imposed displacements.

3

NON-LINEAR

FINITE

ELEMENT

MODELLING

AND

ANALYTICAL

PREDICTION OF FAÇADE RESPONSE.
In order to reliably predict the seismic behaviour of a stick curtain wall and therefore limit the
need of full scale tests, the development of numerical models of such systems is needed.
Starting from experience gathered in the past and looking at analogies and differences in the
structural details of the façades examined in Caterino et al. [21] and Aiello et al. [22] a FEM
model of the curtain wall herein analysed has been implemented in SAP2000 [23].
Therefore, beam elements are used to model mullions and transoms of the aluminium frame
and their cross-sections were reproduced in detail using the “Section Designer” tool available
in SAP2000 [23]. First, transom-to-mullion connections have been examined. They resulted to
be similar to those of façade B described in the study mentioned above [21], so in the FEM
model transoms have be assumed to be hinged at both ends.
Mechanical behaviour of glass (modelled as elastic “shell” with thickness equal to the sum of
the single thickness of the panel composing the glass units) is assumed to be indefinitely elastic
linear. The role of the moving beams has been modelled through “rod” type constraints among
the joints of the aluminium frame fixed to such beams.
The mechanical interaction between glass panels and aluminium frame is modelled through two
non-linear links that work in parallel: “gap” type and a “Wen” type [23]. In particular, the clearance between glass panel and aluminium frame is modelled by the former. In fact, the contact
between them happens when the gap (clearance), initially equal to 6 mm, becomes zero.
The local deformations that come when the glass-to-frame contact happens (i.e. “open-gap” is
closed) have been modelled through the elastic stiffness k of the “gap” links. From this point
forward the glass starts to take part of the global stiffness.
Finally, the mechanical behaviour of the gasket is simulated through the Wen type link, whose
simplified model available in SAP2000 [23] is characterized by the following parameters: elastic stiffness k0, yield force Fy, ratio of post-yield stiffness r, yield exponent, exp. The above
parameters have been calibrated aiming at the best match between numerical outcomes and
experimental data, as follows (it is worth highlighting that the clearance for the “gap” link has
been set just equal to the real value, that is 6 mm):
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k = 0.50 kN/mm;
k0 = 1.17 kN/mm;
Fy = 0.24 kN;
r=0;
exp = 0.8.

Figure 9: Non-linear links:gap element in parallel with plastic Wen link.

To model the test, a non-linear static (pushover) analyses in displacement control has been performed (red curve in Figure 10).
From the observation of the experimental curve and of the numerical results, it was possible to
calculate the analytical curve (black curve in Figure 10). In fact, as shown in Figure 11, it was
observed that the initial stiffness of the system depends predominantly on the stiffness of the
frame as well as of the gaskets (first branch of the curve). This is true up to the moment when
the gasket deforms, due to high shear deformations. As the gasket plastic deformations occurs,
the lateral stiffness of the façade results to be highly reduced, and the behaviour of the façade
is mainly governed by the aluminum frame. Then, when the glass comes into contact with the
frame in two opposite corners, the glass panels push on the frame and the stiffness grows again
(last branch of the numerical curve).

Figure 10: Comparison between experimental, numerical and analytical results.
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Figure 11: Comparison between numerical and analytical results and prediction of damage states.

4

CONCLUSIONS

The study presented here shows a cyclic test performed at the laboratory of Construction Technologies Institute (ITC) of the Italian National Research Council (CNR) of a full-scale stick
system curtain wall, designed and manufactured according to a standard technology for the
European market. A non-linear finite element model has been calibrated according to experimental results and an analytical prediction has been presented, based on the observation of the
system configuration and on its mechanical response. A good matching between the numerical
and analytical models results and the experimental curves has been shown. However, followup studies are necessary to define a general procedure for the non-linear modelling of such
systems, which could be strongly useful to the enhancement of the capability of designers and
manufacturers in dealing with seismic vulnerability of glazed systems and reducing earthquake
induced losses.
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Abstract
Stone masonry arch bridges used to be a very important part of the transportation system of
the numerous communities living at the mountainous regions of Greece. The wide spread use
of car transport after the mid-twentieth century dictated the construction of modern reinforced concrete bridges as part of a new road network. However, a new interest was generated in these structures that have the status of cultural heritage in need of preservation. The
present study presents a series of in-situ measurements conducted at selected old stone masonry bridges, using up-to-date system identification techniques, in an effort to identify their
dynamic characteristics in terms of eigen-frequencies, eigen-modes and damping properties.
All these information is part of a data base that can be used in the future as a reference for
identifying noticeable changes in these dynamic characteristics as part of a structural health
monitoring effort for these bridges. Moreover, this information provides a basis for building
realistic numerical simulations towards studying the structural behaviour of such stone masonry bridges and assessing their expected structural behaviour in extreme future seismic
events. Selected in-situ measurements are presented together with their use in building numerical models of various levels of complexity. These numerical models are finally utilized in
assessing the expected performance of specific case studies of stone masonry bridge structures in Greece towards meeting the demands of extreme events that include design earthquake loads. The described system identification technique can also be linked to specific
actions, such as earthquake activity, and thus serve as warning for specific maintenance
counter-measures.
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1

INTRODUCTION

In what follows selective results are presented from an extensive study, which focused on
old stone masonry bridges that are located mainly in the prefectures of Western Macedonia
and Epirus and Thessaly in Greece ([1], [2] , [3] and [26]). These bridges are examples of outstanding stone-masonry construction that was dominant for a long period in these parts of
Greece. The old stone masonry bridges that survive today have been built during the 18th and
19th century. They were used to connect villages located in rough mountainous terrain bridging currents that could be quite turbulent during part of the year. This type of transporting
people, animals and goods was accomplished using a relatively narrow deck with width varying from 2.0m to 3.0m. On the contrary, their size spans from 8m to 40m when a single arch
is employed (Konitsa) or over 70m for multi-arch structures. More information on the geometry, construction characteristics and mechanical properties of the employed materials are given by Manos et al. (2016) [1]. Today, these structures have retain but only a small part of this
primary function, as new roads and bridges have been built to facilitate the contemporary
transportation needs. Despite this fact they have recently attracted considerable attention as
cultural heritage structures together with an effort to become parts of a network of mountain
trails. Because a number of people use these structures as visitors a conservation effort was
also initiated for their maintenance. Our study has also partly such an objective. That is to obtain information through in-situ instrumentation and measurements on the vibration characteristics of these structures at a given time in a health monitoring framework, as described in
section 2. In addition, these in-situ measurements are complemented with a numerical investigation that has as first target to form realistic numerical simulations of such old stone masonry structures. Moreover, to employ next such realistic numerical simulations in order to assess
the behaviour of these old stone masonry bridges to a combination of loads that include accidental actions, such as forces generated from earthquakes or flooding.

Figure 1. Instrumentation used in the old stone masonry bridge of Saint Vissariona on 23rd August, 2017.

2

IN-SITU MEASUREMENTS OF THE DYNAMIC CHARACTERISTICS OF THE
STUDIED STONE BRIDGES.

In measuring the dynamic response of all the studied stone bridges two types of excitation
were mobilized. The first, namely ambient excitation, mobilized the wind, despite the variation of the wind velocity in amplitude and orientation during the various tests. Due to the to-
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pography of the areas where these stone bridges are located, usually a relatively narrow gorge,
the orientation of the wind resulted in a considerable component perpendicular to the longitudinal bridge axis. This fact combined with the resistance offered to this wind component by
the façade of each bridge produced sufficient excitation source resulting in small amplitude
vibrations that could be recorded by the employed instrumentation. The second type of excitation that was employed, namely vertical in-plane excitation, was produced from a sudden drop
of a weight on the deck of each stone masonry bridge [6], [7], [23], [24].

Figure 2. The studied old stone masonry bridge of Saint Vissariona 23rd August, 2017.
Span of main arch 28.9m and height 16.3m

Figure 3. The studied old stone masonry bridge of Aziz Aga 31st August, 2016. Span of
main arch 28m and height 13.5m
The level of this second type of excitation was capable of producing mainly vertical vibrations; however, depending on the location of the stone-bridge that such an excitation was applied, horizontal vibratory response components could also be recorded. From the recorded
three-component response the in-plane and out-of-plane eigen-frequencies and eigen-modes
of each studied stone masonry bridge structure could be identified. The employed SysCom tri-
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axial velocity sensors had a sensitivity of 0.001mm/sec and a SysCom data acquisition system
with a sampling frequency of 800Hz (see figure 1).
The wind orientation relative to the geometry of each bridge structure coupled with the
bridge stiffness properties could excite mainly the 1st symmetric out-of-plane eigen-modes.
The variability of the wind orientation could also excite, although to a lesser extend, some of
the other in-plane and out-of-plane eigen-modes. The drop weight excitation in multiple locations was capable of exciting in-plane as well as out-of-plane modes of response. A careful
study of the numerous in-situ response measurements together with the assistance of numerical simulation tools and a back analysis process resulted in the system identification. This
process is presented in what follows for two old masonry bridges, namely the Saint Vissariona Bridge at Pile, in Trikala prefecture and the bridge of Aziz-Aga, at Grevena prefecture.
Vissariona Stone Masonry Bridge
Wind Excitation 11th September 2018
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Figure 4. Wind excitation Saint Vissariona Bridge 9th September, 2018. Out-of-plane horizontal component

0.5
0.4
0.3
0.2
0.1
0
-0.13.5
-0.2
-0.3
-0.4
-0.5

4.5

5.5

6.5

Vissariona Stone Masonry Bridge
Drop Weight Excitation 11th September 2018
FFT amplitude (mm/sec)

velocity (mm/sec)

Vissariona Stone Masonry Bridge Drop Weight
11th September 2018

7.5

Out-of-plane Hor. Comp.

0.7
0.6
0.5

2.7344Hz

0.4
Out-of-plane Hor. Comp.

0.3
0.2
0.1
0

0 1 2 3 4 5 6 7 8 9 10 11 12 13 14 15
Frequency range (Hz)

time (sec)

Damping ratio = 1.1%

Figure 5. Drop weight excitation Saint Vissariona Bridge 9th September, 2018. Out-ofplane horizontal component
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horizontal component
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Figure 7. Drop weight excitation Saint Vissariona Bridge 9th September, 2018. In-plane
Vertical component
All the obtained data were subsequently studied in the frequency domain through available
FFT software [1], [4], [5], [6], [7], [23], 24]. In figure 4, the out-of-plane horizontal component response of the Saint Vissariona stone bridge is depicted together with the corresponding
FFT plot. As can be seen in this figure the dominant eigen-frequency is equal to 2.7832Hz.
The out-of-plane horizontal response together with the corresponding FFT transform is also
plotted in figure 5. However, this time this response was due to the drop weight excitation. As
can be seen in this figure the dominant eigen-frequency is equal to 2.7344Hz. This small decrease in the eigen-frequency value must be attributed to the fact that the drop weight excites
the stone bridge to a relatively higher level than the wind excitation. In figures 6 and 7 the in-
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plane horizontal and vertical response are depicted together with the corresponding FFT plots.
Dominant eigen-frequency values are equal to 6.9336Hz and 9.5703Hz, respectively. In figures 5 and 7 the values of the equivalent damping ratio are indicated for the main horizontal
out-of-plane and the vertical in-plane response, respectively. These damping ratio values were
obtained from the attenuation in time of the free-vibration response. As can be seen in these
figures the out-of-plane horizontal response damping ratio has a value (1.1%) much smaller
than the corresponding in-plane vertical response damping ratio (2.3%). Again, this must be
partly attributed to the fact that the drop weight excites the stone bridge to a relatively higher
level in the vertical in-plane direction than in the horizontal out-of-plane direction.
Aziz-Aga Stone Masonry Bridge Wind
Excitation 19th May 2019
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Figure 8. Wind excitation Aziz-Aga Bridge 19th May, 2019. Out-of-plane horizontal component
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Figure 9. Drop weight excitation Aziz-Aga Bridge 19th May, 2019. Out-of-plane horizontal
component
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Aziz-Aga Stone Masonry Bridge
Drop Weight Excitation 19th May 2019
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Figure 10. Drop weight excitation Aziz-Aga Bridge 19th May, 2019. In-plane horizontal
component
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Figure 11. Drop weight excitation Aziz-Aga Bridge 19th May, 2019. In-plane Vertical
component
In figure 8, the out-of-plane horizontal component response of the Aziz Aga stone bridge is
depicted together with the corresponding FFT plot. As can be seen in this figure the dominant
eigen-frequency is equal to 3.5156Hz. The out-of-plane horizontal response together with the
corresponding FFT plot is also depicted in figure 9. However, this time this response was due
to the drop weight excitation. As can be seen in this figure the dominant eigen-frequency is
equal to 3.4668Hz. This small decrease in the eigen-frequency value must be attributed to the
fact that the drop weight excites the stone bridge to a relatively higher level than the wind excitation. In figures 10 and 11 the in-plane horizontal and vertical response are depicted to-

288

gether with the corresponding FFT plots. Dominant eigen-frequency values are equal to
8.3984Hz and 9.4482Hz, respectively. In figures 9 and 11 the values of the equivalent damping ratio are indicated for the main horizontal out-of-plane and the vertical in-plane response,
respectively. These damping ratio values were obtained from the attenuation in time of the
free-vibration response. As can be seen in these figures the out-of-plane horizontal response
damping ratio has a value (0.6%) much smaller than the corresponding in-plane vertical response damping ratio (2.3%). Again, this must be partly attributed to the fact that the drop
weight excites the stone bridge to a relatively higher level in the vertical in-plane direction
than in the horizontal out-of-plane direction.
3

NUMERICAL SIMULATION OF THE VIBRATORY EIGEN-MODES FOR THE
SAINT VISSARIONA AND AZIZ-AGA STONE MASONRY BRIDGES

In this section the eigen-frequencies and eigen-modes of Saint Vissariona and Aziz Aga
stone masonry bridges will be predicted through a numerical simulation process. Initially, this
numerical simulation will be based on elastic behaviour, assuming the stone masonry as an
orthotropic continuous medium and limiting the numerical model at approximately the interface between the end abutments and the rocky river banks, thus introducing boundaries at
these locations [10]. Initially, for simplicity purposes, these numerical simulations are made
in the 3-D domain representing the bridge structure with its mid-surface employing thick shell
finite elements [11]. The predicted eigen-frequency values obtained from this type of numerical simulation are listed in column 2 of tables 1 and 2 for the stone masonry bridges of Saint
Vissariona and Aziz Aga, respectively. The corresponding modal mass participation ratio values are also listed in this table. The out-of-plane and the in-plane horizontal directions are denoted with the axes y-y and x-x, respectively, whereby z-z is the vertical axis. At a second
stage an alternative 3-D numerical was carried out whereby all the various parts of each
bridge were represented employing solid prismatic finite elements. The predicted eigenfrequency values obtained from this type of numerical simulation are listed in column 3 of
tables 1 and 2 for the stone masonry bridges of Saint Vissariona and Aziz Aga, respectively.
The corresponding eigen-mode shapes are also included in these tables. The various main
parts of this stone masonry bridge, that is the primary and the secondary arches, the abutments,
the deck, the mandrel walls and the parapets were simulated in such a way that narrow contact
surfaces could be introduced between them, representing in this way a different “softer” medium. All available information, measured during the in-situ campaign, on the geometry of
each one of these parts was used in building up these numerical simulations. The mechanical
property values obtained from the stone and mortar sample tests were utilized (see Manos et
al. (2016) [1]). Moreover, there is important information that is needed in order to form with
some realism the boundary conditions at the river bed and banks. The lack of specific studies
towards clarifying in a systematic way all these uncertainties represents a serious limitation in
the numerical simulation process. The approximation adopted in this study is a process of
back simulation [6], [7], [23], [24]. This is done by adopting values for these unknown mechanical stone masonry properties, respecting at the same time all the measured geometric
details, which result in reasonably good agreement between the measured and predicted in
this way eigen-frequency values. Following this approximate process the boundary conditions
introduced in both numerical simulations at all the boundaries, either at the river bed or the
river banks, were constraining to zero the translational displacement in the two horizontal and
the vertical direction. It was observed from a sensitivity analysis that was performed by
Manos et al. [1] for a number of stone masonry bridges that introducing fixity boundary con-
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ditions for the first type of numerical simulation influences, as expected, the out-of-plane and
not the in-plane stiffness of the studied stone masonry bridges. Moreover, for the Saint Vissariona and Aziz Aga Bridge whereby the main central arch is supported at the North end in
adjacent arches rather than in a rocky river bank the influence of the variation of the boundary
conditions, as expected, is again less pronounced.
Table 1. Measured and predicted eigen-frequencies for Saint Vissariona stone masonry bridge
Eigen-modes and
measured eigenfrequencies
(1)
1st Out-of-plane

3-D numerical simulation with shell elements representing the longitudinal midsection
(2)

3-D numerical simulation with solid
elements representing the full geometry of the stone bridge
(3)

Pred. eigen-frequency 2.784Hz, my=40.3%

Computed eigen-frequency 2.719Hz

Measured eigenfrequency 2.832Hz
nd

2 Out-of-plane
Measured eigenfrequency 5.029Hz Pred. eigen-frequency 5.270Hz, my=0.0%

Computed eigen-frequency 5.240Hz

1st In-plane
Measured eigenfrequency 7.129Hz

Pred. eigen-frequency 8.38Hz, mx=9.27%
mz=0.4%

Computed eigen-frequency 8.392Hz

3rd Out-of-plane
Measured eigenfrequency 8.839Hz
Pred. eigen-frequency 9.184Hz, my=20.5%

Computed eigen-frequency 8.202Hz

2nd In-plane
Measured eigenfrequency 9.570Hz
Pred. eigen-frequency 9.45Hz, mx=0.002%
mz=9.7%

Computed eigen-frequency 9.475Hz

3rd In-plane
Measured eigenfrequency
13.037Hz

Pred. eigen-frequency 12.69Hz, mx=0.01%
mz=14.1%

Computed eigen-frequency 12.712Hz

The value of the corresponding measured eigen-frequency values is included in the first
column of tables 1 and 2. These values, as already mentioned, were obtained from the system
identification study for each bridge based on the numerous measurements of the vibratory response recorded in-situ utilizing either wind or drop weight excitations (see figures 4 to 11).
When the predicted eigen-frequencies obtained from the shell elements numerical simulation
of Saint Vissariona bridge (Table 1 column 2) are compared with those obtained from the solid elements numerical simulation (Table 1 column 3) a good agreement is observed for all the
listed numerically predicted eigen-modes apart for the third out-of-plane eigen-mode. When
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this comparison is made between the numerically predicted eigen-frequency values with the
ones deduced from the in-situ measurements (Table 1 column 1), a good agreement can be
observed for the 1st and 2nd out-of-plane and for the 2nd and 3rd in-plane eigen-modes, for both
types of numerical simulations. For the 3rd out-of-plane eigen-mode the numerical simulation
employing shell element is in better agreement with the measured value than the numerical
simulation employing solid elements. Both types of numerical simulation predict an eigenfrequency value for the 1st in-plane eigen-mode that differs substantially for the measured
value. This discrepancy is of need of further research.
Table 2. Measured and predicted eigen-frequencies for Aziz Aga stone masonry bridge
Eigen-modes and measured eigen-frequencies

3-D numerical simulation with shell
elements representing the longitudinal mid-section

3-D numerical simulation with solid
elements representing the full geometry of the stone bridge

(1)
1st Out-of-plane

(2)

(3)

Measured eigenfrequency 3.4670Hz
Computed eigen-frequency 3.360Hz

Computed eigen-frequency 2.618Hz

2nd Out-of-plane
Measured eigenfrequency 6.250Hz
Computed eigen-frequency 5.857Hz

Computed eigen-frequency 4.399Hz

Computed eigen-frequency 7.920Hz

Computed eigen-frequency 7.776Hz

Computed eigen-frequency 8.024Hz

Computed eigen-frequency 6.150Hz

Computed eigen-frequency 9.440Hz

Computed eigen-frequency 9.332Hz

1st In-plane
Measured eigenfrequency 8.398Hz

rd

3 Out-of-plane
Measured eigenfrequency 7.764Hz

2nd In-plane
Measured eigenfrequency 9.375Hz
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When the predicted eigen-frequencies obtained from the shell elements numerical simulation of Aziz Aga bridge (Table 2 column 2) are compared with those obtained from the solid
elements numerical simulation (Table 2 column 3) a good agreement is observed for all three
in-plane numerically predicted eigen-modes but not for the corresponding three out-of-plane
eigen-modes. When this comparison is made between the numerically predicted eigenfrequency values with the ones deduced from the in-situ measurements (Table 2 column 1), a
good agreement can be observed between the measured and predicted values for the 1st type
of numerical simulation employing shell finite elements. The predicted values employing solid finite elements are in reasonable agreement with the measured values only for the in-plane
eigen-modes but not for the out-of-plane eigen-modes. This must be attributed to the effect of
the boundary conditions for the numerical simulation employing solid elements.

4

SIMPLIFIED NUMERICAL SIMULATION OF THE SEISMIC BEHAVIOUR OF
THE SAINT VISSARIONA STONE MASONRY BRIDGE.

This section includes results from a series of numerical simulations of the Saint Vissariona
stone masonry bridge when it is subjected to a combination of actions that include the dead
weight (D) combined with extreme actions generated from seismic ground motions. The
seismic forces were defined by making use of the current definition of the seismic forces by
EURO-Code 8 [12]. Towards this horizontal design spectral curves were derived based on the
horizontal design ground acceleration. This value, as it is defined by the zoning map of the
current Seismic Code of Greece, is equal to 0.16g (g the acceleration of gravity) for the location of the Saint Vissariona bridge located at Pyle Trikala Prefecture of Greece [12], [13], [14].
Furthermore, it is assumed that the soil conditions belong to category B because of the bridge
is founded near the banks of the river bed and not directly at a rocky sub-terrain. The importance factor was assigned to a value equal to 1.2 whereas the foundation coefficients was
assigned a value equal to one (1.0); the damping ratio is considered equal to 5% and the behaviour factor is equal to 1.5 (unreinforced masonry). The design acceleration spectral curves
obtained in this way are depicted in figure 12.

Figure 12. Design acceleration spectral curves.
It must be pointed out that the flexibility of the foundation that was taken into account in
the numerical simulation of stone masonry bridges in the past was not considered here. Two
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types of numerical analyses were performed. In the first type of numerical analysis, the dynamic spectral method was employed making use of the contribution of twelve mode, which
include the dominant in-plane and out-of-plane eigen-modes. Moreover, an amplification factor was introduce in order to compensate for the fact that only a portion of the total mass is
mobilized by these eigen-modes in the in-plane and out-of-plane directions. In the second
type of numerical analysis equivalent horizontal seismic forces are applied either in the inplane (Ex) or in the out-of-plane (Ey) directions. These forces are of an almost triangular distribution along the height of this bridge with the maximum value applied at the key of the
central arch. Moreover, the base shear that results by applying these equivalent horizontal
seismic forces is approximately equal to the base shear that results from the dynamic spectral
analyses. This is done by adjusting the amplitude of the equivalent horizontal seismic forces.
In what follows results from this second type of analyses are presented and discussed. Load
combinations which included the simultaneous application of the deal load (D) and the equivalent horizontal seismic forces either in the in-plane (D + Ex) or in the out-of-plane (D + Ey)
directions have been considered. The obtained deformation and stress results for the Saint
Vissariona stone masonry bridge as obtained from these load combinations are shown in the
following figures 13 to 15.
Dead Load

σmin=-0.67MPa
uz=-3.46mm

σmax=0.200MPa

Figure 13. Deformation and in-plane stress distribution patterns of Saint Vissariona bridge
due to the dead load.
Dead Load + Ex

σmin=-1.10MPa

ux=1.70mm uz=-4.51mm

σmax=0.500MPa

Figure 14. Deformation and in-plane stress distribution patterns of Saint Vissariona bridge
due to dead load and equivalent in-plane seismic horizontal forces
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Figure 13 shows the deformation and in-plane stress distribution patterns of Saint Vissariona bridge due to dead load. As can be seen in this figure, the deformation of the key of
the central arch due to dead load is relatively small (uz=-3.46mm). In addition the maximum
tensile stress value is also relatively small (σmax=0.200MPa) and develops at a confined region at the deck of the bridge above the left and right abutments. The minimum compressive
stress value is of the order of σmin=-0.70MPa that can be easily sustained by such stone masonry construction. Figure 14 shows the deformation and in-plane stress distribution patterns
of Saint Vissariona bridge due to the load combination including the dead load and the inplane equivalent horizontal seismic forces. Again, the in-plane deformation of the key of the
central arch due to this load combination is relatively small (ux=1.70mm uz=-4.51mm).
However, it can be seen that the region at the deck above the left abutment develops a considerable increase in the maximum tensile stress value (σmax=0.500MPa). Such tensile stress values represent a relatively high tensile stress demand for stone masonry. The region that this
high tensile stress value develops correlates with the deformation pattern of the bridge for this
load combination. Again, the minimum compressive stress value is of the order of σmin=0.70MPa that can be easily sustained by such stone masonry construction.
Dead Load + Ey
Top face σmin=-2.89MPa
uy=35.0mm uz=-3.88mm

Top face σmax=3.0MPa

Bottom face σmin=-5.00MPa

Bottom face σmax=2.07MPa

Figure 15. Deformation and out-of-plane stress distribution patterns at the facades (top and
bottom) of Saint Vissariona bridge due to dead load and equivalent out-of-plane seismic horizontal forces
Figure 15 shows the deformation and out-of-plane stress distribution patterns at the two extreme faces (top and bottom) of Saint Vissariona stone masonry bridge due to the load combination of the dead load and the out-of-plane horizontal equivalent seismic forces. As can be
seen in this figure, the out-of-plane horizontal deformation of the key of the central arch due
to this load combination is relatively large (uy=35.0mm uz=-3.88mm). As a result, large
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maximum tensile stress values develop at the central region of the main arch (Bottom face
σmax=2.07MPa) as well as at the region where the left abutment joins the foundation. Such
tensile stress values represent a relatively very high tensile stress demand for stone masonry.
Again, the minimum compressive stress value is of the order of σmin=-5.00 that, despite the
relatively large amplitude, can be easily sustained by such stone masonry construction.
As can be seen from the results of such a simplified numerical analysis the Saint Vissariona
bridge can be quite vulnerable for earthquake ground motions that are dictated from the current seismic code. According to historical information this stone masonry bridge was built on
1514 A.D. [29]. In 1967 this stone masonry bridge was declared cultural monument by the
Greek Ministry of Culture and in 2000 the surrounding area was also declared as a region in
need of special protection by the same Ministry [27]. During the last century the most intense
earthquake activity related to this bridge must be considered the Sofades in Karditsa earthquake sequence on 30th of April 1954 which is assigned by Papazachos a magnitude of 7.0 at
the Richter scale with an epicenter approximately 50km from the site of Saint Vissariona
bridge. It was not possible up to now to find any record of structural damage relating this
earthquake to Saint Vissariona bridge despite the fact that are reports of substantial structure
damage which was widespread in the Thessalia prefecture.

Trikala

St. Vissariona Bridge

Karditsa

Epicenter EQ 30-4-1954
Epicenter EQ 31-8-2018

Figure 16. The epicenter of earthquake sequence of 31st August, 2018 (ML=4.9) together with
the epicenter of the Sofades earthquake sequence of 30th April 1954 (M=7.0).
Quite recently (31st August 2018), this bridge was subjected to an earthquake ground motion
of 4.9 magnitude on the Richter scale (ML=4.9) with an epicenter 20km South from the site
of this bridge [14], [19], [20], [21], [22]. Obviously, the seismic forces for such a ground motion were much smaller than the ones considered in the preceding numerical analysis. Inspecting the bridge after this ground motion there were no visible signs of any distress. An
additional set of in-situ vibration measurements for this bridge was taken two months after
this earthquake. The measured eigen-frequency values for Saint Vissariona stone masonry
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bridge during these two in-situ campaigns, one before and one after the 31st August 2018
earthquake sequence, are listed in table 3. The study of these new set of measurements revealed a slight variation of the relevant eigen-frequency values than the ones presented in sections 2 and 3. As can be seen in table 3 the measured eigen-frequency values measured at a
date 2 months after this earthquake event have smaller values for almost all five eigen-modes
with the exception of the 2nd in-plane eigen-mode. Moreover, the variation in the out-of-plane
eigen-frequency values is somewhat larger that the corresponding variation in the in-plane
eigen-frequency values. These observations are based on the listed specific set of measurements and are in need of further verification.
Table 3. Measured eigen-frequency values for Saint Vissariona stone masonry bridge during two insitu campaigns. One before and one after the 31st August 2018 earthquake sequence.
Date of in-situ
1st out-of2nd out-of1st in-plane
2nd in-plane 3rd in-plane
measurements
plane
plane
23rd August 2017
(Before 31st August
2018 EQ)
9th November 2018
(almost two months
after the 31st August
2018 EQ)
Variation %

2.832Hz

5.029Hz

7.129Hz

9.57Hz

13.03Hz

2.734Hz /
2.783Hz

4.785Hz /
4.883Hz

6.934Hz /
7.031Hz

9.57Hz

12.793Hz /
12.891Hz

3.5 / 1.7

4.9 / 2.9

2.7 / 1.4

0

1.8 / 1.1

Numerical studies that involved relatively complex non-linear analyses were performed by the
authors [24] as well as by other researchers in the past [16], [17], [18]. Such analyses try to
numerically simulate the various non-linear mechanisms that are expected to develop at this
type of stone masonry structures when subjected to intense earthquake ground motions [15],
[25]. The simplified numerical analysis presented here, is not capable to simulate such nonlinear mechanisms. However, it can yield predictions of the deformation and stress patterns
that can be useful, up to a point, in identifying regions of stress concentration susceptible to
structural damage. Moreover, using the described system identification technique can also be
utilized in identifying changes of stiffness that may be linked to specific actions, such as
earthquake activity, and thus serve as warnings for certain maintenance counter-measures.
5

CONCLUSIONS

- Stone masonry construction has a long tradition in many places worldwide. Stone masonry
bridges built many centuries ago are one such example. Despite the rigidity and resilience of
stone masonry bridges they are in need of maintenance in order to preserve them as part of the
built cultural heritage. Towards this end in-situ measurement campaigns were conducted on a
number of stone masonry bridges in order to identify their dynamic characteristics in terms of
eigen-frequencies, eigen-modes and damping properties. This information is believed to represent a valuable basis for building realistic numerical simulations of the structural behaviour
of such bridges as well as for their structural health monitoring.
- The simplified numerical analyses yielded numerical predictions of bridge deformations
and stresses that are useful in understanding the structural behaviour and the structural damage potential for such masonry structures.
- The peak tensile values predicted when design seismic forces were applied for the Saint
Vissariona bridge are many times above the tensile strength of the stone masonry thus indicating the severe potential structural damage for this old stone masonry bridge from the design
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earthquake. The most vulnerable parts of the bridge, as obtained from the location of the peak
tensile stress concentration, is a wide area at the crest of the main central arch of the bridge as
well as at the abutment near the foundation.
- The integrity of the stone masonry in various parts of the bridge is an additional maintenance issue of considerable importance. Intervention recommendations for such stone masonry bridges should include clauses for applying preparatory actions of measurements and
analyses like the ones included here together with established principles that govern a major
retrofitting / maintenance effort for cultural heritage together with effective retrofitting /
maintenance techniques that are proven to be durable.
- The described system identification technique can also be utilized in identifying changes of
stiffness that may be linked to specific actions, such as earthquake activity, and thus serve as
warning for certain maintenance counter-measures.
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Abstract. The dynamic response of a mock-up of an ancient defense wall built with large
monoliths as a dry-stone-masonry is examined here. For this purpose this mock-up was
formed employing five (5) rectangular stones having a cross-section of 150mm x 300mm and
a height of 200mm. The horizontal surfaces of each one of these stones was made level by experienced stone masons in order that when they formed the five-stone assembly all these horizontal stone surfaces offered full support by fitting one on top of the other without the use of
any mortar. Next, this stone assembly was subjected to a series of one-direction sinusoidal
horizontal base motions as these were reproduced by the shaking table of Aristotle University.
Acceleration sensors were provided at mid-height of each stone together with sensors located
at the moving base aimed at recording both the base horizontal excitation as well as the acceleration response of each stone of the assembly. Next, a numerical simulation of this mockup was formed with the capability of reproducing numerically the geometric non-linear response from the sliding and rocking of the stones at their contact surfaces. A summary of the
obtained experimental behaviour is presented and compared with the corresponding results
as obtained from the numerical simulation. It is concluded that the numerical predictions of
the stable-unstable dynamic response of this 5-stone assembly resemble the observed response. It is also concluded, on the basis of the experiments as well as on the numerical simulations, that the presence of wire links has a stabilizing effect on the dynamic response of this
5-stone assembly.
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1. INTRODUCTION
Ancient Greek and Roman walls are usually composed of large heavy members (monoliths)
that simply lie on top of each other in an almost perfect-fit construction without the use of
connecting mortar. In this way they are distinctly different from other types of fortifications
that use connecting mortar and different type of masonry construction. This paper focuses on
the response of square monoliths that lie on top of each other without connecting mortar at
their contact horizontal surfaces, as it is typical in the mentioned before dry stone masonry
construction. The dynamic and seismic response mechanisms that develop on this solid block
structural system during strong ground motions can include sliding and rocking of the various
monoliths, thus dissipating the seismic energy in a different way from that of other forms of
masonry ([1] to [28]). This paper presents results and conclusions from an experimental study
that examines the dynamic response of such prismatic stone formations. Towards this objective the dynamic response of a simple dry stone masonry assembly that is composed by five
(5) stones is studied [19]. This stone dry-masonry assembly is simply supported on the bottom
of the first block (figure 4). It is then subjected to various types of sinusoidal horizontal base
motions, reproduced by the Earthquake Simulator Facility of Aristotle University, as will be
described in section 3. This study is partially linked with the North ancient wall of the Macedonian Palace of Vergina Greece. This wall was found to be in a state of ruin; however, the
restoration in its original formation is progressing together with similar repair and restoration
works for the Macedonian Palace itself. The restoration of the Northwall utilizes only those
original travertine monoliths that were found to be in sound condition, when they were recovered from the excavation in-situ. However, because such ancient monoliths are in small numbers (figure 1a) new travertine monoliths were also constructed, having the same dimensions
as the ancient ones, and were placed in place for the reconstruction of the North-wall as is
shown in figure 1b.

Figure 1a. The remains of the stone monoliths of
the ancient North wall of the Macedonian Palace at
Vergina Greece.

Figure 1b. The reconstruction of this ancient wall
by using recovered ancient monoliths as well as new
monoliths formed for this purpose

2. STUDY OF THE NEW MONOLITHS
Specimens of new travertine material, taken from a quarry located at the prefecture of Serres-Greece, were part of an experimental investigation that was conducted at the laboratory of
Strength of Materials and Structures of Aristotle University, exploring the possibility of forming monoliths of this new travertine material. Initially, cubic specimens were taken from the
ancient as well as from the new travertine material with dimensions 150mm x 150mm x
150mm and were subjected to axial compression.
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Cubic specimens taken from ancient and new travertine
monoliths subjected to axial compressive
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Figure 2. Axial compressive behaviour of the specimens taken from ancient and new travertine monoliths

The average compressive strength of the specimens taken from the ancient monoliths was
found to be equal to σcomp = 10.92MPa whereas the corresponding value for the specimens
taken from the new monoliths was equal to σcomp = 31.02MPa. Figure 2 depicts the measured
compressive behaviour of the specimens taken from the ancient and the new travertine monoliths. As can be seen, the specimens taken from the ancient travertine monoliths have lower
values of compressive strength (average value σcomp=10.92MPa) as well as lower values of
Young’s modulus (E=13.3GPa) than the corresponding values for the specimens taken from
the new travertine monoliths (σcomp = 31.02MPa and E=50.0GPa). These low compressive
strength and the Young’s modulus values measured for the specimens taken from the ancient
travertine monoliths must be attributed to the weathering of these monoliths for such a long
time interval (more than 2000 years). The possibility of constructing artificial stone monoliths
of the same shape and the same dimensions as the ancient monoliths, by pouring appropriate
white cement - sand mixtures in special forms in-situ, was also investigated. Two such artificial stone monoliths, constructed in-situ at the archaeological site of Vergina-Greece, were
transported at the premises of the laboratory at Aristotle University (figures 3a and 3b). They
were placed on a test rig having as an objective to determine the coefficient of friction between these monoliths when sliding response developed between themselves at their horizontal contact area.

Top Monolith

Bottom Monolith

Figure 3a. Detail of the horizontal contact surface
of the new monoliths

Figure 3b. Arranging two monoliths on top of each other at
the laboratory of Strength of Materials and Structure at Aristotle University

302

G. C. Manos, L. Kotoulas, L. Melidis and O. Felekidou

The loading arrangement for these tests is shown in figure 3b. More information on the experimental set-up can be found in Manos et al. 2015. The obtained sliding response in terms
of imposed load and resulting sliding displacement is depicted in figure 4.

Friction force (KN)

Sliding of Vergina New Monolith Test 1 Dead
Weight 35.32KN, Sliding displacement ±16mm
30
Max. Sliding
force 25.5KN

20
10
0

-20

-10

-10

0

10

20

-20
-30
Sliding displacement (mm)

μ=0.72,
σ=0.0831Mpa

Figure 4. Cyclic friction load / sliding displacement cyclic response obtained for the Vergina new monoliths.

From the stable cyclic sliding response of the two monoliths, depicted in figure 4, the
value of the dynamic coefficient of friction was found to be equal to μ= 0.72. This value of
the friction coefficient remained almost constant for all the range of compressive stress amplitudes (σn = 0.0126MPa, 0.0265MPa, 0.047MPa, 0.0686MPa and 0.0831MPa) that were applied normal to the sliding surface during this experimental sequence.
3. A 5-STONE DRY-MASONRY ASSEMBLY DRY WALL MOCK-UP SUBJECTED
TO HORIZONTAL BASE MOTIONS
In this section summary details of a series of tests dealing with the dynamic response of a
dry-masonry 5-stone assembly are presented. These five stones were of almost identical geometry; their horizontal cross section was 280mm x 160mm and their height equal to 200mm.
Their top and bottom cross sections were plane and parallel to each other; they were placed
one on top of each other forming in this way the 5-stone assembly. The friction coefficient for
the contact surfaces between these five stones was found equal to 0.57 from a series of tests
with prismatic stone samples taken from these blocks. The supporting base was the top planesurface of a reinforced concrete (R/C) footing. Each pair of stones was in contact to each
other at the intermediate supporting contact surface without the inclusion of any type of mortar (dry masonry). The R/C foundation footing together with the 5-stone assembly was placed
within a shear-stack aluminum box filled with dry sand, having part of the R/C footing embedded within the volume of the sand. In turn the base of this sand-box was rigidly secured on
top of an earthquake simulator steel platform (shaking table), as is shown in figure 5; it was
then subjected to uni-directional horizontal base motions, as indicated in the same figure. The
dynamic response of this 5-stone assembly was studied in two different configurations. First,
each one of the five stones, when subjected to the horizontal base motion, was free to rock
and slide without any restrictions, simply resting on each other. A number of tests were performed with this type of 5-stone configuration increasing the intensity of the dynamic horizontal base motion from test to test till this 5-stone assembly became geometrically unstable
and partially collapsed. Next, the same sequence of horizontal base motions was repeated having the top two stones of this assembly connected at their back with a stiff steel T-beam, using
metallic wire connectors (figures 5 and 6). One end of each metallic wire connector was attached at mid-height to the corresponding stone on the vertical plane of symmetry of the 5-
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stone assembly; then this wire was extended horizontally for 30mm having its other end secured on a stiff steel T-beam as is shown in figures 5 and 6. This steel T-beam was rigidly
fixed on the R/C foundation footing, having its vertical plane of symmetry coinciding with the
corresponding vertical plane of symmetry of the 5-stone assembly. Due to the large flexural
stiffness of the steel T-beam and its small mass the most significant T-beam eigen-frequencies
were of much larger values than those of the horizontal base motion. Therefore, the horizontal
displacement response of all the points of this steel T-Beam in the direction of motion, relative to the moving base, was approximately equal to zero.

Figure 5. Testing arrangement of the five stone dry-masonry assembly

Figure 6. Testing arrangement of the five stone dry-masonry assembly

Consequently, each metallic wire exercised a form of restrain in the horizontal sliding displacement of the stone, which was connected through this wire to the steel T-beam. Through
this mock-up an effort was made to resemble, up to a point, the conditions of a wall formed
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with prototype monoliths resting on soil. Acceleration sensors were rigidly attached at midheight on each one of the five stones as well as on the foundation block (a4, a5, a6, a7, a8, from
bottom to top, figures 5 and 6). Moreover, additional acceleration sensors were also placed
near the surface of the sand box (a3, a2) as well as on the steel platform of the shaking table (a1)
as shown in these figures.
4. MEASURED DYNAMIC RESPONSE OF THE TESTED A 5-STONE DRYMASONRY ASSEMBLY
4.1. Dynamic response of the five-stone assembly without wires when subjected to horizontal sinusoidal base motions
A number of tests were performed with horizontal sinusoidal base motions keeping the frequency of the excitation constant (1.0Hz) and gradually increasing the amplitude of the base
motion from test to test. Results from two tests are included here. Small rocking could be
measured when the maximum horizontal base acceleration reached during a test the value of
0.15g, where g the acceleration of gravity. During the next test (Test 6a), despite the relative
large amplitude of the base motion, the five-stone assembly did not develop any form of large
rocking or sliding displacements leading to instability. However, for the next test (Test 7a,
0.173g) with larger base excitation than Test 6a, the five-stone assembly developed large
rocking displacement response as shown in figure 7.
Five-stone assembly on the Sand-stack
Sinusoidal horizontal excitation 1Hz, Test 7a
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Figure 7. Large rocking displacement response of the unattached five stone drymasonry assembly, being unattached from
the steel beam

Figure 8. Acceleration response along the height of the unattached five-stone assembly (peak base horizontal acceleration
0.173g, Test 7a)

The acceleration response along the height of the five-stone assembly for Test 7a is depicted in figure 8. As can be seen in this figure, the top 5th-stone develops a peak acceleration
of approximately 0.68g. It was observed in the past during the experimental sequences with
columns having drums that for a given frequency of excitation there is a boundary between
the stable rocking response and the overturning ([5] to [18]). This boundary has relatively
high values of non-dimensional excitation amplitude for high frequency values and relatively
low values of non-dimensional excitation amplitude for low frequency values [18]. In addition,
sliding between the various stones at their contact interface became also noticeable (figure 9).
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Figure 9. Sliding between stone-blocks at the contact interface of the unattached five-stone assembly

4.2. Dynamic response of the five-stone assembly having wire connectors when subjected
to horizontal sinusoidal base motions
This time the top two stones of the assembly were provided with metallic wire attachments.
Again, a number of dynamic tests were carried out keeping as before the frequency of the excitation constant (equal to 2.0Hz) and gradually increasing the amplitude of the base motion
from test to test. Results from two tests are included here. Small rocking could be measured
when the maximum horizontal base acceleration reached during a test the value of 0.2g,
where g the acceleration of gravity. During the next tests, despite the relative large amplitude
of the base motion, the five-stone assembly did not develop any form of unstable rocking or
excessive sliding displacements leading to instability. Unstable rocking developed during test
8b as can be seen in figure 10.

Figure 10. 5-stone assembly unstable rocking (Test 8b). Top stone attached with wires to the steel T-Beam
Five-stone assembly on the Sand-stack attached with wire
Sinusoidal horizontal excitation 2Hz, Test 8b
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Figure 11. Acceleration response along the height of
the five-stone assembly attached with wires (peak base
horizontal acceleration 0.40g, Test 7b)

Figure 12. Acceleration response along the height of
the five-stone assembly attached with wires (peak base
horizontal acceleration 0.40g, Test 8b)
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The acceleration response along the height of the five-stone assembly being attached with
metallic wires to the steel beam for Test 7b and Test 8b is depicted in figures 11 and 12, respectively.
5-stone assembly with or without wires subjected to
dynamic horizontal base excitations
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Figure 13. The horizontal excitation in terms of acceleration of the R/C footing supporting the 5-stone assembly.
5-stone assembly with or without wires subjected to
dynamic horizontal base excitations

5-stone assembly with or without wires subjected to
dynamic horizontal base excitations
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Figure 14. Horizontal displacement response of the
5th-stone relative to the R/C footing. Test 7a without
wires, Tests 7b and 8b with wires.

6000
4000
2000
0
0

2

4

6

8

10

12

14

-2000
-4000
-6000
-8000

Time (sec)

1Hz No Wires Test 7a
2Hz Wires Test 7b
2Hz Wires Test 8b

Figure 15. Horizontal acceleration response of the
5th-stone. Test 7a without wires, Tests 7b and 8b with
wires.

As already described (figure 5), the acceleration sensor a3 recorded the horizontal acceleration response of the reinforced concrete (R/C) footing which was embedded within the sand
and was used to provide the base support of the 5-stone assembly. Figure 13 depicts the horizontal acceleration recorded with this sensor at the R/C footing during test 7a (5-stone assembly without metallic wires) as well as during tests 7b and 8b whereby metallic wires were
utilized to attach the 5-stone assembly to the steel T-beam (section 3, figures 5 and 6). As can
be seen in figure 13, the peak recorded R/C footing horizontal acceleration during tests 7b and
8b (with wires) was twice as large as the peak horizontal acceleration recorded during test 7a
(no wires). Figure 14 depicts the horizontal displacement of the mid-height of the top 5thstone of the assembly relatively to the R/C footing for test 7a (5-stone assembly without metallic wires) as well as for tests 7b and 8b whereby wires were utilized to attach the 5-stone
assembly to the steel T-beam (section 3, figures 5 and 6). Figure 15 depicts the horizontal acceleration recorded at mid-height of the top 5th-stone of the assembly by acceleration sensor a7
(figures 5 and 6), during test 7a (5-stone assembly without metallic wires) as well as during
tests 7b and 8b whereby wires were utilized to attach the 5-stone assembly to the steel T-beam
(section 3, figures 5 and 6). The relative horizontal displacement response curves in figure 14
were derived from the numerical integration of the relevant absolute acceleration recordings
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(figure 15). As can be seen in figure 14, the relative displacement response of the top 5th-stone
during test 7a (no wires) becomes excessive, with large rocking and sliding displacements
leading to instability. On the contrary, the relative displacement response of the top 5th-stone
during test 7b (with wires) corresponds to a stable rocking response; this occurs despite the
fact that the excitation for this tests, in terms of R/C footing horizontal acceleration, is much
larger than the excitation for test 7a (no wires). During test 8b, with R/C footing horizontal
acceleration of the similar amplitude as test 7b (figure 13), the wires were less effective because they were elongated during the previous test (test 7b). This explains the fact that the
relative displacement response during this test becomes excessive (figure 14). It must be underlined that the horizontal excitation for test 8b was again much larger than for test 7a (no
wires, figure 13). From these observations it can be concluded that the presence of the metallic wires leads to the desired control of the sliding and rocking acceleration and displacement
response of the 5-stone assembly prohibiting up to a point unstable response accompanied
with partial or total collapse. This is also evident in figure 15 whereby the horizontal acceleration response of the 5th-stone during test 7b indicates stable rocking.
5. NUMERICALLY PREDICTED DYNAMIC RESPONSE OF THE TESTED A 5STONE DRY-MASONRY ASSEMBLY
The numerical process with finite element (F.E.) discretization within the ABAQUS software package used before by Manos et al. [18] is also applied here. It was demonstrated, by
comparing the obtained in this way numerical results with the corresponding observed response as well as with analytical predictions, that these numerical predictions of the rocking
response have an acceptable degree of approximation. More details are given by Manos et al.
[18] and only basic information is included here. As was done during the experimental investigation, the influence of the presence or the absence of the metallic wires on the dynamic response of the assembly was again studied here. As already described in section 3, these
metallic wires were used to attach the top stone blocks of the assembly to the steel T-beam.
The value of the friction coefficient used in the numerical simulation was the same with the
one measured during the experimental sequence (μ=0.57).
Block5

Block4

Block3
Block2
Block1

Imposed displacement

Figure 16a. Numerical simulation
of the 5-stone assembly without the
steel T-beam

Imposed
displacement

Imposed Displacement

Figure 16b. Numerical simulation of the 5-stone assembly with
the steel T-beam (without wires).

Figure 16c. Numerical simulation
of the 5-stone assembly with the
steel T-beam (with wires).

Figures 16a, 16b and 16c depict the formed numerical simulations, one without the steel
T-beam (without wires) and the second with the steel T-beam (with or without wires).
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All these numerical models (figures 16a, 16b and 16c) were subjected to a uni-directional
horizontal excitation, as is indicated, which was obtained by numerically integrating the acceleration recorded at the R/C footing during test 7a of the experimental sequence (section 4,
figure 13). This basic horizontal excitation (sinusoidal variation with a frequency of 1Hz, with
the code name Base-Sin1Hz)) was used for all subsequent numerical simulations in the following way. A number of horizontal base excitations were produced by multiplying this basic
excitation with an amplitude factor multiplier (amplification) ranging from 1.1 to 2.5 as is
shown in figure 17. The excitation curves plotted in this figure as numerical with a constant
amplitude value (e.g. 1.6) represent the horizontal displacement of the moving base as a result
of the numerical solution for a corresponding desired input motion equal with the displacement amplitude of the moving based measured during the experimental sequence (BaseSin1Hz) multiplied by the amplification factor 1.1. As can be seen in figure 17, despite the
use of the amplification factor with the value 1.1 the base motion during this numerical simulation is somewhat smaller that the experimental base motion.

Figure 17. Comparison between the displacement base motion recorded during the experiments and the base
motion that occurred during the numerical simulations of the 5-stone assembly dynamic response.

relative displac. (mm)

Horizontal displacement excitation for five-block
assembly together with column (amplif.=1.1)
80
block 5
60
40
20
0
-20 1

block 4
block 3
block 2
block 1
3

5

7

9

-40
-60

time (sec)

Figure 18. Hor. displacement response along the height of the five-stone assembly (without wires). Numerical
simulation with the steel T-beam. Amplification value=1.1

5.1. Numerical simulation of the dynamic response of the five-stone assembly without
wires when subjected to horizontal sinusoidal base motions
Figure 18 depicts the numerical predictions of the horizontal response of the 5-stone assembly relatively to the moving base. An amplification factor equal to 1.1 was employed in
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this numerical simulation. As can be seen in this figure, the predicted response is that of stable
rocking which does not agree with the corresponding experimental observation whereby this
base motion resulted in unstable response (figures 7, 8, 9 and 14). In order to reach unstable
response by this numerical simulation the base excitation was gradually increased till the amplification factor reached the value of 1.6. (figure 19).
Horizontal displacement excitation for five-block
assembly together with column (amplif.=1.6)
240

block 5

200

block 4

relative displacement
(mm)

160
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120
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80

block 1
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-40 0

2
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8

10

-80
-120
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Figure 19. Hor. displacement response along the height of the five-stone assembly (without wires). Numerical
simulation with the steel T-beam. Amplification value=1.6

5.2. Numerical simulation of the dynamic response of the five-stone assembly having
wire connectors when subjected to horizontal sinusoidal base motions

relative displac. (mm)

In this section the numerical predictions of the dynamic response of the 5-stone assembly,
having its top two stones attached with wires to the steel T-beam, as was done during the experimental sequence. The axial behaviour of each wire was governed by an elasto-plastic constitutive law with a yield force equal to 60N, which represents a numerical approximation of
the axial behaviour of the metallic wires used during the experiments. Figures 20 and 21 depict the numerical displacement response for a horizontal excitation with an amplification factor equal to 1.6 and 2.5, respectively.
Horizontal displacement excitation (amplif.=1.6).
Five-block assembly with top connectors to column
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30
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1

3
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7
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Figure 20. Hor. displacement response along the height of the five-stone assembly (with wires). Numerical
simulation with the steel T-beam. Amplification value=1.6

By comparing the numerical horizontal displacement response of figures 19 and 20 of the
5-stone assembly with the wires in place with the corresponding response of figure 18 for the
assembly without the wires, the stabilizing effect of the presence of the used wires can again

310

G. C. Manos, L. Kotoulas, L. Melidis and O. Felekidou

be ascertained. In particular, for the same base excitation (basic sinusoidal motion multiplied
by the amplification factor equal to 1.6), the numerical simulation of the assembly with the
wires rocks with a stable response (figure 20) whereas the corresponding numerical simulation of the assembly without the wires overturns (figure 19). For the assembly with the wires
to reach an unstable response the amplification factor must attain the value of 2.5, which
represents a 55% increase to the base excitation that caused the unstable response of the assembly without the wires. This observation agrees with a similar observation made during the
experimental sequence (section 4). The numerically predicted displacement response of the 5stone assembly with the wires in place appears to combine rocking as well as sliding response,
mainly for the top three stones (figure 21). This response resembles the displacement response
of the individual stoned of the assembly without the wires rather than the one with the wires
(figures 7, 8, 9 and 10).

relative displacement (mm)

Horizontal displacement excitation (amplif.=2.5).
Five-block assembly with top connectors to column
60
40
20
0
-20 1
-40
-60
-80
-100
-120
-140

3

5

7

9

block5
block4
block3
block2
block1
time (sec)

Figure 21. Hor. displacement response along the height of the five-stone assembly (with wires). Numerical
simulation with the steel T-beam. Amplification value=2.5

6. CONCLUSIONS
 The mock-up of a five stone dry masonry assembly without any wire attachments developed
stable rocking and unstable rocking dynamic response that was combined with sliding at the
contact interfaces. This stable-unstable rocking response of the mock-up of a five stone dry
masonry assembly resembles similar behaviour that was observed for the response of mockups of ancient free standing columns and colonnades.
 Metallic wire links, which exercise horizontal displacement restraints on such monoliths,
can have, up to a point, beneficial influence on this stable-unstable rocking response for this
type of stone dry masonry. Stable rocking response was observed for much larger base acceleration amplitudes when the metallic wire links were present than when the used mockup of the five-stone assembly was left unattached without any such links.
 The numerical simulation of the dynamic response of the 5-stone assembly confirmed this
stabilizing influence resulting from the presence of such metallic wire attachments.
 In order to further research the discrepancies between experimental measurements and numerical predictions it is essential to obtain directly the value of the frequency coefficient for
the contact surfaces of the used stones that formed the 5-stone assembly. Similarly, the axial behaviour of the employed in the experiments metallic wires must also be defined in detail.
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Abstract. This paper presents the experimental results of shaking table tests on two prototypes,
made of unreinforced and confined masonry material, carried out at the laboratory of ENEA,
Casaccia, Rome. The mock-ups have the same small-scale geometry, characterized by a rectangular plan of about 3.00 × 3.50 m in dimensions and a total height of about 4.00 m. The
building models have two levels, in which three facades have openings not centered on both
levels, while the fourth one results as a plane masonry wall. The two rigid floors are made
of concrete/brickworks and steel for the first and second level, respectively. For both models,
the dynamic tests have been carried out for increasing levels of seismic intensity applied at the
base of the models in the three spatial components. The accelerations data recorded during
the earthquake occurred in Norcia (Italy) on October 30th 2016 have been used as input. The
building models have been instrumented with 10 uni-axial MEMS accelerometers, three sensors
per-storey deployed in each plane in horizontal directions and one vertical direction installed
at the base). The paper highlights the comparison between the two models performance, especially in terms of the response acceleration data and the damage state.
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1

INTRODUCTION

In 2016 the Central Italy has been struck by a series of massive earthquakes highlighting the
necessity to improve the knowledge about the dynamic behaviour of masonry structures excited
by strong ground motions, in order to develop useful design solutions to mitigate the seismic
vulnerability of the historical constructions and of masonry buildings in general. To this aim,
several contributions can be found in literature about this issue through both experimental tests
and numerical analyses [1, 2, 3, 4]. Within this framework, a research program aimed at improving the dynamic performance of masonry structures by using confined masonry technique
was started. A shaking table experimental investigation was carried out on both unreinforced
and confined masonry building models at the ENEA laboratory in Casaccia, Rome, in order to
compare the dynamic response of the two different construction types.
Recent earthquakes have shown that unreinforced masonry buildings do not behave adequately in case of seismic loading for the low tensile strength of masonry, by exhibiting brittle
response and damage [5, 6]. The experience made on several countries, characterized by a nonengineered construction technologies, has proven that the introduction of confining concrete
elements can improve significantly the seismic performance of masonry structures, leading to
higher lateral resistance and ductility. Confined masonry, in which masonry walls are confined
by vertical and horizontal reinforced concrete small elements (tie-columns and bond-beams),
has shown very satisfactory behaviour during moderate and strong earthquakes [7, 8].
For these reasons, in the past decades significant interest has been devoted to the confined
masonry behaviour. Several authors have investigated the confinement effect of reinforced concrete elements in bricks walls [9, 10, 11] and experimental tests were carried out in order to
evaluate the effect of large openings on the deformation capacity and the energy dissipation
characteristics of confined masonry [12].
In this work, preliminary results of a shaking table experimental campaign on an Ordinary
Masonry (OM) and a Confined Masonry (CM) building model are shown. In particular, a
reference seismic input motion characterized by significant intensity in all the three directions
has been used as input. A series of seismic tests were carried out by increasing the amplitudes
of the chosen reference acceleration records, in order to induce progressive damage to the two
structural models. Since the assessment of the seismic performance of a structure depends on
the choice of the earthquake Intensity Measure (IM), different ground motion IMs (Peak Ground
Acceleration, Arias Intensity and Housner Intensity) are used to characterize the acceleration
time histories recorded at the base of the two building models. The two models are compared
in terms of their performance, particularly described by the damage state occurred during the
shaking table tests and the input energy level which they were able to withstand.
2

MODELS DESCRIPTION

The geometry of tested structures, OM and CM building models, refers to the shape and
dimensions adopted in similar tests carried out on masonry structures on the shaking table of
the laboratory of ENEA and published in literature [13, 14]. In particular, they were designed
with a scale factor of 1.5 for what concerns the height of each level, the opening dimensions and
the walls thickness. Both of models consist of two-storey, with dimensions of 3.00 × 3.50 m in
plan and 2.20 m for each storey in height (Figure 1). The façades of the models are characterized
by several openings having different dimensions and positioning, in order to confer eccentricity
to the global stiffness. Figures 1(a)-(d) and Figures 1(e)-(h) report the geometrical details of
two models, showing the four façades of each of them.
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Figure 1: a-d) Geometrical details of ordinary masonry model façades. e-h) Geometrical details
of confined masonry model façades.
The foundation of both prototypes consists of four concrete beams reinforced with longitudinal and transversal steel bars. The first floor is a hallowcore slab with reinforced concrete
elements, while the roof is made of steel frames designed in order to facilitate the positioning
of additional masses at both the levels (Figure 2(b)). Two balconies, made with four HEA100
steel beams, were built at both first and the second curbs. Walls are built using M10 mortar
layers and bearing clay blocks with 45% porous density, 25 × 18 cm size and 16 cm thickness
(Figure 2(a)) obtained by cutting typical antiseismic load-bearing thermal blocks.
In the CM model, the vertical, reinforced-concrete bonding-beams and tie-columns confine
the wall elements at all corners and wall intersections, as well as along the vertical borders of
door and window openings. These concrete frames have cross section of 16 × 16 cm in dimensions for the corner cases, and 10 × 16 cm for the confinement elements of the openings, such as
doors and windows (Figure 2(c)-(d)). The concrete used is characterized by fine aggregates and
medium strength. A further reinforce system is introduced in the bed joints every two layers
consisting in two longitudinal wires welded together by means of a diagonal continuous wires
(Figure 2(c)).
3

EXPERIMENTAL ACTIVITY

The shaking table tests were performed by using a 4 × 4 m2 shake table with six Degrees of
Freedom (DoFs), frequency range from 0 to 50 Hz, maximum acceleration of 3.0 g, maximum
velocity of 0.5 m/s and maximum displacement of 0.25 m.
The dynamic response of both building models was measured using 10 uni-axial MEMS (Micro Electrical Mechanical Systems) accelerometers located in seven different positions: three at
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Figure 2: (a)-(b) Structural details of the Ordinary Masonry building. (c)-(d) Structural details
of the Confined Masonry buildings.
each level including the base and one for the base vertical component. The sensors used were
uniaxial accelerometers with a sensitivity of 1 V/g, a measuring range of ± 2 g and equipped
with a linear analogue output (Figure 3).
The preliminary phase of the experimental activities was carried out using a three steps
procedure:
1. The two building models were built outside the shaking table;
2. The two building models were transported and anchored to the shaking table by using
post-tensioned steel rod;
3. Additional masses made of steel plates were placed on each of the two slabs and on the
balcony.
The earthquake occurred on October 30th of 2016 and recorded by the seismic station of
the Italian Strong Motion Network (”Rete Accelerometrica Nazionale” - RAN) in the city of
Norcia, called in the following as N indicating the nominal intensity of the seismic action,
characterized by a high intensity in all directions is used as shaking table input.
The shaking table tests were carried out by increasing the level of the seismic intensity in
different steps for the two building models. After each seismic shock, Ambient Vibration Tests
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Figure 3: (a) Confined masonry building model on the shaking table. (b) Sensors layout used
for the acceleration measurements of the building models.
Table 1: Shaking table tests sequence for the
ordinary masonry building model.
Test
Code
1
WN1 - OM
2
E1 - OM
3
WN2 - OM
4
E2 - OM
5
WN3 - OM
6
E3 - OM

Description
White Noise Loading
Seismic Input 0.25 N
White Noise Loading
Seismic Input N
White Noise Loading
Seismic Input 1.20 N

Table 2: Shaking table tests sequence for the
confined masonry building model.
Test
1
2
3
4
5
6
7
8
9
10

Code
WN1 - CM
E1 - CM
WN2 - CM
E2 - CM
WN3 - CM
E2 - CM
WN4 - CM
E4 - CM
WN5 - CM
E5 - CM

Description
White Noise Loading
Seismic Input 0.25 N
White Noise Loading
Seismic Input N
White Noise Loading
Seismic Input 1.20 N
White Noise Loading
Seismic Input 1.50 N
White Noise Loading
Seismic Input 1.80 N

(AVTs) were performed by applying a Gaussian White Noise (WN) input loading in order to
evaluate the effect of the possible damage on the main dynamic characteristics (mainly natural
frequency and vibration modes) through the application of the Operational Modal Analysis
(OMA) technique. Tables 1 and 2 reports the tests procedure for the OM and the CM building
models, respectively. Moreover, after each shaking stage, a visual inspection of the two building
models is performed in order to evaluate the evolution of the structural damage.
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4
4.1

ANALYSIS OF RESULTS
Intensity measures used in the comparative results

The peak ground acceleration (PGA), the Arias Intensity (IA ) and the Housner Intensity (IH )
were used as IMs in order to quantify the intensity of the ground motions recorded at the base
of the two building models during the seismic tests.
The PGA is commonly used in order to classify the degree of severity of a ground motion and
it is defined as the maximum absolute ground acceleration a(t) recorded during the occurrence
of a seismic event according to

PGA = max|a(t)|

(1)

In the same way the Peak Response Acceleration (PRA) can be defined as the maximum
absolute acceleration recorded by the sensors installed in order to evaluate the dynamic response
of a structure.
The IA , as defined by Arias in [15], is a cumulative ground motion IM computed on the
function of the motion intensity
π
I(t) =
2g

Z t

a(τ)2 dτ

(2)

0

where a(τ) is the ground motion acceleration at time τ and g is the acceleration of gravity.
The Arias intensity (IA ) is the maximum value of Eq. (2), such as IA = I(Td ), where Td is the
acceleration duration computed in order to have the seismic energy between the interval 5-95%
[16]. The IA is able to consider three aspects of ground motion severity making it different from
the PGA: the ground motion acceleration amplitude, the frequency content (i.e. the value of
the integrand between zero-crossings will be frequency-dependent) and the duration of ground
motion [17].
The IH is defined as the integral of the pseudo-velocity spectrum with damping ratio ζ = 5%
for the range period T = 0.1 − 2.5 s [18] evaluated from ground motion signal according to
Z 2.5

IH =

0.1

PSv (ξ = 5%, T )dT

(3)

In the comparison of the results the Arias Intensity was applied also to the signals acquired
on the two building models, to estimate the output energy level given by the structural response
during the dynamic tests.
4.2

Ordinary masonry building model

The acceleration time histories recorded at the base of the OM building model in x, y and z
direction are shown in Figure 5(a). In particular the three accelerograms, recorded as shaking
table input, refer to the case E2 - OM (see Table 1). All the signals are downsampled at 200 Hz
in order to obtain the same sampling frequency of the earthquake signal N recorded by the
seismic station of RAN and used as reference. Table 3 reports all the estimated IMs. All the
considered IMs increase from E1 - OM to E3 - OM in all the three directions with the exception
of the PGA. This is due do the fact that the PGA is very sensitive to signal sampling parameters
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Steps
E1 − OM
E2 − OM
E3 − OM

PGA [g]
IA [m/s]
ax (t) ay (t) az (t) ax (t) ay (t)
0.28 0.3 0.37 0.66 0.63
0.74 1.79 1.58 2.64 5.33
0.66 1.51 1.19 3.07 5.29

az (t) ax (t)
0.52 0.02
6.42 0.07
7.73 0.09

IH [m]
ay (t)
0.03
0.10
0.12

az (t)
0.01
0.04
0.05

Table 3: Input IMs of the OM building model for the shaking table tests steps.

Figure 4: Damage survey observed on the OM building model after the dynamic tests.
(e.g. sampling frequency) and moreover spikes due to a knockback of the structural system can
occur.
Concerning the crack pattern occurred on the structure during the test, significant damages
were located mainly at the lower part of the OM building model after the test with 100% seismic
intensity level (E2 − OM), due to the combined effects of the horizontal and vertical seismic
acceleration component. In Figure 4 the damage scenario observed at the end of the tests is
shown, where significant shear cracks at three out of the four faades can be observed.
The IMs of the acceleration time histories recorded at the base of the OM building model are
compared with the response measures extracted from the acceleration time histories recorded at
each level. In particular, the PRA and the Arias Intensity of the structural response as a function
of the IA and IH evaluated on the input signals are plotted in Figures 5(b)-(d) and in Figures
5(c)-(e) respectively. Moreover, Figures 5(b)-(c) and Figures 5(d)-(e) refer to the structural
response evaluated in x (Channel 1 and Channel 4) and y (Channel 2 and Channel 5) direction.
In all the plots, the plain circle symbol is used for PRA, while the plain square symbol indicates
the IA values. Then, dashed and dotted lines are used to estimate the trend of the curves of PRA
and IA respectively.
The gradient decrease of IA and IH measured in all the cases, with the exception of IA in
y direction (Figure 5(d)) can be considered an index of damage occurrence, i.e. part of the
energy of the input signal is dissipated through the damaged structure. On the other hand, the
PRA extracted by the acquired signals show different trends in the considered cases in terms
of gradients. In particular, a quite linear trend can be recognized for the PRA acceleration of
Channel 4 as a function of both IA and IH , while a rapid increase is observed for the Channel 1.
In y direction the results are characterized by a lower gradient.
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Figure 5: (a) Acceleration time histories recorded at the base of the Ordinary Masonry building
model in the case of E2-OM as shaking table input, in x, y and z direction. PRA and the Arias
Intensity of the structural response as a function of the IA (b) and IH (c) evaluated on the input
signals along x direction. PRA and the Arias Intensity of the structural response as a function
of the IA (d) and IH (e) evaluated on the input signals along y direction.
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Steps
E1 −CM
E2 −CM
E3 −CM
E4 −CM
E5 −CM

PGA [g]
IA [m/s]
ax (t) ay (t) az (t) ax (t) ay (t)
0.33 0.36 0.26 1.79 1.41
0.68 0.94 0.62 3.15
3.7
1.04 1.62 0.65 4.8
5.32
1.49 1.94 0.87 6.49 7.57
1.56 2.05 0.92 8.06 10.89

az (t) ax (t)
0.83 0.02
2.56 0.08
3.85 0.09
5.48 0.11
7.62 0.14

IH [m]
ay (t)
0.03
0.11
0.12
0.16
0.19

az (t)
0.01
0.04
0.05
0.06
0.07

Table 4: Input IMs of the CM building model for the shaking table tests steps.
4.3

Confined masonry model

The acceleration time histories recorded at the base of the OM building model in x, y and z
direction are shown in Figure 6(a). In particular the three accelerograms, recorded as shaking
table input, refer to the case E2 - CM (see Table 2). Also in this case, all the signals are
downsampled at 200 Hz in order to use the same sampling frequency of the earthquake signal N
recorded by the seismic station of RAN and used as reference. Table 4 reports all the estimated
IMs. All the considered IMs parameters increase from E1 - CM to E5 - CM.
Differently from the case of OM, the dynamic tests on the CM building model did not cause
any visible damage, confirming the effectiveness of such a construction technique. Also in
this case, the IMs of the acceleration time histories recorded at the base of the CM building
model are compared with the response measures estimated from the acceleration time histories
recorded at each level. Following the figures layout defined in the previous Section, in Figures
6(b)-(e) the PRA and the Arias Intensity of the structural response as a function of the IA and IH
evaluated on the input signals are shown. As it was expected, the IMs increase from the lower to
the higher level in x and y directions, without highlighting any specific anomalies in the related
trend.
The filled areas of the graphs identify the levels of the input accelerations which the CM
model was able to withstand. By the comparison between the response indexes at the same
level of input intensity, it can be seen for the OM model that in x direction, for example, to a
value of IA equal to 3, correspond a value of PRA of about 2 g and 1 g at the higher and lower
level respectively. The CM model exhibited lower levels of PRA at the maximum values of
IA reached at the end of the test, and keeping a strength supply which allowed to significantly
increase the input level up to the shaking table possibilities, without reaching a visible damage
state. Similar remarks can be made on the level of energy that the CM model could stored in
the dynamic response, given by the higher levels of IA evaluated on the response signals both
in x and y direction, if compared to the measurements obtained in the OM model.
5

CONCLUSIONS

In this paper the first results obtained by shaking table experimental tests on a Ordinary Masonry (OM) and Confined Masonry (CM) building models have been presented. The masonry
models, designed with a scale factor of 1.5 and characterized by two storeys, were made of
bearing clay blocks for both the OM and CM model, while reinforced concrete tie beams and
columns were used as confining elements for the CM case. The dynamic tests have been carried out using the acceleration signals recorded by the seismic station of the city of Norcia, in
the Central Italy, on October 30th of 2016. The seismic input has been assigned on both the
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Figure 6: (a) Acceleration time histories recorded at the base of the Confined Masonry building
model in the case of E2-OM as shaking table input, in x, y and z direction. PRA and the Arias
Intensity of the structural response as a function of the IA (b) and IH (c) evaluated on the input
signals along x direction. PRA and the Arias Intensity of the structural response as a function
of the IA (d) and IH (e) evaluated on the input signals along y direction.
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masonry models considering all the three components and with increasing level of intensity.
The structural response has been analysed through a system of ten MEMS accelerometers installed at each levels of the buildings (three per level to identify translational and torsional rigid
movements and one for the base vertical component).
The performance comparison between the Ordinary Masonry and the Confined Masonry
building models has shown a meaningful capacity of the CM model to withstand dynamic actions. The OM model has been characterized by a significant damage scenario at an input level
equal to 120% with respect to the nominal acceleration values recorded by the seismic station.
At the same time, the CM model has reached input intensity levels of about 180% of the nominal intensity, without showing any visible damages. As a first result, this capacity has been also
assessed by the estimation of some intensity measures
The results has confirmed that by reinforcing the masonry walls with vertical and horizontal
concrete frames, the strength and global ductility of the building model can be significantly
increased.
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Abstract
Unreinforced stone masonry made of low strength mortar has been used for centuries in forming old type stone masonry “Greek” churches. The seismic performance of such stone masonry structures damaged during recent strong seismic activity in Greece combined with long
term effects from foundation settlement is presented and discussed. In order to obtain a quantification of the in-plane sliding shear failure criterion a number of stone masonry triplets
were built with weak mortar and were tested in the laboratory. Measurements from such
shear-sliding tests involving three stone and two mortar joints are presented and discussed together with corresponding numerical simulation results. The cohesive surface interaction constitutive law, with values of its parameters validated through the used process of the specific
triplet test, can be also employed in forming realistic limit-state criteria for stone masonry elements. The used simplified dynamic linear elastic analysis can yield realistic prediction of
the expected performance of such stone masonry structures. However, the necessity to obtain
a more comprehensive set of measured strength properties for such type of masonry construction must be also underlined. From this simplified dynamic linear elastic analysis it can be
concluded that the soil-foundation deformability results in a significant increase in the tensile
stresses at the region that the tympanum of the spherical dome is supported on the vaulting
part that springs from the two interior masonry pilasters and the apse. This conclusion is in
agreement with the observed damage that developed in the region of the structural system for
this church.
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1

INRODUCTION

During the last fifty years various parts of Greece have been subjected to a number of damaging earthquakes ranging from Ms=5.2 to Ms=7.2 on the Richter scale. Some of these events,
not necessarily the most intense, occurred near urban areas [1]. One of the most demanding
tasks for counteracting the consequences of all these seismic events was the effort to ensure
the structural integrity of old masonry structures which sustained considerable damage. In this
framework, it was essential to study their structural system and to investigate the most significant causes of structural damage. From such an investigation two main contributing factors
come to light. The first factor is the pre-existing state of stress and strain either from previous
earthquake events and/or from long term permanent foundation settlement. The effect of
foundation deformability is significant for structures that are currently designed and constructed with contemporary materials and construction techniques [2], [3]. The effects of interaction between old masonry structures and deformable layers of supporting soil are far
more significant. One of the most celebrated cases are masonry towers that are inclined, like
the tower of Pisa in Italy, due to soil deformability; in some cases such inclination led to total
collapse. An in-depth presentation of the causes of soil settlement and its effect on old masonry structures as well as remedial measures is given by Croci [4] in the chapter with the relevant sub-title. Stone masonry bridges are another structural type that suffers from foundation
settlement [5]. In this case foundation deformability, which results from long term river flow
or short term turbulent river flow from flooding, also leads to collapse of such stone masonry
structures ([6] and [7]). The worst case scenario for the various masonry structural elements
is the accumulation of stress and strain from such long term effects and the absence of any
appropriate counter-measures. The second factor is a strong seismic ground motion and the
earthquake forces generated by it ([1], [8], [9], [10], [11], [12], [13], [14]). Such seismic
events result in stress demands that many times exceed the capacities of unreinforced masonry
structural elements and their connections; this is more likely to occur for masonry structures
which have already accumulated considerable pre-existing state of stress and strain, as described in [4], [10] and [12]. The combination of these two contributing factors can lead unreinforced masonry structural members and their connection to a critical state that is
accompanied by significant structural damage and partial collapse. The combination of these
two actions must be seen in a relatively wide time window when one studies their effect on
Cultural Heritage Structures. M. Cerone et al. [15], by investigating the influence of the soil
together with earthquake forces on the Colosseum in Rome (Italy), they concluded that the
registered collapses are due to the combination of soil movement together with the earthquake
activity over the centuries and the continued lack of maintenance. The most detrimental state
of stress is the one resulting from uneven foundation settlement [4]. Heavy structural damage
develops as a result of such actions because the resistance of unreinforced weak-mortar masonry to tensile or shear stress demands is rather low and is accompanied with a brittle type
behaviour. In many cases this resistance is in effect even lower than assumed due to poor
maintenance conditions.
The longitudinal and transverse walls of such structures are usually long and thick with very
large in-plane stiffness. These walls are interconnected to form the main part of the total 3-D
structural system, which mainly resists the horizontal earthquake forces ([10] and [12]).
Moreover, any change of shape imposed by soil-foundation settlement, because of the large
in-plane wall stiffness, leads to considerable stressing of these planar structural elements and
colonnades support a simple or complex relatively stiff masonry vaulting that is in turn protected by a wooden roof. The soil-foundation settlement and the resulting state of stress-strain

328

that develops on these planar masonry walls spreads also to such masonry vaulting. Therefore,
the resulting structural damage develops in either the planar walls or/and the vaulting. Such
relatively heavy masonry vaulting also generates large inertia forces in case of a strong earthquake ground motion, which in turn result in large tensile and shear stress demands that can
be detrimental for the structural performance of the masonry planar walls and/or the masonry
vaulting [16].
2

SIMPLIFIED NUMERICAL EVALUATION PROCESS

In evaluating the static, dynamic and earthquake response of such masonry structures it is initially assumed that the various planar and vaulting masonry structural elements are well interconnected at their intersections as well as with the wooden roof and the foundation. At this
“first stage” evaluation, the performance of each particular structural element is assessed individually, assuming that these interconnections are withstanding the imposed demands without
any form of damage. Assumed elastic properties are adopted for each individual masonry
structural element in order to approximate its in-plane and out-of-plane stiffness characteristics. The actual main architectural features are used to form a three dimensional (3-D) numerical model of the whole structural system, as shown in figures 2a and 9. This linear elastic
numerical model is further simplified by utilizing shell elements for numerically simulating
each masonry structural element thus approximating the in-plane and flexural (out-of-plane)
stiffness without having to actually portray the masonry structural thickness in this numerical
approximation. Towards this objective, appropriate software packages are utilized in order to
form this 3-D numerical model ([17], [18]). It is important at this stage to carefully check all
the intersections in order to ensure that there is compatibility in the finite element representation of the 3-D actual structural system, despite the simplification introduced by the use of
shell finite elements. The deformability of the foundation is also approximated in two different ways. First, deformable supports are placed under the foundation; these supports have
elastic properties equivalent to the deformability properties of the underlying soil layers. Alternatively, layers of deformable soil are used, placed under the foundation of this numerical
simulation.
Both basic assumptions, e.g. that “the various planar and vaulting masonry structural elements
are well interconnected at their intersections as well as with the wooden roof and the foundation”, and that “elastic properties are adopted for each individual masonry structural element
in order to approximate its in-plane and out-of-plane stiffness characteristics”, have a very
debatable degree of realism at the same time such an elastic model also possess certain advantages:
a) Elastic numerical solutions are relatively fast and the corresponding results easily obtained.
b) The role of the various structural elements in transferring either the gravitational forces or
forces generated by extreme actions (e.g. earthquake, snow, wind) can be easily identified.
c) For low-level dynamic / seismic excitations, which do not mobilize the various non-linear
mechanisms inherent within such masonry structures, the most dominant dynamic eigenmodes can be measured. In this way, the validity the relevant dynamic system, formed in this
way, can be checked and properly adjusted.
d) Critical structural elements with stress concentration regions can be identified ([20], [23]).
e) Using parametric studies the influence of various parameters, either regarding the actions or
the structural formation (e.g. adding or removing parts of the structure, examining the flexibility of the foundation etc.) can be studied with relative ease.
f) The predicted demands on structural elements resulting from such a simplified elastic numerical analysis can be utilized in predicting plausible limit-state scenarios for the performance of the examined structural system, by adopting realistic strength limit state criteria.
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More detailed description of such failure criteria are presented by Manos et al. ([20], [21],
[23]).
Despite the above stated advantages, the results from such an elastic numerical representation
must be considered with sufficient skepticism bearing in mind that the validity of assuming
elastic properties as well as assuming full interconnection of the various structural elements is
an approximation with serious limitations (figure 1). Moreover, in order to predict plausible
limit state scenarios for the performance of the structural system, apart for the realism of the
predicted demands the necessity to form realistic strength limit state criteria is also of obvious
importance. Measurements form properly arranged and executed tests in-situ or at the laboratory level are very essential in validating the realism of such predictions of limit-state structural performance. A brief presentation of a series of laboratory tests is presented in section 3.
Manos and Kozikiopoulos [19] utilized in-situ
measurements from a bell tower in Kefalonia island in order to approximate the stiffness characteristics of the underlying soil layers. Moreover, a
3-D finite element approximation of flexible soil
layers was utilized to obtain the stiffness properties
of equivalent link elements used to replace the soil
layer in a 3-D finite element representation of the
structure together with its flexible foundation. This
3-D numerical approximation is subjected to a variety of load combinations that include the gravitational forces as well as snow or earthquake loads,
described by relevant design provisions.
Figure 1. Formation of the 3-D numerical approximation
3

LABORATORY TESTS

One of the main difficulties in assessing the capacity values for old stone masonry construction is the lack of experimentally verified strength values. In order to partially overcome this
difficulty a number of specimens were built employing stones with a cubic compressive
strength of 60MPa and medium strength mortar with a mean cubic compressive strength equal
to 4.50MPa. Each specimen was built with three stones and two mortar joints. Each mortar
joints were approximately 20mm. The dimensions of each stone were approximately 160mm
x 380mm x 200mm. Each specimen was placed in a testing rig hosting a vertical jack with a
load cell and a flat sliding bearing resting at the top surface of each specimen (figure 2). In
addition, a horizontal actuator was securely attached at the mid of the central stone in order to
apply a horizontal load in a gradually increasing manner, keeping at the same time the vertical
load constant at a predetermined level. The aim of this experimental setup was to force each
specimen to fail in an almost horizontal sliding mode at either one of the two mortar joints.
Two displacement transducers were attached on this specimen at each one of the mortar joints
dedicated to capturing the sliding displacement of the central stone relatively to the top and
bottom stones. The final objective of such an experimental sequence is to be able to quantify
the shear resistance offered by stone-mortar joint which is within a stress field with compressive stresses acting normal to the stone-mortar joint interface. The stone-mortar joint shear
resistance involves both the cohesion mechanism between stone and mortar as well as the
sliding friction mechanism. The resulting sliding response is depicted in figure 3. The variation of the equivalent shear and normal stress values plotted in this figure were derived from
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variation of the recorded horizontal and vertical load, respectively, based on the assumption of
uniform distribution along the two mortar joint surfaces.
Vertical Jack
and Load Cell

Horizontal
Jack and
Load Cell

Figure 2. Triplet test experimental set-up
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Figure 3. Measured shear-sliding response from the triplet test
From the obtained measurements it can be seen that the friction – sliding mechanism dominates the response after the. For this level of normal stress the value of the friction coefficient
varies from 0.95 (static) to 0.85 (kinetic).
3.1. Numerical Simulation of the Triplet Test
A numerical model of the performed triplet test was formed [18] as shown in figure 4. The
three stones were assumed to behave elastically whereas the two mortar joint were provided
with non-linear constitutive behaviour. Each mortar joint was numerically simulated with a
contact surface joining the two adjacent stones governed by a cohesive surface interaction
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constitutive law. The most important parameters governing this numerical behaviour is the
value of the cohesion as well as the value of the coefficient of friction. In this attempt to simulate numerically the measured triplet response depicted in figure 3 the values of these parameters were varied in a parametric way using the measured response as a level of reference
through a back analysis process. This non-linear numerical simulation was performed with a
time step-by-step analysis with a very small time step that is adjusted by the software according to convergence requirements. The loading sequence was also varied in time and it included at each time step the measured vertical load, which was applied on the numerical model in
the same way as was applied during testing. Together with this vertical load a horizontal displacement was also imposed on the numerical central stone resembling the horizontal load
which was applied on the triplet during testing.

Figure 4. Numerical model of the triplet test

Figure 5. Triplet test horizontal force versus horizontal displacement numerical response
The resulting horizontal reaction is plotted in figure 5 against the corresponding horizontal
displacement of the central stone relatively to the adjacent top and bottom stones. In this figure the numerical response was obtained by adopting two different arithmetic precisions in the
computer analysis process (either single or double precision). The solution algorithm when the
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single precision was adopted failed to continue the analysis after an imposed maximum horizontal displacement value approximately equal to 12.5mm. Up to this point the differences in
the obtained numerical response between the single and the double precision solution is
smaller than 5%. In comparison, the single double precision solution requires 40% more time
than the single precision solution in this application. In all the subsequent numerical simulations the double precision option was adopted.

Figure 6. Triplet test horizontal force versus horizontal displacement numerical response. Variation of the friction coefficient keeping a constant normal stress and a constant cohesion.

In figure 6 The numerical sliding response of the triplet is plotted in terms of horizontal load
versus horizontal displacement. This is a parametric study with variable parameter the
coefficient of friction which has values equal to 0.6, 0.8 and 0.95 in each case. The values of
the cohesion as well as the applied normal stress level are kept constant. As can be seen in
figure 6 sliding-friction response occurs after the cohesive resistance equal to 1.23tnf is
reached for a displacement demand approximately equal to 0.15mm. Beyond this point the
cohesive resistance rapidly decreases to zero and the resistance to any further increase in the
horizontal displacement is provided almost solely by the sliding-friction behaviour. For
relatively small values of the friction coefficient (e.g friction coefficient equal to 0.6) the
resistance offered by the sliding-friction response is smaller than the corresponding resistance
offered by the cohesion. Consequently, this results as a noticable decrease in the horizontal
force that develops during sliding as can be seen in figure 6. On the contrary, for relatively
large values of the friction coefficient (e.g. friction coefficient equal to either 0.8 or 0.95), the
resistance offered by the sliding-friction response is somewhat larger than the corresponding
resistance offered by the cohesion in this case. Therefore, the response beyond the point
whereby the cohesive resistance devreases rapidly to zero the friction resistance takes over
and because of the large values of the friction coefficient the horizontal load attains a larger
value than when the ressitance was provided by the cohesive mechanism.
In figure 7 depicts the variation of the numerically predited horizontal and vertical load with
time (numerical), as it resulted from the numerical simulation of the tested stone triplet (figure
4 and figure 2). In this numerical simulation the vertical load is initially applied till it reaches
the desired level (at time=1sec); then the imposed horizontal displacement is gradually
applied in small steps (amplitude and time). This results in a corresponding sudden increase in
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the resulting horizontal load that soon reaches a peak (1.42tonf at time=1.13sec). At this time
step, the imposed horizontal dispalcement overcomes the cohesive resistance resulting in the
friction-sliding response of the central stone. The variation of vertical load plotted in this
figure, represents the numerical vertical load input as well as the resulting vertical reaction,
almost coincides with the vertical load applied on the triplet during testing (see also figure
11). As can be seen in figure 7, after the cohesive resistance is overcome the variation of the
horizontal force with time during the sliding-friction response resembles, as expected, the
corresponding variation of the applied vertical load
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Figure 7. Predicted shear-sliding response from the triplet test of the specimen of three stones
and two mortar joints. Variation of the horizontal and vertical load with time (numerical).

a) Shear stress distribution at b) Development of cohesive c) Enlargement
the mortar joints
damage at the mortar joints
cohesive damage
Figure 8. Shear-sliding response at time step (numerical) equal to 1.10 sec.

of

the

Figure 8a depicts the distribution of shear stress along the two horizontal mortar joints, as
predicted by the described numerical simulation whereas figures 8b and 8c depict the
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corresponding cohesive surface damage. The blue colour indicates no damage whereas the
light green indicates initiation of some damage. All these figures (8a, 8b and 8c) correspond to
the time step (numerical) of the analysis equal to 1.10sec when, as discussed before, the
cohesive mechanism still resists the applied imposed horizontal displacement. Similar Plots of
the shear-sliding response are depicted in figures 9a, 9b and 9c. However, this time the
cohesive response is overcome and the cohesive damage of the mortar joints is spread along
the full length of both mortar joints as isindicated by the red colour in figures 9b and 9c.

a) Shear stress distribution at b) Development of cohesive c) Enlargement
the mortar joints
damage at the mortar joints
cohesive damage
Figure 9. Shear-sliding response at time step (numerical) equal to 1.14 sec.

of

the

Figure 10. Shear stress distribution at the mortar joints. Shear-sliding response at time step
(numerical) equal to 11.39 sec.
Figure 10 shows the distribution of the shear stess along the two mortar joints of the stone
tiplet at that time step (time = 11.39sec) of the numerical simulation time domain where the
portrayed response is a friction-sliding response (see figure 7). As can be seen in this figure
this shear stress distribution resembles very much the corresponding shear stress distribution
of figure 9a. However, as can be seen in figure 10 the sliding of the central stone relatively to
top and bottom stones is very noticable.
In figure 11 a comparison is made between the measured horizontal force horizontal
displacement response of the three stone triplet of figure 2 with the corresponding numerical
predictions obtained from the numerical simulation described in this section (figure 4). In the
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same figure the vertical load measured during the experiment and applied as input in the
numerical simulation is also plotted and compared with the vertical reaction that results from
the numerical simulation solution. As can be seen in this figure, good agreement is reached
between the experimental measurement and the numerical predictions in this case, utilising
the back analysis process for choosing the values of the various parameters for the cohesive
surface interaction non-linear constitutive law, as previously descibed.
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Figure 11. Measured and predicted shear-sliding response from the triplet test of the specimen of three stones and two mortar joints.
Based on this comparison, it can be argued that such a cohesive surface interaction constitutive law, with values of its parameters validated through the process of the specific triplet test,
can be also employed in forming realistic limit-state criteria for stone masonry elements constructed with stone and mortar of similar mechanical characteristics with the ones employed to
constructed the triplet specimens. It is already underlined, that such “realistic” limit-state can
be utilized together with the simplified elastic numerical simulation of structural systems in
order to reach realistic predictions of their expected performance when these structural systems, like churches, are subjected to gravitational forces or extreme actions.
In addition, it can also be argued that such a cohesive surface interaction constitutive law,
with values of its parameters validated through the process of the specific triplet test, can also
be used in forming more complex non-linear numerical model of structural elements, in an
effort to simulating the behaviour of such stone masonry structural elements whereby the
shear-sliding response is expected to prevail as the dominant response mechanism.
4

OBSERVED PERFORMANCE

Transfiguration of Saviour (Metamorfosi Sotiros).
This is a Byzantine church of 6.80m x 8.56m in plan and a height of 8.16m with a foundation
wall assumed to extend to approximately1m in depth. The South view of this church is shown
in figure 12 whereas figure 12b represents the elastic numerical simulation of the structural
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system of this church above ground together with its foundation extending at a depth of 1m
below the ground surface.

Figure 12a. The Byzantine church of transfiguration of Figure 12b. Elastic numerical
Christ, at Hortiatis, Thessaloniki, Greece
simulation of this church
4.1. Foundation settlement
This church has visible signs of accumulated strain (figure 13) that can be attributed to past earthquake activity
combined with settlement of its foundation, as described in the introduction. The
simplified process described in section 2
is utilized. The flexibility of the soilfoundation interface was approximated
by utilizing equivalent linear link elements which were assigned axial low axial stiffness value to approximate in this
way the potential for soil settlement in
the vertical direction ([19], [20]). Two
distinct cases of soil-foundation flexibility are considered. In the first case the
soil foundation interface was considered
as being practically non-deformable for
the vertical supports of the peripheral external masonry walls and the internal masonry walls and columns.

Figure 13. Damage of the masonry at the region
that the tympanum of the spherical dome is supported on the vaulting spring from the two interior masonry pilasters

In the second case the supports of the masonry pilasters in the interior bearing part of the
vaulting were considered to be deformable. This was approximated in the numerical simulation by assuming flexible vertical supports for these masonry pilasters being assigned a stiffness of 10KN/mm. The obtained stress response for the external masonry walls and dome is
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depicted in figures 14a and 14b for the non-deformable foundation and in figures 15a and 15b
for the case of deformable supports of the interior masonry pilasters.

a) Distribution of σ22 stress at external fiber b) Distribution of σ22 stress at internal fiber
Max value 0.13MPa Min=-0.25MPa
Max value 0.18MPa Min=-0.25MPa
Figure 14. Numerically predicted stress response for non-deformable foundation.

a) Distribution of σ22 stress at external fiber b) Distribution of σ22 stress at internal fiber
Max value 0.32MPa Min=-0.42MPa
Max value 0.33MPa Min=-0.38MPa
Figure 15. Numerically predicted stress response for deformable foundation supports of the
interior masonry pilasters..
By comparing the σ22 stress distribution depicted in figures 14b and 15b, the considered soilfoundation deformability results in a significant increase in the tensile stresses at the region
that the tympanum of the spherical dome is supported on the vaulting part that springs from
the two interior masonry pilasters and the apse. This conclusion is in agreement with the observed damage that developed in the region of the structural system for this church (figure 13).
4.2. Earthquake actions
In this section the earthquake activity is approximate through a linear elastic dynamic spectral
analysis [17] employing the Type-1 design spectrum of EuroCode-8 [24] for soil category B
and behaviour factor equal to 1.5 (unreinforced masonry), with design base acceleration equal
to 0.16g (g is the acceleration of gravity, assuming that this church belongs to seismic zone I,
of the new seismic zone map of Greece [25]. Only the first two translational modes were considered in the numerical analysis, which mobilized approximately 73% and 68% of the total
mass, respectively, compensating this fact with a corresponding amplification factor. The val-
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ue of the 2nd eigen-period is equal to 0.121sec corresponding to the East-West translational
mode (longitudinal direction x-x from the main entrance located in the West wall towards the
apse which is located at the East) with a 68% modal mass ratio (ignoring the mass of the
foundation). The value of the 1st eigen-period is equal to 0.175sec corresponding to the
North-South translational mode (transverse direction y-y from South peripheral transverse
wall towards the South peripheral transverse wall) with a 73% modal mass ratio. The resulting
base shear in the x-x and y-y directions attain values approximately equal to 699KN and
706KN, respectively. Equivalent lateral static horizontal forcing (Ex and Ey), equally spread
in all the masonry elements, resulting in the same base shear values as the dynamic spectral
analyses were also considered. The results presented here correspond to the following loading
combinations:
0.9G + 1.4Ex,

0.9G – 1.4Ex,

0.9G + 1.4Ey,

0.9G – 1.4Ey where G is the dead load.

4.2.1. Results for non-deformable foundation.
Load combination 0.9G + 1.4Ex

a) Distribution of τ12 stress at external fiber b) Distribution of τ12 stress at internal fiber
Max value 0.13MPa
Max value 0.31MPa
Figure 16. Numerically predicted stress response for non-deformable foundation 0.9G +1.4Ex.

a) Distribution of σ22 stress at external fiber b) Distribution of σ22 stress at internal fiber
Max value 0.14MPa Min=-0.34MPa
Max value 0.18MPa Min=-0.32MPa
Figure 17. Numerically predicted stress response for non-deformable foundation 0.9G +1.4Ex.
In figures 16a, 16b, 17a, 17b the numerically predicted stress response is presented for the
load combination 0.9G +1.4Ex whereas in figures 18a, 18b and 19a, 19b for the load combination 0.9G +1.4Ey, respectively, assuming a non-deformable foundation. Similarly, in figures 20a, 20b the numerically predicted stress response is presented for the load combination
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0.9G +1.4Ex whereas in figures 21a, 21b for the load combination 0.9G +1.4Ey, respectively,
assuming this time a deformable foundation.
Load combination 0.9G + 1.4Ey

a) Distribution of τ12 stress at external fiber b) Distribution of τ12 stress at internal fiber
Max value 0.18MPa
Max value 0.18MPa
Figure 18. Numerically predicted stress response for non-deformable foundation 0.9G + 1.4Ey.

a) Distribution of σ22 stress at external fiber b) Distribution of σ22 stress at internal fiber
Max value 0.25MPa Min=-0.38MPa
Max value 0.28MPa Min=-0.44MPa
Figure 19. Numerically predicted stress response for non-deformable foundation 0.9G +1.4Ey.

4.2.2. Results for deformable foundation.
Load combination 0.9G + 1.4Ex

a) Distribution of σ22 stress at external fiber b) Distribution of σ22 stress at internal fiber
Max value 0.14MPa Min=-0.38MPa
Max value 0.27MPa Min=-0.35MPa
Figure 20. Numerically predicted stress response for deformable foundation 0.9G +1.4Ex.
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Load combination 0.9G + 1.4Ey

a) Distribution of σ22 stress at external fiber b) Distribution of σ22 stress at internal fiber
Max value 0.27MPa Min=-0.62MPa
Max value 0.42MPa Min=-0.47MPa
Figure 21. Numerically predicted stress response for deformable foundation 0.9G +1.4Ey.
In all these figures the distribution of the tensile stresses at the region that the tympanum of
the spherical dome is supported on the vaulting part that springs from the two interior masonry pilasters and the apse is underlined with a dotted circle. As was done in sub-section 4.2.1.,
by comparing the σ22 stress distribution depicted in figures 20b and 21b for the deformable
foundation with the corresponding σ22 stress distribution depicted in figures 17b and 19b for
the non-deformable foundation, the influence of the considered soil-foundation deformability
is demonstrated. As can be seen, the soil-foundation deformability results in a significant increase in the tensile stresses at the region that the tympanum of the spherical dome is supported on the vaulting part that springs from the two interior masonry pilasters and the apse.
5

CONCLUSIONS

- A systematic study of the performance of damaged stone masonry structures representing
“Greek” Christian churches substantiates two fundamental causes; the long-term permanent
uneven foundation settlement combined with seismic forces generated from relatively strong
earthquake ground motions.
- A simplified evaluation process is summarized based on a dynamic linear elastic numerical
simulation for obtaining the imposed demands on the various structural elements.
- Limited experimental results of the shear-sliding response of a three stone triplet with two
mortar joints are also presented in an effort to provide measurements for the validation of relevant limit-state criteria.
- Non-linear numerical simulation of the shear-sliding response of the tested three stone triplet,
based on the cohesive surface interaction constitutive law, is also presented and discussed. It
can be argued that such a cohesive surface interaction constitutive law, with values of its parameters validated through the process of the specific triplet test, can be also employed in
forming realistic limit-state criteria for stone masonry elements.
- It can also be argued that such a cohesive surface interaction constitutive law, with values of
its parameters validated through the process of the specific triplet test, can also be used in
forming more complex non-linear numerical model of structural elements, in an effort to sim-
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ulating the behaviour of such stone masonry structural elements whereby the shear-sliding
response is expected to prevail as the dominant response mechanism.
- The used simplified dynamic linear elastic analysis can yield realistic prediction of the expected performance of such stone masonry structures. However, the necessity to obtain a more
comprehensive set of measured strength properties for such type of masonry construction
must be also underlined. This is necessary in order to increase the confidence on the validity
of simple or complex numerical approximations.
- From this simplified dynamic linear elastic analysis it can be concluded that the soilfoundation deformability results in a significant increase in the tensile stresses at the region
that the tympanum of the spherical dome is supported on the vaulting part that springs from
the two interior masonry pilasters and the apse. This conclusion is in agreement with the observed damage that developed in the region of the structural system for this church.
- Complex numerical simulations [22] in predicting the performance of old masonry structures
should not be considered a’ priori with a high degree of confidence. They are also faced with
the immense variability of old stone masonry in terms of materials and construction techniques and the subsequent lack of relevant in-situ or laboratory measurements. Therefore, it is
essential not to rely on the complexity of the numerical modeling; instead to follow a number
of limit state scenario, ensuring that these are based on a certain degree of realism for every
particular case being studied.
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Abstract
A number of unreinforced masonry walls of prototype dimensions were built at the laboratory
of Strength of Materials and Structures of Aristotle University using prototype masonry units
together with mortars having such a composition that can be characterized as low strength
mortars. The in-plane and out-of-plane behaviour of such structural elements is of considerable interest as existing structures include this type of structural components. During the construction of these piers samples of the mortars used in the construction were taken. After a
curing period these samples were subjected to two distinct tests, namely axial compression
and four-point bending. Similarly, from the basic material of the masonry units, either clay or
natural stone, prismatic specimens were formed which were also subjected to either axial
compression or four point flexure. Next, a number of numerical simulations were performed
utilizing all the information of the geometry and material characteristics of the mortar or masonry material specimens in order to replicate numerically the axial compression and four
point flexure tests which were performed in the laboratory. The numerically simulated behavior resembles the measured brittle load-deformation response and the observed actual damage at the end of the tests. Using back analysis procedures a reasonable correlation can also
be achieved between the measured value of the ultimate load and the corresponding value
predicted by this type of numerical simulation.
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1

INTRODUCTION

A number of unreinforced masonry walls of prototype dimensions were built at the laboratory
of Strength of Materials and Structures of Aristotle University using prototype masonry units
together with mortars having such a composition that can be characterized as low strength
mortars (figure 1).

Figure 1. Masonry walls built with either natural stone or clay bricks and weak mortar
The in-plane and out-of-plane behaviour of such structural elements is of considerable interest
as existing structures include this type of structural components. These structural elements
behave quite satisfactorily for the vertical gravitational forces. However, they sustain heavy
damage when they are subjected to earthquake forces generated from strong ground motions
([1], [2], [3], [4], [5]). This is the main objective of the current investigation.

Figure 2. Old stone masonry church sustained heavy structural damage during the 2014 Kefalonia, Greece, earthquake sequence
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Figure 3. Relatively new unreinforced clay masonry infills at the façade of a multi-story reinforced concrete structure. These masonry infills became unstable and collapsed.
This manuscript focuses on the materials used to construct such wall specimens. During the
construction of these walls samples of the mortars used in the construction were taken. After a
curing period of approximately 2 months these samples were subjected to two distinct tests,
namely axial compression and four-point bending. Similarly, from the basic material of the
masonry units, either clay or natural stone, prismatic specimens were formed which were also
subjected to either axial compression or four point flexure. Details of the experimental sequence are presented in section 2. Summary results and observations of these experimental
sequences are presented and discussed in section 3. Next, a number of numerical simulations
were performed utilizing all the information of the geometry and material characteristics of
the mortar or masonry material specimens in order to replicate numerically the axial compression and four point flexure tests which were performed in the laboratory. The predicted response from these numerical simulations which extend to the non-linear range for both
loading sequences is presented in section 4. Comparisons between measured and numerically
predicted behaviour is also summarized in this section.
2

FEATURES OF THE EXPERIMENTA SEQUENCE

An extensive experimental sequence was carried out focusing on monitoring basic properties
of the materials used to construct the walls of figure 1 in the Laboratory of Strength of Materials and Structures, at Aristotle University. Forming specimens for testing in the laboratory
by either casting mortar or forming ceramic or natural stone specimens is relatively an easy
task when it is compared with the task of extracting corresponding specimens from existing
structural elements in-situ ([5], [6], [7], [8], [9], [10], [11]). A number of non-destructive
methods have been developed that together with limited destructive tests can provide the necessary information [9]. This is, however, a special theme that is not discussed further here.
Instead, in what follows two relatively simple and very popular testing methods will be employed. The first is referred as axial compression and it involves placing a cubic or prismatic
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specimen with specific dimensions within two horizontal stiff steel plates of a testing machine.
The test specimen is initially simply resting on the bottom steel plate having all the rest of its
sides free from any constrain. During testing the top steel plate initially makes contact with
the top horizontal side of the specimen; then it continues moving downwards in a controlled
way, exercising in this way a axial compression that is usually measured as a resultant compressive force. A common assumption made is that this axial force results in a uniform axial
compressive stress distribution at a horizontal cross section of the specimen; this cross-section
is assumed to be located at a vertical distance far from the top and bottom support steel plates
in order to be free of any boundary disturbances. The ultimate value of this compressive axial
load results in the compressive strength of the specimen. The second testing process, termed
flexural test, is shown in figure 4. A prismatic specimen having the prescribed dimensions is
placed on the testing machine as shown in this figure [5]. The bottom steel cylindrical supports of this specimen are resting on a stiff steel horizontal plate of the testing machine rigidly
so that it is assumed for them a zero vertical displacement regime. The top horizontal steel
plate of the testing machine initially makes contact with the top steel cylindrical part that simple rests on top of the specimen. The test arrangement in figure 4 has this steel cylinder placed
at the middle of the clear span of the tested specimen. By moving the top horizontal steel plate
of the machine downwards in a controlled way a vertical force is applied at mid-span of the
test specimen. Through this test arrangement and assuming that the applied vertical load is
equilibrated only by two equal vertical forces at the two supports with a value equal to ½ of
the centrally applied load the distribution of the bending moment and shear force in the region
of the specimen between the two supports is assumed to be known according to the classic
elastic beam theory. Following similar classic elastic beam theory assumptions on the distribution of axial stress at a vertical mid-span cross section the bottom fiber axial stress is associated with the maximum value of the bending moment resulting from the ultimate load
measured during testing. In this way, the tensile flexural strength is found. This is the main
objective of this testing arrangement which is used for defining this type of tensile strength
(flexural) for mortar, natural stone, or burnt clay ceramic material found in man made masonry units. It is known that these materials, as well as other materials like concrete, have
compressive strength much larger than the corresponding tensile strength. Therefore, this test
is a simple way for determining such a “flexural” tensile strength. For these relative “weak-intension” materials the determination of the “direct” tensile strength is relatively more difficult
in comparison. An indirect test method for defining the tensile strength that is also reported,
which is also relatively simple, is the so called “Brazilian” test. A number of more complex
tests have also been employed in order to define the strength of these materials in a 2-D stress
filed; however, these test methods are beyond this investigation at present.

Figure 4. Three-point-bending testing arrangement according to EN 1015-11 [5]
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The common name for the previously described test (figure 4) is ‘three point bending” associated with these used during testing three steel cylinders (two supports at the bottom and one
in the middle applying the central vertical force). This testing procedure is described in detail
in various EN 1015-11 “Methods of test for mortar for masonry Ð Part 11: Determination of
flexural and compressive strength of hardened mortar” [5]. Another simple alternative from
that shown in figure 4 is replacing the single cylinder placed at mid-span at the top of the
specimen by two equally spaced cylinders also placed at the top. In this way the total clear
span is divided in three parts with the central mid-third part being free, according to the classic elastic beam theory, of any stress filed from internal shear forces. In this case, the only
stress filed which develops in this central mid-third part is that resulting from the corresponding internal bending moment regime. Thus, the flexural tensile strength can again be
derived in a similar way. This time, the common name for this alternative test (figure 5) is
‘four point bending” associated with these used during testing four steel cylinders (two supports at the bottom and two at the top applying symmetrically the central vertical force). The
common form of failure associated with either the three or the four-point-bending testing is
depicted in figure 6. It is important for both the axial compression and the flexural tests to
properly place the specimens on the testing machine and to ensure that either the supports of
the loading plates and fixtures do not create any parasitic stress field that could influence the
observed behaviour. As already described, the main information that is derived from these
tests is the compressive strength and the flexural tensile strength based on the recorded applied maximum load and the relevant cross-section of the specimen.

Load Cell

Figure 5. Four point bending Figure 6. Failure mode of a natural stone specimen resulting
testing arrangement
from “Four point bending testing arrangement”.
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Additional instrumentation can be placed to monitor the deformability parameters of the
tested specimens. One relative simple way for this objective is to place displacement or strain
sensors at the visible parts of a specimen. This is shown in figures 7a, 7b and 7c for the axial
compression specimens during tests with mortar, ceramic material or natural stone, respectively. In figures 7a and 7b strain gauges are placed at mid-height of one side corresponding
to one vertical plane of symmetry of each specimen. Three additional strain gauges can be
placed at the corresponding locations for the remaining three sides to augment the accuracy of
this deformability recording. All these strain gauges aim to capture the variation of the axial
strain with the gradual application of the axial compressive load applied to the specimen during this test. Figure 7c depicts the testing arrangement of a natural stone specimen whereby a
sensitive small displacement transducer has been placed on one side to monitor the relative
axial deformation between two points at this side located at the vertical plane of symmetry. In
addition a strain gauge with one vertical and on horizontal component has also being placed
on the same side. Again, three additional strain gauges and three additional displacement
transducers can be placed at the corresponding locations for the remaining three sides to augment the accuracy of this deformability recording.
Load Cell

b)

Displacement
Transducer
Vertical Axis

Strain Gauge Horizontal Axis Mid-span

Strain Gauge Hori-

a
c)
zontal Axis Mid-span
Figure 8. Four-point-bending test. Measuring devices. a) Ceramic material displacement
transducers b) Ceramic material strain gauges c) natural stone strain gauges.

Figures 8a, 8b and 8c depict instrumentation scheme for measuring the applied load together
with the deformability of specimens subjected to four-point-bending. In figure 8a two sensitive displacement transducers have been placed to record the vertical displacement of the
tested ceramic specimen at two points located at the central mid-third of the total span. Figures 8b and 8c depict the strain gauges at mid-span of the top fiber, oriented in the horizontal
direction located at the vertical plane of symmetry, of each specimen. An additional strain
gauge is also located at the mirror opposite location at the bottom fiber of each specimen.
These strain gauges are aimed to capture the variation of the corresponding axial strain in the
longitudinal direction, at the top and bottom fibers due to the flexure, with the gradual increase of the central vertical load applied to the specimen during this test.
For both the axial compression and the flexure tests using more than one displacement and
strain sensor can compensate for the development during tests parasitic non-symmetric deformation patterns. The general limitation of all these measuring schemes lies to the fact that
after a certain load level the behaviour seizes to be elastic. This is particularly magnified after
when the ultimate load is reached. It becomes very dominant when at declining branch of the
load-deformation curve of the response when the cracks and broken pieces of the tested mate-
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rial become visible. In this case, the assumptions of symmetric small amplitude axial strain
and deformation distributions based on the elastic theory are not anymore valid. Thus, such an
instrumentation scheme cannot capture all the fracture phenomena that occur at this stage
which may have a non-symmetric and local character.
3

RESULTS AND OBSERVATION FROM THE MEASURED BEHAVIOUR

3.1. Axial compression test
Figure 9 depicts the stress-strain response derived form the load, deformation and strain measurements of the stone prism shown in figure 7c obtained when this specimen was subjected to
axial compression. Three sets of strain measurements are included in this figure.
Stone specimen subjected to axial compression
120

axial compressive stress
(MPa)

σm ax=101.93MPa

100
80
60
DCDT-average
S.Gsuge Ver. ave.
S.Gauge Hor. ave.
Young's M. 56GPa
Poisson Ratio=0.25
-2000

-1600

-1200

40
20
0
-800

-400

0

400

800

Axial compressive micro-strain

Figure 9. Stress-strain response from the measurements obtained during the axial compression
tests of a natural stone prismatic specimen.

Figure 10. The failed stone specimen. Notice the dislocation of the displacement transducers
and the debonding of the strain gauges at this final stage of testing.
The first set of plotted strains is derived from the average of the axial strain readings measured through the strain gauges oriented in the vertical directions at the mid-height of the sides
of the stone prism, as described in section 2. The axial compressive stress values are plotted
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with a positive sign whereas the positive is potted the strain from axial extension. The second
set of plotted strains was derived from the average of the axial strain readings measured
through the strain gauges oriented in the horizontal directions at the mid-height of the sides of
the stone prism, as described in section 2. The third set of plotted strains was derived from the
average of the vertical displacement readings measured by the displacement transducers oriented in the vertical direction at the sides of the stone prism, as described in section 2. Figure
10 depicts the failed specimen at the end of the test sequence. The axial compressive strength
is equal to 101.93MPa. From the measured axial stress versus axial strain response in the vertical direction, based on the strain gauge measurements, the value of the Young’s modulus is
derived. The strain response based on the measured displacement transducers reading is approximately 50% smaller than the strain response based on the strain gauge readings. Finally,
by combining the strain readings along the vertical and the horizontal direction, as they were
recorded through the strain gauge output, the value of the Poisson’s ratio is derived.

Axial compressive stress
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Thin ceramic specimens 9,10,11,12 in compression
width=38mm thicness=19.5mm height=44mm / 73mm
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35
30
25
Spec.
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9 E=12500MPa
11 σmax=30.96MPa
12 σmax=28.17MPa

0
0
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2000

3000

4000

Axial compressive strain (micro)

Figure 11. Stress-strain response from the measurements obtained during the axial compression tests of prismatic specimens made with ceramic material.
Figure 11 depicts the stress-strain response derived form the load and strain measurements of
the ceramic prism shown in figure 7b obtained when a number of specimens was subjected to
axial compression. Only the strain measurements obtained by the attached vertically oriented
strain gauges are included in this figure. The average compressive strength of these ceramic
specimens is equal to 33.532MPa. The obtained Young’s modulus value ranges between
12.5GPa and 16.0GPa. As already discussed, when the ultimate load (stress) is reached and a
sudden reduction of the load capacity is observed together with a large increase in the deformation of the specimens accompanied by visible cracks. This behaviour is characteristic of
brittle materials like the ones examined here. It characterizes both the axial compression behaviour as well as the flexural behaviour which is presented in section 3.2. The employed sensors cannot capture this type of deformation and strains at this stage of the axial compression
test with an acceptable degree of approximation. This is the reason that the plotted response in
figures 9 and 11 does not extend beyond the ultimate load range.
3.2. Four-point bending test
Results form the four-point-bending test with the ceramic specimen depicted in figures 8a and
8b will be presented and discussed here. Figure 12a the variation of the flexural tensile stress
with that of the vertical deflection at mid-span. It can be seen that the gradual increase of the
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applied load, and the corresponding flexural tensile stress results in relatively small deflection
values up to the point where the ultimate stress (load) is reached. Then, the sudden reduction
of the bearing capacity is accompanied by the considerable increase of the measured deflection, which as discussed is characteristic of the brittle behaviour. Similarly, figure 12b displays the variation of the flexural tensile stress with the variation of the measured by the strain
gauges top and bottom fiber axial strains. It can be seen that the bottom fiber strain exhibits a
non-linear variation with the flexural axial stress which becomes more pronounced when the
ultimate load is reached.
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Figure 12a. Flexural tensile stress versus Figure 12b. Flexural tensile stress versus axial
vertical deflection at mid-span
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Figure 13a. Variation of the Flexural ten- Figure 13a. Variation of the Flexural tensile
sile stress and the vertical deflection at stress and the top and bottom fiber axial strains
mid-span after the ultimate load is reached at mid-span after the ultimate load is reached
Figures 13a and 13b are also characteristic of the observed brittle behaviour as this was captured by the measurements during testing. In both figures the variation of the applied load in
time is shown through the variation of the flexural tensile stress. From the total loading duration only the last 14 seconds when the ultimate load was reached are depicted. It can be seen
in figure 13a that the sudden reduction of the flexural tensile stress is accompanied by the
sudden increase of the vertical deflection at mid-span (flexural mode of failure, figure 8c),
characteristic of the brittle behaviour. In figure 13b it can be seen that reaching the ultimate
flexural tensile stress and before the failure of the specimen (sudden reduction of the flexural
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tensile stress) the recorded by the bottom fiber strain gauge axial strain appears to demonstrated a noticeable increase. Then, with the sudden reduction of the load (flexural failure,
figure 8c) both bottom and top fiber axial strain measurements are also exhibit a similar sudden decrease.
4

NUMERICAL SIMULATIONS OF THE OBSERVED BEHAVIOUR

4.1. Numerical simulation of the axial compression test
A three dimensional (3-D) finite element representation of the axial compression test was
formed through the commercial software ([12], [13]) as shown in figure 14a. The loading and
boundary conditions try to simulate the axial compression test described in sections 2 and 3.1.
The numerical simulation of the top and bottom steel plates were connected with the
numerical simulation of the axial compression specimen with numerical “contact” surfaces.
Various non-linear constitutive laws included in this commercial software were tried; results
from the constitutive law “concrete damage plasticity” are presented here. The presented
results depicted in figures 14b and 14c are plots of the distribution of plastic strains within the
volume of the numerical simuation. Figures 14b and 14c show the distribution of the plastic
strain within the volume of the specimen before and after the ultimate load is reached,
respectively.

a)

b)

d)

c)
Figure 14. Numerical simulation of the axial compression tests. Comparison of numerically
predicted (c) and observed (d) damage patterns.
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Figure 14d is the failure mode of a mortar cube with visible the main cracking patterns, which
resemble the distribution of the plastic strains after the ultimate load is reached, shown in
figure14c, as he corresponding numerical predictions of the observed damage.

Figure 15. Numerical simulation of the variation of the axial compressive load versus the
vertical deformation of the cubic specimen of figure 14a. tests.
Figure 15 depicts the variation of the axial compressive load versus the corresponding vertical
deformation of the numerical simulation of the axial compressive test with the cubic specimen
of figure 14a. As can be seen in this figure, the brittle nature of the compressive behaviour is
clearly represented by this load versus displacement curve. Through a sensitivity analysis it
was found that the described numerical simulation depends on the choice of the time step for
the non-linear integration as well as on the parameters that define the employed non-linear
constitutive law. Using back analysis procedures a reasonable correlation can be achieved
between the measured value of the ultimate compressive load and the corresponding value
predicted by this type of numerical simulation.
4.2. Numerical simulation of the four-point-bending test
As was done for the axial compressive test on section 4.1, a three dimensional (3-D) finite
element representation of the four-point-bending test was formed through commercial
software ([12], [13]) as shown in figure 16a. The loading and boundary conditions try to
simulate the actual four-point-bending test described in sections 2 and 3.2. The numerical
simulation of the bottom cylindrical supports as well as the top cylinders for applying the
vertcal load were reprented with rigid prism as shown in figure 16.

Figure 16. Numerical simulation of the four-point-bending test.
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These rigid prisms were connected with the numerical simulation of the specimen with
numerical “contact” surfaces. Again, various non-linear constitutive laws included in this
commercial software were tried; results from the constitutive law “concrete damage
plasticity” are presented here. Figure 17a depicts the distribution of plastic strains within the
volume of the numerical simuation of the four-point-bending specimen after the ultimate load
is reached. Figure 17b is the failure mode of the ceramic specimen subjected to four-pointbending with the main wide crack going through the central mid-third part of the specimen, as
presented and discussed in sections 2 and 3.2. As can be seen from these figures, the actual
damage shown in figure 17b resembles the distribution of the plastic strains after the ultimate
load is reached, shown in figure17a, as he corresponding numerical predictions of the
observed damage.

a)

b)

Figure 17. Comparison of numerically predicted (a) and observed (b) damage patterns.

Figure 18. Numerical simulation of the variation of the total vertical applied to the four-pointbending specimen load versus the vertical deflection at mid-span.
Figure 18 depicts the variation of the applied total vertical load versus the corresponding
vertical deformation at mid-span as predicted by the numerical simulation of the four-point
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bending test (figure 16) with the prismatic specimen of figure 8a. As can be seen in this
figure, the brittle nature of the compressive behaviour is represented by this load versus
displacement curve. Again, through a sensitivity analysis it was found that the described
numerical simulation depends on the choice of the time step for the non-linear integration as
well as on the parameters that define the employed non-linear constitutive law. Using back
analysis procedures a reasonable correlation can be achieved between the measured value of
the ultimate compressive load (figures 18 and 19) and the corresponding value predicted by
this type of numerical simulation.
Ceramic specimen No 10 in 4-point flexure
width=38.0mm thickness=19.4mm, span=120mm
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Total vertical load (Nt)

Max load = 842Nt
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Figure 19. Measured variation of the total vertical applied to the four-point-bending specimen
load versus the vertical deflection at mid-span.
5

CONCLUSIONS
-

-

-

-

The mechanical characteristics of basic materials, used in the construction of masonry
made either by natural stone or ceramic units, are investigated. This is done employing
simple tests commonly used to defining the axial compressive strength and the flexural tensile strength in the laboratory.
A number of mortar specimens were studied together with specimens formed by natural stone or ceramic material. All these specimens were subjected to either axial compression or four-point-bending tests in the laboratory recording the brittle nature of
their behaviour together with the corresponding axial compression or flexural tensile
strength.
A 3-D finite element simulation of either the axial compression or the four-pointbending test was formed utilizing the capabilities of commercial software. In both
numerical simulations all the geometrical, loading and support details of these tests
were numerically simulated. The numerical simulation presented here adopted in both
cases the “concrete damage plasticity” constitutive law in an effort to numerically
simulate the observed behaviour.
As can be seen, by comparing the numerically simulated behavior with the one observed, the measured brittle load-deformation response was successfully captured by
these numerical simulations. Moreover, the observed actual damage at the end of the
tests resembles the distribution of the plastic strains after the ultimate load is reached,
as predicted by these numerical simulations.
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-

Using back analysis procedures a reasonable correlation can also be achieved between
the measured value of the ultimate load and the corresponding value predicted by this
type of numerical simulation.
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Abstract
The objective of this study is the structural assessment of the Apollonia Ottoman Bath (Hammam). This bath constituted part of a walled station complex nearby the ancient Via Egnatia
road. From the bath structure, of which the last recorded building activity is identified in the
period between1566-1574, only the northern part remains intact, whereas its southern part
remains for a small height. Initially, all available, mostly historical, information for the building retrieved (archive data, architectural drawings, graphic restoration of the monument’s
original form and results of laboratory tests of the structural materials). Moreover, 3D numerical structural models were formed, mainly consisting of finite shell elements. Totally
three models were studied, the first corresponds to the overall structure whilst the other two
models correspond to the two separate construction phases of the bath. Dynamic spectrum
analysis was performed using the EC 8 guidelines. In addition simplified spectral analysis
(pseudostatic) with the assumption of horizontal, static step by step loading was performed.
Moreover, the structural elements of the models were compared with respect to their capacity
against developing stresses for the load combinations of the simplified method. The results
are presented as a ratio of the developing stresses (compressive, tensile and shear) to the respective strengths over the stress contours of each structural element. The analysis results are
cross-examined against the existing condition of the building. The areas where significant
stresses are developed, are compared with observed failures of the structure. The evaluation
of the results focuses also on the intermediate room of the bath (kapaluk, and the reason for
the replacement of its initial roofing system is examined. Originally, it was comprised of three
domes whereas currently it is covered by a scaphoid vault with a flat key.
Keywords: Apollonia ottoman bath, hammam, structural analysis, scaphoid vault with a flat
key, finite element method, masonry
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1

INTRODUCTION

Apollonia (Pazarouda) is located in northern Greece, 60 km west of Thessaloniki, near
the south shore of Lake Volvi. At the boundaries of the modern settlement, parts of a complex
of buildings are preserved, which believed that were probably a station of the ancient Via
Egnatia road [1].
A description of the building complex
during the Ottoman period is given by travelers'
reports such as Lorenzo Bernardo at the end of
the 16th century, as well as by Evliya Çelebi, of
the 17th century. According to the description of
the travelers the place is like a palace with a circumference of about two kilometers, with a khan,
a mosque, a bath (hamam) and commercial shops.
Historical evidence suggests that the building activity during the Ottoman period dated between
1566 and 1574 [2].
Today, there is still a part of the complex
described by the travelers of the past centuries
(fig. 1). At the boundaries of the modern settleFigure 1: Remains of the Apollonia building
ment of Apollonia there are the remains of a khan,
complex, plan view [4]
a mosque, the bath and a small part of the enclosure of the complex [1], all of which have been declared historically preserved monuments by
the Greek Ministry of Culture, since 1984.

Figure 2: Plan view of the Apollonia Ottoman Bath (Hamam) [1]

The bath (hamμam) is an oblong rectangular building of original dimensions of approximately 9.00x29.00m with the largest dimension oriented on the north-south axis (fig. 2).
The rooms are lined up along the longitudinal axis of the building according to the order in
which they were used during the bathing procedure.
A stone-paved path used to lead to the porch of the bath, where is the main entrance to
the building. The first room is sadrvan (apodyterium), which was used as the reception of the
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visitors and there were usually sofas for rest and small changing rooms. Sadrvan has external
dimensions of 10.40x10.20m, but only the north and a small part of the western wall is preserved [1]. The existence of a window in the western wall outlined a possible form of the facade with three window openings [3]. There is insufficient evidence to reconstitute the form
of the completely missing roof of sadrvan. Researchers of the monument suggest that the
roofing was probably either hipped constructed with timber [3], either a hemispherical dome
constructed with bricks [1]. The next space, kapaluk (tepidarium), is the first room that is preserved, hence it is the entrance of the building that the present visitor sees (fig. 3). Kapaluk
has rectangular shape with an internal dimension of 2.20x6.70m. The room is now covered by
a scaphoid vault with a flat key, but there are unambiguous evidence that the roof was consisting of tree equal domes at an earlier stage of the building [1]. The next room is mejdan (caldarium), the main and most decorated room of the bath. It has octagonal plan with alternately
four wide and four narrow sides. The composite walls of the octagon, consisting of niches,
ogee arches and spherical trapezoids, end up in a hemispherical dome with internal diameter
of 3.60m. Next to the mejdan, along the main axis, there is the functional part of the building.
The water reservoir, hazna, with the fireplace underneath, has internal dimensions of
1.70x7.00m and it is covered by a semi-cylindrical vault. The kulhan (praefurnium) was the
last room, and it was covered by a timber roof with tiles. The lavatory is the only room which
protrudes from the strict outline of the plan view of the building on its eastern side. It is rectangular with internal dimensions of 2.20x2.70m and is covered by a semi-cylindrical vault.
There are evidences of various building phases in the building, probably from the
Byzantine era [1]. However, the main building phases, which are important for the simulation
of the building, are two, both during the Ottoman period. The first phase includes the part of
the bath that still exists today, i.e. the
kapaluk, the mejdan, the water reservoir,
the fireplace and the lavatory. During
this phase, the kapaluk roofing was consisting of three domes. In the second
phase, the sadrvan and the porch were
added, while in unknown time the roofing of the kapaluk consisting of tree
domes replaced with the present scaphoid vault [4].
The present state of the bath
gives the impression of abandonment.
From the southern part of the building,
only the masonry of small height is preserved. From the northern section, from
which the entire superstructure is standing, there is damage to various structural elements. The
roof tiles have been completely destroyed, as well as the bell-shaped glasses that used to cover the lighting openings of the domes. Moreover, there are holes in the masonry of the lavatory and in the dome of the mejdan that most likely were caused from attempts to enter illegally
into the building when there was no access from the door openings [1]. The rain inflow due to
the damaged roof deteriorates the exposed interior structural materials.
Figure 3: Present state of the bath hamam (Ephorate of Antiquities of Thessaloniki Region archive photo, 1984)
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2

PHYSICAL AND MECHANICAL CHARACTERISTICS OF STRUCTURAL
MATERIALS AND MEMBERS

The walls are structured by stonework, consisting of rubble and slightly carved stones,
bricks and hydraulic mortar. In masonry, the use of bricks is limited to the exterior surfaces
that are placed around the stones. The roofing, vaults and the dome, is brickwork constructed
exclusively by 29x29x3cm solid bricks and mortar [1].
The properties of stones derived bibliographically after visual identification of the
rock. Samples of brick and mortar obtained from the monument and tested in laboratory. Mechanical strength tests, microscopic examination, porosity and specific gravity measurement
and chemical analysis performed [6]. The compressive strength and the specific weight of the
tested building materials are shown to the Table 1.

Stone [5,6]
Brick [6]
Mortar [6]

specific weight
(KN/m3)
γstone = 25.00
γbrick = 16.48
γm = 16.09

compressive
strength (KN/mm2)
fbc,stone = 20.00
fbc,brick = 3.02
fm = 1.43

Table 1: physicomechanical characteristics of the building materials

In order to estimate the mechanical characteristics of stonework and brickwork, the
most appropriate Eurocode 6 regulatory or semi-empirical expressions were used. The estimation of compressive, shear, and flexural strength, based on the measurements of the building
materials values, given on Table 2.
Masonry has a high value of compressive strength compared to its other mechanical
features [5]. The compressive strength can be determined either by tests at the laboratory or in
situ, either from semi-empirical expressions which have been suggested by various researchers. Eurocode 6 recommends the experimental determination and alternatively suggests analytical expressions to determine the compressive strength. The values shown in table 2 are the
average experimentally measured values.
The tensile strength of the masonry is not normally taken into account in the design
(non-tension material). In reality, tensile strength exhibits significantly lower values than the
compressive and intense anisotropy, as it depends on the direction of the action in relation to
the main joints. Thus, for vertical tensile stress, failure results from the detachment of the horizontal joints and the strength can be expressed as a percentage of the tensile strength of the
mortar [7] (fwtvertical = λ ˑ fmc/10)
In reality shear stresses (τ) never occur alone in a member since the self-weight of
each member produces compressive stresses (σn) at the same time. In order to determine the
shear strength of the masonry the Coulomb failure criterion is adopted [5] (fws = fws0 + μ ˑ σn)
More specifically, for the building's stone masonry: fws = 0.10 + 0.40 ˑ σn
It should be emphasized that the following strength values are adopted to serve the
purpose of this study, which is the qualitative assessment of the building's response to seismic
loads. Quantitative approach requires precise calculation of both the properties of structural
materials, obtained by a sufficient number of samples, as well as the experimental determination of the mechanical characteristics of the masonry.

362

Ioannis A. Arnaoutis, Konstantinos V. Katakalos and George C. Manos

Compressive
strength
(MPa)
Failure alongside the horizontal joint
Failure vertically to the horizontal joint

fwcstonework = 4.07

Tensile
strength
(MPa)

Shear
strength
(MPa)

fwtv = 0.13

Flexural
strength
(MPa)
fxk1 = 0.25

fws = 0.10 + 0.40ˑσn
fwcbrickwork = 1.09

fwth = 0.25

fxk2 = 0.80

Table 2: Mechanical characteristics of stonework and brickwork

3

MODEL FORMATION

The structure of the building is a load-bearing masonry, hence it is considered that the
most appropriate method which can accurately simulate geometrically sophisticated forms,
such as the bath, is the finite element method (F.E.M.) [8]. The procedure consists of a formation of a three-dimensional model which it will be able to simulate the actual structural behavior of the building under different load cases, after some simplifying assumptions (fig. 4).

Figure 4: Three-dimensional geometrical model based on two dimensional architectural drawings [4]

Hence, apart from the geometry of the building, also attributed the mechanical properties of the materials, the connections among the structural members and the loading combinations to the structure. The arithmetical model consists mostly from triangular (three nodes)
and quadrilateral (4 nodes) finite thin shell elements. These finite elements can perform both
in-plane (membrane) and out of plane (plate) for the adequately simulation of masonry’s
structural behavior.
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The models produced represent a potential hypothetical form of the building in its
original state (without any structural deterioration). All elements of the model assumed to
have fully linear elastic behavior. In order to simulate the cracks that occur to the masonry the
modulus of elasticity considered at the half of its original estimated value, thus compensating
to some extent the fully elastic approach.
The geometry of the building was designed in three dimensions using the AutoCAD
v.2017 software. The model was inserted into the SAP software 2000 v.19 and the numerical
simulation and analysis were conducted. The properties of the numerical model materials used
are given to the following Table 3:
Materials
stonework &
brickwork
Wood

Name

Specific
weight
(tons/m3)

Μodulus of
elasticity
(MPa)

Poisson's ratio

Masonry

2.40

1.000

0.15

Wood

0.80

8.000

0.00

Table 3: Numerical model - properties of the materials

The attributes of the structural sections, such as the materials, the thickness and the
specific weights, were assigned to all shell elements of the model. The self-weight of the
structure has been automatically calculated from the applied data. For the insertion of both
permanent loads of the roof (the soil in which the slopes are formed and the tiles) as well as
the variable loads of wind and snow, a multiplier of 1.30 (Mass Modifier and Weight Modifier) used to superinduce the mass and weight of all sections of the roofing. By this approach,
all vertical loads (self-weight, permanent and variable) imposed by Eurocode 1, added to the
structure as a single load, G, simplifying the analysis. Dynamic loads were defined as load
cases type of Eurocode 8 response spectrum Ex,dyn and Ey,dyn in order to perform dynamic
spectral analysis. Respectively, horizontal static loads defined Ex,stat and Ey,stat to perform the
simplified spectral analysis (pseudostatic analysis). The load combinations for the dynamic
spectral analysis used were 0.90 G +1.00 Ex,dyn and 0.90 G +1.00 Ey,dyn and for the simplified
spectra analysis was 0.90 G +1.40 Ex,stat and 0,90 G +1.40 Ey,stat.
The foundation of the model defined as
hinge supports along the base of the walls, without any other soil-structure interaction.
As it is mentioned, the building has two
major structural phases. The construction of the
second phase develops insufficient structural engagement with the structural elements of the preexisting part of the first phase. This structural
uncertainty between the two building phases, led
to the necessity of investigating the two marginal
cases: the fully structural engagement and the
Figure 5: Formation of the three models correspond totally independent behavior of the two parts of
the building. The actual behavior of the structure
to the building structural phases.
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ranges between these two extreme simulation cases. The corresponding models which address
the cases described above, i.e. fully engagement of two building phases assigned with a total
model Μtot,vault (fig. 6), and second, the absence of any connection between the phases, (with
the separation of the total in two separate models), Madd and Minit,vault, corresponding to the
two building phases (fig. 5).
In addition to the three models described above, the was a necessity to form two additional model versions Minit,3domes and Mtot,3domes arise, in order to investigate the purpose of replacement of the original roofing of the kapaluk consisting of three domes by the existing
scaphoid vault with a flat key. All the above models, formed for the purposes of this study,
summarized in the Table 4.
Name

Form

Description

Minitial,3domes

First building
phase, kapaluk
roof consisting of
three domes

Minitial,vault

First building
phase, kapaluk
roof consisting of
truncated vault

Second building
phase

Madditional

Total building (1st
and 2nd building
phase), kapaluk
roof consisting of
three domes

Mtotal,3doms

Total building (1st
and 2nd building
phase), kapaluk
roof consisting of
truncated vault

Mtotal,vault

Table 4: Numerical models formation – Names, forms and descriptions.
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Figure 6: Longitudinal cross section of the bath, a potential graphic form restoration [4] compared to the numerical model Mtot,vault.

4

MODEL ANALYSIS AND CONCLUSIONS

4.1

Modal analysis Minit,vault, Madd and Mtot,vault

Modal analysis provides a qualitative image of the building oscillation under seismic
loads. It is based on the dynamic characteristics of the structural elements: the masses and
stiffness. In modal analysis the eigenfrequency and the participating mass ratios are calculated
for each model. Modal analysis made clear the necessity of forming three models of the building, as a whole and as two independent parts. These two parts of the
building, corresponding to the two phases, show a significant differentiation of their dynamic characteristics. The initial part (Minit) is more stiff,
as it consists of walls that are more short and thick and with more dense
arrangement, compared to the additional part of the building (Madd,vault)
with higher walls. The modal analysis results confirmed the above observations. The range of periods for Madd vary from 0.188-0.177sec and
for the stiffer part Minit,vault range between 0.101-0.056 sec. As expected,
the modal analysis of the whole structure, Mtot,vault, the periods cover the
range of the two separate models, with values between 0.174-0.075 sec.
The different dynamic characteristics of the two parts (phases) of the
building resulted also to independent oscillation under the same excitation frequencies. This fact may have adverse effects for some structural
elements, as can be observed in the form of the of 12th mode of the modFigure 7: 12th mode, el M
tot,vault, wherein the two parts of the building oscillate in opposite diT=0.07906sec, particrections (fig. 7). As a result, the structural elements of kapaluk subjected
ipating mass ratio
Uy=21.78%
to great strain as they are placed between the two oscillating parts of the
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building. It is believed that this fact is very likely connected to the reason for the replacement
of the kapaluk roofing.
4.2

Dynamic analysis - response spectrum analysis

The model subjected to the dynamic loads of the Eurocode 8 response spectrum. The horizontal components of seismic action are expressed by the design seismic acceleration Sd(T).
Based on these response spectrum values, the load cases Ex,dyn and Ey,dyn were defined, as
well as the combined results with the use of the Square Root of the Sum of the Squares (SRSS)
method, Exy,dyn. The spectral analysis performed for the following load combinations:
0.90G+1.00Ex,dyn, 0.90G+1.00Ey,dyn and 0.90G+1.00Exy,dyn.
The analysis results, in terms of displacements of indicative points, for the models Μtot,vault,
Madd and Minit,vault used for the adjustments needed for the simplified method.
Simplified dynamic analysis (pseudostatic)
In order to fully control the analysis results and obtain a more clear view of the actions
imposed to the structure and the corresponding implied stresses to its members, the models
analyzed by applying a modified version of the seismic loads. In this approach a horizontal
static load is applied to the entire structure, in extent from which is produced the same base
reactions to that of the dynamic spectral method. The static horizontal load cases defined,
Ex,stat and Ey,stat, and assigned to the whole structure. The simplified spectral analysis was
performed for the following load combinations:
0.90 G +1.40 Ex,stat and 0.90 G +1.40 Ey,stat
It should be noted that the analysis was limited to the application of static charges Ex,stat and
Ey,stat with a single sign.
The reliability of the approach has been tested by comparing the characteristic node
displacements of the models, arising from the static seismic force, compared with those resulting from the dynamic analysis. The displacements resulted to the Mtot and Minit,vault of the
simplified method were close to those obtained from the dynamic method. For the model Madd
there was the necessity to distribute the horizontal loads with triangular pattern. The triangular
distributed load was defined as Ex,stat,tr and Ey,stat,tr and the analysis performed for loading
combinations 0.90 G + 1.40 Ex,stat,tr and 0.90 G +1.40 Ey,stat,tr.
The maximum derived displacements of the main axes, X (Ux) and Y (Uy), and the
corresponding load combinations of simplified spectral analysis are shown in figure 8 to all
three models, Mtot,vault, Minit,vault and Madd.
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Figure 8: maximum derived displacements of the main axes, X (Ux) and Y (Uy).

5

COMPARATIVE OBSERVATIONS AND CONCLUSIONS

The structural members (walls and roofing) of the models were examined in respect to
their capacity against developing stresses for the adverse load combinations of the simplified
method. The results for each structural member presented as a ratio of the developing stresses
(compressive, tensile and shear) to the respective strengths over the stress contours. The contours are presented in N/mm2 (MPa) and the ratios of developing stresses/member strengths
shown on structural members, indicate adequacy of the member if the value is less than the
unit.
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Figure 9: Longitudinal cross section, vertical stress contours for out of plane horizontal (seismic) load

As expected for a masonry building, vertical loads exhaust only a small portion of the
compressive strength, which barely exceeds the 25% of the members bearing capacity.
The analysis results derived from the action of the horizontal (seismic) loads showed
that the structural members of the north part of the building resist sufficiently, in contrast to
the south part where certain stresses exceed the resistance ability of members with important
bearing role (fig. 9). Analysis results justify completely the present state of the building,
where the north part stands without significant failures despite the lack of maintenance, in
contrast to the south part that is heavily shattered. A closer view to resulted capacity ratios of
important structural members, such as the walls of the destructed room of sadrvan, indicate
potential shear and flexural failures. As an example, the west wall of sadrvan results a ratio of
implied capacity (demand/strength) of 3.75 for shear stresses for in-plane seismic actions in
the area between the windows (fig. 10). At the same wall, out of plane seismic actions surpass
also the bending (flexural) capacity of the member, by ratio of 2.16 (fig. 11). The present state
of the west wall justifies the results derived from the model analysis, as the remains match
with the analysis failure pattern (fig. 12).
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Figure 10: Sadrvan, west wall results, ratios of demand/strength, shear stresses.

Figure 11: Sadrvan, west wall results, ratios of demand/strength, horizontal and vertical stresses.
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Figure 12: Present state of the bath. The remains of the sadrvan west wall with superimposition of the out of
plane vertical stresses results. The red line shows the failure plane on the wall.

As described previously, the intermediate space, kapaluk, is covered by a scaphoid
vault with flat key. At the peripheral walls there are visible traces of arches along the walls
and residual springings of transverse arches, which divide the space into three equal parts (fig.
13). These arches are undoubtedly a previous form of
kapaluk roofing consisting by three hemispherical
domes. Neither the time, nor the cause of replacement of
these structural elements is historically documented.
However, the results of the analytical models indicated
that the two building phases, which were constructed at
different time periods, show a significant variation in
their dynamic characteristics. Moreover, the 2.20 m wide
kapaluk, is located between the sadrvan and the mejdan
Figure 13: previous and present form of space. In terms of stiffness, kapaluk is located between
kapaluk roofing
the less and the most rigid room of the structure. The
consequences of this proximity are described by the succession of following pictures wherein
the oscillation of the 12th mode, that activates 22.12% of the total mass of the building (fig.
14).
It is illustrated the opposite movement of the kapaluk walls, which converge and diverge, produce extreme stresses to the intermediate element of the vault. Based on the above
observations it is considered very likely that the replacement of the original form of the three
dome roofing is a result of failures caused from the horizontal movements of the walls under
seismic loading. To investigate the above hypothesis, two of the original models modified in
order to simulate the three domes roofing, Μtot,3domes and Minit,3domes (fig. 15).
As shown in the results of the Μtot,3domes analysis for seismic loading, significant
stresses developed that exceed both the tensile and compressive strength of the domes with
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ratios 2.80 and 1.56 respectively. In contrast, in the model which simulates the first phase,
Minit,3domes, the domes stressed to a lesser extent, without significant stress excesses, as seen in
the corresponding resistance ratio values (fig. 16).

Figure 14: Series of images illustrating the model oscillation of the 12th mode.

Figure 15: Models simulate the original form of kapaluk roofing, consisting of three domes. Comparison between the first and the second building phase.

Based on the above data, it can be assumed that initially the first phase of the building,
including the kapaluk covered by domes, was able to resist to both the vertical and the horizontal seismic loads, as shown by the Minit,3domes analysis. Thereinafter, the building extended
by adding the second phase, fact which altered its structural behavior. The structural elements
(masonry and roofing) of the intermediate kapaluk space subjected to significant increased
stresses. As shown in the respective model Mtot,3domes, the developed stresses caused by the
horizontal seismic loads exceed the estimated strength of the three domes. Therefore, it can be
argued that the roofing of the three domes, under the action of seismic loads, has exhibited
extensive (non-repairable) failures after the addition of the second structural phase, which led
to its replacement by the existing vault.
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Figure 16: Analysis results and comparison of the kapaluk three domes roofing. On the left the results of
Minit,3domes (first building phase) and on the right the results of Μtot,3domes (second building phase).

Figure 17: Analysis results of the kapaluk scaphoid vault roofing.
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Figure 18: Models Μtot,3domes and Μtot,vault.

The comparison between simulations of two forms of kapaluk roofing, Mtot,3domes and
Mtot,vault (fig 18), illustrates that the newer roofing formed as scaphoid vault has much better
structural behavior than the previous form, subjected to the same seismic loads. The fact is
evidenced by the overall adequacy of the new member against the developing stresses in contrast to the older. In particular, the ratios of the compressive and tensile stresses are 1.56 and
2.40 respectively for the previous roof of three domes and 0.82 and 1.52 for the present
scaphoid vault (fig. 17).
The structural assessment of the vault indicated relatively small excess of tensile stresses perpendicular to the
joints of the vault (S22), with ratio of 1.40 which implies
possible minor failures. This can be observed to the structure, as bricks detached from the intrados of the vault at the
same area where tensile stresses obtained by the simulation
exceed the strength of the structural member (fig. 19).
An aspect for future research could be the decision
criteria of the 16th century builders, for their choice to replace the three domes roofing with a
scaphoid shaped vault instead of the typical semi-cylindrical, which would be easier to implement (fig. 20). Probably, the
choice is related to the capability for displacement of the vault supports, as it is
adopted to many intermediate rooms of
baths with similar architecture.
Figure 20: Original, potential and present roofing of the

Figure 19: Bricks detached from the
vault intrados due to tensile stresses

kapaluk roofing
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Abstract. The present investigation focuses on the shear upgrade of Reinforced Concrete (RC)
T-beams utilizing composite materials together with innovative anchoring techniques. Both
experimental and numerical approaches validated the performance of these innovative techniques. For this purpose, the measured load-deformation response of three (3) full-scale R/C
beam specimens is discussed. These specimens were imposed in a cyclic loading sequence up
to failure. Open hoop carbon FRP strip shear reinforcement was applied externally to upgrade the shear capacity of two (2) RC beam specimens. For the first specimen the CFRP
strips were applied without anchorage, whereas for the other strengthened specimen the
CFRP strips were attached together with a novel anchoring device. This successful numerical
simulation predicts with a very good degree of approximation the observed load-deformation
behavior and the ultimate shear capacity of all these specimens as well as the observed modes
of failure including diagonal concrete cracking, debonding of the CFRP strips in the case of
no anchoring, or the plastification of parts of the anchoring devices plus the adjacent crushing of the concrete.
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1

INTRODUCTION

Reinforced Concrete (R/C) structures represent a substantial portion of the current infrastructure and building stock in most countries worldwide. A large percentage of these were
built several decades ago and in some cases require retrofitting or structural upgrading in order to conform to more stringent design regulations, to accommodate additional live loads due
to possible changes in the building’s function or to make up for the loss of strength brought
about by environmental parameters that speed up structural deterioration. Moreover, the rapid
evolution of seismic codes over the past two decades, which utilizes the knowledge gained
following devastating earthquakes, necessitates the structural upgrading of most concrete
structures that were built according to older design regulations, following a different design
philosophy, in which the role of ductility was not central to the design process. On the contrary, all current seismic design codes pay particular attention to enforce ductile behavior on
the various R/C structural elements, which is accomplished by prohibiting shear types of failure and favoring instead flexural types of failure with sufficient ductility [1-4, 10-18]. This
ductile behavior is also desirable when one is faced with the task of designing a retrofitting
scheme that aims at upgrading the seismic performance of R/C structures designed by older
design codes [19]. This paper deals with the objective of upgrading the shear capacity of R/C
T-beams, that are poorly reinforced against shear, as part of such a retrofitting scheme
[5,17,18,20].
Among several upgrading techniques available, the utilization of FRP sheets or plates that
can be attached externally to existing structural components with the aid of resin has attracted
considerable attention from both academics and practicing engineers [2,6,15,28]. Various researchers have derived models for the prediction of the bond-slip response and required anchor lengths of FRP sheets attached to concrete [22,24-26,29]. Depending on the application,
fibre reinforcing polymer (FRP) sheets can be employed to increase the flexural strength, the
shear strength, the ductility and the serviceability performance of R/C structures, utilizing these FRP sheets as additional external reinforcement.
FRP sheets possess very high strength in the orientation of their fibres; however only a
small part of the available strength can be exploited in practice, due to the onset of debonding
at relatively small strains, which can initiate either at the ends of the FRP sheets, due to insufficient anchoring or within the mid-parts of the FRP sheets, when anchoring is provided at the
FRP-strip ends, following the formation of cracks in the concrete [5-12,27]. Therefore, the
development of innovative means for effective anchorage of the FRP sheets/plates in the concrete volume, which ensures the satisfactory transfer of forces from the FRP sheet to the concrete part of the structural member and allows for a more efficient utilization of the FRP
strength, is warranted [24–28].
In the present paper, a novel anchorage device [13] for FRP sheets employed as external
shear reinforcement, which was recently developed at the Laboratory of Strength of Materials
and Structures of Aristotle University of Thessaloniki is studied numerically. Its effectiveness
has been experimentally verified. [18,25,26] The aim of the present study is to replicate numerically the experimentally obtained results and to identify the key parameters controlling
the structural response of reinforced concrete T-beams strengthened against shear by external
FRP reinforcement, that will allow the optimization of the anchorage device and hence the
more effective utilization of the FRP sheets, thus leading to more efficient design. Finally the
R/C concrete T-beams are imposed to a cyclic loading sequence.
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2

EXPERIMENTAL SETUP

Several theoretical and experimental studies [4,9,15] have been carried out to analyze the
phenomenon of the shear failure of reinforced concrete (RC) beams. Russo et al. [22] presents
a comprehensive review of various proposed methods for predicting the shear behavior of reinforced concrete beams without any transverse reinforcement. In the design of R/C beams,
this is usually considered as an initial condition that is supplemented by the strength provided
by the transverse reinforcement in order to predict the total shear capacity of such a structural
element. Following this rationale a comprehensive experimental program has been designed
and carried out at the Laboratory of Experimental Structural Mechanics at the Aristotle University of Thessaloniki aimed to assess the structural efficiency and effectiveness of shear
strength provided to R/C beams by externally attached open hoop FRP transverse shear reinforcement. Initially, one R/C T-beam specimens with only longitudinal reinforcement was
tested. Two identical R/C T-beam specimens were then tested which were provided with open
hoop FRP strips external shear reinforcement in order to study in this way the additional shear
strength that can be attained by such a strengthening scheme. This open hoop FRP strip shear
reinforcement was examined in two distinct forms. First, these open hoop FRP strips were
simply attached on the external surface of the R/C specimens. The prevailing mode of failure
for this specimen is the debonding of the FRP strips, which renders this type of shear reinforcement ineffective. This is because the FRP strips’ debonding occurs long before the tensile strength capacity of such FRP strips is reached. In order to prohibit such a premature
debonding type of failure a novel anchorage device [24–27] is introduced together with the
open hoop FRP strips that can be attached relatively easily at R/C T-beams, which is the primary practical application. The second T-beams was strengthened utilizing this technique.
2.1

Geometry of T-beams

Three cantilever reinforced concrete beams with a T-section were fabricated and tested under cycling loading conditions at the Laboratory of Strength of Materials and Structures of
Aristotle University of Thessaloniki. The reinforcing details are depicted in figure 1. The setup consists of a T-beam with dimensions 120 by 360 mm with a slab width of 360mm and a
rectangular column with cross sectional dimensions 400 by 500 mm. The part of the specimen
that resembles the column was securely fastened to a rigid wall using two steel I-beams. The
free end of the beam was attached via a hinge to a 2500 kN capacity hydraulic actuator which
was used to apply the cycling load. The load was controlled with a 1000 kN capacity load cell
under deflection control, driven by a personal computer. After applying three cycles in elastic
region, loading cycles were increased gradually up to failure. Same loading methodology was
applied to all specimens. The beam’s free end deflection and moment curvature at the maximum moment region were measured using LVDT’s. LVDT’s were also positioned vertical to
the longitudinal axis of the beam to ensure that the beam did not deflect out of plain. LVDT’s
were also placed at an angle of 45o. SFRP strains were measured with strain gauges. Strain
gauges were attached on 8 consecutive SFRP tapes starting from the second from the fixed
end. A strain gauge was attached to the mid-height of each SFRP tape along the fiber direction. Finally, the time history of the loading sequence is presented in figure 2.
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Initially, one concrete T-beam specimen both without any SFRP, namely CTB was tested
to obtain the basic structural response. This test was utilized in the present numerical study to
calibrate the material parameters of the concrete material model. Subsequently, two more
specimens without any steel stirrups were reinforced against shear by externally attaching Ushape open-hoop SFRP strips with and without an anchorage scheme. (named TB150 and
TB150a) The spacing of SFRP strips was considered equal to 150 mm. The anchorage was
provided by the novel anchorage device [24] depicted in some detail in figures 3a and 3b. In
this anchoring device a steel rod is used to wrap around it the FRP strip; this steel rod is secured by a steel plate of equal length which is bolted by two anchor bolts as shown in figure
3b.
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Table 1 lists all the particular aspects that characterize each one of these three specimens.

2.2

Material properties

A series of standard tests have been carried out in order to establish the basic material
properties for these beam specimens; e.g. basic material properties for the concrete, the reinforcing bars, the SFRP strips as well as the steel plates and steel bolts employed in the anchoring device. These experimentally derived material properties were utilized in the subsequent
numerical study. The measured mean concrete cylindrical strength for each specimen is listed
in column 3 of Table 1 and is equal to 22.4Mpa. The longitudinal and transverse reinforcement were grade S500, whilst the steel plates were grade S235. The bolts utilized in the anchoring device were manufactured by HILTI and are designated as HILTI HUS herein. The
full stress-strain response of all steel parts was experimentally determined and utilized in the
numerical studies. The experimentally determined Young’s modulus E, yield strength fy and
ultimate strength fu are reported in Table 2.
Finally, unidirectional tension tests were conducted on resin rich SFRP sheets up to failure to
obtain the Young’s modulus (E1) and strength (fu1) in their fibre orientation and the Poisson’s ratio (ν12 = (E1/E2)ν21). The remaining two material properties pertaining to the orthotropic nature of the material under the plane stress assumption, namely the transverse Young’s
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modulus E2 and the shear modulus G12, were derived by applying the conventional rule of
mixture for composites [17], taking into account the manufacturer’s specifications for the resin and the FRP sheets (see acknowledgements) and the experimentally determined volume
fraction of resin and FRP sheets.
Both the experimentally and the analytically determined material properties are reported in
Table 3. It should be noted that the analytical values obtained by applying the rule of mixture
for E1 and v12 compare very well (discrepancy within 5%) with the experimental ones.

2.3

Summary of observed behavior – modes of failure

The key findings of all beam tests are summarized in Table 1, where the ultimate shear force
(expVmax) resisted by these specimens is listed in column 7 of this table. As can be seen, the
shear strength of the control rectangular beam (CTB) without any stirrups SFRP strips was
recorded equal to 37.25 kN. From the results shown in Table 1, it is evident that the maximum
recorded shear capacity for the two strengthened T-beams with SFRP strips was significantly
greater than the shear capacity of CTB specimen. The observed mode of failure is listed in
column 8 of Table 1. As can be seen, when SFRP strips are without anchors the debonding
mode of failure of the FRP strips prevails. This debonding mode of failure limits the observed
shear capacity increase to 96.5% (nearly 2 times larger than the initial value of 37.25 kN),
when the shear capacity of the strengthened specimen is compared to that of specimen CTB
(without any shear reinforcement). When the novel anchoring device was utilized for prohibiting this debonding mode of failure it resulted in shear capacity increase of up to 390% (4.9
times larger than the initial value of 37.25 kN). It should be noted that CTB has no internal
shear reinforcement. The beneficial effect of anchoring the U-shape open-hoop SFRP strips in
order to inhibit the debonding mode of failure is thus demonstrated. The subsequent numerical study will focus on these important features of the observed behavior, that is the prevailing
mode of failure and the measured ultimate shear capacity (expVmax).
3

NUMERICAL ANALYSIS

The general purpose FE software ABAQUS [9] was employed to generate FE models to
simulate numerically the structural response of the previously described concrete beams
strengthened with externally attached FRP sheets. The generated models were validated
against all respective experimental results. The aim of this part of the study is to generate reliable FE models that can be utilized to enhance the understanding of the fundamental structur-
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al response of the FRP shear strengthening scheme of R/C T-beams with and without anchorage devices, under cyclic loadings and hence optimize the anchorage device design.
3.1

Modeling assumption

The mean measured specimen geometries were utilized to simulate the test specimens.
The full 3D geometry of the concrete volume and the steel plates employed for the anchorage
of the SFRP was modeled with 3-D brick-type F.E. elements, whilst the FRP sheets were ideal- ized as planar F.E. elements and their actual thickness (0.75 mm) was utilized as a section
property. The bolts were assumed cylindrical with a diameter equal to the equivalent diameter
corresponding to the net bolt area (i.e. the threaded part of the bolts was not explicitly modeled). A further idealization pertinent to the bolt assembly simulation is the assumption that
the bolt-hole diameter of the steel plate is equal to the assumed bolt diameter (i.e. the clearance has not been accounted for).
In order to reduce the computational cost, the symmetry of the structure with respect to the x–
y mid-plane was exploited, by numerically simulating one quarter of the physical model and
applying the appropriate boundary conditions at each of the two planes of symmetry as shown
in figure 4. The load was applied incrementally as prescribed displacement on a steel plate
(SP1) at the point of load application, which was applied iteratively utilizing a smooth amplitude curve available in ABAQUS. Restraint of the structure in the direction of the pre- scribed
displacement was provided by fixing all degrees of freedom of nodes at the supporting element. The sum of the reaction forces in all nodes of the supporting element yields the total
exp
reaction that is exerted to the model structure and will be compared with Vmax of Table 1.

The contact between the various parts of the model (steel bolts, steel plates and concrete volume) was explicitly modeled and a friction coefficient equal to 0.3 was assumed for tan- gen-
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tial contact behavior. Variation of the friction coefficient applied to the bolt-concrete inter
face between the idealized frictionless and rough contact extreme cases was attempted, but no
significant effect on the overall solution was observed. Moreover, in order to reduce computational cost, the actual detail of the cylindrical rod of the anchoring device through which load
is transferred from the FRP strips to the concrete beam through the steel plate was somewhat
simplified (see figures 3b and 5); towards this end, the displacements of the SFRP’s edge
were constrained to be equal to the respective displacements of the steel plate’s mid plane for
the numerical representation of the anchoring device. The interface between the SFRP strip
and the concrete was simulated as a cohesive zone endowed with a suitable traction separation
response, the properties of which are discussed below.

3.2

Materials

The auxiliary test results reported previously were utilized herein to define the material response. The SFRP sheets were assumed orthotropic under plane stress conditions and the material properties reported in Table 3 were adopted. The tensile failure in the principal direction
was considered and the ultimate stress reported in Table 3 was adopted, whilst other failure
modes were considered irrelevant to the present study. A fracture energy equal to 0.01 was
assumed to simulate damage evolution, which was rapid, due to the severe stress concentration following the onset of failure. Steel plates, longitudinal reinforcing bars, steel stirrups and
steel bolts and plates were assumed elastic-isotropic hardening and the experimentally obtained stress–strain curves for the steel used for these parts were converted into the true stresslogarithmic plastic strain format according to Eqs. (1) and (2) and utilized to define the material response.

The damaged plasticity model for concrete available in the ABAQUS material library was
adopted to model concrete response, since it has been shown to perform satisfactorily in similar applications [23]. All material parameters were initially calibrated to accurately simulate
the response of the control T-beam specimen CTB. The values adopted for the relevant mate-
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rial parameters, namely the angle of dilation h, the eccentricity, the ratio of equibiaxial to uniaxial compressive stress fb0/fc0, the ratio of the second stress invariant on the tensile meridian to that on the compressive meridian at initial yield Kc and the viscosity parameter were
40, 0.1, 1.16, 0.666 and 0 respectively and were all within the range encountered in literature
[23]. In accordance with similar studies [18], the stress strain response of concrete in compression was derived according to Saenz [23], whilst the tension stiffening response was defined in terms of tensile stress and axial deformation according to Cornelissen et al. [12],
assuming a fracture energy equal to 0.06. The Young’s modulus E and tensile strength fct were
deter- mined according to ACI [1] as a function of the compressive cylindrical strength, whilst
Pois- son’s ratio was assumed equal to 0.2. The comparison between this assumed in the numerical simulation stress–strain concrete behavior and the one measured by testing concrete
cylindri- cal specimens taken during the construction of the beam specimens is depicted in
figure 6. It must be borne in mind that these specimens were simply loaded in compression in
such a way that the descending branch of the stress–strain curve could not be obtained.

The resin rich layer, within which the debonding of the FRP strip from the concrete vol- ume
occurs, was modeled as a cohesive zone [3] endowed with a traction-separation response. The
initial elastic stiffness for all three modes of debonding was set equal to 106 N/ mm2, which
is within the range of values proposed by Turon et al. [28]. The quadratic stress-based damage
initiation criterion available in ABAQUS was adopted, with the stress limit in all three principal directions being equal to the respective tensile concrete strength. Damage evo- lution was
defined in terms of fracture energy with linear softening, whilst mixed mode be- havior was
accounted for according to the model proposed by Benzeggagh and Kenane [8], with a power
coefficient equal to 1.45, in accordance with the proposals of Obaidat et al. [29]. Best results
were obtained for a fracture energy in both shearing and peeling modes equal to 0.25 (GII =
GIII = 0.25 N/mm2), whilst the fracture energy GI associated with the opening mode was set
equal to 0.025. It should be noted that overall response is relatively insensitive to the assumed
elastic stiffness and limiting stress adopted, but these properties have a signifi- cant effect on
the numerical cohesive zone length [16,28], which defines the minimum re- quired mesh size.
4

RESULTS AND DISCUSSION

The F.E. numerical predictions regarding the ultimate shear capacity (numVmax) and failure modes with the ones observed during testing (see Table 1) are summarized in Table 4.
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The ratio of numerically predicted over measured ultimate shear capacity is listed in column 3 of Table 4 with values very close to 1.0, which signifies a very good agreement of the
numerically predicted ultimate shear capacity values with the respective experimental ones
included in Table 1.
Moreover, the numerically predicted modes of failure are also in very good agreement with
the ones observed during testing. Detailed discussion for each of the three T-beams considered in the present study follows.

4.1

CTB (control specimen)

The observed behavior of the control T-beam specimen, which was tested to obtain the basic structural response of the reinforced concrete beam specimen without the added complexity of the attached SFRP sheets, was, in general, well-predicted by the FE numerical models,
as can be seen in Table 5 (1st line), where the experimental and numerical modes of failure
are depicted. The experimental failure mode, in the form of the dominant shear crack, and the
numerical failure mode of specimen CTB are compared. It should be noted that in all these
figures depicting numerical failure modes, the maximum principal plastic strain of concrete is
depicted as a means to visualize concrete cracking since no discrete cracks form during the
adopted numerical analysis.
4.2

TB150 (FRP - no anchorage)

The debonding occurred within a thin resin rich layer of concrete, the properties of which
were assumed to be incorporated in the cohesive zone material properties. The crack pattern at
ultimate load is shown in Table 5 (2nd line). The numerical failure mode is compared with the
corresponding experimental one for specimen TB150; as can be seen, an excellent agreement
between the experimental and the numerical results is achieved. The beam specimen behaved
elastically prior to the formation of the initial flexural cracks, whereupon the flexural reinforcement prevented the opening of the cracks. Subsequently, a diagonal crack started to form
beneath the point of application of the load, which was interrupted by the presence of the FRP
sheets, which were stressed and prevented the opening of the diagonal crack. Finally, the
debonding of the FRP sheets commenced and propagated rapidly, leading to the formation of
critical diagonal cracks and thus to failure. This observed behavior was also accurately reproduced by the previously described numerical simulations.
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4.3

TB150a (FRP with anchorage)

As described in section 4.2 the SFRP-strengthened specimen to which no additional anchorage was provided failed abruptly, due to debonding of the SFRP strips. The provision of
additional anchorage by means of the device shown in figures 3a and 3b allows for additional
forces to be carried by the SFRPs once debonding has occurred; these forces are transferred
by the anchoring device finally through the bolts into the concrete thus resulting in an increased ultimate shear capacity and thus in a more efficient utilization of the FRP material.
The anchorage zone is stressed from the onset of loading but deformations and stresses remain small as long as the resin remains effective. Upon debonding, the anchorage zone experiences high localized stresses. The failure is no longer due to FRP debonding but rather
localized above the anchorage zone, due to the high stresses transmitted by the bolts in the
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vicinity of the bolt holes. The failure mode is complex and involves a combination of local
concrete cracking and yielding of the anchor bolts. The generated complex FE models was in
general able to capture the aforementioned failure mode. Table 5 (3rd line) depicts the experimental and numerical failure modes for TB150a with a very good agreement.
5

CONCLUSIONS

• The successful numerical simulation of the application of a novel anchoring device together with open hoop SFRP strips, which enhances the efficiency of these FRP sheets applied as shear reinforcement for reinforced concrete T-section beams, was demon- strated
by this study.
• The validation of the numerical simulation is based on the measured behavior of a fullscale reinforced concrete T-beams without nominal shear reinforcement as well as with
two (2) full-scale reinforced concrete T-beams that employed open hoop SFRP strips, with
or without a novel anchoring device, as a means of upgrading their shear capacity.
• The success of the deployed numerical simulation is fully demonstrated by comparing first
the observed and numerically predicted ultimate shear capacity for all three speci- mens.
The achieved accuracy of the predicted ultimate shear capacity is very good.
• The success of the deployed numerical simulation is fully demonstrated by then comparing the observed and numerically predicted mode of failure for each one of the three (3)
tested specimens. It is shown that the deployed numerical simulations have been articulated with all the significant features, to be able to portray in a very realistic manner complex non-linear mechanisms such as the cracking and crushing of concrete, the debonding
and fracture of the SFRP strips and the yielding and fracture of the steel parts of the novel
anchoring device.
• From the above, it must be seen that the accurate numerical prediction of a relatively complex behavior is the result of all these intelligent features that were built into the nu- merical model together with the accurate representation of all the individual material fea tures,
which were established by careful testing prior to the numerical simulation. The successful
FE models, accurately capturing the basic structural response in terms of ulti- mate load
and failure modes, have been developed and discussed.
• Based on the validated FE numerical models presented here, further research is underway
to identify the key features affecting overall structural response and thus to optimize the
structural arrangement of the proposed novel anchoring device in terms of strength and
ductility.
• A further goal is to derive a generic strengthening technique and associated design guidelines, which allow for a more efficient utilization of the FRPs’ strength and significantly
enhance the structural performance of existing structures, strengthened with FRP sheets for
both static and seismic type loads.
6
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Abstract
The high demand for biodegradable implants in bone fracture fixations has dramatically increased the use of polymers for biomedical applications as well. However, the replacement of
stainless steel and titanium screws by biodegradable materials, represents one of the most critical aspects of biomechanics. Driven by the advance technology of computational mechanics,
the fixation of the posterior malleolus fracture has been designed and analyzed. The core idea
depicts the static analysis of screws made of PCL fixed in the ankle joint. The focus of the study
is on this bio-absorbable, polymer-based material performance under constant compression.
Parametric analysis is employed for the optimization of the PCL scaffold. Future studies will
focus on the experimental verification of the numerical analysis results.

Keywords: Biomechanics, Finite Element Simulation, Ankle joint fractures, Posterior malleolus fracture, PCL biodegradable scaffolds.
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1. INTRODUCTION
The malleolus fracture does refer to the fracture of one of the bones that the ankle joint
consists of. The main causes of ankle fractures are its rolling in and out, the twisting side to side
and the flexure of the joint [1]. This research focuses on posterior malleolus fracture which is
considered as a rare injury mechanism in comparison with lateral and medial malleolus fracture
[2], [3]. This fracture is located in the back of ankle joint, while surgery for its fixation is considered necessary if the broken part is greater than the 25% of the articular surface [4]. The
operational treatment is carried out with the assembly of two screws from the back to the front
part of tibia and a stabilizing plate where the screws are fixed [5].
To date, the most common used materials for this type of treatments are stainless steel and
titanium, although their biocompatibility is questioned [6]. Biodegradable implants made of
polymers have gained ground because they are absorbed and a second surgery for the implant’s
removal does not have to be carried out. Especially biodegradable scaffolds, as key artificial
devices widely used in tissue engineering, aim to provide a desirable micro-environment that
allows neo-tissue to be generated properly. The scaffold could provide mechanical support for
the promoting neo-tissue growth and functioning as well as adequate porosity and permeability
for nutrient delivery and metabolite removal [7].
Multi-objective design optimization is essential to seek optimal scaffold architectures for
promoting overall biological performance of scaffold. Three-dimensional (3D) printing has
demonstrated its great potential in producing functional scaffolds for biomedical applications.
To facilitate tissue regeneration, scaffolds need to be designed to provide a suitable environment for cell growth, which generally depends on the selection of materials and geometrical
features such as internal structures and pore size distribution. The mechanical property match
with the original tissue to be repaired is also critical [8]. Nevertheless, for biodegradable scaffolds, an initial optimal design may not guarantee the ideal characteristics due to continuous
material degradation and neo-tissue ingrowth [9].
This paper aims to explore the structural mechanism of posterior malleolus fracture and possible methods of treatment through biodegradable PCL screws and scaffolds. Throughout this
study, the finite element model which represents the fracture area is the outcome of an algorithmic process of the CT scan. As a first step, the bone is subject to static load so that the location
and the value of the maximum tensile stress can be identified. A newly developed FE model,
in which PCL screws are tested for the fracture fixation, is adopted here. The ability of a PCL
scaffold to transfer compression loads from the broken part to the other part of the bone is
further examined here. Parametric design assists the scaffold geometry identification considering the shape and volume of the fracture, as the procedure that a 3D printer would follow. As a
bottom line of the study, comes the connection type between the scaffold and the bone nodes
in the finite element environment.

2. METHODS
As a rapid development of image pre- and post-processing for finite element models development, CT scans have become an accurate source of information for this purpose. In this paper,
we would like to restrain our attention on this method, and then proceed on analysis of the area
where the bone fracture is and ways of fixation.
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2.1 3D finite element modelling from CT-data

In comparison with industrial models which are studied through computational methods, in
biomechanics the object is not designed with a CAD software, but its geometry is random. In
order to identify that the one and only fracture is the posterior malleolus fracture, all the ankle
joint parts were thoroughly observed. The software RETOMO, as a tool gave us the opportunity
to run a 3D view around the CT scan and focus further on the fracture location. The first indication that the fracture is posterior malleolus, is given as only tibia has a broken part, whereas
fibula appears as a whole. A second verification is that no fracture appears on medial malleolus.

(a)

(b)

Fig. 1 (a) Section cut of the posterior malleolus fracture, (b) plan view (fracture shown on the left).

In RETOMO environment the boundaries of different materials are not defined directly, but
space is given to the user to make modifications. This is possible with the bounds line where
each material does have a different colour. The grey zone indicates the uncertain area (seeds
algorithm). The software uses a rational path to categorize this area (grow algorithm), which is
followed by the FEM creation.

(a)

(b)

(c)

(d)

Fig. 2 (a) Bounds line, (b) seeds algorithm output, (c) grow algorithm output, (d) FEM.

2.2 Static system and load case
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The output of RETOMO in ANSA (pre-processor) environment is composed of shell elements
which form the models envelop. The solid mesh is achieved with tetra rapid elements, as a
unique solution because of the bone geometry complexity. The bone itself could be characterized as a dynamic tissue which adapts its morphology according to the load application. In this
study, the simplest static system to simulate this bone stability is adopted.
The supporting is consist of simple supports (X, Y, Z) on the surface of the part which is continuous in reality, but cut in terms of the fracture study and then a simple (X, Y, Z) support at a
random node in the bottom of the model [10]. There are three types of load applied on the
broken part: weight reaction, muscles surface supporting loads and pressure due to blood flow.
As the weight reaction load is the most dominant is chosen for this simulation. With the assumption that the average weight of a person is 70kg (700 N), to each leg it is allocated half of
it which comes to 350 N. As a volume distribution is considered that one third of it goes to the
broken part, which as factored conservative load comes to 250N. The load is applied as distributed in 45 degrees.

Fig. 3 Hand sketch of supports and load.

2.3 Fixation with screws
So that stabilization of the fracture can be achieved, the screws are fixed aiming to defence any
applied action. Screws are often subject to torsion, shear and tension and their assembly is in
such a way to ensure compression situation so that the fracture can be gradually closed. As a
solution of this study is considered the fixation with two screws of 2 millimetre each due to the
small volume of the broken part, whereas for tibia fixation screws of 3-4-millimetre diameter
are most commonly used [11].

5.56 mm
39.26 mm

(a)

(b)

Fig. 4 (a) Solid-meshed FEM, (b) model with screw fixation.
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2.4 Parametric design of the scaffold

The parametric design could be defined as a method of problems analysis by studying in parallel
more than one solution. Through this research, geometric parametric design is applied. In more
detail, the shape of the bone is taken as a model is exported from ANSA to Rhino (3D CAD
software) and the area of the fracture is highlighted. Through the parametric design tool Grasshopper, a script is written so that this area can be filled with the scaffold material. An allowance
of 3 millimeters has been intentionally left for the connection elements between the two models.
The elements were rigid beams RBE2 node to node.

(a)

(b)

(c)

(d)

Fig. 5 (a) Highlighted area of fracture in Rhino, (b) base geometry of scaffold, fracture filled with
scaffold material, (d) merged FEM in ANSA.

3. RESULTS AND DISCUSSION

Bones are consisting of two different parts which are the cortical (hard) bone and trabecular
(spongy) bone and show different mechanical properties [12]. Additional bone strength is
proved to be different for longitudinal and transverse loading. For the verification of this study
results it is supposed to be homogenized.
E

v

Ft (MPa)

Fc (MPa)

350 MPa

0.25

12

30

Cortical (longitudinal)

17 GPa

0.30

109

162

Cortical (transverse)

5 GPa

0.27

50

50

Homogenized

5 GPa

0.27

70

100

Trabecular

Table 1. Mechanical properties of bone [13].

3.1 Mechanical behaviour of the bone
The model of the bone with no treatment fixation applied is delivered to unveil where the maximum stress is concentrated and the dislocation of it under action. It is common in finite element
models, the stress to be concentrated where the load it applied. To find and point the maximum
stress ignoring this local phenomenon we hide those few elements. The maximum Von Mises
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stress is 196.2 MPa and is found where the two parts of the examined bone are connected. The
lack of stability in the system shows the necessity of fixation.

Fig. 6 Dislocation of the bone (scale factor 1000).

Fig. 7 Maximum Von Mises stress.

3.2 Analysis of the PCL screws

Screws are modelled in such a way to be inserted through the broken part be fixed to the greater
part of the bone. The screw is not simulated in detail with the thread part. On the other hand, is
a cylinder, connected with the bone with node to node connection type. The maximum is stress
is captured on one of the two screws, whereas the stress of the bone is less in comparison with
the previous analysis. The maximum Von Mises stress is 207 MPa, more than the tensile
strength of PCL. This way, this type of fixation would not be considered as possible treatment
method. The stress of the other screw is 100 MPa, a result that make us think that maybe an
alternative positioning of the screws combined with larger diameter could give the desirable
results.
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PCL

E

v

Ft

0.4 GPa

0.30

80 MPa

Table 2. Mechanical properties of PCL.

Fig. 8 Maximum Von Mises stress (screw fixation).

3.3 Analysis of the PCL scaffold

Stress distribution appears to be different from the previous two simulations. The display tool
is changed to stress on node instead of stress on element. Additionally, as the mesh was quite
fine in this analysis is not shown. Stress can be transferred from the broken part to the other
one, through the scaffold. The maximum stress is greater than the strength of the scaffold. According to these analysis results, a PCL scaffold could not be a treatment solution for a fracture
like this. Although it could possibly have a beneficial impact if it was combined with screws.
The core function of a scaffold like this, is the acceleration of cells growth.

PCL scaffold

E
(parallel to fibers)

E
(normal to fibers)

v

Ft (MPa)

Fc (MPa)

138.8 MPa

37.5 MPa

0.32

5

10

Table 2. Mechanical properties of PCL [14].

Fig. 9 Maximum Von Mises stress.
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4. CONCLUSION
The initial numerical parametric study has shown that:
Screws fabricated by biodegradable PCL materials could be used as alternative material under
a specific design
The use of scaffolds could be extended to a structural part in order to obtain better stress distribution on the fracture.
Neither the PCL screws nor the PCL scaffold, as designed for this research, would be considered as possible fixation solutions for posterior malleolus fracture.
It has to be clarified that the presented research is an initial effort and further study for geometry
and location optimization is strongly encouraged, so that the optimal stress distribution could
be achieved.
Next step of the research is the simulation of the dynamic – impact load that the fracture should
undertake.
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Abstract
The present paper focuses on the advanced numerical modeling of a novel resilient hinge
(RH), with emphasis on the connection between the foundation and the bridge pier. The design philosophy of dynamic resistant structures (such as bridges) requires the imposed energy
to be dissipated in the hinges of the structure and let the remain elements with no damages..
The RH is a novel substructure that mitigates the imposed energy through the yielding of easily replaceable steel bars, thus offering rapid restoration times. It is designed to have recentering capabilities because several steel bars remain primarily elastic, so they return to
their initial position. The investigated variables are the type of material, the roughness of the
contact surface, the diameter of the bars and the type of connection between the different
parts of the RH. Stress analysis of the obtained results occurred in a way to quantify the problem and discover the weak regions of the RH. Finally, detailed design suggestions for the RH
are provided.
Keywords: materials and equipment; conceptual design and realization; bridge pier mechanism; seismic device; self-centering pier mechanism
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1

INTRODUCTION

Bridges lay among structures of high importance not only because their construction is
costly but since they must remain functional in emergency situations such as floods, earthquakes, winds and accident. Three are the basic concepts of designing the structures that aim
at their shielding against seismic vibration. These are the conventional design capacity, seismic isolation and low damage design [3]. The most recent seismic design approach aims to
minimize the possible damages to the construction. This philosophy is called internationally
as D.A.D. (Damage Avoidance Design) and has been developed for structures made of reinforced concrete [6], steel [7] and wood [8]. It differs from the others because it does not require a specific mechanism (creation of a plastic hinge or increase the construction’s eigen
period) to activate. Generally, the idea behind this philosophy is to reduce the damages by
connecting special replaceable joints or mechanisms that can receive small or large inelastic
deformations without causing failures to structures. In addition, in this way the construction
can be restored to its original position without the need for human intervention. Finally, the
main goal of the present design philosophy is to ensure that the construction will remain functional after the end of the earthquake, the damages in the hinge will be fully repairable and the
repair costs will be significantly low [9]. These mechanisms are more generally embedded in
philosophy A.B.C, as they help in the immediate construction and repair of a bridge [14]. The
present investigation proposes a novel resilient hinge (RH), focusing on the connection between the foundation and the bridge pier. The investigated Resilient Hinge (RH) was initially
proposed by Mitoulis et al. in 2016 [5] and it is further investigated and developed in this paper through parametric numerical simulations utilizing the 3D FE software Abaqus.
2

DESCRIPTION OF THE RH

The Resilient Hinge (RH) can generally replace connections (hinges) of structural elements
where the bending moments are maximized, such as for example at the top or at the bottom of
the bridge-pier. In this paper, the RH is utilized to connect the bottom part of a RC bridge pier
with its foundation. The proposed RH consists of the following four parts presented in Figure1. The first part is placed under the concrete column and consists of three cylindrical plates.
The first plate should be well anchored to the upper column, based on capacity design principles to rotate as a single body and transfer the axial forces with safety. The connection between the plates of the first part is tied and consequently, no plate can slip or move
independently. At the bottom surface of the third plate of this part exists an elliptical recess.
The second part of the metallic hinge is in contact with the recess. It is apart from a semiellipse that is placed on the top of a cylinder base. Friction effects between the semi-ellipse
and the upper plate have been taken into consideration as they influence the stiffness of the
structure in a large extent. Additionally, this mechanism permits the column to rotate while
simultaneously transfer the axial forces from the first part to the third. The third part has got
the same geometry as the first. Obviously, it does not have the recess and its third plate is attached to the footing. The fourth part of the mechanism is a group of steel bars. These are anchored perimetrically of the pier section at the top and the bottom metallic plate and basically
control the movement of the hinge by increasing its stiffness and strength. Particularly, when
the concrete column tends to rotate, the rebars resist to this movement in order to maintain the
column to its initial state. As a result, the bending capacity of the RH dependents on the diameter, material, length and boundary conditions of the rebars. The basic design philosophy
of the proposed mechanism is summarized as follows. The rebars are placed perimetrically of
the pier and as a result, they have got different lever arms from the centroid axis of the pedestal. (see Figure1) For a given relative displacement of the upper column to the bottom plate
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there is a group of bars that are elongated, and the rest are compressed. The elongated bars
with the larger lever arm are designed to yield, because the larger the eccentricity of the bars
is the larger is the axial force which they receive. Consequently, the rebars with smaller lever
arms and the rebars which are compressed are designed to remain elastic. The re-centering
capability of the hinge is provided by the rebars with the smaller lever arms, because during
the earthquake they do not receive large tensile or compressive forces and as a result they remain elastic. It is important to be mentioned that the rebars are free to slip within the upper
metallic plate in order to avoid the buckling phenomena. In this way, when the column tends
to rotate backward, the compressed rebars will be able to receive the imposed tensile forces.

2.1

Modeling assumptions

The simulation was made for a typical bridge type pier with a total height of 14.55m. The
geometry of it is depicted in Figure 1. Every part of the structure is simulated by 3D deformable, solid elements which correspond to the real structure dimension. The rebars we assumed
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cylindrical with a diameter equal to the equivalent diameter corresponding to the net bolt area
and the bolt hole diameter of the steel plates is equal to the assumed bolt diameter. The distance of the rebars face to the section edge is 100mm, so the radius for the location of the rebars is 1.125m. The connection between bolt and jacks is tie and the threaded part of them is
not modeled. The jacks are connected with the bottom plate with tie contains (for simulation
reasons) while their connection with the up plate is frictional in some models or frictionless in
others.
The contact between the plates of the model is tie connection, because it is assumed that
they are welded and behave like a body. Tie connection is, also, applied between the concrete
column and the first plate of the first part. The interaction between the semi-ellipse and the
recess of the up plate is frictional in some models, with friction coefficient (from 0.3 up to 0.1)
and tangential behavior whereas in other models it is frictionless. Additionally, the same contact interaction is applied in the connection between the rebars and the holes in which they are
anchored.
Two steps are made to simulate the constraints that the pier receives. In the first step, the
vertical pressure is applied to the top of the concrete column with magnitude 1.773Mpa and
10Mpa. The magnitude of 1.773Mpa corresponds to the dead and superimposed dead loads,
plus the mass of the pier cap and that is equal to 866.46 tn. The pressure with magnitude equal
to 10Mpa is the maximum pressure that the middle piers of a bridge receive. Additionally, in
this step is applied to the bottom plate of the pier symmetry pinned boundary condition
(u1=u2=u3=0) for the simulation of the footing. In the second step is applied horizontal displacement on the top of the concrete column. This displacement corresponds to 1.65% and
5% of the piers drift.
The material of the concrete column is elastic-isotropic, with Young Modulus 30Gpa and
Poisson’s ratio equal to 0.3. No elastoplastic behavior or potential failure of the column due to
the applied constraints and vertical load is considered. The material of rebars and metallic
plates is a HSS, Y1030H, with a breaking stress 1,030MPa and yielding stress 835MPa. The
modulus of elasticity is 205Gpa and the Poisson ratio is assumed equal to 0.2.
Totally, two different models are exanimated to simulate the response of the RH. The characteristics of them and the assumptions that made, are depicted in the Table 1. At models with
friction, the friction coefficient between the semi-ellipse and the recess and between the rebars and the up and bottom plate is 0.3.
3

RESULTS AND DISCUSSION

3.1

Influence of the vertical pressure on the responses of the structure, for a frictionless & frictional Model-1

To examine the influence of the vertical pressure on the structure four models have been
created. At the models I-b and I-d were applied vertical pressure with magnitude 10 Mpa
while at the others no pressure was imposed. The four models were inflicted on a target displacement equal to 24cm at the top of the concrete column, that corresponds to a drift approximately 1,65%. However, friction effects are considered only at models I-c and I-d. Friction
coefficient, equal to 0.3, is imposed on the interfaces between the rebars and the holes of the
metallic plates and between the semi-ellipse and the recess.
From Figure 2 it is obvious that when vertical pressure is imposed, there is an increase in the
structure’s stiffness and consequently at the base shear magnitude, independently of the existence of the friction. This assumption confirms by measuring the rotation of the up plate ( the
plate with the recess) (Figure 3). When vertical pressure is applied to the hinge, the upper metallic plate is bented and as a result the geometry of the mechanism changes. Therefore, in the
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model with vertical preload the structure becomes more rigid and consequently at the second
step (the step with horizontal displacement at the top) is not able to turn over so easy as the
model with no vertical pressure.

3.2.

Influence of the friction to the responses of the structure, for Model-I

In Figure 5 are depicted two models with different friction coefficient. The first one has got
zero friction coefficient, which is an ideal model, and the other one has got 0.3, which probably corresponds to a non-well condition structure. The existence of the friction increases the
magnitude of the lateral force about 46% and the hinge is 6.7% more stiffener. Comparing the
developing stresses at the surface of the semi-ellipse can be noticed the influence of the friction on the response of the structure (Figure 6&7). Consequently, at the model with friction
the compressive stresses at the surface of semi ellipse are 21% bigger than the corresponded
at frictionless model and the sliding between the semi ellipse and the recess is obstructed. Addition-

ally, it is important to mention that the developing stress are about 6.437·105 kPa and obviously it is
necessary the ellipse to be constructed by high strength steel.

Increasing the diameter of the rebars from 50mm to 63mm and maintaining all the other
parameters stable, the structure is able to receive 27% larger base shear with the same drift
ratio while the rotation of the up plate decreases about 6.7%. Consequently, the stresses on the
surface of semi-ellipse are larger in Model-II-c than in Model-I-e about 15.5%. Charts and
stresses distributions are analogous to those of the images 6 to 9.
In addition, the influence of the vertical pressure to the response of the structure have been
investigated for Model-II too. In Table 2 is depicted the variance of the base shear at two dif-
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ferent models maintain the loading conditions stable. From Table 2 it is evident that increasing the diameter of the rebars regardless of the presence or not of friction between the interfaces, the Force-Drift curves tend to converge. It turns out that the bars take up most of the
imposed force and in this way, they minimize the influence of the remaining parameters.
More specifically, differences for Model-I for non-friction analyzes are 21% and 40% respectively for friction analyzes, while for Model-II these differences are reduced to 14% and 28%.

3.3.

Recentering Capability of the Hinge

Two different models where simulated, with the same properties as Model-II, to perform
the recentering capacity of the hinge. At both models the friction coefficient between the rebars and the up and bottom plate is 0.05. The recentering capacity of the hinge is tested in five
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steps. At the first step, vertical pressure equal to 1.773Mpa which corresponds to 866.5tn was
imposed on the top of the pier. At the next step, horizontal force was imposed in the top of the
pier. In the third step, this force was set to zero while at the forth was imposed the same horizontal force as the second step with negative value. At the last step this force was set again to
zero.

From Figure 10 it is evident that by increasing the base shear 12% the recentering capacity
of the hinge decreases dramatically,when the friciton is stable and equal to 30%. Particularly,
the difference between the remaining brift at Model-V-a and Model-V- is about 59%. This
difference is due to the fact that the rebars are started to be plasticized and it is not easy to restore the hinge to its original position. Obviously, the bigger the lateral force is the large residual drift are noticed to the structure.
3.4

Comparing two models with the same imposed horizontal force.

Maintaining the horizontal force at the top of the pier constant and changing the friction
coefficient between the recess and the semi-ellipse from 0.3 to 0.2 it is obvious that the properties of the hinge changes. Particularly, the reduction in friction coefficient causes an increase in maximum drift of the pier by 25%, while remaining deformations at these models
are approximately the same, as the Figure 11 proves. Generally, a flexible model can exhibit
larger final deformations than a more rigid, while at the same time exhibiting smaller residual
drifts.
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4

CONCLUSIONS

Initially the increase of the vertical pressure to the structure, increases the stiffness of the
hinge and the final magnitude of the base shear. Additionally, increasing the friction coefficient between the semi-ellipse and the recess, the structure becomes more stiff and the vertical
stresses at the semi ellipse becomes larger. It has also been observed that by increasing the
friction between the interfaces, the difference in the value of base shear for the models with
and without vertical pressure decreases. Therefore, increasing the roughness of the surfaces
limits the influence of the vertical pressure on the structure. In addition, by increasing the diameter of the rebars from 50mm to 63mm and maintaining the parameters of vertical pressure
and friction constant, it was observed that the stiffness of the structure increases. Furthermore,
models with the same roughness of the interface between the recess and the upper plate was
studied and it was observed that by using larger diameter rebars, the deviations of the models
with and without normal pressure decreased. Therefore, the increase in the diameter of the
bars limits the influence of the vertical pressure. It has also been observed that there is a stress
concentration in the area where the metal rebars are joined with the upper and lower plate of
the structure. Moreover, it was ascertained that maintaining the pressure (1,773 MPa) and
friction coefficient (f = 0.3) constant, when the final drift does not exceed 1%, the hinge can
almost return with zero residual deformations to its original position. Finally, it was observed
that when the hinge is loaded with the same horizontal force and the friction between the interfaces increases 33%, the final drift of the construction decreases§ about 24%.
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Abstract
The vulnerability of wind turbine towers is an actual theme, considered the recent diffusion of
aeolian parks. In many cases collapses of wind towers after severe actions have been observed. The analysis of structures subjected to variable actions can be performed by means of
several methods with different levels of accuracy. Nonlinear dynamics is generally considered
the most reliable one. This paper presents a numerical procedure for the analysis of rigidplastic response of a wind turbine tower, considered a cantilever beam subjected to harmonic
forcing motion of the base support. The failure is assumed depending on the formation shear
hinges and the results are expressed in general terms for application to real cases. The proposed model is an evolution of the cantilever model with a single degree of freedom, since the
plastic hinges can form in every section of the beam. For the solution of the problem, a numerical procedure has been developed that provides simple relationships between the
strength of the structure and parameters useful for design purposes. The approach presents
the advantages of rigid-plastic procedure and an efficient representation of the post-elastic
behaviour of the structure, low computational competence and limited number of mechanical
parameters are involved.

Keywords: Nonlinear dynamics, plastic shear failure, modal approximation, time history.
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1

INTRODUCTION

The need of clear energy has enhanced the diffusion of the aeolian parks, i.e. sets of modern wind turbine for the production of electric power. Several of these parks have been realized in seismic areas. Many of them have been built in Irpinia, a region of Southern Italy
devastated by a strong earthquake in 1980. Recent collapses of wind towers after severe actions (Figure 1) has lead to the search of reliable tool to examine the effects of earthquake actions on these structures [1].
Nonlinear dynamics can be a one of these, although it needs a great level of expertise, as
well as cost and time necessary for calculation [2].
In general when the elastic response can be disregarded and micromechanical behaviour
involves complex experimental tests, constitutive and structural models with sufficient accuracy and low numerical complexities are useful [3, 4]. Among them, rigid-plastic approximations, largely diffused in earthquake engineering, give rise to simplified procedures [5],
although its implementation within conventional stiffness-based computer methods, the instantaneous jump of stiffness between zero and infinite. The model examined in this paper,
together with those developed for rigid-plastic bending frames, overcomes this last limit [6, 7].
In literature, in fact, constitutive models for rigid-plastic bending frames are diffused, differently from the shear constitutive ones. A large amount of literature exists in fact for the dynamic plastic bending response of structural elements, both steel and reinforced concrete
structures. Bending hinges represent in fact general response characteristics of several structural elements under transverse load [8, 9]. A minor number of papers concerning dynamic
analyses of plastic shear failure can be found. The key aspect to be studied in both the bending and shear problems is the localization and extension of plastic hinges.

Figure 1: Collapsed wind tower [18]

In a nonlinear dynamic analysis the rigid-plastic cantilever beam can be a simple structural
scheme to model the behaviour of more complex structures [10]. The single-degree-offreedom model provides a preliminary assessment of the structure and a good estimation of
the response mode [11], which is normally responsible for overall structural failure, as in the
case of wind turbine towers in near fault ground motions. These motions are often characterized by pulse sequences with simple shapes that can be recognized in the accelerograms by
means of spectral analysis [12]. The acceleration pulse responsible for most of the inelastic
deformations of structures can be distinguished among them [13].
In general if accurate harmonic pulses are used to represent the ground motion the development of elastic and inelastic response spectra are facilitated [14]. These considerations are
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the basis of the numerical analysis performed, since the harmonic pulse can be a suitable representation of near-fault ground motions [15].
The rigid-plastic dynamic response of slender structures subjected to base pulse is examined in this paper [16]. The case study is a wind turbine tower considered like a cantilever
beam subjected to harmonic forcing motion of the base support. The failure is assumed depending on the formation shear hinges and the results are expressed in general terms for application to real cases. The proposed model is an evolution of the SDOF cantilever beam,
since the plastic hinges can form in every section of the beam. For the solution of the problem,
a numerical procedure has been developed that provides simple relationships between the
strength of the structure and parameters useful for design purposes.
2

GENERAL THEORETICAL MODEL

Rigid-plastic models allow simpler solutions than elastic-plastic theory [17], so that approximated methods adopting the rigid-plastic models are useful in case of estimate of major
deformations due to very large dynamic loads. This estimation can be successively refined to
include the initially neglected aspects. In what follows geometry changes are small and the
yield stress is assumed to be independent on the strain rate. Reference is made to the elastic
perfectly plastic body in Figure 2.

Figure 2: The elastic perfectly plastic body

where:
 t

u :

total boundary of the body  and t

t , u :

free and constrained boundary of the body 

 (t ) t(x) :
 (t ) b(x) :
u g (x, t ) :
 (t ) :

surface loads on the free boundary t
body forces in 
assigned velocity vector and u(x, 0)  0 on u

u 

time dependent load multiplier function.

The solution of the elastoplastic problem gives the strain rate E(x, t ) and velocity fields
u(x, t ) satisfying the kinematical admissibility conditions and the stress field T(x, t ) equili-

411

Michela Monaco, Anna Tafuro, Bruno Calderoni and Mariateresa Guadagnuolo

brated with the applied loads  (t ) t(x) ,  (t ) b(x) and the inertial forces  (x) u* (x, t ) , being  (x) the mass density function. In the following the approximate response field [34] is
assumed in the form:

u* (x , t )  Φ(x) L(t )

(1)

with:
u* (x, t )  u g (x, t ) on u ; u* (x, t )  0 in  and t

where the assigned vector Φ(x) depends on the initial position only and L(t ) is an unknown scalar function of the time [35] to be determined.
The difference between the real stress field and the approximate one is in balance with the
variation of the associate force fields, reduced to the difference between the inertial forces.
The problem solution does not require that T* (x, t ) and E* (x, t ) are associated by the plastic law, so that the stress field is dynamically admissible with respect to the D’Alembert principle.
Applying the principle of virtual power

  (u  u )  (u  u ) d    (Τ  Τ )  (E  E ) d   0
*

*

*

*

(2)

and stating

(t ) 

1
 (u  u* )  (u  u* ) d 


2

(3)

the first derivative of (t ) is calculated:

d
   (u  u* )  (u  u* ) d 

dt

(4)

In view of (4) and (2) it has:

d
  (Τ  Τ* )  (E  E* ) d   0

dt
thus:

d
  (Τ  Τ* )  E*  (Τ*  Τ)  E*  d    (Τ*  Τ)  E  (Τ  Τ* )  E*  d 


dt

(5)

The stress field Τ and the strain rate E are associated through the plastic flow rule, while
Τ* satisfies the plasticity condition. The Drucker's stability postulate holds:

(Τ  Τ* )  E  0 .

(6)

In the regions where E* (x, t )  0 , the generalized stress field Τ*E* associated to E* through
the flow rule satisfies the plasticity condition:
(Τ*E*  Τ)  E*  0 .

(7)

By Drucker's stability postulate the equation (5) may therefore be put in the form:

d
  (Τ*  Τ)  Ε  (Τ  Τ* )  Ε*  d  

dt
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  (T*  T)  E d    (T  Τ*E* )  E*d    (Τ*E*  T* )  E*d  

(8.b)

  (Τ*E*  T* )  E*d    (t )   (t )  0

(8.c)









where the first and the second integral in 8(b) are both less or equal to zero, hence the last
term in (8.c) results non-negative, so that:

d
  (t ) .
dt

(9)

The integration of the previous relation from 0 to time t gives the approximation measure

(t ) :

t

(t )    (t )    (t ) dt .

(10)

0

The maximum value m of the non decreasing time function   (t ) is   (T ) , being T the
duration of the external forcing function. The function L(t ) satisfies the initial conditions:
L(0)  0 .

(11)

Due to the condition u* (x, 0)  0 . If Ψ(x) is the vector involving the strain generalized
components associated to modal vector Φ(x) , the acceleration u* (x, t ) and the strain rate E*
are given by:

u* (x, t )  Φ(x) L(t ) ; E* (x, t )  Ψ(x) L(t )

(12)

The principle of virtual velocity gives:



SL

p(x, t )  u*dS   [F(x, t )   u* ]  u*d    Τ* (x, t )  E* (x, t ) d 


(13)



that can be manipulated with reference to (1) and (12):



SL

pT (x, t ) Φ(x)dS   FT (x, t ) Φ(x)d  


 L  t    (x) ΦT (x) Φ(x)d  


 Τ (x, t ) Ψ(x)d 
*

so that the function L(t ) can be evaluated by integration of the following function:


L(t ) 

SL

pT (x, t ) Φ(x)dS   FT (x, t ) Φ(x)d    Τ* (x, t ) Ψ(x)d 






 (x)Φ (x) Φ(x)d 
T

.

(14)

This method can be applied to pulse loads, with the two conditions that the tractions applied to t are null and the initial velocities are prescribed over the whole structure at time
t  0 ; therefore, no external forces do work on the structure.
3

THE WIND TURBINE SDOF MODEL

Dynamic behaviour of wind turbine towers can be easily represented by that of a cantilever
beam supported at the base, with all the advantages of a single-degree-of-freedom (SDOF)
model. The problem is one-dimensional, so that parameters and relations developed in the
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previous section become scalar. The Cartesian reference frame has the origin in the support
section and the z axis coincident with the wind tower axis ( Figure 2a). The local yield kinematism corresponds to the activation of a shear hinge in which the total shear force T (z,t ) attains its bound value. The mechanical characteristics are shown in Figure 3b and 3c:
(a)

(b)

T

T0

T0



z h

T0
h

v( z, t )
  ( z, t )
z
dv
 ( z, t )

z

(c)

dz

z=0

ug (t )
Figure 3: Wind turbine tower geometry (a), rigid-plastic constitutive law (b) and shear strain representation (c)

where:
 ( z ) : linear mass density of the tower
ug (t ) : horizontal motion of the supported section
T (z,t ) : shear stress whose bounds are T0 ( z ) and T0 ( z )

 ( z, t ) : shear strain
total length of the tower.
h:
The shear plastic constitutive relations are the following:

 T ( z, t )  T  ( z )  T ( z, t )  T  ( z )   ( z, t )  0

0
0





T0 ( z )  T ( z, t )  T0 ( z )

that is

 0



T  T0    0 and T  T0    0

T  T0

0



T  T0

 0



T  T0    0
T  T0    0 .

T0  T  T0
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where the plastic strain rate  depends on the shear stress only. The dynamic equilibrium
equation in the cross section at the z level involves the inertial forces only:

T ( z, t )
  ( z ) u ( z, t )   ( z )[ug (t )  v ( z, t )] .
z

(16)

u( z, t )  ug (t )  v( z, t ) ,

(17)

where:

is the absolute displacement and:
z

z t

v( z, t )    ( x, t )dx     ( x, )d dx
0

(18)

0 0

is the relative one. A plastic shear hinge occurs when the limit value of shear stress is
reached. One or more shear hinges can be activated in the sections z1 , z2 , ..., zn during the
plastic phase, and their abscissa varies according to the time. The kinematic compatibility
states that the plastic strain rate is non null in the active hinges only:

 ( z, t ) 

v( z , t )

 v( z , t )
 v '( z, t ) .
z

(19)

The relative displacement in (18) can be deduced integrating (19) with respect to z and introducing the Heaviside function H ( z ) ( H ( z)  0 for z  0 , H ( z)  1 for z  0 ):
z

z

h

0

0

0

v ( z, t )   v( x, t ) dx    ( x, t ) dx     x, t  H ( z  x) dx .

(20)

A double time derivation gives the relative acceleration v ( z, t ) :
z

h

0

0

v ( z, t )    ( x, t ) dx     x, t  H ( z  x) dx

(21)

In case of only one shear hinge active the time dependent position is denoted with z0 (t ) ,
so the relative displacement velocity and the plastic strain rate have the form:

v( z, t )  v1 (t ) H [ z  z0 (t )]

 ( z, t )  v '( z, t )  v1 (t )  [ z  z0 (t )]
being  [ z  z0 (t )] the Dirac function relative to the plastic hinge position. The shear stress
become:
z

z

z

z

h

h

h

h

T ( z, t )  ug (t )   ( x) dx    ( x) v ( x, t )dx  u g (t )   ( x) dx  v1 (t )   ( x) H [ x  z0 (t )]dx
The mass functions are:
z

z

h

h

m( z )    ( x) dx ; mH [ z, z0 (t )]    ( x) H [ x  z0 (t )] dx
the time derivative of the second relation (22) gives:
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mH [ z, z0 (t )]
m [ z, z0 (t )]
  ( z ) z0 (t ) H [ z  z0 (t )]   z0 (t ) H
.
t
z
The shear stress and its derivatives in function of the masses are:
T ( z, t )  ug (t ) m( z)  v1 (t ) mH [ z, z0 (t )]

m [ z, z0 (t )]
T ( z, t )
  ( z ) ug (t )  v1 (t ) H
z
z
m [ z, z0 (t )]
T ( z, t )
 m( z ) u g (t )  v1 (t ) mH [ z , z0 (t )]  z0 (t ) v1 (t ) H
.
t
z
The approximation by the Taylor series of the shear stress is:



m [ z, z0 (t )]
T ( z0  dz0 , t  dt )  T ( z0 , t )    ( z0 ) u g (t )  v1 (t ) H
 dzo 
z
z  z0 




m [ z, z0 (t )]
 m( z0 ) ug (t )  v1 (t ) mH [ z0 , z0 (t )]  v1 (t ) z0 (t ) H
 dt .
z
z  z0 



(23)

taking in mind that in the plastic hinge the shear is equal to the yield value T ( z0 , t )  T0 ( z ) .
Indeed, if at the instant t  dt the position of the plastic shear hinge is z0  dz0 , it must be also
T ( z0  dz0 , t  dt )  T0 ( z0  dz0 ) , and T ( z0  dz0 , t  dt )  T0 ( z0 )  T0( z0 ) dz0 . The equation (23)
in this case is more conveniently written as:



mH [ z, z0 (t )]
  ( z0 ) u g (t )  v1 (t )
 dz0 
z
z  z0 




m [ z, z0 (t )]
 m( z0 ) u g (t )  v1 (t ) mH [ z0 , z0 (t )]  v1 (t ) z0 (t ) H
 dt  T0( z0 ) dz0

z
z  z0 


and being z0 

(24)

dz0
, it is:
dt

[ ( z0 ) ug (t )  T0( z0 )] z0  t   m( z0 ) ug (t )  v1 (t ) mH [ z0 , z0 (t )]  0 .

By equation (22) the time evolution of the plastic shear hinge is governed by the relation:

z0 (t )  

m( z0 ) ug (t )  v1 (t ) H (0) m[ z0 (t )]
.
 ( z0 ) ug (t )  T0 ( z0 )

(25)

When the plastic hinge moves, residual plastic deformations r ( z0 , t ) can be detected in
the previous position:

 r ( z0 , t ) 

v1 (t )
z0 (t )

and their value do not vary until the plastic hinge forms again at the same position. Hence
the acceleration v ( z, t ) can be determined as functions of the shear:
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T ( z, t )  T0 ( z )  v ( z, t ) 
T ( z, t )  T0 ( z )  v ( z, t ) 

T0 ( z )

 ( z)

T0 ( z )

 ( z)

 u g (t )
 u g (t ).

At the abscissa z the inertial force:
z

q( z )    ( z )[ug (t )    ( x, t ) dx]
0

allows the total shear written as:
z

z

x

h

h

0

T ( z, t )    q( x) dx  ug (t ) m( z )    ( x)   ( y, t ) dy dx .

(26)

The (26) can be put after some algebraic manipulations [7] in the form:
z1

[u g (t )    ( y, t ) dy 

T0 ( z1 )

0

T0 ( z )
m( z )

m( z1 )

z1

][u g (t )    ( y, t ) dy 

 u g (t )    ( y, t ) dy 
0

z1

0

T0 ( z )

T0 ( z1 )
m( z1 )

]0

(27)

, z  z1

m( z )

According the (27) the plastic deformations stop at the abscissa z p and cannot propagate
upward. The abscissa z p can be obtained solving a minimum problem independent on time t
and on ground acceleration ug (t ) :
T  ( z) 
 min  0

m( z p1 ) z0 , h   m( z ) 
T  ( z p2 )
 T  ( z) 
 min  0
z p2  0

m( z p2 ) z0 , h   m( z ) 

z p1 

T0 ( z p1 )











z p  max( z p1 , z p2 )

(28)

when equation (28) is satisfied for z p  0 the beam response involves only one degree of
freedom. A wind turbine tower can be represented by a vertical cantilever beam subjected to
harmonic base motion and symmetric yield response of the variable hollow circular cross section in the motion plane [7].
The plastic yield shear is given by:
T0 ( z )  0

  ( z ) R( z ) 
4

 2 ( z) 

4 2 
R ( z) 


where R( z ) is the inner radius of the cross section,  ( z ) is its thickness and  0 is the material shear yield stress. Considering that the thickness is negligible with regard to the radius, it
is possible to express T0 ( z ) as a quadratic function of z, in the hypotheses of linear variation
of both R( z ) and  ( z ) .
The case study is the wind turbine whose geometrical properties are reported in (29):
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h  76.15 m

2
 ( z)  a z  b z  c
 with a  6.9 102 kg m 3

u g (t )  a0 sint
 D  6 sec

T0 ( z )  d z 2  e z  f

3
2
 with d  1.944 10 Nm

(total height of the tower )
(mass linear density )
e   30 kg m 2 , c  4.904 103 kg m 1
(base motion)

(29)

(duration of the time history )
( yield shear )
e   518.61 Nm 1 , f  3.18 107 N

The plastic boundary z0 (t ) evolves depending on the harmonic forcing time history. The
numerical analyses identify two plastic hinges: the first one near the support (0.5 m) and the
second one at 13 m level.
u g [ms 2 ]

u g [ms 2 ]

 [s ]

 [ s 1 ]

1

t [ s]

 ( z  0.5m)

t [ s]

 ( z  13 m)

ug (t ) / 5

ug (t ) / 5

Figure 4: Time histories of the plastic shear strain rate at the base (left) and at the 13 m hinges level (right)

The relative displacements in this last hinge are significantly larger than those evaluated
near the support. The time histories of the plastic shear strain rate at the base and at the 13 m
level are reported in Figure 4, together with the base acceleration for amplitude a0  0.3g and

f


 0.4775 Hz with   3s 1 . For graphical clarity the scale of the ground acceleration
2

has been reduced. The same parameters have been used for digrams of Figure 5.

t [ s]

t [ s]

u g [ms 2 ]
v [cm]

u g [ms 2 ]
v [cm]
2 ug (t )

v ( z  13 m)

v ( z  0.5 m)

2 ug (t )

v ( z  76 m)

Figure 5 Time histories of the displacement at the plastic hinge levels (left) and at the top of the tower (right)
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In Figure 5 the variation of the displacement at the plastic hinge level and at the top of the
tower can be detected. As it can be noted the displacements in the range below the 13 m plastic hinge are periodic, while those of the upper part are increasing with the number of cycles.
The displacement of the top section of the tower is reported only as an example. Those relative to the other cross sections between the 13 m level and the top one are coincident, due to
the simplified constitutive rigid-plastic model, so that the relative displacements curves are
coincident with that represented in Figure 5, right, and relative to the top of the tower. The
ordinates of the graph relative to the ground acceleration have been doubled to improve reading. In Figure 6 the maximum and minimum displacements versus the amplitude a0 / g of the
base acceleration corresponding to different excitation frequencies are represented.
v [m]

v [m]
a0 / g

a0 / g

f = 2 Hz

f = 0.5 Hz

vmax

vmin

vmax

v [m]

vmin

v [m]
a0 / g

a0 / g

f = 4 Hz

f = 1 Hz

vmin

vmax

vmin

vmax

Figure 6: Variation of the maximum and minimum displacement versus the base motion acceleration amplitude corresponding to different frequencies

z [m]

z [m]

a0 / g

a0 / g

f = 1 Hz

f = 2 Hz

Figure 7: Variation of the plastic hinges position versus amplitude for two different frequencies

The values of both maximum and minimum displacements decrease with increasing frequencies and show in every examined case a peak value at about a0 / g  0.2 . The position of
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plastic shear hinges are reported in Figure 7 for two different frequencies. It can be noted that
the position of the plastic hinge oscillates in a range variable between 13 m and 55 m..
4

CONCLUSIONS

The dynamic response of a wind turbine tower subjected to inertia forces due to harmonic
base motion have been presented in this paper. Failure is considered due to the formation of
shear hinges and a step by step integration method is adopted to calculate the dynamic response of the structure in the whole time domain. The procedure allow the representation of
the hinge patterns and an estimation of the maximum and minimum displacement under different base motions. The numerical results show that there is a range of frequencies and accelerations that induce large displacements in the tower.
The proposed procedure provides an efficient representation of the tower post-elastic behaviour and a good estimation of the fundamental response modes with the benefit of low
computational efforts and limited number of mechanical parameters. This procedure can be
extended to steel building structures, since it can provide the localization of damage due to the
extension of the plastic front that allows the designer to recognize the segment of structure
needing special attention.
5
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Abstract
The dynamic and earthquake response of a prototype wind turbine is examined here. This
turbine is founded on hard rock through a reinforced concrete circular foundation mat. One
of the important parts of a wind power turbine is the connection of its tubular steel tower to
the reinforced concrete foundation. There are two different principal arrangements to connect
the tower to the foundation, namely either insert a steel ring cast within the concrete foundation or employ a steel adapter utilizing stud bolts to connect the tower to the foundation.. In
this paper a prototype steel adapter is considered and connected to the foundation mat. This
steel adapter is numerically reproduced in detail based on relevant engineering drawings.
The whole structure is initially subjected to load combinations that include earthquake actions together with loads resulting from the wind turbine operation. Next, the performance of
the steel adapter is studied in some detail. This adapter is a steel hollow tubular section with
appropriate top and bottom wide flanges that intend to connect the wind turbine tower with
the circular reinforced concrete foundation. In the present numerical simulation a set of nonlinear mechanisms were introduced by initially the foundation uplift and then by allowing the
bolts connecting the steel adapter to the steel tower and the concrete foundation to develop
realistic plastic force – deformation behavior. This non-linear response of the bolts connecting the steel adapter to the R/C foundation mat as well as to the steel tower introduced a mild
non-linearity in the overall base shear versus top displacement response along the horizontal
axis y-y. Thus the design of these bolts proves to be sufficient towards preventing excessive
plastification of these set of bolts. However, the steel adapter is highly stressed in all examined cases, which should be investigated further.
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1

INTRODUCTION

Wind turbines are renewable energy sources that are continuously increasing in numbers and
seize (figure 1a). The main structural part, which is the tall tower and its foundation supporting the turbine, is designed to withstand a variety of load combinations [1], [2] [4], [6]. [8],
[16], [23], [24]. These include the gravitational forces together with a variety of loads that are
transferred from the turbine to the tall supporting tower depending on the wind direction and
intensity and on the operative condition of the turbine. Wind turbines operate under challenging loading regimes (Burton et al., 2001, [4]) the effects of which could diminish their structural integrity leading to significant remediation costs and the potential for structural damage,
which is the focus of the present study. The most stressed parts of the structural system of a
wind turbine are the ones of the steel tower near its connection to the concrete foundation as
well as the foundation itself (figure 1b) [9]. This is due to the fact that the forces generated for
the various extreme loading conditions from the operation of the wind turbine combined with
extreme loading conditions from natural hazards (e.g. seismic events for onshore wind turbines) result in a regime of maximum overturning moment, shear force and axial force for this
location of a wind turbine. The structural performance could also be susceptible to damage in
cases of faulty construction or poor maintenance [18], [25]. This work focuses on the connection between the steel tower that supports the wind turbine and the reinforced concrete foundation. For this purpose details of such connections were investigated in order to be able to
form a realistic numerical simulation of such a connection, which is presented in this section
as well as in section 3. From the various types of connections the one selected to be investigated is depicted in figures 1a, 1b, 1c and 1d.
a) Cylindrical steel adapter connecting the steel tower b)
Cylindrical steel adapter connecting the
steel tower to the R/C foundation mat

to the R/C foundation mat

R/C Foundation mat

Bolts embedded within
the foundation mat
Steel ring located at the bottom of
the R/C Foundation mat

Reinforcement of the R/C foundation mat

Cylindrical steel adapter
connecting the steel tower
to the R/C foundation mat

Bolts embedded within the foundation mat

Bolts embedded within
the foundation mat

c)
d)
Figures 1a, 1b, 1c and 1d. Details of the connection of the steel tower of a wind turbine to a
reinforced concrte (R/C) foundation mat
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This connection utilizes a cylindrical steel adapter (figures 1a, 1b, 1c and 1d), having an upper
and a lower ring-flange [21]. The upper ring flange of this adapter is connected through ninety
one (91) thick steel studs with a diameter of 68mm to a similar ring flange that is rigidly
welded to the bottom part of the cylindrical shell of the wind turbine steel tower. Sixty eight
(68) 54mm thick bolts connect the lower ring of this adapter with a similar ring that is placed
at the bottom surface of the R/C foundation prior to pouring the concrete, as shown in figures
1a, 1b, 1c and 1d. When all this is properly secured the pouring of the concrete takes place.
Cross section a-a

Cylindrical steel adapter

R/C foundation mat

Cross section b-b

Figure 2. Basic dimansions of the steel tower and the foundation mat of the studied 3.3MW
wind turbine.
Figure 2 depicts the basic dimensions of the cylindrical steel tower of the wind turbine and the
R/C foundation mat. All these dimensions correspond to an actual 3.3MW wind turbine. The
steel adapter has a thickness of 130mm and 100mm for the upper and lower ring flange,
respectively. Its cylindrical shell is 44mm thick, 830mm high with an external diameter
4300mm. The hollow steel tower of the wind turbine is 81.60m high with a varying cross
along its height. Figure 2 depicts the cross-sections of the top and bottom segment of this steel
tower. There are 10 segments along its height, each one with a different thickness. As can be
seen in figure 2, the thickness of the shell of bottom segment is 65mm whereas the shell of the
top segment is 30mm thick. The locations where these segments are connected to each other
are provided with stiffening connecting rings.
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2

LOADING CONDITIONS

In order to define the forces transmitted by the wind turbine to the steel tower use was made
two different approaches. The first was a simplified approach that is based on the blade theory
([8], [10]). The second approach in obtaining the thrust and torque transmitted from the rotor
of a wind turbine to the steel tower through a specialized software (FAST [3, 12, 13, 14, 15]).
This software requires large input information for the characteristics of the wind as well as
those of the wind turbine. In the framework of the present study it was applied for an onshore
NREL 5MW wind turbine that all the required information was available. Details on these
different approaches are included in the work by Panagiotou [20] as well as in what is previously reported by Manos et al. [17] and is not repeated here. The various geometric characteristics of the steel tower and the wind turbine blades of this 5MW wind turbine are not very
different from the 3.3MW wind turbine studied here. Therefore, the maximum amplitude of
the thrust and torque resulted from the previously studied 5MW wind turbine are assumed to
be applicable also for the present investigation. The following load combinations were considered, as specified from the relevant design procedures [11].
a) 1.35 G + 1.25 Wpower.production. (Load Combination 1)
b) 1.35 G + 1.35 Wparked (Load Combination 2)
c) 0.90 G + 1.25 Wpower.production (Load Combination 3)
d) 0.90 G + 1.35 Wparked (Load Combination 4)
e) G + Ex1+ 0.3Ey1 + Wpower.production (Load Combination 5)
f) G + 0.3Ex1+ Ey1 + Wpower.production (Load Combination 6)
g) G + Ex2+ 0.3Ey2 + Wpower.production (Load Combination 7)
h) G + 0.3Ex2+ Ey2 + Wpower.production (Load Combination 8)
Ex1 and Ex2 represent the seismic loading which was applied along the x-x horizontal axis of
the steel tower according to EuroCode 8 design spectra Type1 and Type2, respectively, shown
in figure 3 for the most unfavourable conditions of soil-type D and seismic zone III of Greece
[7]. Ey1 and Ey2 represent the seismic loading which was applied along the y-y horizontal
axis of the steel tower.
EuroCode 8, Greek Seismic Zone III
Elastic Response spectra for wind turbine 3.3MW

Spectral Aceleration
(mm/sec2)

16000
14000

Soil D, ag=0.36g γ=1 q=1

12000

EuroCode Type 1
EuroCode Type 2
1st Eigen-period
2nd Eigen-period

10000
8000
6000
4000
2000
0
0

1

2

3

4

5

Period (sec)

Figure 3. Design acceleration response spectra for seismic zone III of Greece. Design peak
acceleration (ag) equal to 0.36g, Soil type D, importance factor (γ) equal to 1 and response
modification factor (q) equal to 1.

425

G.C. Manos, A. Nalmpantidou, A. Sakka, G. Manolis

3 ELASTIC NUMERICAL ANALYSIS
Based on the geometry of the present 3.3MW, depicted in figures 1 and 2, a numerical model
was formed. In this model the rotor and the blades are not simulated explicitly; instead, they
are replaced by concentrated mass and mass moment of inertia, which are placed at the top of
the steel tower. In this model, the foundation is also represented. Both the steel tower, the
steel adapter and the concrete foundation are represented with shell elements with the actual
thickness of the various parts of either the steel tower or the concrete foundation. These shell
elements were placed at the mid-surface of either the steel tower and the concrete foundation.
In addition the thick steel studs and bolts connecting the steel adapter either to the steel tower
or to the R/C foundation mat was also numerically simulated trough linear frame elements
having diameter equal to the actual diameter of the steel studs and bolts. At this stage either
the steel or the R/C elements were considered to respond elastically with a modulus of elasticity equal to 200GPa and 33GPa, respectively.
Linear
frame elements
connecting
the adapter
with the
tower

Steel tower

Steel adapter

Linear
frame elements
connecting
the adapter
with the
foundation

Detail of the support conditions
of the R/C foundation mat

Figure 4. Details of the formed numerical model at the region where the steel tower of the
wind turbine is connected to the R/C foundation mat
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At this stage, the R/C foundation mat is supported to the soil through a number of linear link
elements (figure 4) that have a large stiffness in the two horizontal directions (1000KN/mm)
and a moderate stiffness in the vertical direction (10KN/mm) [19]. This is shown in figure 5.

Figure 5. Details of the formed numerical model related to supporting the R/C foundation
mat.
3.1. Eigen-frequency analysis
Initially, an eigen-frequency analysis was performed for this linear elastic model. The
rrelevant resuts are presented in figure 6 and table 1 [5]. The mass of the founfation mat was
excluded in this eige-frequency analysis.
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1st eigen-mode
Eigen-period 4.50sec
mass ratio Ux=22.5%
mass ratio Uy=50.5%

2nd eigen-mode
Eigen-period 4.50sec
mass ratio Ux=50.5%
mass ratio Uy=22.5%

3rd eigen-mode
Eigen-period 0.476sec
mass ratio Ux=1.0%
mass ratio Uy=13.3%

4th eigen-mode
Eigen-period 0.476sec
mass ratio Ux=13.3%
mass ratio Uy=1.0%

Figure 6. The most predominat eigen-modes of the steel tower with wind turbine, the steel
adapter and the R/C foundation mat.
Table 1. The first twelve (12) eigen-modes with the corresponding eigen-period values and
the modal mass participation ratio values. The mass of the founfation mat was excluded in
this eige-frequency analysis.

As can be seen from figure 6 and table 1 the first four eigen-modes mobileze 86.5% of the
total mass, which includes the wind turbine itself, the steel tower and the steel adapter. The
first two modes represent a 1st cantilever-type translational mode with an eigen period of 4.5
seconds and a modal pass ratio 73% of the total mass. The 3rd and the 4th eigen-modes
represent a 2nd cantilever-type translational mode with an eigen period of 0.476 seconds and a
modal mass ratio 13% of the total mass, which includes the wind turbine itself, the steel tower
and the steel adapter (excluding the mass of the R/C foundation mat). The eigen-period values
of these 1st and 2nd cantilever-type translational modes are plotted together with the EuroCode
8 Type-1 and Type-2 design acceleration repsone spectral curves (figure 3). As can be
concluded by combining the modal mass ratio values of table 1 with the spectral ordinates that
correspond to the 1st and 2nd cantilever-type translational modes eigen-periods of figure 3, the
load combination which includes Ex1 and Ey1 (seismic loading through acceleration response
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spectrum Type-1) is somewhat more demanding than the load combination which includes
Ex2, Ey2 (seismic loading through acceleration response spectrum Type-1).
3.2. Results from subjecting the steel tower to a series of load combinations
All the load combinations described in section 2 were applied in the numerical model
presented in this section assuming linear elastic response. Table 2 presents the resulting peak
base shear and overturning moment values. The fact that the seismic action described by the
Type-1 EuroCode-8 (EC-8) elastic response spectrum is somewhat more demanding than the
corresponding Type-2 EuroCode-8 (EC-8) elastic response spectrum is confirmed by the
results of the horizontal base shear and overturning moment values in the two horizontal
directions (Fx, Fy and Mx, My) listed in table 2.
TABLE 2: Base Reactions
Linear Analyses Loading
Cases

CaseType

DEAD
EC-8 Type 1 Ex
EC-8 Type 1 Ey
EC-8 Type 2 Ex
EC-8 Type 2 Ey
1.35G+1.25Woperation
1.35G+1.35Wblocked
0.90G+1.25Woperation
0.90G+1.35Wblocked
G+0,3Ex1+Ey1+Woperation
G+0,3Ex1+Ey1+Woperation
G+Ex1+0.3Ey1+Woperation
G+Ex1+0.3Ey1+Woperation
G+Ex2+0.3Ey2+Woperation
G+Ex2+0.3Ey2+Woperation
G+0.3Ex2+Ey2+Woperation
G+0.3Ex2+Ey2+Woperation

LinStatic

External cylindrical surface
Top face -424MPa, 397MPa

LinResSpec

Max

LinResSpec

Max

LinResSpec

Max

LinResSpec

Max

Combination
Combination
Combination
Combination
Combination

Max

Combination

Min

Combination

Max

Combination

Min

Combination

Max

Combination

Min

Combination

Max

Combination

Min

Base
Shear Fx

Base
Shear Fy

Base
Shear Fz

Over. Moment Mx

Over. Moment My

KN
0
1163
0
1030
0
0
0
0
0
349
-349
1163
-1163
1030
-1030
309
-309

KN

KN

KN-m

KN-m

0
0
1159
0
1019
923
1656
923
1656
1897
-421
1086
390
1044
432
1757
-281

15232
0
409
0
642
20563
20563
13709
13709
15641
14823
15355
15108
15426
15038
15875
14589

2511
22
39557
11
19915
-73501
-134676
-74631
-135806
-19438
-98565
-47113
-70891
-53017
-64987
-39084
-78920

0
39568
22
19960
11
5271
10820
5271
10820
16109
-7675
43792
-35358
24180
-15746
10216
-1782

Internal cylindrical surface
Bottom face -604MPa, 555MPa

Visible face
-424MPa, 555MPa

Figure 7 Maximum tensile and minimum compressive σzz axial stresses of the adapter shell
along the vertical direction (z-z). Load combination 0.90G+1.35Wblocked.
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The most demanding combination in terms of base shear and overturning moment values, as
can be deduced from the values of table 2, is the combination 0.90G+1.35Wblocked. From
the load combinations that include the seismic action the most demanding combination is
ombination G+Ex1+0.3Ey1+Woperation.
In what follows a summary of representative displacement and stress response plots will be
presented for the most demanding combination 0.90G+1.35Wblocked.

Maximum absolute values of
the horizontal displacements at
the top of the wind turbine steel
tower:
maxUx=273mm
maxUy=2119mm

-261.9MPa

248.5MPa

Figure 8 Maximum tensile and minimum compressive σzz axial stresses of the steel tower
shell along the vertical direction (z-z). Load combination 0.90G+1.35Wblocked.
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Figure 7 depicts the σzz axial stess distribution that develops at the shell of the adapter due to
the load combination 0.90G+1.35Wblocked. This stress response develops from the mainly
cantilever-type of transalional response of the steel tower supporting the wind tutbine, as it is
depicted by the most dominant eigen-modes of figure 6. Figure 8 depicts the corresponding
σzz axial stess distribution that develops at the steel tower. The extreme (maximum and
minimum) stress values in figure 8 coresspond to the region of the steel tower near its
connection with the steel adapter. Moreover, at the top of figure 8 the peak horizontal
displacement response of the top of the steel tower is also listed with values maxUx=273mm
and maxUy=2119mm along the x-x and y-y horizontal axes, respectively. As can be seen in
figures 7 and 8 the peak σzz axial stesses attain very high values, especially for the steel
adapter. The minimum assumed design yield and ultimate tensile stress values are 355MPa
and 561MPa, respectively.
maxUz=5.72mm

M22=-6846KNm

M22=6483KNm
minUz=-7.11mm

Figure 9a. Deformations of the foundation slab Figure 9b. Bending moments M22 of the
along the vertical z-z direction mainly due to foundation
slab.
Load
combination
the assumed linear soil deformability. Load 0.90G+1.35Wblocked.
combination 0.90G+1.35Wblocked.
maxTension=57KN

maxUz=5.72mm

minUz=-7.11mm

Figure 10a. Deformations of the foundation
slab along the vertical z-z direction mainly
due to the assumed linear soil deformability.
Load combination 0.90G+1.35Wblocked.

Min compression=-73KN

Figure 10b. Axial forces along the vertical z-z
direction of the linear links representing the
linear soil deformability. Load combination
0.90G+1.35Wblocked.

431

G.C. Manos, A. Nalmpantidou, A. Sakka, G. Manolis

Figures 9a, 9b, 10a and 10b depict the deformation and flexural response of the foundation
slab arising for the assumed soil deformability when the steel tower of the wind turbine is
subjected to the most demanding load compunation 0.90G+1.35Wblocked. As can be seen
from these figures this load combination forces the foundation mat to develop large bending
moments as well as to extend a large portion of the linear links representing the soil support in
tension (figure 10b) causing the foundation mat to develop upward vertical displacements
(5.72mm). Obviously, this reveals the limitations of the valitidity of this linear analysis
assumption. This fact will be treated in the next section following an additional series of
analyses. For the load combination 0.90G+1.35Wblocked, figure 11a depicts the distribution
of the axial forces (vertical z-z direction) of the linear frame elements (bolts diameter=54mm)
connecting the adapter with the foundation. Similarly, figure 11b depicts the distribution of
the axial forces (vertical z-z direction) of the linear frame elements (bolts d=68mm) connecting the adapter with the steel tower of the turbine. Based on the listed maximum and minimum axial force values the corresponding axial stress values are: max=404MPa in tension
and min=-439MPa in compression for the bolts connecting the adapter with the foundation
and max=304MPa in tension and min=-406MPa in compression for the bolts connecting the
adapter with steel tower. As already mentioned, the minimum assumed design yield and
ultimate tensile stress values are 355MPa and 561MPa, respectively. Therefore, the assumed
linear response of these set of bolt connections of the adapter either to the foundation or to the
steel tower is questionable. This fact will also be treated in the next section following an
additional series of analyses.
In tension 926KN

In tension 1122KN

In compression -1476KN

In compression -1006KN

Figure 11a. Axial forces (vertical z-z direction)
of the linear frame elements (bolts d=54mm)
connecting the adapter with the foundation

Figure 11b. Axial forces (vertical z-z direction) of the linear frame elements
(bolts d=68mm) connecting the adapter
with the steel tower of the turbine

4 ΙΝ-ELASTIC NUMERICAL ANALYSIS
In this section an attempt is made to deal with the problems encountered by the assumptions
adopted in the elastic numerical simulations summarized in the previous sections. As
described, this section deals with the following:
a) The support conditions of the R/C foundation mat.
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b) The axial response of the steel bolts connecting the steel adapter with the R/C
foundation mate.
c) The axial response of the steel bolts connecting the steel adapter with the steel tower
of the wind turbine.
As explained in the previous section the mainly overturning response of the wind turbine
tower for the most demanding load combinations could well lead to the development of nonlinear response mechanisms either due to the loss of contact between the R/C foundation from
the supporting soil layer or the non-linear response of the bolts connecting the steel adapter
with the foundation and / or the steel tower. For this purpose the numerical model formed in
the previous sections was altered in the following ways:
a1) Using 2381 non-linear links for supporting the R/C foundation mat with the underlining
soil. These non-linear links could sustain very little tension in the vertical direction whereas
the could transfer axial vertical compression with a non-linear force – vertical deflection
deformability. At the same time these links could also transfer horizontal compression /
tension following an elastic force – deformation law.
b) Representing the axial (vertical) behavior of the steel bolts connecting the steel adapter
with the R/C foundation mat and the steel tower with non-linear links having a plastic force –
axial deformation behavior in the vertical direction which was derived from the assumed steel
elastic-plastic properties (Young’s Modulus 210GPa, yield stress 355MPa, yield strain 0.17%,
stress at the initiation of hasrdening 358MPa with a corresponding strain of 1.5%, ultimate
stress 561 with a corresponding strain 11.0%) and the corresponding cross-sectional. There
are 91 bolts, having a diameter of 68mm and an assumed length of 300mm, connecting the
steel adapter with the steel tower and 136 bolts, having a diameter of 54mm and an assumed
length of 2500mm, connecting the steel adapter with the R/C foundation mat.
In all the subsequent non-linear numerical analyses the most demanding load combination
0.90G+1.35Wblocked was used. Initially the factored dead load was introduced (0.90G)
through a step-by-step time integration scheme whereby this dead load was gradually increased following a linear time variation. Next only the horizontal thrust at the top of the steel
tower from the blocked wind turbine (1.35Wblocked) was gradually introduced. Again a stepby-step time integration scheme was employed whereby a horizontal force acting at the top of
the steel tower in the y-y direction which was gradually increased following again a linear
time variation. A Hilbert-Hughes-Taylor integration scheme (Alpha=0, Beta=0.25 and
Gamma=0.5) was utilized through a commercial software package [22]. The following nonlinear analyses were performed:
a2) The previously described 2381 non-linear links were introduced at the foundation – soil
interface whereas the bolts connecting the steel adapter with either the R/C foundation or the
steel tower remained elastic/
4.1. Non-linear simulation with non-linear links at the foundation – soil interface.
The non-linear nature of the overall response in this case can be seen in figure 12a where the
base shear versus the displacement at the top response in the horizontal y-y direction is compared with the corresponding response of the linear case (foundation supports not allowing
uplift). The introduction of the non-linear links at the foundation – soil interface which could
sustain very little axial tension thus allowing the foundation mat to uplift from the soil re-
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Base shear y-y (KN)

sulted, as expected, in a very narrow compressive zone with very high amplitude compressive
forces. Moreover, the uplift displacements of the R/C foundation mat are very large (figure
12c, 710.7mm) that result to quite large horizontal displacements at the top of the wind turbine tower, in excess of 5.5m, more than twice as much from the linear case (figure 12a). The
flexural behavior of the foundation mat under these conditions results also in large bending
moment values (figure 12d), almost twice as much from the linear case (figure 9b).
Wind turbine 3.3MW Base shear y-y / top Uy
response for 0.90G+1.35Wblock
1800
1600
1400
1200
1000
800
600

-1799KN

Non-linear soil 3
Linear soil

400
200
0
0

1000

2000

3000

4000

5000

0.6KN

6000

Top displacement Uy (mm)

Figure 12a. Base shear versus the displace- Figure 12b. Axial (vertical) tensile and comment at the top response in the horizontal y-y pressive forces at the non-linear links at the
foundation
direction
Uz=-26.7mm

maxM=11209KNm

Uz=710.7mm

Figure 12c. Deformations of the foundation Figure 12d. Bending moment response of the
slab along the vertical z-z direction mainly foundation
slab.
Load
combination
due to the assumed non-linear links 0.90G+1.35Wblocked.
representing the uplift foundation response
The axial forces which develop at the steel bolts connecting the steel adapter with the R/C
foundation mat (figure 13a) remain of the same amplitude with the one predicted in the linear
case (figure 11a). However, the maximum tensile and minimum compressive σzz axial stresses
of the adapter shell along the vertical direction (z-z), which were of quite large amplitude
(figure 7), increase even further (figure 13b).
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-1001KN

-586MPa

851KN
371MPa

Figure 13a. Maximum tensile and minimum Figure 13b. Axial forces (vertical z-z direccompressive σzz axial stresses of the adapter tion) of the linear frame elements (bolts
shell along the vertical direction (z-z).
d=54mm) connecting the adapter with the
foundation
4.1. Non-linear simulation with non-linear links for the bolts connecting the steel
adapter to the foundation and the steel tower.
From the results of the non-linear case presented in section 4.1 it can be concluded that the
R/C foundation mat in this case must be provided with a system of piles sufficient to prohibit
the consequences of such excessive foundation uplift response. In the present section the nonlinear response of the steel bolts connecting the steel adapter with the R/C foundation and
with the steel tower of the wind turbine is introduced assuming that the presented in section
4.1 excessive foundation uplift is controlled by an alternative pile foundation. Therefore, the
behavior of the non-linear links at the foundation – soil interface is controlled by an alternate
non-linear axial force – axial displacement relationship (in the vertical direction) that allows
a limited tensile force to be sustained (a limit of 100KN for 100mm). Moreover, this nonlinear relationship also controls the compressive axial force – axial displacement behaviour of
these non-linear links (300KN for 20mm). As can be seen in figure 14b the non-linear links
representing the foundation-deep piles support conditions control the vertical uplift
displacements of the foundation mat. As a results, the bending moment response of the
foundation mat (figure 15a as compared with 12d) as well as the compressive and tensile
forces transferred from the foundation to the soil (figure 14b as compared with 12b) are kept
to relatively low levels. The non-linear response of the bolts connecting the steel adapter to
the R/C foundation mat as well as to the steel tower introduced a mild non-linearity in the
overal base shear versus top displacement response along thehorizontal axis y-y (figure 14a).
This is due to the fact that both these sets of bolts developed forces just above their yield force
levels (figures 14c and 14d). It must be underlined that the design of these bolts proves to be
sufficient towards preventing excessive plastification of these set of bolts. As can be seen in
figures 7, 13a and 15b the steel adapter is highly stressed in all examined cases.
Consequently, a possible damage mechanism, which was not investigated here, could arise at
these highly stressed regions of steel adapter shell and its flanges. This should be investigated
further.
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Wind turbine 3.3MW Base shear y-y / top Uy
response for 0.90G+1.35Wblock

-50ΚΝ
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Non-linear soil 3
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Non-linear bolt 8
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Figure 14a. Base shear versus the displacement at the top response in the horizontal y-y
direction for the linear and the non-linear
numerical simulations

Figure 14b. Axial (vertical) tensile and compressive forces and corresponding vertical
displacements of the non-linear links at the
foundation
-1621KN
-8.19mm

-1220ΚΝ
-1.92mm

1296ΚΝ
11.80mm

813ΚΝ
5.77mm

Figure 14c. Axial forces (vertical z-z direc- Figure 14d. Axial forces (vertical z-z direction) of the non-linear links (bolts d=54mm) tion) of the non-linear links (bolts d=68mm)
connecting the adapter with the foundation
connecting the adapter with the steel tower
-895MPa

2671KNm

400MPa

Figure 15a. Bending moment response of the Figure 15b. Maximum tensile and minimum
foundation
slab.
Load
combination compressive σzz axial stresses of the adapter
0.90G+1.35Wblocked.
shell along the vertical direction (z-z).
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5

CONCLUTIONS
1. The most stressed part of the structural system of a wind turbine is the region of the
steel tower near its connection to the concrete foundation as well as the foundation itself. Such a connection is studied here in some detail. This connection consists of a
cylindrical steel adapter having top and bottom ring flanges and a set of numerous
steel bolts utilized to connect the steel adapter to the steel tower of the wind turbine as
well as the R/C foundation mat.
2. From the results of the linear-elastic numerical simulation it was shown that for the
most demanding loading combination the supports of the foundation mat develops
tensile vertical reaction unable to transferred to the soil by a surface foundation.
3. Next, the uplift of the surface foundation was allowed in an alternative non-linear numerical simulation by using appropriate non-linear link supports unable to sustain tension. In this case it was shown that for the most demanding load combination the R/C
surface foundation mat develops excessive vertical uplift displacement response. In
turn, for the foundation mat this results in a very narrow compressive zone with very
high amplitude compressive forces and an excessive flexural behavior.
4. A more realistic design alternative is to control this excessive foundation uplift response by employing deep piles that could sustain a limited level of tensile vertical
forces. This was demonstrated to be valid by an alternative numerical simulation employing appropriate non-linear links at the foundation – soil interface.
5. In this numerical simulation two more non-linear mechanisms were also introduced by
allowing the bolts connecting the steel adapter to the steel tower and the concrete
foundation to develop realistic plastic force – deformation behavior. This non-linear
response of the bolts connecting the steel adapter to the R/C foundation mat as well as
to the steel tower introduced a mild non-linearity in the overall base shear versus top
displacement response along thehorizontal axis y-y. Thus the design of these bolts
proves to be sufficient towards preventing excessive plastification of these set of bolts.
6. The steel adapter, in comparison, is highly stressed in all examined cases.
Consequently, a possible damage mechanism, which was not investigated here, could
arise at these highly stressed regions of steel adapter shell and its flanges. This should
be investigated further.
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Abstract
This paper presents the assessment of an existing prestressed concrete pipe on which severe
damages were observed. The pipe was constructed with high strength concrete and it was externally prestressed with high strength steel. Material properties of all materials were experimentally defined. The numerical investigation was carried out in commercially available FE
software ABAQUS. A 3D finite element model was developed for the pipe wherein the material
properties as measured were used. After the investigation of the control specimen, the prestressed pipe was numerically strengthened utilizing composite materials. (CFRP) Two sets of
CFRP sheets (2 layer and 4 Layer) were considered for the analysis. The results obtained from
the strengthened pipe were compared with the controlled prestressed pipe. Results are presented for simply supported boundary conditions for the pipe. The deformation, strain and
stress distribution across the pipe has also been analyzed and discussed for all numerical models.
Keywords: Externally prestressed concrete pipe, Strengthening, CFRP, Experimental investigation, Numerical analysis, Stress analysis
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1

INTRODUCTION

Prestressed concrete pipes have been widely used for water transferring projects in municipal,
industrial, and agricultural systems because of its structural advantages such as large diameter,
high hydrostatic pressure bearing capacity, and strong earthquake resistance. These pipes are
composed of a concrete core, high-tensile steel wires spirally wound around the concrete, sometimes, a steel cylinder embedded in concrete, and a mortar coating layer. Clearly, the prestressing wires are typically designed to withstand the entire hydrostatic pressure. However, they are
susceptible to corrosion, hydrogen embrittlement, or manufacturing or installation defect, as a
result the prestressing wire may break unexpectedly. If many wires break, the pipe’s bearing
capacity is decreasing substantially. Eventually, pipe rupture occurs with potential catastrophe
consequences. In the past there are many examples in the literature of prestressed RC pipe failures. For example, on December 23, 2008, in Bethesda, Maryland, one 66-inch PCCP ruptured
transforming a suburban road into a raging river and forcing schools, traffic, businesses and
partly hospitals to shut down [1,2]. Therefore, it is necessary for water supply engineers to
understand the wire-break process of such structures and propose remedial plans.
Based on previous studies and field investigations, several methods have been proposed for
strengthening these pipes and ignore the prestressed steel bars. Such techniques include removing and replacing the ruptured pipe with a new pipe, encasing the damaged section in new
reinforced concrete, relining the pipeline with steel liner, applying external circumferential
post-tensioning strand, and/or attach a smaller diameter high strength composite material on the
outer face of the pipe. However, all these methods necessitate removal of soil cover around the
pipe using heavy machinery, which makes repair process costly and time-consuming [3]. Installing carbon fiber reinforced polymer (CFRP) on the outer concrete to repair and strengthen
provides an effective way but without avoiding the excavation. Compared with other fiber composite reinforced materials, CFRP owns higher elastic modulus, lower density, lower manufacture cost, and simpler application technology, which makes it suitable for strengthening.
Lee and Karbhari [4] conducted an extensive test program for pre-fabricated FRP and wet
layup of fabric strengthened RC pipe sections subjected to internal pressure and external load.
The results demonstrated that the use of an appropriately designed FRP structural sheets can
completely make up for the loss of structural action from the external prestressing.
Based on the debonding strain equation of CFRP strengthened concrete beam, Lee and Lee
[5] proposed a design criterion and process for CFRP-lined PCCP to determine the quantities
of attached CFRP laminates. Furthermore, a procedure was derived to study the relationship
between the internal pressure and radial displacement and verified by the finite element (FE)
analysis [6].
Loera [7] introduced the concept of stand-alone section and semi-rigid section designs for
CFRP repairs, which was based on the local soil conditions. By systematically summarizing
several deformation models of buried pipes such as linear continuum theory [8], small deflection theory [9], and symmetrical buckling model [10], Zarghamee et al. [11] and Alavinasab et
al. [12] adopted this concept to distinguish the unconstrained and constrained buckling of
CFRP-lined Pipes under combined loads and derived corresponding CFRP liner buckling equations.
Engindeniz et al. [13] tested the curing behavior of one impregnating epoxy and one thickened epoxy, which are commonly used in CFRP strengthening such pipes. Their research included progression of cure at various temperatures and relative humidities and the relationships between degree of cure and material properties. Based on the test results, the curing schedules and methods of verification of cure were established to assure the bonding quality.
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Xiong et al. [14] proposed a wire-wrapping model to simulate the process of wrapping wire,
which was verified by the equivalent external radial pressure method and AWWA C304 standard. In addition, this model had an advantage in further FE analysis, when the contribution of
the wire stiffness was considered.
Hajali et al. [15] analyzed the structural performance of prestressed RC pipes with broken
wires at spigot joint, bell joint, and barrel using FE model that accounted for full interaction
between the spigot end and bell end of adjacent pipes when pipes were exposed to combined
loads. The results indicated that wire break at the joint would cause failure at lower internal
pressure than that at the barrel under the same condition.
Zarghamee et al. [16] comprehensively study the behavior of CFRP-lined distressed pipes
by conducting two full-scale hydrostatic pressure tests and eight three-edge bearing tests and
developing FE models. The tests discovered that CFRP-lined pipes have two new failure modes:
longitudinal bending of the CFRP liner and water leakage at the CFRP terminations at the pipe
ends. Simultaneously, the calibrated FE models were extended to determine the buckling
strength of the CFRP liner. In particular, the complicated bonding behaviors of CFRP-concrete
interface was simulated with a bundle of four connector elements. Due to the water-tightness
of CFRP laminate is of considerable importance to the liner, Zarghamee et al. [17] constructed
a pressure chamber to study the causes and methods for improvement of water-tightness. The
tests showed the CFRP laminate can be made watertight by embedding an additional glass fiber
fabric lamina, painting polyurethane coating and adding more CFRP layers.
The current study aims to investigate a technique of strengthening using CFRPs by wrapping
around several layers of this material. This technique is applied very easily, fact which its main
advantage.
2

DESCRIPTION OF THE PROBLEM - METHODOLOGY

The prestressed reinforced concrete pipe of the present study having an internal diameter
equal to 1650 mm was investigated numerically using the three-dimensional finite element software ABAQUS. The problem is simulating in its prototype dimensions, a realistic way, having
its complete geometry on a scale of 1:1. In addition the material mechanical properties were
experimentally quantified. The study was carried out in two parts. The investigation of the existent, non-strengthened pipe was followed by the investigation of strengthening techniques
applied on this geometry. Finally, the results for both studies are compared and discussed.
The following analyzes were overall studied:
A. The pipe with permanent and live loads.
B. The pipe in operating mode, having internal pressure equal to 4atm.
C. The pipe in a hydraulic shock condition, having internal pressure equal to 8atm.
The same prestressed reinforced concrete pipe is also investigated under to strengthening
scenario utilizing CFRP sheets.
Moreover, an additional scenario that studies the failure of the prestressing strands for a
region of 200mm is discussed.
The following paragraph describes the experimental identification of the mechanical properties of the utilized materials.
The specimens that were used were taken in situ from a piece of pipe that was failed in the
past. In total, four concrete cores were obtained, three of which were used to determine the limit
compressive stress (compressive strength) and one was used to indirectly determine the tensile
stress (tensile strength). In addition, steel specimens were obtained from different areas of the
pipe section to determine the tensile behavior of pre-stress steel, both spiral, 5mm in diameter
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and longitudinal, 7mm in diameter. The diagram below shows the stress-strain graphs for the
three compressive tests. Summarizing, concrete strength is of at least grade C35/45.
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Figure 1. Concrete mechanical properties

Figure 2. Prestressed steel mechanical properties
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As regards the tensile strength of the concrete, it is determined experimentally from the splitting tensile test and is equal to 4.3MPa. However, it should be taken into account, as limit
strength of the numerical analyses, that the tensile strength of the concrete is equal to zero as
specified by both old and modern structural design regulations, especially in the case of prestressed concrete.
The results of the tensile tests of pre-stress steel are shown in figure 2. In total, eight specimens were tested under direct tensile tests, three of which came from the 5mm diameter spiral
steel, three 7mm diameter specimens were taken from the longitudinal reinforcement of the
pipe and finally, two additional specimens were investigated, in which corrosion of the reinforcement was observed. Summarizing the 5 mm diameter spiral pre-stress bars had a maximum
strength of 1772 MPa and a yield of 1602MPa. Concerning the longitudinal pre-stress bars of
7 mm in diameter, the maximum failure stress is equal to 1695 MPa and the equivalent yield
equal to 1507MPa. The corresponding requirements were at least 1667MPa and 1470MPa, requirements that are marginal.
For such structures the main problem is usually focused on the corrosion on the prestress
strands. Consequently, it was chosen to perform
2000
1800
tensile test to corroded specimens as well. Figure
1600
3 is depicting the stress-strain graph under ten1400
sion of 2 corroded specimens. The diameter was
1200
measured to each realistic value after corrosion
1000
Some corrosion
800
and it was much smaller. The basic observation
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is that the corroded bars has much smaller de400
formability. In addition, the normalized stress to
Full
corrosion
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the initial diameter is much smaller. This is the
0
0
0.02
0.04
0.06
0.08
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main reason of the prestress bar failure and of the
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pipe itself.
Figure3. Corroded strands under tension

The aforementioned mechanical properties were adopted to all numerical models that are
going to be discussed hereafter.
The following paragraph describes the numerical simulation assumptions.
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In order to better understand the structural performance of the prestressed RC pipe, a threedimensional FE model based on the experiment material properties was developed by using
ABAQUS program. In this model, all components were taken into account and adopted the
realistic geometrical sizes.
In the model, every component was meshed based on its geometric characteristics. Concrete
and mortar were simulated using a 3-dimensional 8-node brick element (C3D8R). An 8-node
3-dimensional cohesive element (COH3D8) layer was used to model the complex CFRPconcrete interface, when needed. According to the properties of the cohesive element, CFRP
was meshed with the same C3D8R element as concrete. The prestressing wire was simulated
using 3-dimensional truss element (T3D2).
The boundary conditions were set under the local cylindrical coordinate system. The spigot
end and the bell end were fixed in the tangential and axial directions. The radial direction was
free, which allowed the radial deformation of pipe. The prestressing of the pipe was applied by
the equivalent temperature descent method.
To simulate the interaction among all components, the steel cylinder was embedded into the
concrete core and the prestressing wire was embedded into the mortar coating because it was
covered by mortar. Concrete and mortar were completely tied together.
3

SUMMARY REULTS AND DISCUSSION

The summary results of the numerical analyses are going to be presented in this section. The
results are going to be presented according to the loading scenarios mentioned in the previous
paragraph. (A, B, C and 200mm no prestress strands). For all scenarios the pre stress is applied
to the peripherical strands, which means that the pipe has already a uniform compressive field.
The initial loading condition A includes the self
weight of the pipe, the loads from the soil above
the pipe, and the live load. This condition is described as condition A. From the stress analysis,
the stresses σ22 which are vertical stresses are depicted on figure 4. The minimum compressive
stresses are 5MPa and are present in the outer fiber while the maximum compressive stresses are
11.58MPa and are located in the same cross secFigure 4. Vertical stresses for loading condition
tion (average height) but in the internal fiber. The
A. The pipe with permanent and live loads.
pipe is completely under compression.
Load case A. includes all previous loadings plus
the weight of water itself (water filling) and water
pressure equal to 4atm. From the stress analysis,
the stresses σ22 are shown in figure 5, it appears
that the worst region is at the mid-height of the
pipe, in the outer fiber. For this case, the minimum
compressive stresses are marginally zero (0 MPa)
and are present in the outer fiber while the maximum compressive stresses are 11.62MPa and are
Figure 5. Vertical stresses for loading condition
B. The pipe in operating mode, having internal located in the same cross section in the internal
fiber.
pressure equal to 4atm.
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Case scenario C include all previous loads plus
the pressure of the hydraulic shock which is an
additional 4 atm. From the stress analysis, the
stresses σ22 are shown in figure 6. It appears that
the worst area is again at the mid-height of the
pipe at its outer fiber. In the loading state the minimum compressive stresses are becoming tensile
and are tensed at 0.33 MPa and are present in the
outer fiber while the maximum compressive
Figure 6. Vertical stresses for loading condition stresses are decreased to the value of 7.62MPa and
C. The pipe in a hydraulic shock condition, hav- are located in the same cross section but in the ining internal pressure equal to 8atm.
ternal fiber.
This last loading condition includes the scenario
C with the difference that a width pf 200mm of
the pipe is not under pre-compression. (some
strands of the pipe are corroded and are not working) Summarizing, the developed stresses for this
state are tensile and equal to 1.54MPa. It is also
important to note that the stresses in the cross section of the pipe are not uniformly distributed, as
in the case of full pre-tensioning. This non-uniFigure 7. The pipe with no prestress strands for a formity creates an unsymmetrical development of
cross-sectional stresses resulting in tensile
width of 200mm
stresses that may cause small or larger cracks.
The same analyses were fulfilled with the assumption of no peripheral prestress on the pipe.
The following table 1 summarizes the developed stresses for all loading cases.

Loading condition
After pretension
Α. All external loads
B. During operation
C. Hydraulic shock
Partial (200mm) deactivation of prestress

Stresses (MPa)
With prestress
Without prestress
Inner face Outer face Inner face Outer face
-7,70
-7,70
-11,58
-5,00
-4,50
+3,00
-11,62
-0,00
-3,80
+4,00
-7,62
+0,33
-0,50
+7,50
-7,09

+1.54

-

-

Table 1. Summary developed stresses for all loading cases

From the above table it is observed that when the deactivation of the failure occurs, the
“prestressed” RC pipe fails dur to the extreme tensile stress that are being developed in its
section.
For this reason, the present study is investigating the use of externally wrapping around the
pipe with composite sheets and more specifically sheets of CFRP. This strengthening technique
is very useful due to the fact it allows the application of the technique without canceling the
operation of the pipe.
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The pipe was externally strengthened utilizing either 2 layers of CFRP or 4 layers. The following figure 8 depicts the developed strains of the pipe with the CFRPs attached on it. The
loadings are the equivalent of case scenario C. It is depicted that the deformation of the pipe is
decreased due to the existence of the FRP sheets. The presented study is still undergoing this is
the reason that the results are summarized in figure 8.

Figure 8. The pipe strengthened with 2 layers and 4 layers of CFRP respectively

4

CONCLUSIONS
• The problem of prestressed RC pipes is investigated
• Realistic 3D numerical analyses have taken place
• The deactivation of the pre-tension strands, even for a small width of 200mm results to the
development of high tensile stresses.
• Strengthening techniques utilizing composite materials have been studied
• When the prestressed RC pipe is wrapped around with either 2 or 4 layers of CFRP sheets,
the developed strains of the pipes are decreasing for equal applied loads.
• The present study is an ongoing investigation thus the results are briefly summarized.

REFERENCES
[1] Ge S, Sinha S. Effect of various bedding conditions on structural integrity of pre- stressed
concrete cylinder pipe. J Mater Sci Res 2015;4(2):34–44.
[2] WSSC. Pipeline design manual amendment proposed 80-foot setback. Washington Suburban Sanitary Commission, Laurel, Maryland, USA; 2012.
[3] Rahman S, Smith G, Mielke R, Keil B. Rehabilitation of large diameter PCCP: re- lining
and sliplining with steel pipe. In: Proceeding of pipelines 2012: innovations in design,
construction, operations, and maintenance, doing more with less, ASCE, Miami Beach,
Florida, USA;·2012. p. 494–504.
[4] Lee DC, Karbhari VM. Rehabilitation of large diameter prestressed cylinder concrete
pipe (PCCP) with FRP composites – experimental investigation. Adv Struct Eng
2005;8(1):31–44.
[5] Lee Y, Lee ET. Retrofit design of damaged prestressed concrete cylinder pipes. Int J
Concr Struct M 2013;7(4):265–71.

446

Konstantinos Katakalos, Panagiota Kagioglou and George C. Manos

[6] Lee Y, Lee ET. Analysis of prestressed concrete cylinder pipes with fiber reinforced polymer. KSCE J Civil Eng 2015;19(3):682–8.
[7] Loera R. PCCP carbon fiber liner repair standard specifications. In: Proceeding of pipelines 2006: service to the owner, ASCE, Chicago, Illinois, USA; 2006. p. 1–8.
[8] Moore ID, Selig ET, Haggag A. Elastic buckling strength of buried flexible culverts.
Transport Res Rec 1988;1191:57–64.
[9] Pian THH, Bucciarelli LL. Buckling of radially constrained circular ring under distributed loading. Int J Solids Struct 1967;3(5):715–30.
[10] Boot JC. Elastic buckling of cylindrical pipe linings with small imperfections subject to
external pressure. Trenchless Technol Res 1998;12(1–2):3–15.
[11] Zarghamee MS, Engindeniz M, Wang N. CFRP Renewal of prestressed concrete cylinder
pipe. AWWA Water Research Foundation Web Report # 4352; 2013.
[12] Alavinasab A, Hajali M, Castaldi G, Burzynski K. Carbon fiber reinforced polymer liners
as a reliable repair method for damaged concrete cylinder pipe. In: Proceeding of concrete
service life extension conference, NACE, Philadelphia, Pennsylvania, USA; 2015. p. 1–
15.
[13] Engindeniz M, Ojdrovic RP, Arnold S, Jimenez T. Cure behavior of epoxies used for
CFRP repair of pipelines. In: Proceeding of pipelines 2014: from underground to the forefront of innovation and sustainability, ASCE, Portland, Oregon, USA; 2014. p. 908–19.
[14] Xiong H, Li P, Li Q. FE model for simulating wire-wrapping during prestressing of an
embedded prestressed concrete cylinder pipe. Simul Model Pract Th 2010;18(5):624–36.
[15] Hajali M, Alavinasab A, Shdid CA. Effect of the number of broken wire wraps on the
structural performance of PCCP with full interaction at the gasket joint. J Pipeline Syst
Eng Pract 2016;7(2):1–8.
[16] Zarghamee MS, Engindeniz M, Wang N. CFRP Renewal of prestressed concrete cylinder
pipe. AWWA Water Research Foundation Web Report # 4352; 2013.
[17] Zarghamee MS, Engindeniz M. Watertightness of CFRP liners: Addendum to CFRP renewal of prestressed concrete cylinder pipe. AWWA Water Research Foundation Web
Report # 4592; 2016.

447

COMPDYN 2019
7th ECCOMAS Thematic Conference on
Computational Methods in Structural Dynamics and Earthquake Engineering
M. Papadrakakis, M. Fragiadakis (eds.)
Crete, Greece, 24–26 June 2019

APPLICATIONS OF SMART BRICKS FOR STRAIN FIELD
RECONSTRUCTION IN MASONRY WALLS: NUMERICAL ANALYSIS
AND SHAKING TABLE TESTS
A. D’Alessandro1, A. Meoni1, N. Cavalagli1, M. Gioffrè1, and Filippo Ubertini1
1

Department of Civil and Environmental Engineering, University of Perugia, Via G. Duranti, 93
06125 Perugia (PG) Italy
e-mail:, antonella.dalessandro@unipg.it, andrea.meoni@unipg.it, nicola.cavalagli@unipg.it,
massimiliano.gioffre@unipg.it, filippo.ubertini@unipg.it

Abstract
Masonry structures are particularly vulnerable to seismic loads due to their brittle and nonhomogeneous behavior. Therefore, assessing their conditions after significant events is
especially critical: this could be achieved through a reliable monitoring system able to identify
significant variations of strains and stresses which could induce cracks. To this aim, the authors
developed a new clay-based smart brick sensor as a novel solution for strain monitoring of
masonry elements fully integrated into the wall components. This paper is aimed at (i)
improving understanding and modeling of the smart brick properties and (ii) investigating the
application of such sensors for reconstructing the strain fields into masonry elements subjected
to a variety of loading conditions. A particular attention is devoted to analyzing the optimal
configuration for the detection of changes in the load paths. To this aim, a FE micro-modeling
approach is first applied to a masonry wall. Then, a shaking table test on a full-scale masonry
building is presented and results are compared to a FE macro-modeling simulation.

Keywords: Smart bricks, Masonry structures, Structural health monitoring, seismic damage
detection, FE model

1

INTRODUCTION

Structural health monitoring of civil engineering constructions is a topic of growing interest
because it permits to increase the safety of the constructions and consequently of their users.
Indeed, a system of sensors placed in key points of a structure may identify changes in its
behavior, the opening of fractures or the development of critical situations. Traditional sensors
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are typically applied on the surface of structural elements, with relevant issues in terms of
durability, maintenance and inspection.
The authors started a research work about construction materials enabling strain-monitoring
smart structures. In this paper the authors present the results of an investigation about selfsensing smart clay bricks for masonry buildings. This type of structures shows a brittle failure
behavior, which results particularly critical in case of seismic events. The smart bricks are
capable of detect changes in the structural behavior of the masonry they are part of, and can
identify, at an early stage, the opening of cracks that may be dangerous for the integrity of the
wall elements.
The paper investigates the strain sensitivity of single bricks doped with different amounts of
conductive fillers, in order to calibrate the composition of the material, and then analyzes the
monitoring capability of the doped smart bricks within a medium-scale wall and a full-scale
building. Finite Element (FE) modelling and Universal Kriging (UK) technique of interpolation
are adopted to reconstruct the strain field maps on the wall sample and the results are compared.
Dynamic shake table tests are also conducted on a full-scale building specimen and the resulting
behavior is compared to that of a FE numerical model.
The paper, after a brief state-of-art about structural health monitoring and self-sensing
materials, describes the experimental tests on single smart bricks, in Sections 2, 3 and 4,
respectively. Section 5 illustrates the modelling of the medium-scale wall with smart bricks and
compares different approaches. Section 6 describes and comments the full-scale tests and the
numerical modelling. Section 7 concludes the paper.
2

STATE-OF-ART

Structural Health Monitoring (SHM) is an emerging technique which allows a continuous
evaluation of structural performance, simplify maintenance and restoration activities, and,
consequently, increases the safety of the structures [1].
Literature shows various researchers about the investigation of self-sensing capabilities of
cementitious composite materials, with promising results [2,3].
Smart cement-based samples can be easily embedded into concrete constructions or,
alternatively, full-scale structural elements can be built with self-sensing concrete, thus
allowing a diffuse monitoring [4-6]. Recently the authors started a research work about smart
structural clay bricks [7]. With respect to cementitious structures, masonry buildings are
characterized by a brittle collapse behavior and inhomogeneous constitution, which make them
particularly vulnerable to seismic loads [8,9].
A well-designed monitoring system could identify premature failures and prevent sudden
collapses. Available traditional SHM systems for masonry structures are based on the
evaluation of changes or anomalies in the structural behavior or in the modal properties of the
structure, signs of a variation of stiffness or developments of crack patterns [10,11]. The
reliability of these techniques depends on the number, the deployment and performance of each
sensor. Traditional sensors, applied externally to the structure, can detect local damages, but
are affected by maintenance and durability issues.
Other non-destructive approaches are based on acoustic emissions, infrared thermography
and ground penetrating radar (GPR) [12-14], but they are suitable especially for local periodical
inspections rather than global continuous monitoring, and result quite expensive.
In order to overcome such drawbacks, a new self-sensing sensor was proposed, made of the
same matrix-material of the structure and directly embeddable into structural elements. Such
smart clay-brick sensors result easy to be applied, non-invasive, aesthetically pleasing, and so
particularly suitable for historical and landmark masonry structures. The self-sensing capability
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of smart bricks is obtained through the addition of peculiar conductive particles in the clay
matrix [15]. If placed in a masonry wall, the clay sensors are able to monitor the integrity of the
element and identify the opening and the development of cracks.
The effectiveness of the smart bricks’ ability to reconstruct the strain field map when
embedded in masonry structures is also confirmed by theoretical studies [16].
Recently, full-scale tests and FE modelling simulations, demonstrated their ability to identify
damages due to seismic dynamic loads [17].
3

SAMPLES’ PREPARATION

The preparation procedure of smart bricks, with prismatic shape of 50x50x70 mm3, is
reported in Fig. 1. It consists of mechanically mixing fresh clay with different amounts of
conductive filler, varying from 0% to 1% with respect to the weight of the clay (Fig. 1 (A)).
The fillers were steel micro-fibers model R.STAT/S.
The mixed material (Fig. 1 (B)) was poured into prismatic oiled molds sprinkled with sand,
unmolded and then dried at 90°C (Fig. 1 (C)).
Afterwards, dried bricks were burned by performing a thermal cycle of 12 hours up to 900°C
and then instrumented with copper plate electrodes placed on the opposite lateral sides of each
specimen and covered by applying an insulating layer (Fig. 1 (D)).
4

INVESTIGATION ON SINGLE SAMPLE

4.1 Electrical tests
Electrical tests were performed in order to understand the influence of different amounts of
conductive filler on the electrical properties of the clay matrices by applying a voltage square
wave with an amplitude of ±10 V (20 V peak-to-peak), 50% of duty cycle and frequency of 1
Hz on each specimen by using a function generator, model RIGOL DG1022 [18].
The electrical measurements were acquired through a DAQ NI PXIe-1073 with a digital
multimeter, model NI PXI-4071, at a sampling frequency of 10 Hz.

Figure 1: Preparation procedure of smart bricks with stainless steel micro-fibers and copper plate electrodes.
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The electrical conductivity was computed through equation (1), considering the current
values at the 80% of the positive constant part of the biphasic signal. A preload of 0.5 kN was
applied on each sample with an electric-servo test machine, model Advantest 50-C7600 by
Controls equipped with a servo-hydraulic control unit model 50-C 9842 (Fig. 2(a)).

𝜎𝑡 =

𝑙
𝐴∙𝑉/𝐼𝑡

(1)

In equation (1) l is the distance between the electrodes, A is the section of the sample, V is
the applied constant voltage (Vpp/2) and It is the current intensity measured at time t.
Figure 2(b) shows results obtained from electrical tests, demonstrating that the addition of
stainless steel micro-fibers to the clay matrices is able to increase the conductivity of the plain
material.
4.2 Sensing tests
Electromechanical tests were carried out to investigate the strain-sensing capability of the
clay bricks doped with different amounts of conductive filler under uniaxial compressive loads.
Each specimen was subjected to a loading history characterized by three step loads of 1.5,
2.5 and 3.5 kN, each kept constant for 10 seconds. Electromechanical tests were performed with
the same setup described in Section 4.1 and strains applied on the sensors were estimated
through displacement measurements obtained from three linear variable differential
transformers (LVDTs) placed at 120°. Figure 3 reports the relative normalized change in
electrical resistance versus the applied strain, both acquired during electromechanical tests for
each smart brick. Data were fitted with quadratic polynomials. The quality of the sensors’
response was evaluated considering the value of the coefficient of determination, R2. Results
demonstrate that the addition of stainless-steel micro-fibers enhances the quality of the
electrical output by making the response of the doped bricks with filler amounts less than 1.0%
less scattered if compared to that of normal brick.

Figure 2: Electrical tests: (a) Setup of the electrical tests; (b) Electrical conductivity variation for different steel
fiber content.
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Figure 3: Relative change in electrical resistance versus applied strain response for smart bricks subjected to
electromechanical tests.

It is worth noting that in this case smart brick doped with the 1.0% of conductive filler
exhibited a lower linearity of its response, also respect to the normal brick, probably due to an
insufficient quality of dispersion of the steel fibers during its production.
5

MODELING OF BRICK WALL

A theoretical application concerning a medium-scale brick wall with smart bricks subjected
to compression loads was performed to investigate the effectiveness of smart bricks to
reconstruct strain field maps when embedded into masonry structural elements (Fig. 4(a)). To
this aim, compression tests on a brick wall were numerically simulated by building a 3D FE
model characterized by 11858 linear brick elements, type C3D8R, with reduced integration and
a mesh size of 10 mm (Fig. 4(b)).

Figure 4: Theoretical application of smart bricks: (a) Schematics of brick wall equipped with smart bricks (SBi,
i=1, … ,7); (b) FE model of brick wall.

452

A. D’Alessandro, A. Meoni, N. Cavalagli, M. Gioffrè, and F. Ubertini

Figure 5: Comparison between volumetric strain field map obtained from the FE models and those reconstructed
by the Kriging interpolation. Schematic of brick wall under (a) centered axial compression load; (b) eccentric
axial compression load; (c) Volumetric strain field map from FE model of brick wall under centered axial
compression load; (d) Volumetric strain field map reconstructed for brick wall under centered axial compression
load; (e) Volumetric strain field map from FE model of brick wall under eccentric axial compression load; (f)
Volumetric strain field map reconstructed for brick wall under eccentric axial compression load.
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Elastic Constants

Compressive Damage for Brick Units

𝐸0𝑠 = 210000 N/mm2

𝒗𝒔 = 0.3

dc

𝜀𝑐𝑖𝑛

𝐸0𝑚 = 16000 N/mm2

𝒗𝒎 = 0.15

0.00

0.00

Non-Linear Constitutive Parameters

Tensile Damage for Brick Units

𝜎 𝑠 = 215 N/mm2

𝜺𝒔𝒑𝒍𝒂𝒔𝒕𝒊𝒄 = 0.00

dt

𝒖𝒄𝒌
𝒕 [mm]

𝑚
𝜎𝑐𝑢
= 16 N/mm2

2
𝝈𝒎
𝒕𝟎 = 1.60 N/mm

0.00

0.000

0.40

0.033

G𝑓𝑚 = 0.12 N/mm
𝜓𝑚 = 30°

𝜺𝒎 = 0.1

0.75

0.066

𝑚
𝑚
𝜎𝑏0
/ 𝜎𝑐0
= 1.16

𝐊𝒎
𝒄 = 0.667

0.90

1.000

Table 1: Mechanical parameters of the FE model for brick wall. Parameters referred to steel beam are indicated
with the apex s and parameters referred to brick units are indicated with the apex m. E0 is the Young modulus, v
𝑠
the Poisson coefficient, 𝜎 𝑠 the stress, 𝜀𝑝𝑙𝑎𝑠𝑡𝑖𝑐
the plastic strain, σcu the compressive strength, σt0 the tensile strength,
Gf, the fracture energy, ψ the dilatation angle, ε the flow potential eccentricity, σb0 / σc0 the ratio of initial equibiaxial
compressive yield stress to initial uniaxial compressive yield stress, Kc the ratio of the second stress invariant on
the tensile meridian, dc the compressive damage parameter, 𝜀𝑐𝑖𝑛 the inelastic strain, dt, the tensile damage
parameter, and 𝑢𝑡𝑐𝑘 the cracking displacement.

Normal Behavior

Damage Behavior

“Hard” Contact

tn = 1 N/mm2

Tangential Behavior

Gf = 0.285 N/mm

𝜇 𝑠 = 0.60

𝝁𝒎 = 0.75

m1 = 0.263

ts = tt = 1.4 N/mm2
m2 = 0.798

Cohesive Behavior
Knn = 110 N/mm3

Kss = Ktt = 50 N/mm3

Table 2: Mechanical parameters of the FE model for contact interactions of brick wall. Parameters referred to the
contact interaction between steel beam-mortar interfaces are indicated with the apex s and parameters referred to
contact interactions between unit-mortar interfaces are indicated with the apex m. μ is the friction coefficient, Kij
the normal and shear stiffness coefficient, ti the nominal normal and shear stress, Gf the fracture energy, m1 the
mode mix ratio 1 and m2 the mode mix ratio 2.

According to the simplified micro-modeling approach, masonry bricks were represented as
continuum expanded units with non-linear mechanical behavior described by parameters
reported in Table 1, whereas the unit-mortar interfaces were modelled by using contact
interactions with surface-based cohesive behavior using parameters reported in Table 2.
Considered load cases are depicted in Figure 5(a) and 5(b). In order to reconstruct the strain
field maps a commonly used technique of interpolation for spatial data, the UK [19], was
employed to predict values of the volumetric strain of the brick walls taking into account those
extracted from the strains of the smart bricks in the numerical simulations and considering these

454

A. D’Alessandro, A. Meoni, N. Cavalagli, M. Gioffrè, and F. Ubertini

as training data. It is worth noting that in this work a regional linear trend was used to estimate
the mean value of the regression function and a linear variogram was considered to model the
spatial correlation in the random space between point pairs.
Figure 5(c) and 5(d) show the comparison between volumetric strain field map obtained
from the FE model and that reconstructed by the UK interpolation for the centered axial
compression load case as well as Figure 5(e) and 5(f) show the comparison between volumetric
strain field map obtained from the FE model and that reconstructed by the UK interpolation for
the eccentric axial compression load case. Reported results show that estimated strain field
maps are consistent and comparable with those obtained from the numerical models. In both
Fig. 5(d) and 5(f) the areas with higher strain concentrations point out and are consistent, thus
confirming that data obtained from smart bricks can be used for strain map reconstruction.
6

FULL-SCALE INVESTIGATION

Full-scale dynamic experimental tests with shaking table on an unreinforced masonry
(URM) building with smart bricks were also carried out to demonstrate that smart bricks can
be used for detecting and localizing progressive damage induced by seismic inputs [18].
The URM building specimen, with a base of 290x340 cm2 and a height of 490 cm, was built
at the ENEA Casaccia Research Center and was equipped with eight smart bricks placed in the
bottom part of each façade (Fig. 6(a)).The performed seismic sequence was composed by three
seismic inputs, Es, with increasing intensity, interspersed by white noise inputs, WNs.
Permanent changes in volumetric strain caused by a redistribution of the dead loads occurred
in each step, s, of the seismic sequence at the i-th smart brick, were computed through the
following equation:

𝛥𝜀𝑖𝑠 =

1 𝑅𝑖𝑠 −𝑅𝑖0
𝐺𝐹𝑖

𝑅𝑖0

(2)

Figure 6: Full-scale application of smart bricks: (a) URM building specimen with an example of placement of
the smart brick and of the setup for electrical measurements; (b) FE model of URM building specimen.
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Elastic Constants
E0 = 3000 N/mm2

Compressive Damage

v = 0.2

Non-Linear Constitutive Parameters
σcu = 3.50 N/mm2

dc

𝜀𝑐𝑖𝑛

0.00

0.00

σt0 = 0.60 N/mm2

Tensile Damage

Gf = 0.06 Nmm/mm2

dt

𝜀𝑡𝑐𝑘

ψ = 30°

ε = 0.1

0.00

0.00

σb0 / σc0 = 1.16

Kc = 0.667

0.40

4.00E-4

0.60

8.00E-4

0.80

2.00E-3

Table 3: Mechanical parameters of the FE model for the URM building.E0 is the Young modulus, v the Poisson
coefficient, σcu the compressive strength, σt0 the tensile strength, Gf, the fracture energy, ψ the dilatation angle, ε
the flow potential eccentricity, σb0 / σc0 the ratio of initial equibiaxial compressive yield stress to initial uniaxial
compressive yield stress, Kc the ratio of the second stress invariant on the tensile meridian, dc the damage
parameter, dt, the tensile damage parameter, 𝜀𝑐𝑖𝑛 the inelastic strain and 𝜀𝑡𝑐𝑘 the cracking strain.

Figure 7: Comparison between normalized changes in volumetric strain obtained from the experimental
measurements and those extracted from FE model of the URM building specimen, for smart brick SB2 placed in
Façade 1.

where, 𝑅𝑖𝑠 is the electrical resistance measured after the s-step of the seismic sequence, 𝑅𝑖0
is the value of electrical resistance for the undamaged condition and 𝐺𝐹𝑖 is the estimated gauge
factor.
A 3D FE model, characterized by 76846 linear brick elements, type C3D8R, with a mesh
size of 50 mm (Fig. 6(b)), was built to interpret experimental measurements obtained from
embedded smart bricks by using a macro-modeling approach. In this case masonry was
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represented as a single continuum element and its non-linear mechanical behavior was defined
according to parameters reported in Table 3.
Figure 7 reports the comparison between normalized changes in volumetric strain obtained
from the experimental measurements and those extracted from FE model for smart brick SB2
placed in Façade 1.
Presented results denote a marked variation in both experimental and numerical trends
occurred at the seismic step E2, which represents the most significant one within the sequence,
thus confirming that smart bricks are capable to detect and localize permanent changes in
volumetric strain caused by a redistribution of the dead loads caused by a seismic input.
7

CONCLUSION

The paper has presented the results obtained from the characterization of smart bricks doped
with stainless steel micro-fibers and from their theoretical and experimental applications.
Electrical and electromechanical tests have confirmed that the addition of the conductive filler
to the clay matrices enhances their electrical properties and improves the strain-sensing
response of the sensors under compression loads.
A theoretical application of smart bricks embedded within a medium-scale brick wall
subjected to two different axial compression load cases has demonstrated that data obtained
from a tailored arrangement of smart bricks can be used to reconstruct the strain field maps in
order to understand which part of a structural element is most stressed. Moreover, results
obtained from the full-scale application of smart bricks embedded into an URM building
specimen subjected to shacking table tests have shown that smart bricks can be used for the
detection and localization of progressive damage induced by seismic inputs.
Overall, reported results confirm that smart bricks represent a promising novel sensing
technology for the structural health monitoring of masonry buildings and for their quick
assessment immediately after a seismic event.
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Abstract
In this paper, the efficiency of base isolation of an asymmetric single-storey building subjected to the EL-CENTRO earthquake is investigated. Three different isolators (lead rubber bearing, high damping rubber bearing, and coil spring) have been employed and their efficiency
in reducing the response to the earthquake tested. A magneto-rheological damper is introduced to improve the efficiency of different isolators. The effect of including the soft soil interaction on the performance of the different isolators was also investigated. The building, on
grade slab and backfill are treated as lumped mass parameters in the dynamic modelling. The
results indicate that passive base isolation enables the reduction of the response of an asymmetric building under dynamic loads and allows the superstructure to act as rigid body. The
high damping rubber bearing performed best among the isolators examined, while semi active control allowed a reduction of ninety percent in the dynamic response. Including soilstructure interaction in the dynamic analysis increased the displacement of the suggested one
storey building.

Keywords: Asymmetric Building, Earthquake, Base Isolators, Soil-Structure Interaction.
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1

INTRODUCTION

Ground vibration can have a severe effect on buildings and equipment because of the damage that can be caused by the displacements and accelerations transmitted into the structure.
There are traditional methods aimed at helping buildings survive earthquakes, such as force
resisting systems, and shear walls. However, use of the latter has the disadvantages of: (a) an
inability to resist ground motion perpendicular to the shear wall axis; and (b) producing high
shear force and moment at the base of multi-storey buildings when exposed to strong earthquakes, because of the relatively high mass to inertia ratio. Recently, new methods have been
used to control buildings in regions of high seismic activity such as passive, active, and semiactive base isolation. A base isolation system is based on separating the superstructure from
the base so that the structure acts as a rigid body. The strategy is to dissipate ground movement and isolate the structure from the energy of dynamic loading. Passive base isolation is
more practical and popular than the other two systems as it requires no power supply to function.
During the past 20 years, several methods for base isolation have been proposed. Malhotra
[1] analyzed a cylindrical liquid storage tank using base isolation and found that the response
of the structure decreases when using base isolation. His model consisted of three masses
(sloshing, impulsive and rigid masses) with the corresponding stiffness between the fluid and
the structure being calculated based on the geometric and physical properties of the tank. In
another study, Chaudhary et al. [2] evaluated the response of two different base isolated real
bridge systems. The first (pre-stressed) bridge was isolated with a high damping rubber bearing and was modeled as a two degree of freedom system while the second was isolated using
a lead rubber bearing and modeled as a single degree of freedom system. Colunga and Cruz [3]
studied and validated the torsional amplification in an asymmetric base isolated structure under different eccentricity (5- 20%) compared to that in symmetric system. The dynamic response of a five-storey building with and without a damper under the EL-CENTRO
earthquake regime was investigated by Hui and Jinping [4] using the state space equation that
was solved using the Linear Quadratic Regulator (LQR) controller.
In the present work, the efficiency of three different types of isolators (lead rubber bearing,
high damping rubber bearing, and coil spring) was examined under the EL-CENTRO earthquake for hypothetical, asymmetric one-storey buildings. Because the coil spring does not
have damping, semi active control and soil structure interaction were employed to examine
the efficiency of isolators. Figure 1 shows the plan of the building used to investigate the efficiency of different isolation systems, which consists of nine columns measuring (400 X 400 X
4000 mm). The material properties for the different components (building elements, isolators,
backfill and soil) and the magneto-rheological (MR) damper are summarized in Tables 1 and
2. The MR-damper appears to be a practically promising type of semiactive control device
(Dyke et al. [5], Johnson et al. [6], Jiang et al. [7]). Extensive studies have been conducted on
MR dampers for large scale and model prototypes (Rodriguez at al. [8,9], Bahar et al. [10]).
To improve dynamic response of structures, many models and control algorithms that adopt to
MR damper were developed in recent studies (Casciati, et al. [11], Mohajer et al. [12], Amini
and Javanbakht [13]). A phenomenological model of a shear-mode MR damper based on
Bouc-Wen element was employed in the analysis of a five-storey building (Kori and Jangid
[14]).
The main assumptions considered are:
 The superstructure and the substructure are assumed to behave linearly elastic during
earthquake excitation.
 Both superstructure and substructure are modeled as lumped mass systems.
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 The slab was considered as a rigid body.
 Three degrees of freedom were considered (two horizontal translations and rotation about
vertical axis).
 In the case of soil structure interaction, only the soil under the foundation is considered.
12m
3m

3m

3m

3m

8m

4m

A

4m

B

C
1

2

3

4

5

Figure 1: Layout of the first floor of the hypothetical building.

Component Number
Column
First floor
slab
On grade
slab
Lead rubber
bearing
High damping rubber
bearing
Coil spring
Foundation

Fc’
(MPa)

G
Density
2
(kN/m ) (kN/m3)

Dims
Stiffness Critical Shear
(m)
(kN/m) Damping Velocity
0.4 X 0.4 X
9400
0.02
NA
4

9

25

NR

NR

1

25

NR

24

12 X 8 X 0.2

NR

NR

NA

1

25

NR

24

12 X 8 X 0.1

NR

NA

NA

9

NR

1069

NA

0.4 X 0.4
X .01

1696

0.05

NA

9

NR

1069

NA

0.4 X 0.4
X .01

1696

0.15

NA

9X64
9

NR
25

79
NA

NA
NA

0.05 X 0.1
2 X 0.4e

1894
NA

.005
NA
NA
NA
0.0512a
Clay soil
1
NR
17.5
1.75d
12 X 8
98
0.0758b
100
0.0328c
Backfilling
NA
NA
NA
1.75d 12 X 8 X 2
NA
NA
NA
a
b
c
lead rubber bearing; high rubber bearing; coil spring bearing; dunits are in Mg/m2 ; ediameter
x depth.
Table 1: Geometrical physical properties of different components
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Control force
αa
αb
Coa

500 kN
10.9 N/m
49.6 N/m
4.4 X 10-4 N.sec/m

Cob
N
A


44 X 10-4
1
12
30m-1

Table 2: Material property of MR-Damper

2

FORMULATION

The loading of an earthquake may cause six different deformations, three translations and
three rotations (Vertical and two horizontal (in X-Y plane) translations and rotations about the
X, Y and Z axes). Vertical translation may be neglected when the earthquake loading is almost
horizontal, especially when the columns have high axial stiffness. Rotation about the X and Y
axes can be neglected in one-storey but should be considered in multi-storey buildings. The
third rotation is torsional (about the Z-axis) and should be considered in an asymmetric building.
2.1

Displacement

The structural model of the one-storey building mounted on base isolators is shown in figure 2. Isolation was introduced under the on-grade slab with two degrees of freedom considered: the mass of the ceiling slab and columns and the mass of the on-grade slab and
weightless isolator.
The horizontal ground motion exerted on the system would lead to horizontal deformation
(displacement) for both ceiling and ground slabs. After applying Newton’s second law, the
equation of motion is:

M U  k U   C U  

f  F (T )

(1)

Where [M], [K], and [C] are the lumped mass, stiffness and damping matrices for corresponding to the degrees of freedom (DOF), and [U] is corresponding displacement for each
Eigenvalue. The number of DOF was taken as 2 and 3 when excluding and including the effect of soil structure interaction as shown in figure 3(a) and (b), respectively. For the case of
passive control, the control force, f is zero.

 


F (T )  M U
g

(2)

Where Ug is the ground acceleration.
When a magneto-rheological (MR) damper is applied at the on grade slab along with the
base isolators a control force, f is produced. This force is computed based on Bouc-Wen model, presented by Jansen and Dyke [15] as shown in figure 4, according to the following equations:
f  C o x  z
z    x z z

n 1

  x z

   a   bu

n

 Ax
(3)

Co  Coa  Cobu
u   (u   )
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Where x is the displacements of the device, z is the evolutionary variable that accounts for the
history dependence of the response, and u is the functional dependence of the device parameters on the effective voltage.

Figure 2: Side view of passive base isolation model.

(a) Excluding soil structure interaction

(b) Including soil structure interaction
Figure 3: Modelling of structure
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Figure 4: Mechanical model of the MR damper
2.2

Rotation

The torsion exerted on the system, coming from the earthquake-induced forces multiplied
by the eccentricity (the distance, e of the center of mass from the center of rigidity), is resisted
using the columns and isolators’ force. The forces induced in the columns to counteract the
torsion are depicted in figure 5.

Figure 5: Asymmetric effect in buildings
The rotational stiffness of the asymmetric building is determined through considering the
entire one-storey floor as a rigid body, resulting in similar rotation for all of the building, as
shown in figure 6.
The asymmetric stiffness is derived as follow.
J   ( K X aY2  KY aX2 )  T

(4)

Where J is mass moment of inertia, ax and ay are the distances from center of mass to center of columns in the X and Y directions, KX and KY are the stiffness of one column or isolator
in the X and Y directions, respectively, and T is the torsion.
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Recall equation 1, the stiffness of displacement is replaced with an appropriate value of
stiffness of rotation so it becomes:

J  K    C  T 

(5)

Where [J] is lump mass moment of inertia matrix calculated according to equation (4), and
[θ] is the corresponding rotation, [T] is the torsion with other parameters as defined before:

T   M eUg 

(6)

Figure 6: Plan under rotation
3

STATE SPACE EQUATION

Considering an n-DOF base isolated building subjected to earthquake ground acceleration,
the equation of motion can be converted into the following state space equations that are
solved using the Linear Quadratic Regulator (LQR) controller algorithm presented by Hui and
Jinping [16].

z  Az  Bf  EU g

(7)

y  Cz  Df

(8)

T
T
Where z  u u  , y  u u  and are the vector of outputs. The system matrices are defined as follows:

 0
A
1
 M K

I 
 M 1C 

 0 
B   1 
M 
 M 1 K
C
 I
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(10)

 M 1C 

0 

(11)
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 M 1  
D

 0 

(12)

0
E   
 

(13)

Where,  is a matrix zeroes and ones, and  is a vector of ones.
4
4.1

RESULTS AND DISCUSSIONS
Passive isolation

A summary of the results of the dynamic analyses is presented. The variation of horizontal
displacement as a function of time is shown in figures 7 through 9 here. The results show that
the lead rubber bearing and high damping rubber bearings have zero response at time (8.0, 8.2
sec) respectively while the response of the coil spring does not vanish.
This result is predictable because, unlike other isolators, the coil spring does not have
damping. The response in terms of the rotation of the structure is shown figures 10 through 12.
The results indicate that the eccentricity influences the structural response for the floor and
the isolator. This result is also predictable as the floor was assumed to be rigid, and the translation of each column is relative to the center of rigidity.
4.2

Semi active isolation

Semi-active isolation consists of passive base isolation system and active control. Figures
13 through 18 show the effect of the MR damper in reducing the response of the one-storey
building. The values of the response for displacement for the lead rubber bearing, high damping rubber bearing and coil spring are equal to 6.63, 4.65, and 3.29 mm respectively, whereas
the values of the rotations are 0.00040, 0.00042, and 0.00042 radians, respectively. The results also show that the response of the coil spring was reduced to zero because the control
force produces a high magnitude force that is opposite to earthquake action. This force has a
tremendous effect in reducing the response.
4.3

Passive response; soil structure interaction

The trend of the response for the system with the isolators and the damper was similar to
that when soil structure interaction was not considered. The results show that the responses of
the lead rubber bearing and high damping rubber bearing vanish with time while the response
of coil spring does not. Including soil-structure interaction in the dynamic analysis resulted in
increasing the horizontal displacement of the suggested one-storey building as shown in figure 19 for the high bearing rubber bearing isolator for instance.
4.4

Rigid body motion

The three types of isolation systems act as rigid body because the displacement for first
floor and grade slab were about the same as depicted the in figures 7, 8, 9.
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4.5

Effect of isolator types:

The displacement and rotation estimated for the three types of isolators are compared. Figures 7 through 12 show that the largest displacement and rotation for lead rubber bearing,
high damping rubber bearing and coil spring for first floor amounted to 73.29, 50.42, 115.32
mm respectively. The corresponding values for rotation were 0.00148, 0.00100 and 0.00166
radian as shown in figures. 13, 14, 15 respectively. The results showed that high damping
rubber bearing contributed to the low response because of its relatively high damping potential.
4.6

Comparison between passive and semi-active base isolation

Two criteria were followed to evaluate the capability of each isolator in reducing possible
earthquake response. The first was the maximum displacement, while the second was the reduction of the displacement toward zero.
Figures 13 through 18 show a comparison between passive and semi-active base isolation.
The results showed that the maximum displacements for the passive lead rubber bearing, high
damping rubber bearing, and coil spring are 73.29, 50.42, 115.32 mm while using semi-active
control the results are 6.63, 4.65, and 3.29 mm. For rotations, the results are 0.00148, 0.00100
and 0.00166 radians respectively for the three types of isolator, and 0.00040, 0.00042, and
0.00042 radians using semi-active control.

Figure 7: Displacement of lead rubber bearing base isolation

468

Karim S. Numayr, Rami H. Haddad, Qusai D. Ailabouni and Madhar A. Haddad

Figure 8: Displacement of high damping rubber bearing base isolation

Figure 9: Displacement of coil
spring base isolation

Figure 10: Rotation of lead rubber bearing base isolation

Figure 11: Rotation of high damping
rubber bearing base isolation
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Figure 12: Rotation of coil spring
base isolation
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Figure 13: Displacement of semi ac- Figure 14: Displacement of semi active lead rubber bearing
tive high damping rubber bearing

Figure 15: Displacement of semi active coil spring

Figure 16: Rotation of semi active
lead rubber bearing

Figure 17: Rotation of semi active
high damping rubber bearing

Figure 18: Rotation of semi active
coil spring

Figure 19: Displacement of high damping rubber bearing; soil structure
interaction
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5

CONCLUSIONS
Based on the results of the present case study, the following conclusions are made:
 Passive base isolation enables the reduction of the response of an asymmetric building
under dynamic loads and allows the superstructure to act as rigid body.
 The high damping rubber bearing performed the best among the isolators modelled while
the semi-active coil spring was recommended to reduce the response.
 Semi active control allowed a reduction of ninety percent in the dynamic response.
 Including soil-structure interaction in the dynamic analysis resulted in increasing the displacement of the suggested one-storey building.
 Based on the analytical case study, studying the effect of coupling between torsion and
translational forces is recommended in the future work.
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Abstract
In performance-based seismic assessment, structural response is characterised with increasing
seismic intensity via some form of intensity measure (IM). IMs are typically related to the
characteristics of ground shaking and dynamic properties of the structure, with spectral
acceleration at the first and dominant mode of vibration being a popular choice in the case of
buildings. In bridge structures, where no single dominant mode typically exists for bridges with
any degree of irregularity, the use of spectral acceleration at one single mode of vibration may
be somewhat inefficient due to a more multi-modal transverse structural response. To counter
this and also to appease the needs of bridge portfolio assessment, where a group of structures
is assessed collectively to evaluate entire bridge networks, peak ground acceleration has
become a popular IM, albeit its drawbacks in terms of meaning with respect to structural
dynamics. To address these limitations, this paper explores the use of different IMs for a more
efficient assessment of bridges. Among these, there is average spectral acceleration, whereby
a pertinent period range is used to define the IM that could suit the needs of a bridge structure
with multi-modal response as well as when more than one bridge structure is considered. To
do this, a number of bridges are considered and evaluated via incremental dynamic analysis
for different IMs. The results show that average spectral acceleration is indeed a quite efficient
IM that can lead to a more refined quantification of bridge performance, both individually and
also as part of a larger bridge network when conducting portfolio risk assessment.

Keywords: bridges; assessment; intensity measure; average spectral acceleration; portfolio.
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1

INTRODUCTION

One aspect that is required in the site-specific seismic hazard assessment of a structure is the
choice of an intensity measure (IM), that is, the measure used to characterise the intensity of
ground shaking to be linked to different levels of damage when deriving fragility curves.
Different types of IMs exist, with each one possessing their own inherent advantages and
disadvantages [1–5]. One aspect that is typically desirable from any IM is for it to be efficient,
meaning that is should be a relatively accurate predictor of the structural response and
subsequently, the damage. This characteristic typically leads IMs to be defined in terms of the
modal properties of the structure, with the first mode spectral acceleration, Sa(T1), being a
popular choice in building assessment, since the response of the building is generally dominated
by the first mode response. Ground motion records can subsequently be selected and
conditioned to that specific period using conventional tools (e.g. conditional spectrum [6–8])
and the numerical analysis subsequently conducted.
In the case of bridges, there does not generally tend to be a dominant mode of transverse
response (i.e. a mode of response where most of the mass is participating), which therefore
makes the task of choosing a single period to characterise the IM in terms of Sa(T) more difficult.
Furthermore, when dealing with the assessment of large numbers of bridges as part of a regional
or portfolio assessment, it is almost certain that each bridge will possess different first mode of
vibration periods, making the IM choice even more taxing. This is because a single period may
be efficient for some types of bridges while not for others, resulting in increased dispersion and
reduced IM efficiency. To avoid this issue in regional assessment, peak ground acceleration
(PGA) has often been adopted in the past [9]. While this is a simple and convenient solution,
PGA is widely known to be a relatively poor predictor of structural response but has been shown
[10] to be a fair performer for bridges when compared to other types of IMs, therefore still
having some merit.
A further aspect regarding IM definition is that it requires some knowledge of the structure’s
modal properties, which are often not known prior to construction of the numerical models.
Hence, the adoption of an IM that does not require modal properties is preferred. One candidate
that has emerged as a potential solution to the aforementioned problems is average spectral
acceleration, AvgSa, defined as the geometric mean of N-number spectral accelerations within
a user-specified range [Tlower, Tupper] as described by Equation (1):
𝑁

1/𝑁

𝐴𝑣𝑔𝑆𝑎 = [∏ 𝑆𝑎(𝑇𝑖 )]

𝑓𝑜𝑟 𝑇 ∈ [𝑇𝑙𝑜𝑤𝑒𝑟 , 𝑇𝑢𝑝𝑝𝑒𝑟 ]

(1)

𝑖=1

This has the benefit of being relatively simple in its definition and being relatively
independent of modal properties. When compared to the efficiency of other more buildingspecific IMs like Sa(T1), studies [11,12] have shown AvgSa to perhaps not be the outright
winner in any specific category of response prediction (e.g. storey drift, floor acceleration or
collapse performance) but to be the best across the board when considering all salient structural
response parameters. It works on the basis of defining a period range of interest over which the
hazard is conditioned, instead of a specific period. As such, the precise value of a structure’s
period(s) is not required (as for Sa(T1)) but rather a range in which they are likely to fall. This
is advantageous when assessing multiple structures since the modal properties of a single
structure are not focused on and an acceptable level of efficiency is still being maintained. For
bridge structures, where there is usually no single dominant mode of vibration, the use of a
period range also makes more sense since the entire response cannot be adequately linked to a
single mode of vibration as in the case of buildings.
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This study examines the efficiency of different IMs for the assessment of bridges structures,
particularly AvgSa. It builds on past work by Zelaschi et al. [5] and Monteiro et al. [10] by
assessing the relative IM efficiency for a number of regular and irregular structures via
incremental dynamic analysis (IDA) [13]. The level of damage is assessed via local memberspecific parameters and the evolution of pier damage in the bridge is characterised with
increasing intensity. A number of IMs are considered using these analysis results, relative
comparisons are made and conclusions are drawn.
2

CASE STUDY

2.1 Description of bridge structures
To examine the impact of using different IMs for fragility assessment, a number of case
study bridge structures were examined. These structures were previously examined by Pinho et
al. [14] to evaluate different non-linear static analysis procedures for bridge structures. The case
study comprised bridge structures of two lengths, with viaducts consisting of either four or eight
50m spans. Bridges were classed as being regular or semi-irregular/irregular depending on the
variations of bridge pier heights considered, which are illustrated in Figure 1. For each pier, the
same cross section was assumed, whose details are given in Figure 2. This way, different bridge
pier configurations – and therefore distributions of bridge pier stiffness and subsequent mode
shapes – could be examined in a relatively simple manner, whilst at the same time maintaining
a degree of realism for what concerns the general irregularity of bridges. The total number of
bridges was seven, as implied by Figure 1, where the label numbers 1, 2, and 3 denote pier
heights of 7m, 14m, and 21m, respectively.

Figure 1. Illustration of the longitudinal profile of the bridge structures considered, where the different labels
refer to the arrangement of pier heights in multiples of 7m.

Figure 2. Details of the cross section utilised for each bridge pier [14], where the shorter side of the section is
placed in the direction of the bridge deck.
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2.2 Numerical modelling of bridge
A numerical model of each bridge was built using OpenSees [15]. The dimensions of the
bridge structures are as per Figure 1, with each pier cross section comprising the section
dimensions and reinforcement layout illustrated in Figure 2. The piers were modelled as fixed
at the base and the deck ends were supported upon pot bearings with a horizontal stiffness of
26,329 kN/m. The deck system was modelled using a continuous elastic beam-column element
whose section stiffness properties were modelled as reported by Pinho et al. [14].
Pier elements were modelled using lumped plasticity elements, whose parameters were
established from moment-curvature analysis. To do this, the Concrete01 material model
available in OpenSees was used. The characteristic compressive strength of concrete was taken
as 42MPa and the strain at peak stress was taken to be 0.002. Based on the layout of the concrete
shear reinforcement in Figure 2, the confinement factor was computed as 1.2 and its impact on
the stress-strain relationship for the confined regions of the pier cross-section was incorporated
as per Mander et al. [16]. As such, cover concrete was modelled as unconfined, whereas the
inner regions restrained by the stirrups were modelled as confined. Reinforcing steel was
modelled using the Steel02 material model in OpenSees with a yield strength of 500MPa. To
simulate the rupture of the bars, a MinMax criterion was placed on this material to simulate its
loss of strength when a certain strain threshold was surpassed. This rupture strain was estimated
as 0.10 based on the values given in Priestley et al. [17] for reinforcement steel used in bridges
in Europe. Since three types of pier element were feasible (i.e. 7m, 14m or 21m), momentcurvature was conducted for each axial load ratio resulting from the change in pier self-weight.
Once established, the Pinching4 material model was used to capture the moment-curvature
behaviour shown in Figure 3 and used in the lumped plasticity element model.
All elements were modelled using the corotational geometric transformation to model
second-order effects. Masses were modelled as distributed along both the deck and the pier
elements. Priestley et al. [17] suggested that simply placing one-third of the pier mass at its top
as a lumped mass may also suffice, which would result in a more efficient numerical model.
However, this simplification assumes the formation of a plastic mechanism at the base and a
linear displaced shape along the pier height, which would be difficult to justify for some of the
more irregular configurations shown in Figure 1. Gravity loads were also applied and
maintained throughout all analyses.
60
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Figure 3. Characterisation of each pier element’s moment-curvature behaviour and definition of the two limit
states corresponding to section yielding and peak strength prior to the initiation of bar rupture.
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3

RESPONSE CHARACTERISATION

3.1 Modal analysis
With a numerical model of each bridge structure constructed, the next step was to conduct a
modal analysis and identify their dynamic properties. Table 1 presents the periods for the first
three modes of vibration in the transverse direction of response. It can be seen that some of the
periods tend to be closely spaced with none of the modes comprising the majority of the modal
mass. This confirms how, unlike building structures, there tends not to be a predominant mode
of response that can be used to characterise the entire structural response. It is also worth noting
how the first three modes of the more regular bridge structures comprise most of the mass,
whereas for the irregular cases there is an overall poor representation of modal mass.
Table 1. Modal properties of each bridge numerical models, where periods of vibration and percentage modal
mass for the first three modes in addition to their sum are shown.
Bridge
1
2
3
4
5
6
7

Configuration
123
213
222
232
2222222
2331312
3332111

Type
Irregular
Irregular
Regular
Regular
Regular
Irregular
Irregular

T1 [s]
0.5550
0.5550
0.4830
0.5080
0.4790
0.4940
0.5560

T2 [s]
0.4470
0.4740
0.4750
0.4750
0.4790
0.4740
0.4360

T3 [s]
0.2770
0.2530
0.2230
0.3070
0.2250
0.3600
0.3870

%M1
28
27
31
19
16
4
11

%M2
9
17
0
0
0
9
7

%M3
12
1
57
76
74
29
29

Sum %M
48
45
88
95
89
42
47

3.2 Incremental dynamic analysis
IDA was performed to characterise the response of the bridge structures with increasing
ground motion intensity using the far-field ground motion set from the FEMA P-695 guidelines
[18]. Analyses were conducted in the transverse direction and a 2% tangent stiffnessproportional Rayleigh damping model was adopted. This was based on past experimental
observations [19] because in the case of bridge structures, the lack of contribution to the energy
dissipation typically provided by damage to non-structural elements in buildings, amongst other
sources, is not present.
To characterise the bridge response with increasing intensity, a single structural demand
parameter - termed an engineering demand parameter (EDP) - was needed. In buildings, roof
drift ratio or maximum storey drift along the building height are typical EDPs, since they
characterise the response of these first mode dominated structures quite well. Again, in the case
of bridges, the lack of a dominant mode or an obvious critical element in the structure makes
the identification of a suitable EDP a non-trivial task. Global EDPs, such as peak deck
displacement, may be used but these do not necessarily differentiate the degree of inelastic
damage in piers of different height. As such, local element-oriented EDPs were sought here.
Monteiro et al. [10] followed the work of Nielson [20] and HAZUS [21] by utilising the
maximum displacement-based ductility of all piers as their EDP. A similar approach was
adopted here: the peak transient curvature at the base of the piers was monitored during ground
shaking to obtain the peak pier section curvature. The maximum value of peak pier section
curvature among all piers of the bridge, φ max, was then identified as the EDP.
Two limit states were identified, corresponding to pier section yielding and the peak strength,
beyond which the section begins to lose its capacity due to rupturing of the reinforcement bars.
The yield curvature was computed from Priestley et al. [22] and for peak strength, the section
curvature was computed via the reinforcement rupture strain limit previously described in
Section 2.2. Both limit state definitions were considered independent of pier height and
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therefore a single set was used throughout, as illustrated in Figure 3. These two limit states –
termed yielding and peak strength herein – correspond to 1.25mrad and 26.9mrad, respectively,
implying a curvature-based ductility capacity of approximately 21.5 in the bridge piers.
3.3 Intensity measure definition
To characterise the evolution of structural damage using IDA, an IM definition was required.
Since the purpose of this study was purely to evaluate the relative efficiency of different IMs
in their ability to characterise bridge response, numerous IMs were considered. This was
because different IMs could be defined using the same set of IDA results via a simple reprocessing. For example, for a single bridge model whose response to a given ground motion
signal is a known value via non-linear dynamic analysis, its intensity can be examined in
numerous ways (e.g. peak ground acceleration or spectral acceleration at a given period). IM is
an interface variable used to quantify a ground motion’s shaking intensity with respect to
structural EDP. Therefore, for a given ground motion signal, or set of signals in this study’s
case, any number of IMs may be examined.
As such, the IDA was conducted using PGA as the initial reference IM with a number of
alternative IMs considered via re-processing of the IDA results. The IMs considered as part of
this study were:
• PGA – defined as the peak ground acceleration of a given ground motion;
• Sa(T1) – the 2%-damped spectral acceleration at the first mode period, T1, for a given
bridge structure;
• Sa(Tmed) – the 2%-damped spectral acceleration at the median period of the first three
modes, T1 – T3, for the bridges listed in Table 1;
• PGV – defined as the peak ground velocity of a given record;
• AvgSa – the average spectral acceleration defined in Equation (1) as the geometric
mean of ten equally space periods spanning the range of Tlower and Tupper defined
below.
In the case of PGA and PGV, these quantities are self-explanatory and are simply defined as
the absolute peak of the ground acceleration and velocity of each individual accelerogram,
meaning that they were not in any way connected to the bridge dynamic properties. On the other
hand, Sa(T1) and Sa(Tmed) correspond to the spectral accelerations at specified periods of the
bridges or bridge groups, meaning that some period information was required for their
definition.
For AvgSa, a period range [Tlower, Tupper] needed to be defined. It did not need to be linked to
any bridge period in particular but rather ensure sufficient coverage of the period range of
interest. To define this range, the modal properties listed in Table 1 were used. Considering
these modal properties, a period range spanning Tlower=0.112s and Tupper=0.833s was established
for the case study bridges. Tlower was determined as 0.5 times the 16th percentile of the T3 values
whereas Tupper was determined as 1.5 times the 84th percentile of the T1 values. The lower limit
was defined as the 16th percentile value in order to cover the majority of the higher mode values
and not be biased by any outlier period value. It was further factored down by 0.5 to anticipate
other modal contributions since Table 1 indicated that the irregular bridge configurations tended
to have many different modes beyond the third contributing to the dynamic response. The upper
limit was established using the 84th percentile to cover the majority of the first mode periods
and amplified by 1.5 to account for the effects of period elongation during non-linear response.
A range of ten periods equally spanning this range was used to define AvgSa. In the absence of
actual modal information for bridge groups, simple empirical relationships [23] may also be
used to identify the likely ranges in which Tlower and Tupper should be defined.
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4

RESULTS

Spectral Acceleration, Sa (T 1 ) [g]

4
3.5
3
2.5
2
1.5
1
Yielding
Peak Strength

0.5
0

Average Spectral Acceleration, AvgSa [g]

Conducting IDA for each bridge structure, their response was characterised well into the
non-linear range of response. Each of the five aforementioned IMs were subsequently used to
describe and examine the bridge response. Figure 4 illustrates the response of Bridge 2 for the
Sa(T1) and AvgSa IMs, for example, where the two limit states defined in Figure 3 are also
highlighted. The exceedance of these limit states was assumed to adequately characterised by
a lognormal distribution, whose dispersion is defined as the standard deviation of the natural
logarithm of the data. Considering the intersection of these vertical lines characterising the two
limit states, the dispersion due to record-to-record variability, βRTR, of each IM could examined
and characterised. Figure 5 illustrates the dispersions of each IM at both limit states for all seven
bridge structures examined. Tentatively operating on the premise that lower dispersion implies
a better or more accurate quantification of response and, in turn, risk, some initial observations
can be made.
4
3.5
3
2.5
2
1.5
1
Yielding
Peak Strength

0.5
0

0
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Max. Peak Pier Section Curvature, max [mrad]

0
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40
Max. Peak Pier Section Curvature, max [mrad]

(a) Sa(T1)

(b) AvgSa

Figure 4. Illustration of the IDA results obtained for Bridge when plotted for different IMs.

From Figure 5, PGA, Sa(T1) and Sa(Tmed) are seen to be fair indicators of structural response
at both limit states. At yielding, they all tend to produce the same level of dispersion, whereas
for the peak strength limit state, PGA tended to produce slightly lower dispersion on average.
This indicates that there is no clear advantage to using mode-specific IMs for bridge structures
since the lack of a dominant mode makes one spectral definition as valid as another, roughly
speaking. It was also interesting to note the general inefficiency of the Sa(T)-based IMs for
regular bridges (i.e. Bridges 3, 4 and 5) at the peak strength limit state. This was a rather unusual
observation at first but upon further inspection of the modal masses in Table 1, it can be seen
how the more dominant modes for these bridges were in fact the third modes of response and
not the first. Careful consideration of the modal properties could have reduced this dispersion
by using Sa(T3) but it actually goes to show how further considerations are required to use such
IMs for bridges. Overall, it appears that the PGV and AvgSa IMs were the best performers as
they rendered the lower dispersions on average. PGV slightly outperforms AvgSa at the peak
strength limit state, which resonates the findings of Monteiro et al. [10], but it is seen to report
very high levels of dispersions at the yielding limit state. On the other hand, AvgSa was seen to
have the lowest dispersion for most cases at both limit states. This finding also goes along with
the conclusions of Kohrangi et al. [11] when using AvgSa for assessing existing buildings,
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stating that AvgSa may not be the best performer in any one single category but tends to be the
best overall IM to characterise different facets of structural performance.
Sa ( T 1 )

PGA

Dispersion,

RTR

0.6

Sa ( T med)

0.6

Yielding

0.5

0.5

0.4

0.4

0.3

0.3

0.2

0.2

0.1

0.1

0

PGV

AvgSa

Peak Strength

0
1

2

3

4

5

6

7

Mean

1

Bridge

2

3

4

5

6

7

Mean

Bridge

Figure 5. Relative comparison of the dispersions for each bridge structure for both yield and peak strength limit
states along with mean dispersion for the bridge group.

While the above comparison in terms of dispersion for different IMs is useful to gauge the
general IM efficiency, no definitive conclusions may be drawn in terms of the ‘best’ IM since
the dispersion in the respective ground motion prediction equations (GMPEs) must also be
considered. That is, a very complex and detailed IM may be defined to optimise and report very
low levels of dispersion for the structural response, but the level of uncertainty with its
associated GMPE may be very large, meaning that the uncertainty has simply been moved from
one part of risk assessment to another, since risk is quantified via the integration of hazard and
vulnerability. The above comparison and comments relating to Figure 5 will only hold true if
the GMPE uncertainty of the IMs remains similar. As such, a brief comparison of the dispersion
associated with the GMPEs is included here to support the general findings of this study.
For the IMs defined using spectral values or general characteristics of the ground motion
shaking (i.e. Sa(T), PGA and PGV) the IM dispersion, βIM, is typically provided as a GMPE
output for a given rupture scenario. For instance, GMPEs such as Campbell and Bozorgnia [24]
provide it for each of the IMs listed previously. In the case of AvgSa, however, some further
consideration is required since it is an IM made up of a combination of other IMs (i.e. the
geometric mean of Sa(T) values). AvgSa dispersion for a given rupture scenario, βAvgSa|rup, has
been shown [11,25] to be described according to Equation (2):
1
β2AvgSa|rup = ( )
N

2 N

N

∑ ∑ ρln Sa(T ), ln Sa(T ) σln Sa(Ti)|rup σln Sa(Tj)|rup
i=1 j=1

i

j

(2)

where N is the number of spectral values being averaged (10 in this study), σ represents the
Sa(T) dispersion for a given rupture scenario provided by GMPEs, and ρ represents the
correlation between the spectral values at two periods, Ti and Tj, which can be computed using
a model such as that by Baker and Jayaram [26].
To illustrate the difference in relative GMPE dispersions between the IMs considered in
Figure 5 and shed more light on the efficiency of these IMs, a rupture scenario was considered.
Figure 6 shows the IM dispersions computed using the aforementioned GMPEs for a rupture
scenario of magnitude 7.0, at a distance of 50km and on soil with Vs30=360m/s, corresponding
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to firm ground. Overall, it can be seen from Figure 6 how the relative dispersions of the different
IMs are relatively similar, with no single one having a markedly higher or lower dispersion than
another. What is important to note is that, of the favourable IMs in Figure 5, there is no
significant disadvantage to their use also from a GMPE dispersion point of view. PGA and PGV
are seen to have slightly lower dispersion with respect to the Sa(T)-oriented counterparts. This
goes to show how the poor predictability of structural response by these Sa(T)-oriented IMs (i.e.
βRTR) only gets exacerbated by the relatively high variability in the GMPE. Compared to AvgSa
at both limit states and PGV at the peak strength limit state, where the dispersion in structural
response and in the GMPE are lower, this indicates an overall better IM performance. This
lower GMPE dispersion was noted by Kohrangi et al. [11] to be a characteristic of AvgSa’s
definition. With respect to the Sa(T)-oriented IMs, PGA is seen not to be a bad option, a finding
also noted by Monteiro et al. [10], but when compared to PGV and AvgSa, is seen to be slightly
inferior in terms of efficiency. Of course, these conclusions are based on visual inspection of
few case studies and more thorough studies ought to be used in order to provide more definitive
conclusions. Nevertheless, it provides useful insight into the efficiency of different IMs and
their usability in the specific case of bridge structures, where many different dynamic properties
often taken for granted in the case for buildings do not necessarily apply.
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Dispersion,
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Figure 6. Comparison of the GMPE dispersion associated with each IM.

5

SUMMARY AND CONCLUSIONS

This work examined the relative performance of different intensity measures (IM) for the
assessment of bridge structures. To do this, a number of bridges, both of regular and irregular
configuration, were modelled and analysed. Their dynamic response with respect to increasing
ground shaking intensity was characterised and the exceedance of two limit states
corresponding to pier section yielding and peak strength were quantified. A number of IMs
were used to examine how efficiently each could characterise the bridge response at both limit
states. IMs related to ground motion parameters such as peak ground acceleration (PGA) and
peak ground velocity (PGV), in addition to others related to the bridge structures’ modal
properties like spectral acceleration, Sa(T), were examined. Furthermore, a recently introduced
IM termed average spectral acceleration, AvgSa, was also examined. Their efficiency was
evaluated in terms of dispersion for each limit state. The results showed that the level of
dispersion depended on the type of IM, the regularity of the bridge structures and the limit state
being considered. Based on this preliminary study, the following conclusions can be noted:
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•

•
•
•
•
•

Due to the inherent nature of their dynamic properties, bridge structures are generally
not characterised by a single dominant period of response, with numerous modes of
response contributing depending on the bridge layout’s regularity. This can make
Sa(T)-oriented IMs rather unfavourable;
PGA and PGV tend to be better predictors of structural response when compared to
the first mode spectral acceleration, Sa(T1), as their dispersion was generally lower;
Considering the median period value of the bridge group’s first three periods in a
Sa(T)-oriented IM did not offer much improvement in terms of IM efficiency;
PGV was seen to be one of the best predictors of bridge response for the peak strength
limit state, which signifies extensive pier damage, but was noted to be one of the
worst predictors of the low damage limit state related to pier section yielding;
Overall, AvgSa was seen to be the best predictor of bridge response. This was the
case for both limit states and bridge configurations;
In terms of GMPE dispersion, the increased dispersion of the Sa(T)-oriented IMs saw
their overall efficiency further exacerbated for risk assessment of bridges, while
AvgSa was shown to be slightly superior to PGA and PGV in this sense.

While the study presented here represents a relatively simple illustration of the potential
benefits of using IMs such as PGV or AvgSa that are relatively independent of the bridge
dynamic properties, further work is required to verify the observations made. Nevertheless,
these findings are promising for what concerns the risk assessment of bridge structure groups
as part of regional or portfolio assessment.
6
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Abstract
The development of reliable models for the assessment of the shear behaviour due to seismic
action is still an open issue for reinforced concrete elements with hollow circular cross section, despite their widespread use worldwide, especially for bridge piers. Very few experimental studies from literature were focused on shear-critical hollow circular piers.
Furthermore, no reliable and widely validated degrading shear strength models can be found
in literature or seismic codes dedicated to this structural typology, despite the significant differences with respect to solid sections, both in terms of resisting mechanisms and cyclic degradation phenomena. This study aims contributing to the investigation about the shear
strength of reinforced concrete members with hollow circular cross section, starting from the
analysis of the lonely specific degrading model proposed in literature. New equations are
proposed for concrete, transverse reinforcement and axial load contributions to shear
strength and for shear strength degradation due to increasing cyclic ductility demand. The
proposed model is validated by means of a proper collected experimental database of tests
carried out in the literature. Numerical-versus-experimental comparisons show very good results in terms of prediction capacity of both maximum (not-degraded) and degraded (due to
cyclic ductility demand) shear strength.
Keywords: Hollow Circular Cross Section, Seismic Assessment, Degrading Shear Strength
Model, Reinforced Concrete.
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1

INTRODUCTION

Generally, existing low-standard reinforced concrete (RC) structures, buildings and bridges
in particular, were designed according to obsolete seismic codes or without any seismic provisions, often resulting shear-critical in case of seismic events. Therefore, in last decades, the
development of reliable analytical models for the assessment of the shear capacity of RC
members under seismic action became a key-issue for structural engineering.
For existing RC elements with ordinary solid cross section, the assessment of the shear
strength could be considered an almost solved issue, since the large amount of reliable studies
[1, 2, 3, 4, among others], whose effectiveness is recognised by the adoption of such proposals in several seismic codes [e.g. 5, 6]. Conversely, the shear capacity of RC members
with hollow-core cross section is still an open issue, particularly if cyclic loads are considered.
No seismic code, in fact, provides specific formulations for this structural typology, despite
several experimental studies showed significant differences with respect to solid sections, in
terms of both resisting mechanisms and cyclic degradation phenomena [7, 8, 9, 10, 11].
Furthermore, despite RC elements with hollow shaped cross section are very widespread,
above all for bridges piers [7, 12], limited experimental studies are present in literature about
their seismic response. Most of these researches were mainly focused on the flexural response
of RC piers subjected to cyclic loads [12, 13, 14, 15, 16, 17]. Very few experimental studies
investigated the assessment of shear failure, some of them for specimens not representative of
typical existing non-conforming RC piers [18, 19]. Monotonic tests were carried-out in literature on simple supported beams with hollow circular section, ordinary concrete strength and
poor reinforcement details [20, 21]. Cyclic tests on RC piers with hollow circular cross section characterized by shear failure after yielding were finally carried out in [7, 16, 17, 22].
The present study aims contributing to the investigation about the degrading shear strength
of RC members with hollow circular cross section. Therefore, a database of experimental tests
is first collected, including specimens typically representing existing structures. Based on the
collected database, the lonely model specific for hollow circular section, proposed by Ranzo
and Priestley [7], is analysed and properly modified. More in details, proper modifications are
discussed and proposed, addressing the following specific issues: (i) transverse reinforcement
effectiveness; (ii) concrete effective shear-area and tensile strength; (iii) axial load effectiveness and strut configuration; (iv) strength degradation due to the increasing cyclic inelastic
displacement demand. Finally, the modified shear strength model is validated through the
comparison with the collected experimental data, and compared with the original model by
Ranzo and Priestley [7] in terms of prediction capacity to prove its (improved) efficiency.
2

EXISTING SHEAR-STRENGTH MODELS

Few analytical models for the assessment of the shear capacity specific for hollow circular
sections are available in literature or codes. Moreover, some of them were calibrated on experimental results of high-strength concrete hollow circular members and do not account for
any degradation effect due to increasing ductility demand [23, 24], so they result not suitable
for seismic assessment of existing members. The only specific shear strength model accounting for cyclic degradation was proposed by Ranzo and Priestley [7]. Ranzo and Priestley [7],
actually, proposed some modifications to the original “UCSD model” by Kowalsky and
Priestley [2], the latter calibrated on the experimental results of 38 tests on solid circular section columns characterized by shear or flexure-shear failure mode. Such modifications, concerned only the concrete resisting contribution, were calibrated based on two cyclic tests
carried out on hollow circular RC bridge piers with helical transverse reinforcement.
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According to the model by Ranzo and Priestley [7], hereinafter referred to as “RP” model,
the shear strength (VRP) is given by the sum of three resisting mechanisms: the inclined compressed strut in the column due to the axial load (V N), the concrete contribution (Vc), and the
truss component related to transverse reinforcement (Vw). More in details, the modifications
with respect to the UCSD model by Kowalsky and Priestley [2] concerns the computation of
(i) the effective shear area and of (ii) the dowel action contribution (depending on the neutral
axis depth with respect to the thickness), by means of the coefficients (γ) and (β), respectively.
In Eqs. (1 - 4), all the above-mentioned shear contributions are specified.
VRP  VN  (k  Vc )  Vw
VN 

(De  x)
N
2L V

(1)

Vc     k f c   (0.8A c )
Vw 


 n  A

f yw  (De  x  c)  cot(30)
4
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(1   2 )(1   )
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L
  min 1.5;max 1.0;3  V

De




 


(2)

(3)

if : x  t    min(1.0;0.5  20l )
if : x  t    0.5  20

Al
De 2 / 4

(4)

In Eqs. (1 - 4), (x) is the depth of the compressed zone (evaluated at nominal flexural capacity); (fc) and (fyw) are concrete compressive strength and steel yielding strength, respectively; (c), (Lv), (De), (t), and (Ac) represent concrete cover, shear length, external diameter,
web thickness and concrete area, respectively; (Al) is the longitudinal reinforcement area and
(ρl) represents the geometrical longitudinal reinforcement ratio (evaluated with respect to the
circular crown); (A) is the area of a single steel hoop or spiral; (s) is the spacing of the stirrups or the pitch of the spiral; (n) is the number of effective legs in the cross section; (N) is
the compressive axial load; (α) is the coefficient accounting for the member aspect ratio; and
(µ) is the ductility demand. The shear strength degradation due to ductility demand (µ) is taken into account through the coefficient (k), which multiplies the concrete contribution only
and varies linearly between 0.29 (non-degraded shear strength) and 0.05 for (µ) ranging between 2.0 and 8.0 (for the uniaxial case).
3

EXPERIMENTAL STATE-OF-THE-ART

A deep revision of the experimental studies focused on the behaviour of RC members with
hollow circular cross section available in literature has been carried-out [7, 12, 14-22]. A detailed description of these experimental campaigns is reported in [22]. Based on the analysis
of such experimental data, representing the experimental state-of-the-art about shear-critical
non-conforming RC columns with hollow circular cross section, a proper database has been
collected. Only experimental data of specimens characterized by medium-low concrete compressive strength, typical of existing structures [26], have been considered, since, as known,
structural performance of high strength concrete elements is determined by different shear
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resisting mechanisms [27]. Overall, the database includes 44 experimental tests on hollow circular columns: (i) 31 tests are characterized by flexural failure mode (F-mode), representing
the lower bound for the predicted shear strength; (ii) 13 specimens exhibited a shear failure
mode (S- or FS- mode). More in detail, among shear-critical tests, 8(/13) showed a shear failure without yielding (S-mode): 6(/8) of them were performed without the application of any
axial load and 2(/8) tests were performed on specimens without transverse reinforcement. All
these tests were carried out under monotonically increasing load. The remaining 5(/13) shearcritical cyclic tests were interested flexure-shear failure mode (FS-mode) which limited their
potential ductile behaviour.
Regarding the adopted loading schemes, some of the specimens were tested under unidirectional cyclic lateral increasing loading in single curvature with fixed-end at the bottom [7,
12, 15, 16, 17]. Some others [14, 20, 21] were tested as simply supported beams on mechanical hinges, under unidirectional monotonic transverse load applied at mid-span. All the specimens are characterized by uniform longitudinal and transverse details throughout the length.
In summary, the main properties of the collected tests show the following limit values:










Cylindrical concrete compressive strength: 16.0 ≤ fc ≤ 40.0 (MPa);
Steel yielding stress of longitudinal reinforcement: 418.0 ≤ fy ≤ 600.0 (MPa);
Steel yielding stress of transverse reinforcement: 392.0 ≤ fyw ≤ 655.0 (MPa);
Longitudinal reinforcement ratio: 0.85% ≤ ρl ≤ 5.33% (-);
Transverse reinforcement ratio: 0.00% ≤ ρw ≤ 0.40% (-);
Applied axial load ratio: 0.00 ≤ ν ≤ 0.27 (-);
Aspect ratio: 2.00 ≤ Lv /De ≤ 2.55 (-);
Thickness to external diameter ratio: 0.09 ≤ t /De ≤ 0.25 (-);
Tie spacing-to-external diameter ratio: 0.02 ≤ s /De ≤ 0.50 (-).

For each test, the backbone curve of the experimental response is identified as the experimental curve itself (for monotonic tests) or as the external envelope (for cyclic tests). All
these responses, expressed in terms of shear force (V) versus drift ratio (DR), i.e. lateral displacement-to-shear length ratio, are also classified with respect to their failure mode (FM).
Within the objectives of the present work, a uniform FM classification for all the collected
tests is essential, since, among the considered experimental works, different definitions of
damage states and yielding condition are presented. To this aim, first, section analyses are
performed for each collected test, by using OpenSees software [28]. Mander et al. [29]’s
model is adopted for concrete (Concrete04 uniaxial material in OpenSees) and an elastoplastic with hardening stress-strain relationship for steel (ReinforcingSteel uniaxial material
in OpenSees), both characterized in agreement with material properties declared by the Authors of the experimental campaigns. As a result, the theoretical first yielding load (V′ y) and
the flexural capacity force (Vp) are obtained, the latter according to the definitions proposed in
[14, 15]. Based on (i) these values for each shear-critical test (i.e., test characterized by experimental shear failure mode), and on (ii) the maximum value of shear force experimentally
reached during the test (Vtest), the FM is defined, as follows. For monotonic tests, when (Vtest)
is lower than flexural capacity force (Vp), then a shear (S)-FM occurs; otherwise, flexure (F)FM is assumed. Regarding cyclic tests, a shear FM is assumed to occur when (Vtest) is lower
than first yielding force (V′y). Flexure-shear (FS)-FM is assumed if (Vtest) ranges between (V′y)
and (Vp). When the shear failure occurs during the post-elastic phase under cyclic loading (i.e.,
for FS-mode tests), it is crucial to evaluate the ductility demand at shear failure, in order to
account for the shear strength degradation. As known, the ductility capacity is defined as the
ratio between the displacement capacity and yielding displacement. Several definitions of
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both yielding and capacity displacement may be found in literature, based on conventional
assumptions. In this study, the ductility capacity (µmax) is assumed as the ratio between displacement at peak load (Dmax), in the loading direction where shear failure occurred, and displacement corresponding to first yielding force (D’y), as given in Eq. (5):
 max 

D max
D 'y

(5)

In this way, the definition of the shear failure corresponds to the peak load achievement (as
in [7]), and the identified yielding condition is in agreement with the failure mode classification assumed herein (based on the achievement of the first yielding condition).
In summary, Table 1 shows main properties (geometry, reinforcement details, material
properties, and axial load ratio), peak load (Vtest), experimental failure mode (FM), theoretical
first yielding load (V′y), for all the collected tests, and ductility µmax evaluated according to Eq.
(5), for FS-FM specimens.
4

SHEAR STRENGTH MODEL PROPOSAL AND VALIDATION

Currently, the only shear capacity model accounting for cyclic degradation and specific for
hollow circular members available in literature is the RP model [7]. As highlighted in section
2, such model is a slightly modified version of the UCSD model [2] based on the experimental results of only two experimental tests.
Herein, first, the prediction efficiency of this model (RP model) is evaluated by applying
Eqs. (1 - 4) to the collected tests characterized by shear failure (see Table 1). Figure 1 shows
the comparison between predicted (Vpred) and experimental (Vtest) shear strength values, in
terms of (Vpred/Vtest), for S tests (Figure 1a) and for all tests characterized by shear failure (Sand FS-mode, Figure 1b). As observed in Figure 1a, RP model underestimates the shear
strength for monotonic experimental tests failing in shear without yielding, with a mean
(Vpred/Vtest) ratio equal to 0.85 and 10% of coefficient of variation (COV). If the axial load
component is neglected, as suggested in [7] for design purposes, the resulting prediction is
even less thorough, with mean (Vpred/Vtest) ratio of 0.74 and 17% COV. This result suggests
that the not-degraded shear strength equation need to be improved. In particular, most of the
S-mode specimens (i.e., 6/8 of the considered tests) are not subjected to axial load. If the RP
model is applied to these tests, the mean (V pred/Vtest) ratio is equal to 0.81 with COV equal to
4%. Therefore, some modifications should be identified to increase concrete and transverse
reinforcement shear-resisting contributions.
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Figure 1: Predicted-to-experimental shear strength ratio for RP model.
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ID

Test

[20]

PA1
PA2
PB1
PB2

[21]

Test 1
Test 2
Test 3
Test 4

[7]

HS2
HS3

[16]
[17]
[22]

PI2-C

[14]

1
2
3
4
5
6
HF1
HF2
HS1
PS1-C
P2
P3
P4
P5
P6
P7
P8
RP1
RP2
RP3
RP4
RP5
RP6
RP7
RP8
RP9
RP10
RP11
RP12
RP13
PC1

[15]
[7]
[16]
[12]

[22]

PI2-C*
PC2

De
(mm)
300
300
300
300
600
600
600
600
1524
1524
1500
1500
550
400
400
400
400
400
400
1524
1524
1560
1500
1000
1000
1000
1000
1000
1000
1000
1400
1400
1400
1400
1400
1400
1400
1400
1400
1400
1400
1400
1400
550

t
(mm)
60
60
60
60
100
100
100
100
139
139
300
300
100
94
94
75
75
55
55
140
140
152
300
250
250
250
125
250
250
125
210
210
210
210
210
210
210
210
210
210
210
210
210
100

Lv
(mm)
750
750
750
750
1375
1375
1375
1375
3880
3880
3500
3500
1100
1625
1625
1625
1625
1625
1625
6528
6528
3880
5500
3500
3500
3500
3500
3500
3500
3500
4900
4900
4900
4900
4900
4900
4900
4900
4900
4900
4900
4900
4900
1650

s
(mm)
150
150
300
300
300
300
70
70
200
200
120
75
90
75
90
75
90
35
35
70
100
40
40
80
40
80
80
40
196
196
98
98
98
98
49
49
196
98
98
98
98
120

ρl
(%)
5.33
5.33
5.33
5.33
2.40
2.40
2.40
2.40
2.25
2.25
2.15
2.15
0.85
3.56
3.56
4.20
4.20
5.40
5.40
1.42
3.18
1.30
2.15
1.17
1.36
1.17
2.00
1.36
1.36
1.17
1.02
1.02
1.02
1.02
1.02
1.02
1.02
1.02
2.04
2.04
1.02
1.02
1.02
0.85

ρw
(%)
0.00
0.00
0.35
0.35
0.09
0.09
0.09
0.09
0.33
0.33
0.26
0.26
0.06
1.11
1.34
1.40
1.68
1.90
2.28
0.65
0.65
0.30
0.88
1.27
1.27
0.63
2.53
1.27
0.63
2.53
0.62
0.62
1.23
1.23
1.23
1.23
1.23
1.23
0.62
1.23
1.23
1.23
1.23
0.06

fc
(MPa)
34.2
32.7
35.5
37.0
32.2
32.2
24.7
24.7
40.0
35.0
30.9
33.2
15.6
29.6
29.6
29.6
29.6
27.3
27.3
37.4
38.5
40.0
31.7
32.5
32.5
32.5
32.5
32.5
32.5
32.5
39.0
39.0
39.0
39.0
39.0
39.0
39.0
39.0
39.0
39.0
27.5
27.5
27.5
15.6

fy
(MPa)
600
600
600
600
500
500
500
500
450
450
418
423
540
306
306
306
306
306
306
427
444
450
418
499
499
499
499
499
499
499
481
481
481
481
481
481
481
481
481
481
481
481
481
540

fyw
(MPa)
600
600
500
500
500
500
635
635
410
392
655
340
318
340
318
340
318
625
625
635
410
495
495
495
495
495
495
495
473
473
473
473
473
473
473
473
473
473
473
473
473
655

ν
(-)
0.00
0.27
0.00
0.24
0.00
0.00
0.00
0.00
0.05
0.15
0.10
0.10
0.05
0.08
0.40
0.10
0.22
0.12
0.12
0.13
0.13
0.05
0.10
0.09
0.09
0.09
0.15
0.09
0.09
0.09
0.09
0.09
0.09
0.09
0.09
0.09
0.09
0.09
0.09
0.09
0.13
0.13
0.13
0.05

Vtest
(kN)
55
83
130
158
233
239
237
217
1396
1457
2299
2341
150
122
144
118
129
112
105
730
1150
972
1581
644
694
629
605
662
674
415
893
893
904
904
923
923
923
923
1332
1332
838
847
846
108

FMexp
(-)
S
S
S
S
S
S
S
S
FS
FS
FS
FS
FS
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F
F

V′y
(kN)
139
173
134
169
241
241
238
238
907
1192
1618
1699
129
84
130
84
100
80
79
566
859
788
1059
474
445
474
464
445
445
290
639
639
639
639
639
639
639
639
888
888
592
592
592
86

µmax
(-)
4.9
2.0
4.7
4.3
3.6
-

Table 1: Main properties of the collected experimental tests

Figure 1b still confirms the same trend also for the sample composed of all the shearcritical tests, both S and FS. In fact, RP model underestimates the shear strength of 9%, with a
COV equal to 17%. The dispersion tends to be higher if only FS tests are considered, with a
COV equal to 20%, therefore, some modifications should be considered about the effect of
the ductility demand on the shear strength degradation. Finally, all FS tests were subjected to
axial load, and its contribution to the shear strength has been recognised as still an open issue
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by Ranzo and Priestley [7] themselves. As a result, also the effect of the axial load on the
shear strength need to be deeply investigated.
Therefore, in the following sub-sections, some modifications to the model by [7] are identified and proposed, considering some issues specific of the considered structural typology.
The aim is to improve the prediction capacity, given that, very few experimental results on
this topic are available in literature to develop a properly calibrated, completely new, degrading shear strength model.
4.1

Transverse steel contribution

Shear resisting contribution due to transverse reinforcement has been originally evaluated
through the well-known truss analogy, defined by Ritter and Mörsch at the beginning of the
last century, namely as the product of transverse reinforcement yielding stress, cross-section
lever arm, and transverse reinforcement area-to-spacing ratio, assuming 45° inclined struts
and ties perpendicular to longitudinal axis.
Based on the experimental results of 27 tests on solid circular RC columns, Ang et al. [33]
proposed an efficiency factor of circular ties in RC members with solid circular cross section
equal to 0.785 (i.e., π/4), theorizing for the first time a reduced effectiveness due to the shape
of the transverse reinforcement, not fully effective with respect to the shear stress flow. Priestley et al. [34] later adopted the same approach, but assumed 30° angle between the compression diagonals (i.e., shear cracks) and the longitudinal axis of the element. The total height of
the ties in the truss configuration was replaced by their effective height by Kowalsky and
Priestley [2], the latter assumed as the cracked depth of the section (i.e., effective depth of the
cross section minus the compressive depth). Kowalsky and Priestley [2] validated this modification based on 38 tests on solid circular section columns characterized by shear or flexureshear failure mode. Finally, Ranzo and Priestley [7] adopted the same equation of [2] for
transverse reinforcement shear-resisting contribution also for hollow circular RC columns.
More recently, Turmo et al. [21] carried-out a theoretical study on the effectiveness of
transverse reinforcement shear-strength contribution for solid and hollow circular RC members with spiral or discontinuous reinforcement. Within the Eurocode 2 [25] approach, i.e. the
truss model with variable strut inclination, two efficiency factors were proposed. For hollow
circular cross section, the maximum effectiveness (i.e., transverse efficiency factor equal to
one) is achieved in transverse direction, since shear stresses have the same orientation as the
transverse reinforcement. The longitudinal efficiency factor is equal to the unity if circular
ties are adopted; whereas, in the case of continuous spiral, the efficiency coefficient in longitudinal direction must to be evaluated depending on the pitch-to-diameter ratio of the spiral.
Actually, Turmo et al. [21] concluded that for values of pitch-to-diameter ratio typical of RC
members, this coefficient is very close to one (maximum effectiveness).
On the basis of the above reported comments, the modified transverse steel contribution to
shear strength of hollow circular RC members (Vw,mod) is defined, as reported in Eq. (6):
Vw,mod 

n  A
s

f yw  De  x  c   cot  30 

(6)

where, (i) shear cracks are supposed to be 30° inclined with respect to the longitudinal direction, (ii) the effective stirrups resisting to shear loads are those directly crossing the shear
cracks width, that is, the ones below the neutral axis, and (iii) their effectiveness in the transverse direction is the maximum one. As a result, the modified transverse steel contribution
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expressed by Eq. (4) differs from the corresponding contribution of the RP model (see Eq. (1))
for the (missing) term π/4.
4.2

Concrete contribution

The concrete shear-resisting mechanism can be generally evaluated as that corresponding
to shear cracking force, assuming that, for RC members with medium values of slenderness,
flexure-shear cracks may form and extend through the element causing diagonal tension failure [34]. Priestley et al. [34] proposed a simple equation for the evaluation of the concrete
component for both circular and rectangular RC columns as the product of the concrete effective shear area (assumed as 0.8∙Ac) times the principal tensile stress at diagonal cracking (assuming a tensile strength of concrete equal to 0.29∙√f c, according to [35]). Kowalsky and
Priestley [2] introduced two factors multiplying the original equation by Priestley et al. [34].
The first factor accounts for the column aspect ratio, based on the experimental evidence
showing that shear strength increases as the aspect ratio decreases. The second factor reflects
the beneficial effect of the longitudinal steel reinforcement on the shear strength, responsible
for the dowel action, experimentally calibrated.
Based on the experimental results of two cyclic tests on hollow circular piers failed in
shear after flexural yielding, Ranzo and Priestley [7] introduced two modifications in order to
specialize the equation by Kowalsky and Priestley [2] to hollow circular sections. First, a dependence of the factor related to the longitudinal steel ratio (β) on the neutral axis depth was
proposed: if the neutral axis is located into the concrete thickness, then the longitudinal steel
ratio must to be computed considering the solid area (ignoring the void) - see Eq. (4) in section 2. Second, a factor (λ) was introduced to define the effective shear area of hollow circular
section as a percentage of effective shear area of circular section (Eq. (2)). In particular, the
Authors demonstrated that the effective shear area of circular section is theoretically equal to
90% of gross area (0.9 Ac); nevertheless, in a conservative approach, a reduced gross section
was finally considered equal to 0.8Ac, according to [34] recommendations. The so-defined
coefficient (λ), depends on inner-to-outer diameters ratio (Di /De). For (Di /De) larger than 0.6,
it is equal to about 2/3, underlining the difference between hollow and solid circular cross section [7].
Herein, two modifications are proposed to the concrete component defined by Ranzo and
Priestley [7], since within the assessment issue, as known, a less conservative approach is required. Therefore, the effective shear area of circular section is taken as 0.9 Ac (instead of 0.8
Ac) coherently with the considered shape of the section, neglecting the conservative approach
suggested by [35]. As concerns concrete tensile strength, several values are recommended in
literature. Priestley et al. [34] adopted a value of tensile strength equal to 0.29∙√fc, suggested
also in [36]. For members subjected to shear and axial load [37] suggested a more conservative approach, adopting a value of 0.166 √fc. Sezen and Moehle [3] proposed that concrete
tensile strength depended on member’s aspect ratio. In particular, starting from a value of
0.50∙√fc, the higher the aspect ratio the lower the concrete tensile strength. The limit of
0.33∙√fc for concrete tensile strength is assumed herein, according to [38].
In summary, the modified concrete shear-resisting contribution (Vc,mod) is expressed in Eq.
(7).
Vc,mod     0.33 f c    (0.9A g )

where λ, α and β are defined in Eqs. (2 - 4).
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4.3

Axial load contribution

Compressive axial force acting on RC members generally enhances the shear strength due
to an inclined strut forming by the arch action [2, 4, 34]. Priestley et al. [34] proposed the
evaluation of the shear-resisting component due to compressive axial load as the horizontal
component of the diagonal compression strut, assuming that this force directly resists to the
applied shear load, as a separate strut mechanism. According to this formulation (see Eq. (1)),
the axial shear-resisting component is linearly dependent on the applied compressive force,
and it increases as the aspect ratio decreases. Kowalsky and Priestley [2] adopted the same
model. The experimental results obtained by Ranzo and Priestley [7] showed that the efficiency of the strut mechanism for hollow circular members is less significant than in the case of
solid core ones. Such a consideration appeared reasonable since for hollow circular RC members the arch mechanism takes place along curved struts. Nevertheless, Authors concluded
that no enough information were available to propose a correcting factor for the axial shearresisting component, and therefore, they suggested to reduce the latter by 50% in case of assessment, and to totally neglect it for design purposes.
The above-mentioned considerations underline the need for a deeper investigation about
the evaluation of the effect of the compressive axial load on the shear strength for hollow circular members. Herein, a refinement of the formulation by Priestley et al. [34] and an efficiency factor for the strut mechanism (se) are developed and proposed, as reported below.
Considering a cantilever scheme, as shown in Figure 2, the inclined strut resisting to shear
force should be identified as the locus of compression centres along the element corresponding to first yielding condition at base cross section. The neutral-axis depth at first yielding (x y)
can be rigorously derived by section analysis, and the compression zone of the base cross section is determined. Neglecting steel compressive contribution for sake of simplicity, the distance (dG) between the centre of gravity (G) and the compression centre (C) can be derived
using simple trigonometric relations, as reported in Eqs. (8 - 12). The compression centre
depth (x*y) is therefore equal to the difference between the external radius (R e) and the distance (dG), see Eq. (12). The axial load component will be finally evaluated by substituting
the distance (x*y) in lieu of the neutral axis depth (x) in Eq. (1).

V

Axial
load

N

V

N

xy

Lateral
load

θ

Re

Lv

α C
G dG

Idealized strut

Ri
Base cross section
at first yielding condition

x*y

xx*yy

De
Figure 2: Strut mechanism due to axial load for hollow circular RC members.
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 Re  xy 
  arccos 

 Re 

(8)

R

  arccos  e cos  
 Ri


(9)

1
1
A  R e 2 (2  sen2)  R i 2 (2  sen2)
2
2

(10)

4
sen 3
1
4
sen 3
1
Re
 R e 2 (2  sen2)  R i
 R i 2 (2  sen2)
2  sen2 2
3 2  sen2 2
dG  3
A

x*y  R e  d G

(11)
(12)

It is reasonable to relate the effectiveness of the strut mechanism in hollow circular members to their void ratio, i.e., the thickness-to-external diameter ratio (t/De). In fact, the presence of circular void, should reduce the effectiveness of the resisting strut, namely the lower
the thickness-to-external diameter ratio, the lower the strut mechanism efficiency.
A proper strut efficiency factor (se) is experimentally calibrated and proposed herein, actually depending on the thickness-to-external diameter ratio (t/De). Due to the quite limited
number of tests, a simple step function is assumed to define the factor (s e) depending on (t/De)
as in Eq. (13). The limit value of (t/De) equal to 0.1 is assumed, typically governing flexural
behaviour of thick-wall (t/De > 0.1) and thin-wall (t/De ≤ 0.1) hollow-core members. For thinwall, no contribution due to axial load to shear strength can be considered; for thick-wall a
constant value of (se) is assumed (empirically calibrated).

t De  0.1  s e  0
t De  0.1  s e  0.8

(13)

In summary, the enhancing effect of compressive axial load on shear strength (V N,mod) of
RC hollow circular cantilevers is expressed by Eq. (14).
VN,mod  se 

4.4

(De  x *y )
2LV

N

(14)

Shear strength degradation due to ductility demand

The concept of the shear strength degradation of RC members subjected to cyclic demand
was proposed for the first time in [39], in which a decreasing linear relation between shear
strength and ductility demand was proposed. Several experimental results confirmed the existence of a clear relation between shear strength degradation and ductility demand [33, 40, 41,
among others]. First, researchers proposed shear strength models in which only the concrete
component degraded with the ductility demand [1, 2, and 34], because of the reduction in the
effectiveness of several shear-resisting concrete mechanisms due to cyclic loading (for example, the reduction of aggregate interlock due to progressive smoothness of the contiguous interfaces, the accumulation of plastic axial strains in longitudinal steel causing lower dowel
action, among others). More recently, other studies showed that cyclic degradation process
involved also transverse reinforcement, with progressive loss of anchorage and accumulation
of plastic deformations in stirrups crossing shear cracks [3, 4]. All the above-mentioned approaches were validated on experimental tests on RC members with solid rectangular and cir-
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cular cross section. Regarding circular hollow-core members, Ranzo and Priestley [7] adopted
the degrading relation of shear strength proposed in [2], calibrated, in particular, on an experimental database of solid circular elements, and assuming that concrete contribution only reduces its effectiveness due to cyclic inelastic displacement demand.
Herein, a proper calibrated relation between shear strength degradation and ductility demand is proposed, following the more recent approaches according to which cyclic degradation involves both concrete and transverse reinforcement shear-resisting contributions. In
particular, a degrading factor (k) multiplying both concrete and transverse reinforcement contributions was experimentally calibrated depending on displacement ductility at peak load
(μmax). For elements failing in shear without flexural yielding (μ max ≤ 1), no degradation of
shear strength is considered, thus the factor (k) is equal to the unity. For (1≤ μ max ≤7), the factor (k) is linearly dependent on the ductility as expressed by Eq. (15). For (μmax ≥ 7), a minimum value of concrete and transverse reinforcement contribution to shear strength is
considered, reduced of 40% with respect to their not-degraded value. This value is in tune
with the maximum degradation adopted in literature for similar approaches [3; 4], slightly
higher, due to the presence of the void in the cross section, which limits the concrete-core resisting to shear stresses, in tune with research works by [9] and [42].
k0

if :   1  k  0

0.6  1
   1 if :1    7
7 1
if :   7  k  0.6
k  0.6

k 1

(15)

The shear strength degradation can be experimentally assessed as the normalization of the
maximum experimental lateral load, (Vtest), to the predicted maximum not-degraded shear
strength (VR,mod,max), as a function of the ductility demand (μ). Since it is assumed that no degrade exists for the axial load shear-resisting component (VN,mod), this latter contribution
(VN,mod) was subtracted to both (Vtest) and (VR,mod,max). The relation expressed in Eq. (15) was
thus obtained as the best-fitting of the experimental results related to FS-mode tests failed in
shear at ductility demand (μmax) higher than one, as shown in Figure 3.
The lower limit of the degradation was compared with the experimental maximum strength
of the collected tests characterized by a flexure failure mode, in order to verify that it is effectively higher than flexural strength. As shown in Figure 4, a minimum value of degrading factor (k) equal to 0.6 provides a good failure mode prediction for all F-tests collected in the
experimental database, actually resulting an upper bound for the flexural strength, as it should
be, except than for one test (with about 10% error).
1.2

1.0

k [-]

0.8
0.6
0.4
0.2
0.0
0 1 2 3 4 5 6 7 8 9 10
µ [-]

Figure 3: Degradation of concrete and transverse reinforcement contribution with ductility demand.
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Unfortunately, very few experimental tests characterized by FS failure mode are available
in literature; therefore, the calibration of a proper degrading factor is a quite challenging issue.
Nevertheless, the obtained results are promising in terms of mean error and dispersion, as it
will be shown in the following.

VR,mod,min / Vtest [-]

2.0

1.5

1.0

0.5

0.0
0

4

8

12 16 20 24 28 32
Test Number [-]

Figure 4: Comparison between the predicted minimum shear strength and experimental flexural capacity for all
F-mode tests.

4.5

Validation of the proposal

The formulation reported in Eq. (16), identified as “Proposal” model, has been applied to
all the collected tests characterized by shear failure occurred without (S) or after (FS) the
achievement of the yielding condition. Then, the obtained results have been compared with
the experimental evidences, in order to assess the reliability of the proposed model, and with
the prediction results of the RP model (Eq. (1)).The results are summarized in Table 2, Figure
5 and Figure 6.
VR ,mod  VN,mod  k  Vc,mod  Vs,mod 

(16)

First of all, the expected failure mode should be predicted. Therefore, first, in Table 2 the
predicted failure mode (FMpred) for RP and Proposal are reported and compared with the experimental failure mode (FM exp). The predicted FM is evaluated by means of a comparison
between the predicted non-degraded (Vpred,max) and totally degraded (Vpred,min) values of the
shear strength and the lateral load corresponding to first yielding (V′y) and peak experimental
load (Vtest): (i) if (Vpred,max) is lower than (V′y), a S-failure is predicted; (ii) if (Vpred,min) is
higher than (Vtest > V′y), a flexural (F) failure is predicted. In all other cases, the predicted
failure mode is a FS-mode. For monotonic tests, both the models are able to predict the failure
mode. As concerns cyclic tests, characterized by FS-failure mode, the RP model provides a
good prediction in 4/5 cases, whereas the Proposal well predicts the failure mode for all the
cases.
As concerns S-mode tests (Figure 5a), the Proposal provides a mean (Vpred /Vtest) ratio
equal to 1.04 and a COV of 4%, suggesting that the modifications proposed herein for V c and
Vs result in good agreement with the experimental results. Vice-versa, RP model underestimates the experimental shear strength of 15% and it is characterized by higher dispersion,
with COV equal to 10%.

495

P. Cassese, A. Bonati, M. T. De Risi, G. M. Verderame, and E. Cosenza

An interesting analysis is related to the collected tests with no applied axial load subjected
to S-failure mode, in order to highlight the significant difference between RP model and Proposal due to axial shear-resisting component modelling (Figure 5b). In fact, the mean value of
(Vpred /Vtest) ratio results equal to 1.03 for the Proposal, with a coefficient of variation of 4%
(as for all S-mode tests). The underestimation for S-mode tests without axial load is significantly higher for RP model, since the mean value of (V pred /Vtest) ratio is equal to 0.81 and its
COV results equal to 4%. Therefore, for the Proposal the dispersion in the prediction is the
same either in presence or in absence of axial load and it is considerably reduced with respect
to RP model if no axial load is considered. This result suggests that the proposed modifications seems to improve the prediction capacity of the axial contribution to shear strength with
respect to the original formulation.

Authors

Test

Regis (1990) [20]

PA1
PA2
PB1
PB2
Test 1
Test 2
Test 3
Test 4
HS2
HS3
PI2-C
PI2-C*
PC2

Turmo et al. (2009) [21]

Ranzo and Priestley (2001) [7]
Yeh et al. (2001) [16]
Cheng et al. (2003) [17]
Cassese et al. (2018) [22]

FMexp
(-)
S
S
S
S
S
S
S
S
FS
FS
FS
FS
FS

RP
FMpred
(-)
S
S
S
S
S
S
S
S
FS
FS
FS
FS
S
Mean
COV
Mean
COV
Mean
COV

Vtest
(-)
55
83
130
158
233
239
237
217
1396
1457
2299
2341
150
All
S
FS

Proposal
FMpred
(-)
S
S
S
S
S
S
S
S
FS
FS
FS
FS
FS
Mean
COV
Mean
COV
Mean
COV

Vpred/Vtest
(-)
0.77
1.03
0.81
0.89
0.85
0.83
0.76
0.83
1.11
1.27
0.95
0.94
0.74
0.91
0.17
0.85
0.10
1.00
0.20

Vpred/Vtest
(-)
0.99
1.10
1.03
1.03
1.08
1.06
0.97
1.06
1.05
1.19
0.96
0.98
0.82
1.02
0.08
1.04
0.04
1.00
0.13

Table 2: Comparison between predicted (Vpred) and experimental (Vtest) shear strength and failure mode prediction for the proposed model versus model by [7]
2.0

2.0

Proposal

1.5
Vpred / Vtest [-]

Vpred / Vtest [-]

1.5

Proposal

1.0

0.5

S-mode tests

1.0

0.5

S-Mode tests w/o axial load
Mean = 1.03

Mean = 1.04

COV = 0.04

COV = 0.04

0.0

0.0
0

2

4
6
8
Test Number [-]

10

0

(a)

2

4
6
8
Test Number [-]

10

(b)

Figure 5: Experimental-to-predicted shear strength ratio for the proposed model: all S-mode tests (a); S-mode
tests without axial load (b)
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Focusing on the results of all the tests collected in the database failing in shear, both (S)
and (FS) failure modes (Figure 6a), the Modified_RP is characterized by a mean (Vpred /Vtest)
ratio equal to 1.02 with a very limited dispersion (COV = 8%). As concerns the FS tests (see
(Figure 6b)), a perfect prediction is obtained with mean of (Vpred /Vtest) ratio equal to 1.00,
even if results are slightly more dispersed (COV = 13%), thus validating the assumptions assumed for the degrading shear behaviour.
2.0

2.0

Proposal

1.5

S-Mode

Vpred / Vtest [-]

Vpred / Vtest [-]

1.5

1.0

0.5

All tests

FS-Mode

Proposal

1.0

0.5

FS-mode tests

Mean = 1.02

Mean = 1.00

COV = 0.08

COV = 0.13

0.0

0.0
0

3

6
9
12
Test Number [-]

0

15

(a)

1

2
3
4
5
Test Number [-]

6

(b)

Figure 6: Ratio of measured to calculated shear strength for proposed model: all tests (a) and FS tests (b).

In conclusion, the Proposal can be considered as a considerable improvement of the original RP model for shear strength assessment of RC members with hollow circular cross section
and ordinary concrete strength. It results characterized by enhanced prediction capacity in
terms of both maximum (not-degraded) and degraded shear strength. As already highlighted,
more experimental data on similar tests from future experimental programs are necessary, in
order to confirm or, eventually, modify the calibrated formulations, and to further improve the
reliability of the assessment.
5

CONCLUSIONS

The development of reliable analytical models for the assessment of the shear failure due
to seismic action can be considered as still an open issue for reinforced concrete elements
with hollow circular cross section, despite their widespread use worldwide, especially for existing bridge piers. No reliable and widely validated specific degrading shear strength model
can be found in literature or seismic codes, despite the significant differences with respect to
solid sections, both in terms of resisting mechanisms and cyclic degradation phenomena. Furthermore, very few experimental studies from literature focused on the shear failure of this
structural typology exist in literature. The aim of this study was the improvement in the shear
strength assessment of RC members with hollow circular cross section under seismic actions.
First, a proper database of experimental tests on the considered structural typology was
collected, including all tests existing in literature failing in flexure (F) and shear, without
yielding (S) and after yielding (FS or flexure-shear). All the tests were characterized by typical properties of existing structures. Starting from the lonely specific degrading model proposed by Ranzo and Priestley [7], according to which the shear strength is assumed as the
sum of three contributions (i.e., transverse reinforcement, concrete and axial load), each of its
shear resisting component was analysed and properly modified:
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 The shear resisting contribution due to transverse reinforcement has been increased, since
for hollow circular shape, the maximum effectiveness of stirrups in transverse direction
can be assumed;
 Higher effective shear and concrete strength are assumed for the concrete contribution, in
a more realistic approach;
 The contribution due to the axial load has been deeply investigated: a proper formulation
for the configuration of the equivalent strut and an efficiency factor (depending on the
thickness-to-diameter ratio) have been proposed;
 A new shear strength degradation law depending on the inelastic ductility demand has
been empirically calibrated, following the more recent approach according to which, such
a degradation process affects both concrete and transverse reinforcement contributions.
The model proposed herein was validated through the comparison with the collected experimental data to prove its efficiency, finally resulting characterized by a very good prediction
capacity in terms of both maximum (not-degraded) and degraded shear strength, and showing
a relative percentage error always lower than 4%, with a very limited dispersion.
Certainly, further experimental data are necessary on similar tests from future experimental
programs, in order to confirm the formulations calibrated herein, aiming at their improvement.
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Abstract
The assessment of the seismic behavior of historic constructions should start from a thorough
historical study of the building, including a precise and accurate e geometric survey and the
mechanical characterization of the materials. In these years the geometric survey has improved more and more, thanks to the development of new technologies such as the digital
photogrammetry, which can provide the exact geometry of the product. The correct geometry,
together with the information concerning the sequence of transformations suffered by the
building, provides a reliable representation of the construction. Finally, the mechanical characterization of the materials allows to model the behavior of the structure both in its elastic
and inelastic range. This paper presents a study made on the church of Areni (Church of
Sant'Astvazazin in Areni, Armenia), which was built in 1321 by the architect Momik. After
having carried out an accurate historical research, a geometrical survey has been made by
combining the techniques of photogrammetry and laser scanner; the reconstruction of the 3D
geometrical model allowed to obtain the Finite Element model to use for the structural analysis. Two types of analyses were carried out: a static (pushover) and a dynamic (time history)
one. The obtained results have been analyzed and compared with the historical documentation about of the damages suffered by the church due to the last earthquake.

Keywords: Historic structure, digital photogrammetry, 3D FE model, Pushover analysis,
Time history analysis.
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1

INTRODUCTION

The behavior of historic buildings is characterized by the construction techniques, related
to the material properties and the architectural styles. To assess the structural behavior is very
important achieving an accurate knowledge of the building, including the geometric, historical
and mechanical properties of the material and the behavior of the various structural elements.
The current framework of knowledge of the behavior of historic buildings, and in particular that of churches, is the result of observing the damage sustained by earthquakes in the past.
The correlation between the type of church or structural element and the damage has led to
identify evaluation procedures [1-4] at different levels of approximation.
The international and national regulations [5,6] define the assessment process with particular attention to determine the structural performance under seismic actions.
The purpose of this work is to describe the process undertaken to arrive at the evaluation of
the structural performance of the church of Areni.
The site offers the opportunity to study the architectural structure and, at the same time, to
observe how the architectural composition is a synthesis of the expressive and static aspect of
the project itself.
During the period of Mongol domination between 1243 and 1344, the Vaiodzor territory
was implemented and there was a flourishing of the building activity from the beginning of
the 1300s up to the middle of the century. The Areni church (Santasvtzazink / Our Lady
Mother of God) [7,11] was built in 1321 by the architect Momik [12].
The Areni church (see Figure 1) is composed by a central plan with the presbytery portion
flanked by narrow chapels and a nearly square-shaped hall, characterized by the presence of
two poly-lobed pillars which confer a perceptive unity of the hall into the composition tripartition. The roof is a geometrically double-pitched pavilion whose center is occupied by a slender tambour pierced by openings and ending with a conical cover.
The rigorous external symmetry opens up to a cruciform geometry where the door is set
against a full part with only one window. The external rigor is broken down into the inner box
with ascending heights that gradually conquers the hall center and an arrangement between
full and empty that seems to obey to a rigid ternary rhythm that reverberates throughout the
structure.
The church was built with a local stone; all the walls consist of a rubble masonry technology with an inner core made of stone flakes put mostly horizontally; the two outer vestments,
about 10 cm thick, are well connected with the inner part. This information has been deducted
by observing portions of masonry belonging to similar buildings, partially demolished. Since
no trustworthy information on the mechanical characteristics of the masonry is available, the
mechanical parameters used for numerical analysis were obtained from generic tabulated values [13].
The problems related to the survey were dealt through the acquisition of geometric data
(performed with photogrammetry), the transition from the geometric model to the physical
mathematical model to use for the structural analyzes carried out by the approach to the finite
element method (FEM).
The evaluation process starts from the survey carried out in situ by means of a traditional
celerimetric survey flanked by photogrammetry, which allows to obtain a three-dimensional
model of the church. Subsequently, through three-dimensional modelers, a simplified model
of the church has been obtained which, through the use of passages within software to the finite elements, allows to obtain the model on which the structural analyzes are to be performed.
Fundamental aspects of the following steps were the definition of seismic actions, in particular the definition of the seismic hazard of the area obtained through bibliographic infor-
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mation as no on-site surveys were carried out to determine the stratigraphy and consequently
the type of subsoil.

a

b

Figure 1: a) The respective photos, taken during the missions, show the front of the church of Areni; b) Areni
following the collapse of the tambour and the part above the wall box, on the right. See Cuneo P. [7], p. 394.

The definition of the mechanical characteristics of the materials was carried out alongside
the Italian regulations, as at present a campaign of investigations on materials aimed at defining the main characteristics is being planned in order to carry out a plan of restoration and
consolidation of the church.
The evaluations were carried out considering two types of non-linear analysis using the
Abaqus software. The first assessment of the structural behavior was carried out by means of
a pushover analysis, considering a load proportional to the masses and applying the N2 method [14], after which dynamic nonlinear analyzes were carried out using the three components
of time histories of accelerations related to events presenting PGA values compatible with the
area under examination and the type of subsoil defined. The results obtained allow us to highlight the behavior compatible with the damage panel as shown in Figure 1b.
2

3D SURVEY

The survey operations in the on-site campaigns have taken into account specific external
factors: the limited time of stay, the difficulty of access to the various sites and the work on
the laptop, for which it has been preferred to privilege a direct survey of three-dimensional
photogrammetric processing with a topographic survey campaign focused on returning the
external profiles and essential internal geometries. According to the integrated protocol, elaborates of excellent metric reliability have been obtained and these generated a basis to control
and manage the models for thematic analyzes (Total station “Leica”, Bosh laser level pll360,
Nikon camera D530).
On the basis of the architectural elaborates based on the integrated survey method and the
models extracted from the photogrammetric process, it was possible – through a threedimensional modeling software – to reconstruct the architecture polygonal geometry of
church (see Figure 2).
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Figure 2: Architectural elaborations obtained through the integration of the three survey systems: direct survey, photogrammetric survey and topographic survey.
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The goal of the output product was to be able to give rise to a model of satisfactory geometric reliability that had at the same time good computational management. The dense cloud
has been generated by the three-dimensional photographic modeling program (Agisoft Photo
Scan Professional). Subsequently a polygonal model through a 3D modeling program has
been chosen.
The model reliability (see Figure 2) has been controlled through three protocol lines that
were gradually crossed: the topographic model with the direct survey, the photographic model
with the topographic and the direct survey with the photographic. The controls have been facilitated by a laser level that has univocally determined which the horizontal section plan and
the lifting plan were (see Figure 3).
The obtained models are made up of numerous contiguous nurbs flat and curved surfaces
that describe the inner and outer shell progression of the structure. Only the full wall elements
were taken into consideration. To be able to define with a good reliability which the internal
full structures, not visible directly through the survey were, it was necessary to compare with
historical photos and coeval buildings designed by the same architect.
Once the model was reconstructed and verified, it was possible to extract from the 3D
modeling software the IGES file, that is the wireframe structure generated by the intersection
of the various surfaces, this file was used to obtain the 3-D Finite Element Model (FE Model).

Figure 3: Scheme of the procedure adopted to obtain 3-D FE model.

3

FE MODEL

A non-linear modelling strategy has been adopted to study the non-linear mechanical behavior of the Church, under seismic actions. All structural elements have been discretized by
isoparametric 4-nodes elements and the masonry material is assumed to be homogeneous and
is represented through a Concrete Damage Plasticity (CDP) model.
The generation of the 3-D mesh has been obtained working with IGES file: first the surface
mesh was generated according to parameters that allowed the creation of a surface with a controlled and limited number of polygons. In this way, the surface mesh was reliable and faithful
to the first geometric model. Starting from this surface mesh (external and internal), it was
possible to generate the 3-D mesh (see Figure 4).
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The CDP, implemented in Abaqus software [15], was conceived by Lubliner [16] in to
model the concrete but it owns all the necessary features needed to be adopted for macroscopic computations on masonry structural elements. The model, as the masonry behavior, is characterized by distinct tensile and compressive strengths and different post peak behaviors with
damage parameters, as showed in Figure 5. The degradation mechanisms involve the opening
and closing of previously formed cracks, under cyclic loading conditions. The CDP parameters adopted in the numerical simulations are reported in Table 1, Table 2 and Table 3.

Figure 4: FE Model

Figure 5: Non-linear behaviour in uniaxial tension and compression (CDP model).

σcu [MPa]
1.3

E [MPa]
1230

σtu [MPa]
0.25

Table 1: Mechanical properties adopted in the CDP model.
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Ψ [°]
Dilatance angle

Kc
DP correction
parameter
0.666

36

e
eccentricity

fb0/fc0
Biaxial strength
ratio
1.16

0.1

µ
Viscosity
parameters
0

Table 2: Additional CDP parameters adopted in the numerical simulations.

dc [--]
0
0.9

Compression
Anelastic strain [--]
0
0.035

dc [--]
0
0.9

Tension
Anelastic strain [--]
0
0.03

Table 3: Relation between damages in tension and compression and inelastic strains.

Different analyses have been performed: four non-linear static analyses (pushover ±x, ±y)
and two non-linear dynamic analyses assuming two different ground motions, selected by the
database European Strong-Motion database, which are spectrum compatible to the elastic
spectrum provided by the European Code, EC8 [17], for the site, as shown in the following
section.
4

SEISMIC INPUT

The information available in the technical literature, relating on the seismogenicity and the
tectonics of the Armenian area [18,19], highlights that the area of ARENI has a seismic hazard of reference between 0.4g and 0.5g.
There are no information regarding the stratigraphy of the ground where the building is located, and there are no seismic stations nearby; therefore, it is assumed that the spectrum of
the recordings to use in the analyses is that of soil type B [17]. In order to obtain a set of 7 accelerograms for each component whose average PGA value is as close as possible to the hazard values of the area (Table 4), seven recorded events on soils of category B were selected
from the European database [20].
Code

Name station

Event Name

Event Data

TK_1201
HL_AIGA
IT_AMT
IV_NRCA
IT_AQG

AI_049_BNG
AIGIO
AMATRICE
NORCIA
L'AQUILAV.ATERNO-COLLE
GRILLI
AMATRICE / RAN
NORCIA

TURKEY
GREECE
CENTRAL_ITALY
CENTRAL_ITALY
L_AQUILA

CENTRAL_ITALY
CENTRAL_ITALY

3A_MZ08
IT_NRC

01/05/2003
15/06/1995
30/10/2016
30/10/2016
06/04/2009

Distance
[km]
11.8
23.6
26.4
7.2
5.0

PGA
E [g]
0.292
0.498
0.532
0.303
0.446

PGA
N [g]
0.519
0.520
0.401
0.495
0.489

PGA
Z [g]
0.432
0.190
0.324
0.494
0.239

30/10/2016
30/10/2016

26.4
4.6

0.537
0.486

0.436
0.372

0.328
0.375

Table 4: The ground motions main information.

In this paper, for sake brevity, only two accelerograms sets have been used for dynamic
analyses: the accelerograms and elastic spectra selected (horizontal and vertical components)
are shown in the Figure 6 and Figure 7 respectively.
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Figure 6: Recording accelerogram of the ground motions selected for the dynamic analysis.

Figure 7: Elastic spectra of the ground motions selected for the dynamic analysis.

5
5.1

ANALYSES AND RESULTS
Pushover analyses

The assessment of the seismic capacity of the church was obtained by the pushover analysis, applying a load distribution proportional to the mass, both in direction X and in direction
Y (positive and negative). The pushover curve (force-displacement diagram), obtained from
the analysis, regarding to multi-degree of freedom system (MDOF), was reduced to a perfectly elastic-plastic bilinear diagram.
In particular, the bilinear force-displacement diagram has been obtained assuming that the
area under the diagram itself is equivalent to the area under the original curve and that the following assumptions are fulfilled:
• the maximum displacement of the bilinear curve is assumed at 85% of the maximum value
of the cutting force at the base;
• the slope of the first linear branch was obtained using the secant line, with respect to the
pushover curve, at the point corresponding to a base shear force equal to 60% of the maximum value.
The structural performances are evaluated with the N2 method [14], converting the MDOF
system into an equivalent one, with only one degree of freedom (SDOF) through the modal
participation factor (in this case equal to 1). The capacity curves respect to two main directions (X and Y), with positive and negative sign, are reported in Figure 8. The results high-
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light resistance and stiffness in Y direction greater than those in X direction, whilst the displacements are similar. At the same time, the behaviour of the church is independent of the
sign (positive and negative) of the applied load distribution.

Figure 8: Bilinear Capacity curve in ADRS format.

In Table 5 are reported the main results obtained from the pushover analyses: the period of
SDOF (T); the ratio between Fse (equivalent elastic force) and Fy (yield force), called q*; the
yielding displacements (Dy); the ultimate displacement (Du) and the displacement of demand
(Dd) obtained by applying the N2 method [14]; finally, the ratio between Du and Dd, i.e the
safety factor. Figure 9 shows the tensile damage for each pushover analysis corresponding to
the displacement Dd. All the contour plot shows that the areas mainly damaged are at the base
and near the edges of the openings; conversely, there is no damage at the drum and the dome.

+X

+Y

-X

-Y

Figure 9: Tensile Damage corresponding to the Dd displacement.
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Analisys
PO+X
PO-X
PO+Y
PO-Y

T [s]
0.280
0.274
0.223
0.241

q*
2.43
2.54
1.84
1.87

Dy [mm]
9.6
8.8
8.1
9.2

Dd [mm]
35
33
23
26

Du [mm]
47
63
48
56

Du/Dd
1.35
1.90
2.09
2.14

Table 5: Main Result for the pushover analysis.

5.2

Time History

Two dynamic analyses have been performed using the two sets of accelerograms shown in
the Figure 6 and described in section 4; all three components (X, Y and Z) of the two sets
were applied to the model. The coefficients α and β, needed to define the Rayleigh damping
matrix [21, 22], have been obtained using the first two fundamental periods of the church and
a damping factor equal to 2%.
Figure 10 shows the dynamic response of the church, in terms of the displacements (direction X and Y) of the node at top of the dome, subjected to the HL_AIGA set. Note that the
maximum displacements in the x and y directions are 14 mm and 10 mm respectively.

Figure 10: Diagram of Top displacement for the HL_AIGA event for the X and Y direction.

Figure 11a-b shows the displacements, always of the node placed at the top of the dome,
projected on the X-Y plane, concerning respectively the two sets HL_AIGA and IV_NRCA.
Note that the curve relative to the set IV_NRCA (see Figure 11a) shows displacements prevalently in the two main directions (x and y) whilst the curve related to the set HL_AIGA (see
Figure 11b) is distributed over the whole plane.

Figure 11: Diagram of Top displacement of the X and Y plane for the HL_AIGA and IV_NRCA events.
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In order to show the distribution of the tensile damage and maximum stress, Figure 12 reports this distribution at maximum displacement value; it can be noted that the areas most
stressed and therefore damaged are those near the base, the drum of the dome and the openings.

HL_AIGA (Tensile Damage)

HL_AIGA _( Maximum Stress)

IV_NRCA_(Tensile Damage)

IV_NRCA_( Maximum Stress)

Figure 12: Tensile Damage and Maximum Stress corresponding to the maximum displacement for the two
events.

6 CONCLUSIONS
A case study was presented to show the knowledge path needed to assess the structural
seismic performance of historic monumental buildings. This knowledge path was necessarily
started from a careful historical research concerning to the constructive evolution and from an
accurate survey. The survey of the church of Areni was carried out using both the traditional
technique and the photogrammetry. The survey information was process in order to obtain a
3-D FE model. At the same time, important information was collected to define the soil and
the seismic characteristics of the site, necessary to define the seismic actions. Finally, nonlinear dynamic and static analyses were performed.
The results of the two analysis types show that the damage patterns are similar, except for
the area at the base of the dome drum. The displacements achieved in the dynamic analysis
are similar to those corresponding to the yield level obtained through the pushover analysis;
however, these values are lower than the demand calculated with the N2 method. These first
results allow to express an early evaluation of the seismic behaviour of the church of Areni
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under seismic action; however, in order to minimize the uncertainty of the results, further investigations will be the focus of future studies, such as in situ determination of the mechanical
characteristics of materials and an accurate definition of the subsoil.
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Abstract
Currently, Eurocode 8 allows a force-based design and safety assessment of buildings accounting for their inelastic displacement capacity by means of a force-reducing factor named behaviour factor. The value of the behaviour factor for new buildings depends on the structural
typology, on the structural regularity and on the ductility class of the building. However, recent
studies showed that the use of an equal behaviour factor for structures realized in zones characterized by different seismicity fails in providing such structures with the same risk level.
Therefore, to achieve this goal, to which the next generation of Eurocodes seems to be oriented
within a more refined performance-based design approach, it is necessary to evaluate hazarddependent risk-targeted behaviour factors for new structures.
In this study, non-linear static analyses are performed on reinforced concrete buildings designed according to Eurocodes and different for design seismic acceleration and number of
storeys.
This allows the post-design evaluation of the case-study buildings’ behaviour factor. The potential dependency of the behaviour factor from different design parameters, namely the number of storeys of the structure and its design seismic acceleration, is investigated and discussed.
Preliminary evaluations on the possible modifications of the currently-applied behaviour factors aimed at obtaining the same risk level for the case-study structures are presented and
discussed. All the above results are obtained and compared by adopting different modelling
approaches for RC elements.
Keywords: RC structure, Eurocode, seismic assessment, nonlinear analysis, probability of
failure, acceptable risk level.
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1

INTRODUCTION

Current building codes allow the design of structures against seismic actions based on the
results of linear analyses and by applying a force-based approach for the safety assessment.
Namely, Eurocode 8 [1] allows the seismic design of structures by means of the linear Response
Spectrum Analysis (RSA) in which the seismic input is represented by a uniform-hazard
pseudo-acceleration response spectrum. The static forces equivalent to the dynamic seismic
actions are calculated based on the spectral pseudo-acceleration corresponding to the significant
vibration modes/periods of the structure. However, for the seismic assessment with respect to
Life Safety Limit State (LS), such pseudo-spectral accelerations may be scaled by means of a
force-reducing factor named behaviour factor, q. The general expression for the behaviour factor used for the design of framed structures (hereinafter “design behaviour factor”), qd, is provided in section 5.2.2.2 of Eurocode 8 and is reported in Equation 1.
𝛼

𝑞𝑑 = 𝑘𝑅 𝛼𝑢 𝑅𝜇
1

(1)

In Equation 1, kR is a factor accounting for the structural regularity in elevation; αu/α1 accounts
for the structural redundancy and for the structural regularity in plan; Rμ accounts for structural
ductility.
In fact, it is well-known that ductile structural elements have a post-yielding (i.e., post-elastic)
displacement capacity, i.e., a certain ductility capacity. Given that most of the design rules defined by Eurocode 8 are aimed at ensuring a ductile behaviour for new-designed buildings, the
use of a force-reducing factor in the design process is justified by the aim to take advantage of
the ductility capacity of structural elements and of the seismic energy dissipation capacity associated with it.
In other words, the aim of the code is designing a structure with a seismic capacity corresponding to the demand spectrum at LS, i.e., a structure that attains a conventional collapse
condition under the seismic demand associated with the demand spectrum at LS. However, if
the structure were designed in order to remain in the elastic range under the seismic input represented by the demand spectrum at LS, it would be provided with a higher seismic capacity
because of its post-elastic ductility capacity. For this reason, the conventional collapse condition is not expressed in terms of maximum force/stress but in terms of maximum displacement/deformation. The application of the behaviour factor allows designing a structure that
experiences its first element yielding under a certain equivalent seismic force/base shear lower
than that associated with the demand response spectrum at LS. The same structure, thanks to
its post-yielding ductility capacity, attains the conventional collapse condition (typically, the
attainment of a certain maximum chord-rotation at the ends of its structural elements) under the
demand response spectrum at LS.
There is a second paramount issue that inspires the current design approach, which is strictly
related to the concept of performance-based structural design: the structures designed accounting for Eurocode prescriptions should be characterized by a probability of experiencing the
conventional collapse/failure condition, i.e., a probability of failure Pf, lower than a certain acceptable risk level, Pt. The probability of failure due to seismic actions depends on the structural
capacity and on the seismic hazard, while the acceptable risk level depends on socio-economic
issues. The current Eurocode 0 [2] defines an acceptable risk level for residential buildings and
ordinary structures with respect to the attainment of Ultimate Limit States (in general) roughly
equal to 10-6. However, the next version of Eurocodes will set a specific value of the acceptable
risk level with respect to seismic actions equal to 2×10-4 in one year [3], which corresponds to
a probability of failure equal to 1% in 50 years.
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A recent extensive study showed that buildings designed according to the Italian building
code NTC2008 [4], which is conforming to Eurocodes, may be characterized by significantly
different probability of failure depending on the site seismic hazard [5, 6]. In other words, the
current version of the Italian building code, which is conforming to Eurocodes, fails in providing structures with the same risk level. This issue may be resolved by defining a risk-targeted
hazard-dependent behaviour factor. The future Eurocodes seem to be oriented to this approach,
also based on the paramount works by Dolšek and co-workers [7-11].
The present study has two main aims. The first aim is identifying the parameters that affect
the capacity (or “true”) behaviour factor of RC framed structures designed to Eurocodes. The
post-design “true”/capacity behaviour factor is evaluated by means of nonlinear static analyses
and is always higher than the design behaviour factor. The second aim is proposing preliminary
evaluations of risk-targeted behaviour factors and assessing their potential effectiveness in
providing structures with the same risk level independently on the site seismic hazard.
In section 2, the case-study Reinforced Concrete (RC) buildings are presented and described.
The modelling strategies adopted and compared are described, too. In section 3, the definition
of the capacity behaviour factor of the case-study structures is presented. In section 4, the values
of the capacity behaviour factor of the case-study structures are presented and related to some
key parameters characterizing them. In section 5, a preliminary evaluation of the risk-targeted
behaviour factor for the case-study buildings is proposed. In section 6, an example application
of the risk-targeted behaviour factors calculated is presented and discussed.
2

DESCRIPTION OF THE CASE-STUDY BUILDINGS AND MODELLING
APPROACHES

The case-study buildings are provided with 5 and 3 bays in the longitudinal (X) and transverse (Z) directions, respectively. All bays spans are 4.5 m long while the inter-storey height is
always equal to 3 m. The presence of the staircase is not considered.
Each building was designed for gravity and seismic loads in High Ductility Class (DCH) by
applying the RSA method according to Eurocode 2 [12] and Eurocode 8. The case-study buildings are distinguished for different values of the design Peak Ground Acceleration (PGA) at LS
(PGAd) (0.05, 0.15, 0.25, and 0.35 g) and for different number of storeys (2, 4, 6, and 8).
The materials used for the building design are class C28/35 concrete and reinforcing steel
with characteristic yielding stress equal to 450 N/mm2. For design, a flexural stiffness equal to
one-half the gross one was assigned to RC elements in the structural model, according to Eurocode 8, §4.3.
The buildings were designed on a stiff and horizontal type A soil. Eurocode 8 Type 1 elastic
spectrum, which is recommended for high-seismicity zones, was used to evaluate horizontal
seismic actions. A behaviour factor equal to 4.68 was applied in the design process (kR=0.8,
αu/α1=1.3, Rμ=4.5). All buildings resulted regular in plan and not regular elevation due to a nongradual stiffness reduction along their height. P-δ effects resulted negligible. A lateral deformability verification at Damage Limitation Limit State (DL) was performed under a seismic action defined by applying a scaling factor equal to 0.4 times the response spectrum at LS [13].
The longitudinal and transverse reinforcements for beams and columns were determined according to force demands assessed through RSA and by applying capacity design rules.
For the assessment process, concrete mean compressive strength was determined by applying the relation between the characteristic compressive strength, fck (equal to 28 N/mm2), and
the mean compressive strength, fcm (equal to 36 N/mm2) proposed by Eurocode 2. Steel rebars’
mean yielding strength, fym (equal to 517.5 N/mm2), was calculated by multiplying the characteristic yielding strength, fyk (equal to 450 N/mm2) times 1.15 [15]. Further details on the casestudy buildings can be found in [16].

516

Paolo Ricci, Mariano Di Domenico and Gerardo M. Verderame

In order to perform non-linear static analyses, the RC elements non-linearity is modelled by
adopting the different modelling approaches described below. The different approaches adopted
are aimed at investigating the variation of the results proposed when passing from a basic, simplified and code-oriented to a refined modelling of RC elements’ nonlinear response.
• Level 1 modelling approach. RC elements’ non-linear response was defined by a bi-linear
moment-chord rotation backbone plastic (non-hardening) after yielding point. The yielding points was determined through a section analysis for what concerns the evaluation of
yielding moment and by applying the dispositions about chord rotation at yielding point
given by the Annex A of Eurocode 8, part 3 [14]. Nonlinear static analyses of the casestudy buildings were performed by applying a first-mode proportional lateral force pattern at increasing roof displacement. The pushover curve obtained for each horizontal
direction was scaled by the first mode modal participation factor of the structure in the
same direction to obtain the capacity curve of the equivalent Single Degree of Freedom
(SDOF) system. The SDOF capacity curve was then bi-linearized according to Eurocode
8 provisions. The Rμ-μ-T formulations proposed by Eurocode 8 [17] were adopted to determine, based on the structure capacity curve, the elastic pseudo-spectral acceleration vs
inelastic displacement demand relationship.
• Level 2 modelling approach. RC elements’ non-linear response was defined by a tri-linear
elastic-hardening-softening backbone whose response parameters are determined according to Haselton et al. [18]. More specifically, the yielding moment was calculated by
means of the section analysis, while the initial stiffness of RC elements was determined
as the secant-to-40% of the maximum moment stiffness predicted by means of an appropriate formulation proposed by Haselton et al. As done within “Level 1” modelling approach, the SDOF capacity curve was bi-linearized according to Eurocode 8 provisions
and the Rμ-μ-T formulations proposed by Eurocode 8 were adopted to determine, based
on the structure capacity curve, the elastic pseudo-spectral acceleration vs inelastic displacement demand relationship.
• Level 3 modelling approach. RC elements’ non-linear response was defined as within
“Level 2” modelling approach. In this case, however, the SDOF capacity curve was multilinearized according to the piecewise procedure proposed in [19] while the SPO2IDA tool
[20] was used to determine, based on the SDOF multi-linearized capacity curve, the median elastic pseudo-spectral acceleration vs inelastic displacement demand relationship.
3

DEFINITION OF THE CAPACITY BEHAVIOUR FACTOR

Independently on the modelling approach adopted, three significant points were determined
on the SDOF capacity curve (see Figure 1). The point corresponding to the first “yielding” of a
structural element was obtained by calculating the resisting moment of sections based on materials’ design mechanical properties. The corresponding pseudo-acceleration is named Saf. In
addition, the point corresponding to the first yielding of a structural element was obtained also
by calculating the yielding moment of sections based on materials’ average mechanical properties. The corresponding pseudo-acceleration is named Sa1. The pseudo-acceleration at the corner of the bi/multi-linearized pushover curve, i.e., at “global” yielding is named Sau. The point
corresponding to the attainment of the first conventional collapse at the element level was calculated, too. The first conventional collapse is evaluated as the point at which, for the first time,
the chord rotation demand in a structural element is equal to 3/4 of the conventional ultimate
chord rotation of the same element. The ultimate chord rotation was calculated according to
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Sa(T)

Equation A.1 reported in Eurocode 8, part 3, Annex A. In addition, the design pseudo-spectral
acceleration is named Sad.
Within the application of Level 1 and Level 2 modelling approaches, given that for all casestudy buildings the assessment period defined by the bilinear capacity curve was higher than
TC (which is equal to 0.40 s for type 1 elastic spectrum on type A soil), the equal displacement
rule was applied to determine the capacity spectrum for all case-study buildings, according to
Eurocode 8.
Within the application of Level 3 modelling approach, the capacity spectrum was determined
with reference to the median elastic pseudo-spectral acceleration vs inelastic displacement demand relationship obtained from the application of SPO2IDA. On this curve, the point characterized by an inelastic displacement demand equal to the displacement capacity of the
equivalent SDOF system was used to define the capacity spectrum.
Independently on the modelling approach adopted, with reference to the capacity spectrum,
the pseudo-spectral acceleration at T=0 is named capacity PGA (PGAc) hereinafter; the pseudospectral acceleration at period equal to the assessment (effective) period is named Sac; the
pseudo-spectral acceleration at period equal to the design period of the structure is named S ae.
All the above quantities are shown in the Acceleration-Displacement Response Spectrum
(ADRS) plan in Figure 1, without loss of generality, with reference to Level 1 modelling approach.
capacity spectrum

elastic design spectrum
design spectrum
capacity curve
bilinear capacity curve
assessment effective stiffness/frequency
design effective stiffness/frequency
first yielding (design properties)
first yielding (average properties)
conventional collapse (average properties)

Sae

Sac
Sau
Sa1
Saf
Sad
Sd(T)
Figure 1: Definition of the capacity behaviour factor in the ADRS plan.
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Different ratios can be defined based on the significant values of the pseudo-spectral acceleration defined above.
•

Rs is equal to Saf/Sad. This ratio accounts for the structural overstrength produced by
many sources, most of all not perfectly quantifiable separately: above all, minimum code
requirements for reinforcement details and structural sections; the rounding of structural
sections’ lengths and rebars’ diameters performed to meet commercial/usual dimensions;
the difference between a “bidirectional” design (performed by applying the so-called “30%
rule”) and a “unidirectional” assessment; the designer judgment and sensitivity; etc.;
• Rm is equal to Sa1/Saf. This ratio accounts for the structural overstrength due to the difference between the design and the average mechanical properties of materials;
• αu/α1 is equal to Sau/Sa1. This ratio accounts for the structural redundancy;
• Rμ is equal to Sac/Sau and accounts for the structural global ductility;
• RT is equal to Sae/Sac and accounts for further overstrength provided by the use, in the
design process, of a vibration period associated with the first vibration mode different
from the assessment period associated with the equivalent SDOF system.
Equation 2 defines the capacity behaviour factor of the structure.
𝑆

𝑆

𝑆

𝑆

𝑆

𝛼

𝑞𝑐 = 𝑆𝑎𝑒 = 𝑆𝑎𝑒 𝑆𝑎𝑐 𝑆𝑎𝑢 𝑆𝑎1 = 𝑅𝑇 𝑅𝜇 𝛼𝑢 𝑅𝑚
𝑎𝑓

4

𝑎𝑐 𝑎𝑢

𝑎1

𝑎𝑓

1

(2)

RESULTS OF THE ANALYSES AND DISCUSSION

The values of Rs, Rm, αu/α1, Rμ, RT for all case study buildings together with the capacity
behaviour factor are reported in Figure 2. In the same Figure, red lines represent the design
value of the considered factor, i.e., αu/α1=1.3, Rμ=4.5, qc=qd=4.68. All the parameters above
mentioned were calculated separately for the longitudinal and transverse directions. There is no
significant variation in their values and trends when considering one direction instead of the
other. The values reported in Figure 2, for the sake of brevity, are referred to the transverse
direction.
As above stated, the factor Rs accounts for many factors not specifically quantifiable, above
all the influence of minimum code requirements on the structural elements’ cross section and
reinforcement. However, it should be not surprising that, independently on the modelling approach, this factor is higher for lower buildings (i.e., for 2-storey buildings) and for buildings
designed for a lower seismic demand (i.e., for buildings designed for a PGA equal to 0.05 g).
In fact, in these cases, the design is determined by minimum code requirements more than by
the actual (very small) values of internal forces (moment, shear, etc.) produced by seismic action.
The factor Rm, which accounts for materials’ overstrength ranges from 1.2 to 1.6. It is higher
within Level 2 and Level 3 modelling approaches.
The values of the factor αu/α1, which accounts for structural redundancy, are similar for Level
2 and Level 3 modelling approaches and higher than those calculated for Level 1 modelling
approach. Within Level 2 modelling approach, the factor assumes the highest values due to the
higher value of Sau produced by the combined use of Haselton et al.’s model with a bi-linearization of the SDOF capacity curve with global yielding corresponding to the maximum base
shear.
The factor Rμ is similar for Level 1 and Level 2 modelling approaches given the use of the
same bi-linearization procedure which yields to similar displacements at global yielding. On
the contrary, the same factor increases when passing to Level 3 modelling approach. Remember
that this approach is characterized by a multi-linearization of the SDOF capacity curve with
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slope of the first branch roughly corresponding to the initial stiffness of the SDOF system: this
yields to significantly lower values of the displacement at global yielding and, hence, to significantly higher values of Rμ.
The factor RT, which accounts for the overstrength due to the difference between the design
period and the assessment period of the buildings, is significantly higher than the unit for Level
1 and Level 2 modelling approaches. This is due to the fact that the bi-linearization of the SDOF
capacity curve yields to assessment periods significantly different from the design period. On
the contrary, assessment periods similar to design periods are obtained, based on the RT values
roughly equal to the unit obtained within Level 3 modelling approach, if RC members are provided with initial stiffness equal to the secant-to-40% of maximum moment stiffness and if the
SDOF capacity curve is multi-linearized by applying the piecewise approach proposed in [19].
The capacity behaviour factor is always higher than the design behaviour factor, 4.68. It
should be noted that the qc values are higher if calculated within Level 2 and Level 3 modelling
approaches.
Level 1 modelling approach

Level 2 modelling approach

Level 3 modelling approach

continued
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continued
Level 1 modelling approach

Level 2 modelling approach

Level 3 modelling approach

Figure 2: Parameters affecting the capacity behaviour factor of the case-study buildings as a function of the design PGA and of the number of storeys. The red line represents the value used according to Eurocode 8. The
grey line indicates the unit value.

Based on the results of the pushover analyses, the PGA capacity of the case-study buildings
was evaluated, too. Its values are reported for all case-study buildings in Figure 3 for the transverse (Z) direction. From Figure 3, it is observed that the PGA capacity of buildings is always
greater than the design PGA. As expected, the PGA capacity increases when passing from a
totally code-based approach to a more refined modelling approach, above all for the reduction
of the assessment periods when passing from Level 1 to Level 3 modelling approach.
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Level 1 modelling approach

Level 2 modelling approach

Level 3 modelling approach

Figure 3: PGA capacity of the case-study buildings in the transverse direction. Legend in Figure 2. Continuous
lines represent capacity PGAs; dashed lines represent design PGAs.

Based on these results, the rate of failure of buildings, λF, is calculated by applying the simplified formulation reported in Equation 3 [21, 22].
1 2 2
𝛽𝑐

𝜆𝐹 = 𝐻(𝑃𝐺𝐴𝑐 )𝑒 2𝑘

(3)

In Equation 3, with reference to a simplified linearized (in the logarithmic plan) hazard curve,
H(PGAc) is the hazard associated with PGAc at the specific site, i.e., the rate of exceedance of
PGAc in one year; H(PGAc) is equal, under the above assumptions, to k0PGAc-k. For the calculation of H(PGAc), k0 is determined in order to have H(PGAd)=1/475 yrs-1. In Equation 3, k is
the slope of the linearized hazard curve in the logarithmic plan. In general, k is between 1 and
4 [23], dependently on the site seismic hazard, and is assumed equal to 3 in the following preliminary evaluations, as also suggested in [3]; βc is the logarithmic standard deviation of the
PGA capacity. It should be determined by considering, e.g., material properties and modelling
uncertainties and record-to-record variability by means of non-linear time-history analyses [24].
In absence of such analyses, as in our case, the literature suggests assuming a βc value between
0.50 and 0.75 [9]. In this study, it is assumed equal to 0.60, as also done in [10].
The rate of failure in one year can be considered roughly equal to the probability of failure
in one year. Such a probability, calculated by means of Equation 3 for all case-study buildings,
is reported in Figure 4. For each case-study building, the maximum value between the probabilities of failure calculated in the X and Z directions is considered as probability of failure of
the case-study building. In Figure 4, the probability of failure of the case-study building is compared with the acceptable risk level in one year according to the next version of Eurocodes,
2×10-4 [3].
As expected, the probability of failure of buildings reduces when passing from a totally codebased approach (which is characterized by a lower initial stiffness, and is safe-sided for displacement-based assessment) to a more refined modelling approach. In addition, it increases at
increasing design PGA/hazard level, as also observed in [5, 25-26]. For what concerns Level 1
modelling approach, it is observed from Figure 4 that all buildings designed for a design PGA
equal to 0.35 g do not meet the acceptable risk level requirement according to the next Eurocode
0. This can occur also for buildings designed for PGA equal to 0.25 g. On the other hand, all
buildings designed for a design PGA equal to 0.05 and 0.15 g meet the abovementioned requirement. For Level 2 modelling approach, only buildings designed for a PGA equal to 0.35 g
have a probability of failure higher than the acceptable risk level. The application of Level 3
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modelling approach yields to buildings always considered safe with respect to the acceptable
risk level.
Level 1 modelling approach

Level 2 modelling approach

Level 3 modelling approach

Figure 4: Probability of failure of the case-study buildings compared with the acceptable risk level.

5

EVALUATION OF A RISK-TARGETED BEHAVIOUR FACTOR

A hazard-dependent risk-targeted behaviour factor, qRT, is aimed at designing structures with
the same probability of failure, potentially equal to (and, of course, not higher than) the acceptable risk level, Pt. With reference to Figure 4, a new hazard-dependent risk-targeted behaviour
factor should be assumed in design in order to have a higher probability of failure for buildings
in low-seismicity zones and to have a lower probability of failure for buildings in high-seismicity zones. In other words, based on the above results, risk-targeted behaviour factors should
depend at least on the design PGA and should be, with reference to the value adopted for the
design of the buildings herein considered, higher than 4.68 for low-seismicity zones and lower
than 4.68 for high-seismicity zones.
The risk-targeted behaviour factor, qRT, can be calculated by applying the following simplified procedure.
In general, as reported in Equation 4, the aim is designing a structure with reference to a
design pseudo-spectral acceleration, Sad, equal to the ratio between the elastic pseudo-acceleration derived from the uniform-hazard code spectrum at LS, Sa,el,demand, and the risk-targeted
behaviour factor, qRT.
𝑆𝑎𝑑 =

𝑆𝑎,𝑒𝑙,𝑑𝑒𝑚𝑎𝑛𝑑
𝑞𝑅𝑇

(4)

Based on the results reported in section 4, Sad is also equal to the ratio between Sae and Rs
times the capacity behaviour factor qc, as reported in Equation 5.
𝑆

𝑆𝑎𝑑 = 𝑅 𝑎𝑒
𝑞

𝑠 𝑐

By equating Equations 4 and 5, Equation 6 is obtained.
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𝑆𝑎𝑒 =

𝑅𝑠 𝑞𝑐
𝑞𝑅𝑇

𝑆𝑎,𝑒𝑙,𝑑𝑒𝑚𝑎𝑛𝑑

(6)

The rate of exceedance of Sae, i.e., the probability of failure of the building, is expressed as
reported in Equation 7.
1 2 2
𝛽𝑐

𝜆𝐹 ≅ 𝑃𝑓 = 𝐻(𝑆𝑎𝑒 )𝑒 2𝑘
𝑅 𝑞

−𝑘

= 𝑘0 𝑆𝑎,𝑒𝑙,𝑑𝑒𝑚𝑎𝑛𝑑 −𝑘 ( 𝑞𝑠 𝑐)
𝑅𝑇

1 2 2
𝛽𝑐

−𝑘 2𝑘
= 𝑘0 𝑆𝑎𝑒
𝑒

𝑅 𝑞

= 𝑘0 ( 𝑞𝑠 𝑐 𝑆𝑎,𝑒𝑙,𝑑𝑒𝑚𝑎𝑛𝑑 )
𝑅𝑇

1 2 2
𝛽𝑐

𝑒 2𝑘

−𝑘

1 2 2
𝛽𝑐

𝑒 2𝑘

=
(7)

In Equation 7, k0Sa,el,demand-k is equal to the rate of exceedance of the elastic Sa demand at LS
according to the uniform-hazard code spectrum. Hence, it is equal to the inverse of the return
period of the design earthquake at LS, TR,LS. Given that, Equation 7 can be rewritten as reported
in Equation 8. It is assumed that qRT is the behaviour factor that should be assumed during the
design process to a probability of failure is equal to the acceptable risk level Pt.
𝑃𝑡 = 𝑇

1
𝑅,𝐿𝑆

𝑅 𝑞

−𝑘

( 𝑞𝑠 𝑐)
𝑅𝑇

1 2 2
𝛽𝑐

𝑒 2𝑘

(8)

With some mathematical manipulation, the expression of qRT reported in Equation 9 is derived from Equation 8.
1

1

2

𝑞𝑅𝑇 = 𝑅𝑠 𝑞𝑐 (𝑃𝑡 𝑇𝑅,𝐿𝑆 )𝑘 𝑒 −2𝑘𝛽𝑐

(9)

An analogous expression is derived in [10]. Equation 9 is applied for all case-study buildings
with Pt equal to 2×10-4, TR,LS equal to 475 yrs, k equal to 3 and βc equal to 0.60. The risktargeted behaviour factor for the case-study buildings, also normalized with respect to the design behaviour factor, qd, equal to 4.68, is reported in Figure 5.
Level 1 modelling approach

Level 2 modelling approach

Level 3 modelling approach

Figure 5: Risk targeted behaviour factors for the case-study buildings.

As expected, the risk-targeted behaviour factor is higher than the design behaviour factor in
low-seismicity zones and (only for Level 1 and Level 2 modelling approaches) lower than the
design behaviour factor in high-seismicity zones. The ratio between qRT and qd is named kH. It
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can be used as a sort of “correction” factor for the design behaviour factor to provide it with
hazard-dependence and make it a risk-targeted behaviour factor usable during the design process, qd,RT, as reported in Equation 10.
𝛼

𝑞𝑑,𝑅𝑇 = 𝑘𝐻 𝑘𝑅 𝛼𝑢 𝑅𝜇

(10)

1

The proposed expression for kH is reported in Equation 11 for Level 1 modelling strategy
and in Equation 12 for Level 2 modelling strategy. It is defined based on the results reported in
Figure 5 with a simplified and conservative approach. Hence, kH is assumed to be (i) never
lower than the unit based on the results of Level 1 and Level 2 modelling approaches and (ii)
equal to the unit based on the results of Level 3 modelling approach.
0.15

𝑘𝐻 = 𝑚𝑖𝑛 (1; 𝑃𝐺𝐴 )

(11)

𝑑

0.20

𝑘𝐻 = 𝑚𝑖𝑛 (1; 𝑃𝐺𝐴 )

(12)

𝑑

6

PRELIMINARY APPLICATION OF THE RISK-TARGETED BEHAVIOUR
FACTOR

Within the application of Level 1 modelling approach, the 8-storey building designed for a
PGA at LS equal to 0.35 g has been re-designed by applying the design risk-targeted behaviour
factor calculated according to Equations 10 and 11. More specifically, for a design PGA equal
to 0.35 g, the coefficient kH is equal to 0.43. The design risk-targeted behaviour factor is equal
to 2 (instead of 4.68).
Some characteristics of the 8-storey building designed for a PGA at LS equal to 0.35 g with
the behaviour factor equal to 4.68 and with the risk-targeted behaviour factor equal to 2 are
reported and compared in Table 2.

design periods (X/Z directions) [s]
assessment periods (X/Z directions) [s]
capacity PGA [g]
probability of failure

qd=4.68
0.762/0.728
1.61/1.66
0.859
1.06×10-3

qd,RT=2
0.762/0.728
1.14/1.18
1.35
1.82×10-4

Table 1: Characteristics of the 8-storey case-study building designed for a PGA at LS equal to 0.35 g by using
the design behaviour factor and the proposed design risk-targeted behaviour factor.

The use of the design risk-targeted behaviour factor increased the capacity PGA from 0.859
to 1.35 g (+57%) and reduced the probability of failure from 1.06×10-3 (which is higher than
the acceptable risk level) to 1.82×10-4 (-83%). The probability of failure of the building designed by applying the proposed design risk-targeted behaviour factor is lower than the acceptable risk level.
7

CONCLUSIONS

In this paper, the parameters affecting the behaviour factor of RC structures designed to
Eurocodes are defined and investigated. Based on the results of non-linear static analyses, the
dependency of these parameters on the number of storeys of the case-study structures, on their
design PGA and on the modelling approach adopted is evaluated and discussed. With a simplified approach, the probability of failure of the case-study buildings is calculated. With the aim
of providing RC structures with a probability of failure complying with the acceptable risk level
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defined by the next Eurocodes, hazard dependent risk-targeted behaviour factors are defined.
The following conclusions can be drawn:
• Buildings in mid- and high-seismicity zones may not meet the acceptable risk level requirement defined by the next Eurocodes. However, this result depends on the modelling
approach adopted. As expected, a totally code-based modelling approach (herein named
“Level 1” modelling approach) yields to conservative results with respect to a more refined
modelling strategy.
• The hazard-dependent risk-targeted behaviour factor may be lower than that currently used
for the design of multi-bay multi-storey RC buildings.
• A simplified formulation for the calculation of the design risk-targeted behaviour factor as
a function of the design PGA is proposed.
• Within the application of the code-based, simplified and conservative Level 1 modelling
approach, the design risk-targeted behaviour factor is calculated for an 8-storey RC building associated with a design PGA equal to 0.35 g. In this case, the design risk-targeted
behaviour factor is equal to 2, instead of 4.68, which is the value of the design behaviour
factor applied according to the current Eurocode provisions.
• Within the application of the code-based, simplified and conservative Level 1 modelling
approach, the 8-storey building designed by applying the design behaviour factor is associated with a probability of failure equal to 1.06×10-3, which is higher than the acceptable
risk level, equal to 2×10-4. The building designed by applying the design risk-targeted behaviour factor is associated with a probability of failure equal to 1.82×10-4, which is lower
than the acceptable risk level.
• Future works will be dedicated to the assessment of the capacity PGA for the case-study
buildings via non-linear time-history analyses with evaluation of the influence on its variability due to record-to-record variability and due to the uncertainties related to material
properties. The influence of the spectral shape on the assessment of the seismic capacity
of the case-study buildings will be also considered. Further details will be discussed concerning the parameters affecting the capacity behaviour factor of structures, especially for
what concerns the Rs the RT factors.
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Abstract
Every day the need to understand earthquakes and how that phenomenon affects construction
grows, to make it possible to prevent and minimize inherent risks to their relation. That need
increases when projects are located in regions with large seismicity. Therefore, the present
paper, which was developed in partnership with GEG – Gabinete de Estruturas e Geotecnia,
has, as a final goal, to study and compare the variety of calculation methods available on Eurocode 8 to design and evaluate earthquake resistant structures, using a real case study.
The methods approached are linear dynamic analysis, also known as spectral analysis, nonlinear static analysis, also recognized as pushover analysis, and non-linear dynamic analysis,
well-known as time-history analysis.
Simultaneously to the seismic analyses, it is developed a detailed study of the parameters that
affect the damping of soil-structure interaction.

Keywords: Seismic design, Bridges, Nonlinear models of soil, Pushover analysis, Non-linear
dynamic analysis
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1

INTRODUCTION

Given the significance of bridges and viaducts in today’s society, particularly in the socioeconomic sector, it becomes increasingly important to deepen the knowledge on the typical
behaviour of special structures when exposed to seismic actions. Only then we will be able to
fully understand and optimise seismic analysis methods and consequently the structure’s design, guaranteeing a better quality and increasing its safety.
Located near four tectonic plates, Mexico is one of the world’s most seismically active regions. The historic earthquake of 1985 caused thousands of deaths and hundreds of buildings
to collapse. This shows that, in areas with such intense seismic activity, it is extremely important to anticipate, in design stage, possible structural failure modes due to the dynamic
loads during design stage, to make it possible to foresee and minimise potential damages
caused by earthquakes. Following on this requirement, the current study’s goal is to compare
results from three frequently carried seismic analysis as stated in the relevant codes: Linear
dynamic analysis, also known as spectral analysis; Non-linear static analysis or Pushover
analysis; and Non-linear dynamic analysis, frequently known as time-history analysis. The
results from the three methods will be presented for the critical sections of a viaduct in terms
of stresses, deflections and ductility.
Further to the analyses, it is the final goal of this study to assess how carrying out a full
non-linear dynamic analysis affects the seismic design of a structure, compared to the simplified spectral analysis most frequently used. Additionally, and to get more accurate results, the
study comprises an analysis of the material hysteretic damping originated by the soil in contact with the foundations, where the soil is modelled by a multilinear model which is still little
used. The approach will analyse the cyclic behaviour of the ground under seismic actions, the
different parameters which influence this behaviour and how these parameters affect the hysteretic damping derived from the soil-structure interaction.
2
2.1

CASE STUDY
Structural Solution

The case study, located in Mexico is a regular viaduct with three continuous spans – a 24
meter long midspan and two 20 meter long endspans. The structure consists of 1.6 meter deep
pre-stressed pre-fabricated AASHTO beams in the longitudinal direction, centred at 2.172
meters, making the total width of the deck 13.6 meters, as shown in figure 1. These main
beams are monolithically connected to the piers through crosshead beams with an inverted T
section, as per figure 2. The deck slab is built of 7.5 cm thick pre-fabricated concrete paving
flags which span between the longitudinal beams and screeded over, making the deck 20 cm
deep.
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Figure 2: Cross section of the
pier crossheads

Figure 1: Cross section of the deck at: a) midspan b) through
pier crossheads

The 1.2 meter of diameter circular piers have a variable effective length between 5.4 and
6.3 meters above ground, and extend to 15 meters below ground, acting as piles as well.
These elements include, through its full length, 3 different sections with variable reinforcement, as per figure 3. The first section, shown in figure 3a, shows the section above ground.
The second section, shown in figure 3b, shows the reinforcement between ground level and a
depth of 5 meter into the pile length. At last, the section presented in figure 3c extends to the
end of piles.
The supports on the abutments consists of neoprene and Teflon, allowing the deck to
movement in the longitudinal direction but not on the transversal one. The supports also allow
for rotation around the transversal axis. The U-Type abutments, built in reinforced concrete,
sit on a 1.9 m wide x 1.0 m deep beam which bears on circular piles of 1.2 meters of diameter.
These piles extend, similarly to the intermediate ones, to 15 meters below the ground level
and the reinforcement varies creating four different sections, as shown in figure 4. The sections presented in figures 4a, 4b and 4c can be found through 2+2+4 meters (from ground level to a depth of 8 meters) and the section shown in 4d will follow to the end of the pile.

Figure 3: Cross section of the intermediate piers/piles a) from the soffit of the deck to ground level; b) between
ground level and 5 meters below ground; c) from 5 meters below ground to bottom of pile
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Figure 4: Cross section of the abutment piles: a) first 2 meters of depth; b) between 2 and 4 meters below
ground; c) from 4 to 8 meters below ground; d) for the remainder 7 meters to bottom of pile

2.2

Geotechnical scenario

The geotechnical scenario in the area of the viaduct is composed of four different types of
soil. The first layer consists of vegetable mould, characterised by a dark soil rich in organic
material. The second layer is an alluvial soil which includes coarse sand with alternate layers
of silty sand. The third layer, where the piles bear, is composed of medium/coarse gravel on a
sandy-clay matrix. At last, 26 meters below ground level, it is found a soft rock made of sandstones and siltstones.
3
3.1

MODEL
Grid model in SeismoStruct

The viaduct has been modelled as a grid using the FEM software SeismoStruct. The grid
model is based on bar elements that, as a group, simulate the behaviour of the viaduct deck.
For the effect, the modelled deck comprises six groups of longitudinal elements with an
equivalent rectangular section with the same inertial characteristics as the pre-fabricated
beams. This has been achieved by manipulating the elastic modulus of the concrete, using a
value of 22 GPa, so that the group of bars simulates the behaviour of the real full section of
the deck. In the transversal direction, the model comprises 33 bar elements, which include: 29
bars with a 2x0.2 m2 section, which mimic the bending stiffness of the deck in the relevant
direction; 2 bars which simulate the pier crossheads; and 2 elements which represent the
beams which connect the U-Type abutments to the piles supporting them. The eccentricity
between different element’s gravity centres has been taken into account by offsetting the relevant bars. The intermediate piers, as well as the piles supporting the abutments, are modelled
with continuous bars with a circular section of 1.2 m of diameter.
3.2

Nonlinear modelling of the soil

The plasticity of soils, characterised by its stress (p) – deformation (y) curves, is a widely
recognised theme, just as the typical hysteretic curves for soils which are based on the same
concepts and are represented in figure 5. However, curves such as the one shown below don’t
adequately characterise the behaviour of non-grained soils. As suggested by W. Cofer and S.
Modak [1], the lack of capacity of some types of soil to retake its original position once deformed, and how that influences the non-linear behaviour of cohesive soils, are immensely
important topics which lack study.
If a cohesive soil is imposed a certain displacement, it does not have the elastic capacity to
retrieve its original position, creating a gap in which the structural element can move with little resistance. The phenomenon, represented in figure 6a, originates hysteretic curves such as
the one shown in figure 6b and highly affects the hysteretic damping generated by the soilstructure interaction in the event of an earthquake. Furthermore, if a soil is highly cohesive,
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meaning its capacity of returning to its original position is approximately null, its characteristic hysteretic curve will resemble the one presented in figure 7.

Figure 5: Typical hysteretic curve of a non-cohesive soil

Figure 6: a) Gap created by plastic deformation of the soil [1]; b) Typical hysteretic curve of a medium-cohesive
soil, taking into account the partial formation of a gap [1]

Figure 7: Typical hysteretic curve of a highly cohesive soil, accounting for the creation of the full gap

To better quantify the effective damping prior in the case study, it is decisive to understand
which hysteretic behaviour best characterises our soil. Therefore, it is crucial to deeply understand how this gap affects the hysteretic damping factor. Additionally, not knowing the post-
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yielding stiffness of the soil, and that being one of the main influences in the hysteretic damping originated by the soil, it becomes fundamental to further investigate the parameter prior to
adopting a value in the seismic analysis. To understand both these variables, a parametric
study of a non-linear model of soil was carried out, focusing on these two parameters – the
stiffness of the gap and the post-yielding stiffness of the soil, henceforth HS and %EI3P, respectively.
3.2.1. Bases for the study
A displacement rule has been obtained off the response of a single degree of freedom
damped system in resonance, using the behaviour factor adopted in the project and the yielding displacement of the ground surrounding the viaduct foundations, and applied as a dynamic
load to a simplified model.
The simplified model consists only of one bar element with negligible stiffness, fixed on
its base and propped at the top by a spring support. The stiffness of the spring support, which
represents the soil, has been determined from the p-y curve presented below, in figure 8.

Figure 8: P-y curve adopted to characterize the spring support in the simplified

The parameter HS is presented as a percentage of the yielding load of the soil and %EI3P
is taken to be a fraction of the initial stiffness of the soil and this study has been carried out by
varying each of the parameters separately. In order to evaluate the influence of HS, the value
of %EI3P has been fixed at 0.1% as %EI3P was set to 10%, 20%, 30% and 50%. On the other
hand, to assess how %EI3P impacts the damping, the parameter has been set to the same values of 10%, 20%, 30% and 50% while fixing HS at 0.1%.
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Figure 9: ξhist (hysteretic damping) - µ (ductility parameter) curves obtained in the study of the parameters HS
and %EI3P

3.2.2. Conclusions
The results for each of the combinations mentioned above are characterised by ξhist (hysteretic damping) - µ (ductility parameter) curves, which are presented in figure 9.
As expected, the higher the stiffness of the gap, the higher the damping derived from the
soil as there is more energy being dissipated per cycle. However, it is noted that the fluctuation is negligible in the first few energy dissipation cycles, which are the ones that more accurately describe the global damping of the soils. This is observable for every combination of
values except where HS is fixed at 50. We can then conclude that, for realistic values of the
gap stiffness, the damping will be maintained in the same range.
Regarding the post-yielding stiffness, it is observed that, as this parameter increases in value, the hysteretic damping originated from the soil decreases substantially. This result is conceivable as, the higher the post-yielding stiffness of the soil at a certain node, the easier will
be for the soil at that node to become plastic, accommodating then higher loads for a limited
displacement.
Taking into account the results described above and having as a base the study carried out
by W. Cofer & S. Modal [1], it has been adopted a value of 20% for the stiffness of the gap
and 10% for the post-yielding stiffness in the following seismic analyses.
4
4.1

SEISMIC ANALYSES
Bases for the different approaches
4.1.1. Linear dynamic analysis with response spectrum

The first step to carry the spectral analysis is to obtain, as per the Mexican regulations
(SCT standard [2]), the elastic response spectrum adequate to the location of the viaduct, taking into account its importance class and ground type. The viaduct in study is located in
Seismic Zone B of Mexico and it is a Class A structure. The soil is Type II ground. Therefore,
following section 4 of the SCT Standard, the relevant response spectrum applicable to this
seismic analysis is the one represented in figure 10.
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Figure 10: Response spectrum as per SCT standard

The second step on the spectral analysis is to determine which value of behaviour factor Q
is adequate to the case study. The response spectrum above will then be affected by the behaviour factor in order to account for the non-linearity of the material. The characteristics of
the viaduct indicate that a value of Q=4 is adequate.
The analysis was carried out using safety factors as per the SCT standard and applying
seismic loads in the two main directions, considering one of the directions affected by 100%
of the seismic action and its orthogonal direction to be affected by 30% of it.
4.1.2. Non-linear static analysis – Pushover analysis
The pushover analysis consists of applying load increments to the structure and tracking its
displacement for each of the increments – or vice-versa – creating the capacity curves of the
structure, which relate the total base shear and the displacement of one particular control node.
The analysis allows to understand if, for the design load, the structure will behave as envisioned in terms of stresses, ductility and formation of plastic hinges.
The analysis has been carried out in two main directions, for each applying 100% of the
load in the direction under investigation and 30% to its orthogonal. Note that, for each situation, several results combinations have been analysed, taking different control nodes, however,
in this documents we will only present the results based on the displacement at the top of one
of the piers, for each of the main directions.
It is important to note that the non-linear static analysis carried in this study is limited to
evaluating the structure’s monotonic response curve in order to compare it with the cyclic response, and the target displacement compatible with the seismic response spectrum is not
quantified.
In order to accurately compare the results from the pushover analysis with the ones obtained through the spectral analysis, both have to be carried out with the same vertical loads
applied the structure, comprising both the self-weight and superimposed dead loads (SDL)
affected by a safety factor of 1.3, as per Mexican Standards. The vertical loads are described
in table 1.

536

Cláudia Coelho, António Arêde, Pedro Delgado and José Barbosa

Self-weight

AASHTO beams + Slab +
Safety barrier

10111.6

Pier crossheads

2722.67

Piers/Piles

2202.78

Superimposed Dead Load (SDL)

2987.52
18024.6

Table 1: Vertical loads in the structure (kN)

4.1.3. Non-linear dynamic analysis – Time-history analysis
The non-linear dynamic analysis, or time-history analysis, is a ‘step-by-step’ procedure
and it is considered to be the most accurate seismic analysis as it does not include any simplifications or assumptions, taking into account the real non-linear behaviour of materials, and
allowing for the damage to the structure through the analysis and its resulting mass changes.
For this reason, further to determine stresses and displacements in structural elements due to a
seismic action, the analysis also allows us to locate ductile areas of the structure and evaluate
the structural damage due to a seismic occurrence.
Eurocode 8 provides guidance for the time-history analysis and declares that the seismic
loads to be applied to the structure should be in the form of accelerograms, meaning timedependent ground accelerations, ideally derived from real seismic records. These records
should relate to the relevant response spectrum in magnitude, distance from the source and
travel path mechanisms. As per the Eurocode, the response of the structure shall be obtained
averaging the response of analyses carried for at least seven pairs of accelerograms originated
by seven different seismic records.
As, for the present study, there was no possibility to collect reliable seismic information
from the area where the viaduct is located, the records used for the analyses have been gathered from different areas of the world where the ground is similar to the one found on the viaduct site. The seven accelerograms adopted have been selected from a database based on the
similarity of the derived average spectrum with the elastic response spectrum, as per reference
[2]. According to Eurocode 8, the spectral accelerations on the average spectrum obtained
from the seismic records should not vary more 10% in a period range between 0.2T and 2T,
when compared to the standardised spectrum, where T is the fundamental period of the structure in the direction being analysed. Figure 11 shows the individual spectra derived from each
seismic record, the average spectrum obtained from the seven pairs of individual spectra and
the target spectrum (standardised), as well as 10% variation limits between 0.2T and 2T.
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Figure 11: Individual response spectra for each seismic record, average spectrum obtained from seismic records
and target spectrum [3]

4.2

Seismic analyses results
4.2.1. Longitudinal direction

As mentioned previously, the supports at the abutments allow the deck to move relatively
to the piles in the longitudinal direction meaning that, the frames created by the piers and the
crosshead beams absorb the totality of the seismic load applied in this direction. For this reason, in this direction, the top of the pier that deflects the most has been selected as the control
node used to create the curves which characterise the behaviour of the structure under the
pushover and time-history analysis. In figure 12 are presented the results from both these
analyses, as well as the base shear predicted in the spectral analysis.

Figure 12: Overlay of load-displacement curves obtained from pushover and time-history analyses and base
shear expected from spectral analysis in the longitudinal direction
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Knowing the initial stiffness of the structure in the longitudinal direction and comparing,
for each seismic action, the base shear obtained in non-linear regime with the shear base that
would have been obtained in a linear regime for the same displacements, it was possible to
obtain a behaviour factor for each one of the individual seismic records, as shown in table 2.
Averaging the seven values obtained, we determine the real behaviour favour of the structure
in this direction, which is 1.32.
Seismic
record

Maximum Load
FNL (kN)

Displacement
(m)

Load in elastic linear regime
FL (kN)

Behaviour factor
q

1

3863,52

0,108

4897,84

1,27

2

4287,86

0,125

5668,80

1,32

3

5933,85

0,177

8027,02

1,35

4

5338,79

0,162

7346,76

1,38

5

5931,66

0,192

8707,27

1,47

6

4631,57

0,128

5804,85

1,25

7

4444,13

0,119

5396,70

1,21
qmédio = 1,32

Table 2: Real behavior factor obtained for each seismic record and final behavior factor in the longitudinal direction

4.2.2. Transversal direction
4.2.2.1. Response on the piers
It has been first analysed how the seismic action affects the piers of the viaduct in this direction and the results are given similarly to what has been presented in section 4.2.1 – the curves
shown below characterise the interaction of the total base shear directed to the piers with the
displacement of the control node which is, again, the top of the pier which shows more deflection, for each of the seismic analysis.
Figure 13 shows the overlay of the time-history curves obtained for the seven seismic records, the capacity curve obtained from the pushover analysis and the expected base shear as
per spectral analysis.
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Figure 13: Overlay of load-displacement curves obtained from pushover and time-history analyses in the transversal direction

4.2.2.2. Response on the abutment piles
As previously stated, the piles in the abutments take most of the seismic load applied to the
viaduct in the transversal direction due to its increased capacity of dissipating energy which
derives from the ground damping.
Figure 14 shows the overlay of the seven response curves created by the time-history analysis, the pushover capacity curve and, lastly, the base shear anticipated at the spectral analysis.

Figure 14: Overlay of load-displacement curves obtained from pushover and time-history analyses and base
shear expected from spectral analysis in the transversal direction

Through the same method previously presented to determine the behaviour factor of the
structure, in table 3 are listed the Q values calculated for each of the seven seismic loads in
the transversal direction and its average.
Seismic
Record

Maximum Load
FNL (kN)

Displacement
(m)

Load in elastic linear regime
FL (kN)

Behavior factor
q

1

6146,35

0,0197

10014,24

1,63

2

6972,77

0,0234

11895,09

1,71

3

7140,08

0,0252

12810,10

1,79

4

7887,49

0,0275

13979,27

1,77

5

8419,13

0,0316

16063,46

1,91

6

6038,76

0,0182

9251,74

1,53

7

10152,12

0,0397

20180,99

1,99
qmédio = 1,76

Table 3: Real behavior factor obtained for each seismic record and final behavior factor in the transversal direction
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Comparing the Q values obtained in both directions we can observe a higher ductile capacity in the transverse direction, which was predictable considering that, in the orthogonal direction, the soil is not modelled allowing for plastification and, consequently, its response
develops in a linear regime.
4.2.3. Summary of results
Figure 15 presents a summary of the base shear, bending moment and displacements obtained for each direction through the different analysis. Note that the displacements concerning the pushover analysis are the displacements obtained for the software’s convergence limit,
that is to say, for the deformation capacity of the structure.

Figure 15: Results in terms of displacement, base shear and bending moment obtained from the different analyses carried out

Comparing the results from all three analysis carried out we can observe that there are significant differences between them. However, this divergence is not indicative of any safety or
performance faults and the reasons for such discrepancy can be divided into two groups:
The first group comprises all factors inherent to the calculation. First of all, the approach
through the elastic response spectrum assumes the seismic action acting fully in one main direction and only 30% of the same seismic action applied to the orthogonal direction. On the
other hand, the accelerograms used for the non-linear dynamic analysis are pairs of real records and, therefore, are fully applied in both directions. It is then predictable that values for a
certain parameter vary when obtained through each of these methods. Secondly, note that,
when carrying out the linear dynamic analysis, a behaviour factor is adopted to account for
structural system’s capacity of dissipating energy and that behaviour factor equally affects all
structural elements and nodes, including the ground. However, when carrying out non-linear
analysis, it has been assumed that the ground was only capable of dissipating energy in the
surrounding area of the abutment piles. Accordingly, the global plasticity of the modelled
structure will be lower when performing the latest, originating higher stresses.
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The second group is associated with the non-linearity of the materials. Naturally, taking into account that the non-linearity varies instead of assuming it is kept in its elastic linear state
through the analysis and considering a specific non-linearity for each specific element instead
of assuming that the all elements are equally ductile, originates results that are more accurate
and closer to the real behaviour of the structure once under a real seismic action. The decreasing stiffness not only originates higher displacements, but also changes the fundamental vibration modes of the structural system, altering its response under dynamic actions, a factor
that is neither considered in spectral or pushover analysis.
5

CONCLUSIONS

Starting by the non-linearity of the soil, the present study has innovated by using multilinear models which include the formation of a gap, significantly decreasing the material damping
originated by the ground surrounding the foundations of the viaduct. A simplified study was
carried out to evaluate how two specific parameters influence the characteristic hysteretic
curve of a particular soil. This study consisted of varying these parameters and observing how
each of them affects the global dissipation capacity of a certain structure surrounded by a certain ground type. However, note that the adopted values of the parameters have been based of
references describing a silty soil, and the values used here might not be applicable to other
types of soils with different deformation characteristics. This is a theme which lacks references and it is considered by the authors of this paper to require further investigation.
Regarding the results from different seismic approaches, it is clear that there are significant
discrepancies in the structural response observed when carrying out the two analysis frequently used for seismic design (linear analysis with response spectrum and non-linear dynamic
analysis), specifically in the calculation of stresses and deflections. Nonetheless, it can be observed in the results throughout this study that the structure offers a substantial additional capacity compared to what has been estimated in its design stage. We can conclude that, though
the results are distinct, the seismic design of structures based on the standardised spectral
analysis clearly guarantees safety and good structural performance and that the structure in
study is prepared to face a seismic load without compromising the safety of its users or suffering major structural damage. Comparing the structural response observed for the non-linear
static analysis with the response recorded with the spectral analysis, it is once more recognised that the structure shows a great extra capacity in both directions of the viaduct. This additional capacity is not as noticeable when measuring the results collected from the pushover
analysis and the non-linear dynamic analysis, which is not however discouraging, as this can
be due to the damping considered for the time-history analysis.
Following on the above, it becomes clear how important it is to adopt an accurate behaviour factor when using a simplified approach. As this analysis assumes the structure has a certain capacity of creating plastic hinges and dissipating energy, the determination of an
accurate Q value is immensely important as, if the behaviour factor adopted varies excessively from the real one, it can lead to the structure suffering further damage than expected, more
remedial costs or non-economic designs. For the viaduct in study, the Q value achieved from
more accurate analysis has shown to be lower than the value adopted when first designing the
structure. However, as mentioned previously, note that this does not mean the structural safety
isn’t guaranteed as the structure offers a great additional capacity to the load which has been
designed for. Hence, if the Q value adopted had been closer to the real ductility of the structure, a more cost-effective design could have been developed.
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Abstract
The Italian school buildings asset consists of over 40,000 units. The most (more than 60%)
were built before the introduction of the national standard on school buildings and constructions in seismic areas. The present research aims to implement a methodology that consists
in an informative modelling for seismic risk analysis. The objective of the activity is to provide the policy makers of an innovative and useful tool for screening the existing building
stock, in order to define the priorities of intervention.
The research is divided into several parts. The paper firstly investigates a structured way to
collect data for an existing school building, through non-destructive tests (impact hammer sclerometer, pacometer, thermal camera, accelerometric network) for the reconstruction of
the information heritage related to the structures. The existing BIM (building information
model) is then integrated with the structural data. The usefulness of implementing the actual
BIM LOD (level of detail) or an higher detail level that can represent the new state of
knowledge is also investigated to prepare a finite element model.
The subsequent on field acceleration measures are employed both to evaluate the structural
modal characteristics and to validate the finite element model. The computation of the vulnerability coefficient of the structure in accordance with the new Italian standard is the last
step of the analysis.

Keywords: BIM, monitoring, FEM, seismic vulnerability, school building
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1

INTRODUCTION

Building Information Modelling (BIM) is a methodology that is radically changing the
construction sector, and in recent decades is spreading as a management methodology, thanks
to the studies of Eastman [1] and both to the continuous innovation of technological and information infrastructure. It can support planning and cost estimation, management of design
changes, visualization and simulation of design ideas, management of construction and
maintenance. The potential of Building Information Modeling for seismic risk analysis is
closely related to BIM as a relational database of building information.
Much recent research is focused on the Facility Management (FM) phase for the management of existing buildings [2,3]. Some of these studies focus on the use of sensors for monitoring and controlling parameters for building uses [4]. BIM represents the future of building
management and can have enormous potential for seismic risk calculation, because it is a database containing all information on the vulnerability of structural and non-structural components [5]. Some research has begun to define ways in which BIM could help in seismic risk
assessment and mitigation. [6].
The Italian school building stock consists of more than 40,000 buildings, mostly constructed before the introduction of the technical regulation on school building (DM 18/2/1975) and
before the definition of special requirements for seismic areas (Law no. 64/1974) [7]. In
summary, it was found that only 48.5% of Italian school buildings have a static certification,
56% have a static certificate of suitability and only 10.1% are built according to anti-seismic
safety criteria. At the end of this brief overview, 50.13% of school buildings on Italian territory are located in seismic areas with a medium-high level of danger [8].
2

OBJECTIVES AND METHODOLOGY

Nowadays BIM is a methodology that is been implementing into construction process with
the aim of managing the entire LCA of building. BIM models are made for new buildings at
the design stage and are not always structured to support the execution and subsequent operational and maintenance (O&M) phases. The models for existing buildings, on the other hand,
often concentrate on the precise reconstruction of very complex geometries, such as in many
cases HBIM, or on systematizing the documentation and data relating to the building materials.
In the case of existing infrastructures such as schools, many studies are focused on the
BIM modeling for the energy assessment and for the design of upgrading interventions [9].
The data contained in the models are therefore linked to the architectonic, plant engineering
and energy fields [10]. The BIM model hardly contains structural information that can be used
and processed with FEM analysis software.
Before carrying out any intervention on existing buildings the priority is to verify the structural stability and seismic vulnerability to avoid investments on dangerous or inefficient constructions. This is even more strategic when it comes to public buildings as schools. In recent
years, there has been a need to assess the seismic vulnerability of the Italian school heritage,
built largely without specific seismic safety regulations, with codes that have been exceeded
for decades and with insufficient maintenance activities.
For this reason, this research aims to define guidelines for structural BIM modelling of existing buildings, by means of which existing or new BIM models can be integrated with details, information and structural characteristics that allow to easily (e.g., through plugins)
derive a structural model (e.g., finite element) by which the seismic vulnerability can be calculated.
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In order to identify the essential information for the seismic vulnerability analysis, the levels of graphic detail (LOG) and information detail (LOI) defined by the literature and the regulations are evaluated [11]. The data are collected from the early stages of design and, with
the evolution and definition of the design details, they are improved and their degree of reliability is improved [12]. At the construction phase, all the information relating to materials,
laying methods and on-site tests become final and useful for the serviceability stage and the
building maintenance. Among all these data there are some of strategic importance for the
calculation of the seismic vulnerability index. As an example, an information sheet is given
for a reinforced concrete pillar cast in situ where, in the Hand-Over and Close-Out phase, the
information necessary for FEM analysis is highlighted (Table 1).
GUIDELINE FOR BIM MODELLING OF STRUCTURAL ELEMENTS - IN-SITU CONCRETE COLUMN
LOG
Concept and
Technical Design
Developed Design

Construction Design Hand-Over and
CloseOut

Steel properties

Concrete properties

Dimensions

LOI
b
h
Materials
Analytics Model
CLS - Concrete strength class
CLS - Concrete exposure class
CLS - Concrete consistency class
CLS - Chloride content class
CLS - Maximum diameter of aggregates
CLS - Minimum cement dosage
CLS - Max water/cement ratio
CLS - Trapped air (max value)
CLS - Cement properties
CLS - Mixing water properties
Long. rebars - Armor area current section
Long. rebars - Number of primary
reinforcement bars
Long. rebars - Diameter of primary
reinforcement bars
Stirrups - Number of secondary
reinforcement brackets
Stirrups - Step brackets secondary
reinforcement
Stirrups - Diameter of secondary
reinforcement brackets
Stirrups - Step brackets to the supports
Min. steel cover thickness
Type of steel reinforcing bars
Type of steel reinforcement brackets
Properties steel reinforcing bars
Properties steel reinforcement brackets

x
x
x
-

x
x
x
x
x
x
x
x
x
x
x
x
-

x
x
x
x
x
x
x
x
x
x
x
x
x
x
x

x
x
x
x
x
x
x
x
x
x
x
x
x
x
x

-

-

x

x

-

-

x

x

-

-

x

x

-

-

x

x

-

-

x

x

-

x
x
x
x
x

x
x
x
x
x
x

x
x
x
x
x
x

Table 1: Information sheet of a reinforced concrete pillar.
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With the traditional collection and archiving system, not always during the life of the
building, the Clients properly store all the documents and data of the project and its realization (technical sheets, drawings, certificates, etc.). In the case of particularly old public buildings, it is quite frequent not to find structural and testing projects. For this reason, it is
essential to understand what information is necessary for the construction of FEM models. If
necessary, these can be collected after by means of non-destructive and reconstructive tests
(sclerometric, pacometric tests, etc.).
Revit analytical model

Revit material sheet

Revit 3D model

SAP model

Figure 1 : Example of extrapolation from Revit to SAP.

Once the BIM model has been implemented according to the guidelines just discussed and
described in detail below, it is easy to transfer the BIM to a FEM software. The structural
model is then validated through on field dynamic vibration tests. In particular operational
modal analysis allows to identify the natural frequency and mode shapes. The vulnerability
index can be finally assessed following the current prescription from Italian standard.

Figure 2 : Scheme of methodology applied
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In this way, the proposed methodology may allow the decision-makers to face a complex
scenario with a tool that can streamline the procedure by identifying the most dangerous situations, those ones where further investigation is needed or where no intervention is necessary.
3

GUIDELINES

Guidelines for BIM modelling have been drawn up in order to give indications to BIM
modelers and to obtain a BIM model that can be used for dynamic structural analyses.
CSIxREVIT is the available plug-in to extrapolate from the Revit BIM model the SAP or
ETABS Codes.
The main shortcomings observed when analyzing existing BIM are the lack of material
definition of structural elements, the inaccuracy in the definition of beams and pillars that respond more to architectural needs on BIM rather than to structural ones. Similarly, also the
inaccuracy in the definition of the boundary conditions.
Therefore, the following points are suggested to the BIM developers in order to be able to
easily extrapolate from Revit into a structural model that may be useful for vulnerability analyses. In particular it is necessary to essentially define in Revit:
- the type of material of all structural elements
- the precise geometry of all elements: the cross-section for all drawing elements such as
beams or the thickness in the case of wall and floor shells.
- The kinematic constraints and the connection between the various structural elements
to satisfy compatibility and consistency.
- The loading distribution for all structural elements. These are the structural dead loads
(weight of building materials, concentrated masses, e.g. machinery, etc.).
4

CASE STUDY

The “Mascagni School” is a reinforced concrete building located in Melzo (MI) built in
1976. The school consists of three separated structures including classes, gym and canteen.
Figure 3 shows the overall view of the school. Only the main building including the classes is
analyzed in this report.

Figure 3. (a) Building overall view, (b) classes, and (c) gym building

The main structure (Classes) is a two stores building with a rectangular plan about 98.5m x
20 m and the height of 6.8 m. This building is composed of three different blocks separated
by two expansion joints (Figure 4). During the inspection, it was observed that the space in
expansion joints is about 3cm filled with polystyrene material.
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Figure 4: Expansion joints configuration of main building (classes)

4.1

Materials tests

The only available information about the school can be found in a BIM model (created by
Politecnico di Milano), while it lacks a lot of information to create a detailed FEM model.
Therefore, a site inspection was performed on November 14th 2018 to get the required data. A
series of non-destructive tests were conducted to obtain the structural parameters such as
module of elasticity and material strength (using sclerometer), test with thermal camera (to
identify the structural elements), test using pacometer (to specify the element reinforcement).
Finally, the obtained information was used to integrate the BIM model.
4.2

Tests with thermal camera

Thermal camera was used to detect the hidden structural elements such as columns and
beams. The device is an infrared camera able to detect the different degrees of irradiation
emitted by the different surface materials. Figure 5a shows an example of the test performed
in canteen building identifying beams and column. The concrete elements (blue areas) have a
lower temperature with respect to the masonry elements, lighting systems and aluminium ventilation elements (orange and yellow areas).
4.3

Tests with sclerometer

To have some indications on the materials strength, non-destructive tests have been performed with sclerometer. This device measures the rebound value R. Using the conversion
tables, it is possible to determine the value of the compressive strength based on the magnitude of the measured rebound. The concrete to be examined must be free from any coatings
(such as a column) to show the surface of the elements. The test was performed directly on
the beams and columns surfaces since they were not covered fully with any material (Figure
5b). E.g., the test was performed to determine the strength of two columns located at the
ground floor. They have two different dimension (25x50cm and 30x50cm) as representative
of the typical columns of the building. The results show that the average concrete strength of
the columns is equal to 31.5 MPa. Therefore, the concrete class C25/30 can be used to integrate the BIM.
4.4

Tests with pacometer

A pacometer was used to get information about the reinforcement inside the reinforced
concrete elements, such as location, cover and size of steel reinforcement bars. The tests consist in the measurement of the magnetic field determined by the presence of steel reinforce-
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ments near the concrete surface of the structural elements. E.g., the two typical columns used
for the test with the sclerometer were tested (Figure 5c).

a)

b)

c)

Figure 5: a) Constructional element identification using thermal camera; b) data acquisition with sclerometer; c)
Measurements with pacometer

4.5

Dynamic tests

The validation of the FE model of the school building, as extrapolated from the BIM, has
been performed by means of dynamic tests [13,14]. A wireless sensor network has been employed for collecting acceleration records in different positions on the school building. It consists in both MEMS and force balance triaxle acceleration sensors (Figure 6a).

(a)
(b)
Figure 6: (a) MEMS sensing unit of the wireless sensor network and (b) the vibrodine.

To assess the efficiency of the different type of accelerometers both ambient vibration tests
and forced dynamic tests have been performed. In the last case a vibrodine facility able to apply harmonic forces on the structure has been employed. It has been applied to a reinforced
concrete element, the elevator containment (Figure 6b).
The finite element model has been validated by comparison with the natural vibrations frequencies as identified from the dynamic tests. Table 2 summarizes as example the comparison
for the first block of the school building in the north direction.
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Block 1 ( Acc. # 54)
SOFTWARE

Mode 1

Mode 2

[Hz]

[Hz]

MATLAB

9

14,6

GEOPSY

9,18

14,15

SAP 2000

7,98

19,1

Table 2: Comparison of the natural frequencies between the dynamic tests and the FEM model.

4.6

From BIM to FEM

Following the BIM guideline described before, the School BIM model was implemented
and the SAP model is extrapolated through the plug-in. Figure 7 highlights the case study of
the main school building (where classes are located) of the case study in the hinterland of Milan.
Revit analytical model

SAP model

Figure 7 : Mascagni School in Melzo, Milan.

4.7

Seismic vulnerability

The characteristic of a structure to suffer a certain level of damage facing a given seismic
event is termed as vulnerability. Following the current Italian technical prescription, the assessment of seismic vulnerability for all public buildings is required to their redevelopment,
with particular reference to schools. The parameters that can influence seismic vulnerability
are the structural type, age of construction, number of floors and maintenance status of the
building. In particular, the following vulnerability index is reported:
*
E  F

FNTC

Where F* is the maximum bearable seismic action and FNTC is the seismic action that
should be used for designing the same structure accordingly with the current Italian standard
DM NTC 2018. The value at the numerator can be computed through different methodologies at increasing complexity. For regular structures, static nonlinear analyses (pushover)
could be selected. The transition from the linear range could be selected as the maximum
bearable seismic action. However, it is worth noting how the standard does not give any other

551

M. Domaneschi, V. Villa, G.P. Cimellaro, C. Caldera, A. Zamani Noori, S. Marasco, and F. Ansari

prescription about modelling and it can be interpreted as an implicit recognition of the uncertainties of the problem and the singularity of each structure.
The evaluation of the seismic capacity for the structure should allow estimating a safety
margin moving the problem from the seismic hazard characterization at the site to the structural fragility. Such perspective could be also useful for the national authority for tracing the
general condition of the existing building asset, built often more than fifty years ago, in times
when earthquake engineering was less developed.
5

CONCLUSIONS

This research shows the importance of a BIM modelling guideline in order to have a BIM
model that could be easily used for seismic analysis. Usually, for instance the BIM model
case study had some interoperability problems and needed some modifications before using it
for analysis.
The methodology proposed in this paper and validated with the case study can be applied
for a faster and more efficient assessment of the seismic vulnerability coefficient of the building stock. This is a huge support tool for managers and owners to effectively assess priorities
for action, based on deficiencies and seismic risk.
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Abstract
The RINTC research project (RINTC Workgroup, 2018), financed by the Italian Department of
Civil Protection, is aimed at evaluating the seismic risk of buildings conforming to the Italian
building code. Within the framework of this project, the attention has been recently focused on
existing buildings, too. In this study, case-study structures, representative of the existing residential reinforced concrete (RC) building stock in Italy, are analyzed. These structures are
three-storey buildings with compact rectangular plan, and they have been defined through a
simulated design process, in order to represent two types of buildings, namely designed for
gravity loads only during 1970s (gravity load designed, GLD) or for moderate seismic loads
during 1990s (seismic load designed, SLD). GLD buildings are assumed to be located in three
different sites, namely Milan, Naples and Catania, in increasing order of seismic hazard. SLD
buildings are assumed to be located in L’Aquila. The assumed design typologies are consistent
with the seismic classification of the sites at the assumed ages of construction. The presence of
typical nonstructural masonry infill walls (uniformly distributed in plan as external enclosure
walls) is taken into account, assuming three configurations along height, namely “bare” (without infills), uniformly infilled and “pilotis” (without infills at the bottom storey) buildings. Two
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(not code-based) Limit States are investigated, namely Usability-Preventing Damage, corresponding to an interruption of the building use, and Collapse.
RC elements are modelled with a lumped plasticity approach, through an empirical-based macromodel. The possible occurrence of shear failures in columns is taken into account through a
preliminary classification of the expected failure mode (flexure- or shear-controlled, in the latter case prior to or following flexural yielding) and, if needed, a modification of the backbone
of the nonlinear moment-chord rotation response, through empirical models providing the expected deformation capacity at shear and axial failure, the latter meant as the (initiation of)
loss of axial-load-carrying-capacity. The nonlinear response of beam-column joints is modelled, too, with a “scissors model” based on concentrated springs representing the nonlinear
response of the joint panel, at the intersection of beams’ and columns’ centerlines, through a
preliminary evaluation of the expected failure mode (i.e. prior to or following yielding of adjacent beam/column elements). Materials properties are provided by literature studies, consistent
with the age of construction of the buildings. The in-plane response of infills is modelled, taking
into account the presence of openings, too. Modeling should be considered as simplified and,
from some points of view, still preliminary, since advances are foreseen within the project in
order to capture further failure modes that can occur in structural and nonstructural elements
of older, nonductile RC buildings.
Nonlinear static analyses, allowing to identify the (top) displacement capacity at the investigated Limit States, are carried out. Multiple stripe nonlinear time history bi-directional analyses of the three-dimensional structural models are carried out in order to evaluate the demand,
for ten stripes – each corresponding to a return period ranging from 10 to 105 years – and for
twenty couples of records for each stripe. Records were selected, within the activities of the
research project, based on a Probabilistic Seismic Hazard Analysis at the sites of interest for
the selected return periods. Results are illustrated, highlighting the role of a – although obsolete – seismic design in the response of the buildings and in their capacity, more specifically in
terms of displacement capacity at Collapse, but also in terms of demand estimated from multiple
stripe analyses. Finally, demand-to-capacity ratios at the investigated Limit States are analyzed, which allow, within the scope of the project, the assessment of the seismic risk of the case
study structures.

Keywords: Reinforced Concrete, Italian existing buildings, non-ductile, beam-column joints,
masonry infill panels, Multiple Stripe Analysis.
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1

INTRODUCTION

The RINTC project [1] is aimed at evaluating the seismic risk of buildings conforming to
the Italian building code [2-3]. Different structural typologies are investigated (unreinforced
masonry and base isolated RC residential buildings, precast RC and steel industrial buildings).
The aim is assessing and comparing the risk of “collapse” and “damage” (as will be defined in
the following) of the buildings. The project is currently ongoing, focusing – also – on the risk
assessment of existing buildings, allowing to evaluate how suck a risk changed, during the time,
based on the evolution of seismic codes and design practice.
In this study, the (preliminary, and currently ongoing) analysis of the seismic response of
existing Italian residential RC buildings is reported, illustrating, first of all, the criteria adopted
to select and design the case-study structures, the modeling strategy adopted for structural and
non-structural elements typical of such a kind of structures, the investigated Limit States and,
finally, the results of nonlinear static (pushover) and nonlinear time history (NLTH) multi-stripe
analyses (MSAs).
The investigated structures are three-storey buildings, designed for gravity loads only during
1970s (gravity load designed, GLD) – located in three different sites, namely Milan, Naples
and Catania, in increasing order of seismic hazard – or for moderate seismic loads during 1990s
(seismic load designed, SLD) – located in L’Aquila. The simulated design of these structures
is carried out consistent with code provisions and design practice at the time of interest. The
presence of masonry infill nonstructural elements is considered, assuming three different configurations (frames with uniformly distributed infills along the height, frames with an open
ground storey without infills, and, for comparison frames without infills). The modeling approach adopted for structural and nonstructural elements is basically consistent with the approach adopted to investigate the response of new structures, within the same project [4], but
with modifications necessary to take into account and model the possible onset of non-ductile
failure modes that were avoided in new structures by the application of capacity design (and,
specifically, of strength hierarchy) principles in the design phase, namely in beam-column joints
and in beam/column elements expected to experience a shear failure, prior to or following flexural yielding. The assumed Limit States are defined consistent with the response analysis of
new structures, corresponding to Global Collapse (meant as non-conventional, “true” collapse
condition) and Usability-Preventing Damage (corresponding to a damage level leading to building use interruption for repair); consistent with modeling assumptions, failure criteria at Global
Collapse are modified, too, respect to new structures, in order to account for possible local
failures in non-ductile structural elements. The (displacement) capacity at these Limit States is
evaluated from pushover analyses; the demand is evaluated from NLTH MSAs, performed for
ten stripes, corresponding to return periods from 10 to 105 years. Finally, the obtained demandto-capacity ratios at the two Limit States, for the ten assumed return periods, are analyzed and
compared, depending on the type of building (GLD or SLD) and the site hazard.
2

SELECTION OF CASE-STUDY STRUCTURES

Within the RINTC project, a set of case-study existing RC buildings to be analyzed in 20192021 has been established. The structures selected to this aim belong to a range of construction
age from 1950s to 1990s, during which more than 80% of the Italian RC building stock was
built, according to ISTAT census data [5]. As far as the type of design is concerned (i.e., for
gravity loads only (GLD) or for seismic loads (SLD)), within this time range the areas classified
as seismic gradually increased, particularly between 1980 and 1984, following the 1980 Irpinia
earthquake [6]. At the same time, an evolution of technical codes was observed, too, with a
major change – regarding seismic design provisions – represented by D.M. 3/3/1975 [7], that
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introduced for the first time in Italy design criteria explicitly based on the dynamic properties
of the structures, including, for instance, the so-called “inverted triangular” lateral force distribution. During this period, a change was observed also in the typology of steel reinforcement
(i.e., plain or deformed), that influences significantly the deformation mechanisms ad, more
generally, the response of RC structural elements under seismic action; a gradual transition
from plain to deformed bars was observed around 1970s [8]. Based on these considerations, the
structures to be analyzed, deemed as representative of the existing RC building stock, have been
selected, corresponding to three time sub-ranges (1950s-60s, 1970s, 1980s-90s), assuming in
all cases GLD and SLD design typologies, and with plain reinforcement in the first sub-range
and deformed in the remaining two (see Table 1). For SLD buildings, a second seismic category,
corresponding to a “moderate” seismic design level – and also, generally speaking, the most
widespread in seismic areas in Italy in the periods of interest [6], is adopted. For each combination of these parameters (i.e., each row in Table 1) three- and six-storey buildings will be
analyzed. GLD buildings will be analyzed at the sites of Milan, Naples and Catania, in increasing order of seismic hazard, while the SLD buildings will be designed and analyzed at the site
of L’Aquila [9].
Seismic Construction
Type of
category
age
reinforcement
1950s-60s
plain
GLD
1970s
deformed
1980s-90s
deformed
1950s-60s
plain
SLD
II
1970s
deformed
1980s-90s
deformed
Type

Table 1: Summary of case-study existing buildings for the 2019-2021 RINTC project.

In this paper, preliminary results of first analyses on three-storey buildings, designed for
gravity loads only (GLD) during 1970s or for moderate seismic loads (SLD) during 1990s, are
reported.
In the following, the main characteristics of these case-study buildings, from the adopted
layout, to the simulated design process, to main structural elements’ characteristics, are described.
The case-study buildings have the same in-plan layout, with rectangular shape (total dimensions 21.4 x 11.8 m2), five bays along the X direction and three in the Y one (Fig 1). The same
plan layout was assumed for the new buildings previously analyzed during the project. In elevation, three-storey types (representative of low-rise buildings) have been considered (Fig 2).
Inter-storey height is equal to 3.40 m for the first level and 3.05 for the others. Staircase substructure with knee beams is in symmetric position in relation to the Y direction.
Three infill configurations along the perimeter frames have been considered according to
Bare Frame (BF, no effective infill is present), Infilled Frame (IF, infills uniformly distributed
along the height) and Pilotis Frame (PF, no infill panels at the ground floor).
Different lateral resisting configurations have been designed for the two considered types
(i.e. GLD and SLD). In particular, coherently to usual design practice, GLD types have frames
in only one direction (i.e. orthogonal to the slab direction, Y). On the contrary, according to the
code in force in the period, SLD types have lateral resisting frames along the two in-plane
directions.
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Section dimensions and reinforcement details have been evaluated by means of a simulated
design [10] according to code prescriptions in force in Italy, i.e. D.M. 30/5/1974 [11] for GLD
types and D.M. 14/2/1992 [12], as technical code, and D.M. 24/1/1986 [13], for seismic load
provisions, for SLD types.
For both types, internal force related to gravity loads have been computed on the basis of the
characteristic values of dead and live loads, these latter equal to 2.0 kN/m 2 as prescribed for
residential buildings. Horizontal loads related to the second category (S=9 [13]) have been also
considered in the design of SLD types.
For GLD, the simplified model of continuous beam resting on simple supports has been
adopted in the analyses of beams, while columns have been designed by considering axial load
only.
Following the common professional practice, SLD types have been designed by a linear
elastic 3D model with fixed base and rigid diaphragm constraints at floors. No section stiffness
reduction due to cracking has been considered. The design for seismic loads was carried out
adopting a linear static analysis method.
The allowable stress method has been adopted in the safety verifications, considering medium quality concrete (Rck250, maximum allowable stress equal to 8.5MPa). Regarding steel
mechanical properties, FeB38k (maximum allowable stress equal to 1,900 MPa) and Feb44k
(maximum allowable stress equal to 2,600 MPa) deformed steel have been adopted for GLD
and SLD types, representing the most adopted during 1970s and during 1980-90s, respectively
[8].
As a result of the simulated design carried out for GLD types, cross-section dimensions of
the interior flexible beams are 70 x 25 cm2 and 100 x 25 cm2 while, for SLD, they are 60 x 25
cm2 and 80 x 25 cm2. Perimeter beams are rigid beams with section dimension equal to 30 x 50
cm2 for both GLD and SLD types.
Cross-section dimensions of columns are constant along the building height (30 x 30 cm 2)
for GLD types, while they are equal to 30 x 40 cm2 at the first/second level and 30 x 30 cm2 at
the third one for SLD.
Regarding reinforcement details, as a consequence of the minimum requirements provided
in the above-mentioned Italian code, GLD columns have four reinforcement bars with diameter
equal to 12 mm at each level while the stirrups’ spacing is 25 cm. Longitudinal reinforcement
ratio is between 0.37 and 0.75% in flexible beams and 0.15-0.37% for rigid ones. Transverse
reinforcement is made up of 6 mm hoops with constant spacing equal to 17 and 25 cm for
flexible and rigid beams, respectively. For SLD buildings, the longitudinal reinforcement ratio
in columns is between 0.75 and 1.90%, between 0.40 and 1.26% in flexible beams, and between
0.27 and 0.67% in rigid beams. Transverse reinforcement is made up of 8 mm hoops with constant spacing between 12 and 15 cm in columns, between 7 and 17 cm in flexible beams, and
between 13 and 19 cm in rigid beams.
With respect to infills, consistent with the practice of the period, double-layer type with 8
cm (internal layer) and 12 cm (external layer) thick panels of hollow clay bricks and empty
cavity (10 cm thick) has been considered.
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a)

b)
Figure 1: Floor plan for GLD (a) and SLD (b) types.
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Figure 2: Three-dimensional view of the three-storey SLD building.

3

MODELING

The modeling approach adopted for RC and infill elements starts from the approach previously adopted for new buildings [1, 4], consistent with the literature state-of-the-art on these
topics, but with simplifications representing a reasonable compromise with the computational
demand due to the execution of several NLTH bi-directional analysis on 3D numerical models.
Moreover, some modifications and integrations were necessarily adopted, in order to take into
account specific failure mechanism that, contrary to new buildings, are not avoided by the adoption of capacity design principles, i.e., the possible onset of shear failures, prior to or following
flexural yielding, in beam/column elements and in beam-column joints.
3.1 Beam/column elements
A lumped plasticity approach is adopted to model the nonlinear response of RC beam/column elements. Moment-chord rotation springs are introduced at both ends of each beam/column
elastic element. The modified Ibarra-Medina-Krawinkler deterioration model with peak-oriented hysteretic response (ModIMKPeakOriented Material in OpenSees [14]) with response
parameters determined according to [15] is assigned to such springs. The empirical nature of
the model, whose predictive equations are derived based on a great number of experimental
results, allows reproducing accurately and reliably the softening behaviour of RC elements as
well as strength and stiffness degradation due to cyclic loading. This is a key issue when investigating the seismic response of RC framed structures up to global collapse, as done in this
study. This is the main advantage of adopting Haselton et al.’s empirical equations for modelling the lateral response of RC elements. It “counterbalances” the well-known inherent limitations of the lumped plasticity approach adopted, namely the absence of coupling and interaction
between axial load and bidirectional bending moments as well as the assumption of constant
axial load and shear length when determining RC elements’ response parameters. Further details are reported in [4].
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The empirical formulations by Haselton et al. were determined with reference to a wide
database of RC columns with both ductile and “limited” ductile response. Nevertheless, to explicitly account for shear failures of elements during structural analyses and for their influence
on the overall structural response, the predicted ductile backbone curves of elements detected
as shear-critical based on a force-based simplified procedure were modified according to deformation limits at shear- and axial load-failure of shear-sensitive elements.
More specifically, the failure mode of members was pre-determined by comparing the maximum moment strength predicted by Haselton et al.’s model, Mmax, and the yielding moment,
My, divided by the element shear length, Ls, (Mmax/Ls=Vmax, My/Ls=Vy) with the maximum
(VR,max) and minimum (VR,min) shear strength predicted by the well-established model by Sezen
and Moehle [16]. If VR,min was higher than Vmax, the element was recognized as “ductile”. In all
the other cases, the element was classified as shear-critical. Namely, if VR,max was lower than
Vy, the element was recognized as “brittle”. In all the other cases, the element was characterized
by a flexure-shear interaction failure mechanism. The backbone predicted by Haselton et al.’s
model for ductile elements was not modified. For shear-critical elements, the predicted backbone was modified by assuming the maximum lateral load strength at the attainment of the
lateral displacement at shear failure, Δs, and then a softening branch up to zero lateral load
resistance at the lateral displacement at axial failure, Δa. Δs and Δa were calculated based on the
empirical proposal by Aslani and Miranda [17]. A schematic representation of the procedure
adopted for failure mode classification and response backbone modification is reported in Figure 3. This approach was preferred to the one by Elwood and Moehle [18, 19] given that the
empirical formulations proposed by Aslani and Miranda are defined in order to always provide
Δa values greater than Δs.
V
θx

DRs

V

V

VR,min
Vpeak
Vy

Vpeak
Vy

DRa

Vy
VR,max

DR

DR

(a)

(b)

DRa

θx DRs

DR

(c)

Figure 3: Schematic representation of the classification procedure and response backbone modification for RC
columns: VR,max<Vy, shear failure prior to flexural yielding (a); V R,min>Vpeak, flexural failure (b); all other cases,
shear failure following flexural yielding (c).

In the literature, a consolidated unified approach for determining the failure mode of RC
elements and, consistently, their consequent lateral response under cyclic loads is missing. Ongoing research is focused on this issue, see for example [20-22]. Given that, the hybrid approach
used in this study seems to be the best compromise to account for the potential shear failure of
structural elements without renouncing to the recognized reliability of Haselton et al.’s model
in predicting the hysteretic response of RC members.
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3.2 Beam-column joint elements
The joint panel model adopted herein is the so-called “scissors model” by Alath and Kunnath
[23], a very simple and computationally less demanding joint model, but also sufficiently accurate in predicting the experimental beam-column joint panel behavior for simulating the seismic response of non-ductile RC frames [24]. The “scissors model” is implemented by defining
rigid offsets spreading within the joint region and two duplicate nodes, node “A” and node “B”,
geometrically overlapped in the center of the joint panel (Figure 4a). Node A is connected to
the columns rigid links and node B is connected to the beams rigid links. A zero-length rotational spring connects these two nodes allowing only relative rotation between them by means
of a proper constitutive model, reproduced with the Pinching4 uniaxial material in OpenSees
[14], as described in the Section. The joint rotational spring can be accurately defined through
a quadri-linear moment (Mj) – rotation (ϴj) relationship [24-27], strictly linked to the joint shear
stress (τj) – shear strain (γj) response, and characterized by the following characteristic points
(Figure 4b): cracking, pre-peak, peak and residual points.
The quadri-linear joint response for exterior unreinforced joints – both in terms of envelope
definition and hysteretic behaviour – is defined herein as proposed in [24], based on experimental data reported in [28-30], for which experimental shear stress-strain relationships of joint
panel were provided.
Similarly, for interior unreinforced joints, the τj – γj envelope proposed in Celik and Ellingwood [25] is adopted. About the hysteretic response of the interior joints, the cyclic degradation
and pinching parameters calibrated by Jeon et al. [26] are assumed. However, these parameters
are modified so that no strength degradation (parameters gF=0 in the Piching4 material) is
taken into account, since strength degradation is already included in the backbone of the joint
response obtained from experimental data.
Both for exterior and interior joints, the joint shear strength j,max is predicted according to
[26], namely as a function of joint typology (interior or exterior), concrete compressive strength,
beam longitudinal reinforcement, and presence of transverse beams. This model showed a mean
value of predicted-to-experimental strength ratio very close to the unit for a wide dataset [31].
Additionally, both for exterior and interior joints, the adopted constitutive model accounts for
two possible failure mode of the beam-column joints: joint shear failure prior to (J-failure) or
after (BJ/CJ-failure) the achievement of yielding of the adjacent beams/columns (in strong column-weak beam/weak column-strong beam hypothesis), both for exterior and interior joints.
joint panel spring

joint shear stress,j

A

peak

B

pre-peak
cracking
residual

beam/column spring

joint shear strain,gj

(a)
(b)
Figure 4: Joint modelling approach for an exterior joint (a) and schematic of stress-strain envelope for the
joint panel (b) – adapted from De Risi et al. [2016a].

In conclusion, for the joint panel spring definition, the deformability parameter “rotation” ϴj
coincides with the joint panel shear deformation (γj). For each characteristic point of the joint
envelope, the moment transferred through the rotational spring, Mj, can be calculated as a function of the joint shear stress τj, as in [25] or [24], based on simple equilibrium equations.
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3.3 Masonry infill elements
Double leaf 80+120 mm masonry infills are assumed. Consistent with the assumed architectural plan layout, different opening percentages are assumed in the panels, namely with solid
panels along the Y direction and opening percentages roughly between 20 and 50% along the
X direction. An equivalent concentric single-strut approach is adopted to represent the infill
panels, following [32-34]. Within the RINTC project, data from [35-37] were elaborated in
order to establish drift thresholds at cracking, peak, and collapse. The effect of openings is taken
into account according to [33]. For further details, the reader is referred to [1] and [4].
3.4 Material properties
The mean concrete compressive strength and steel yield strength for the assessment were
provided by literature studies on material properties of existing RC buildings in Italy. For concrete, the cylindrical compressive strength, fc, is assumed equal to 20 and 25 MPa for GLD and
SLD buildings, respectively, in order to be representative of RC buildings built during 1970s
and during 1980-90s, respectively [38]. For steel, the yield strength, fy, is assumed equal to 448
and 535 MPa for GLD and SLD buildings, respectively, in order to be representative of FeB38k
commercial typology between 1974 and 1980, and of FeB44k commercial typology between
1990 and 1996, respectively [8]. For masonry infill panels, material properties are assumed in
order to be representative of “light” nonstructural masonry, likely present in existing RC buildings, based on the data collected in [36], assuming a masonry compressive strength fm=2 MPa,
a masonry shear strength τm0=0.4 MPa, a basic shear strength of bed joints τ0=0.27 MPa, and a
modulus of elasticity Em=1500 MPa.
4

LIMIT STATES AND FAILURE CRITERIA

The response of the case-study structures is assessed at two Limit States (LSs), namely
“Global Collapse” (GC) and “Usability-Preventing Damage” (UPD), corresponding to the nonconventional, “true” collapse condition and to a damage level leading to building use interruption for repair, respectively. Further details are provided in [4]. As for the modeling approach,
basically the definition of LSs was consistent with the approach previously adopted for new
buildings, but, as far as the GC LS is concerned, with some modifications accounting for possible failure mechanism that can occur in structural elements of existing, “non-ductile” RC
buildings. The definition of these LSs will be used in the evaluation of the corresponding displacement capacity from the results of nonlinear static (pushover) analyses, as will be shown in
the next Section.
4.1 Global Collapse Limit State
The GC LS corresponds to the “true” collapse, meant as loss of structural integrity. Several
definitions of building collapse are available in the literature, which lead to very different results
[39]. At global level, in buildings with flexure-controlled structural elements, such a condition
can be identified with dynamic instability, corresponding to the attainment of a sidesway collapse. This is the case of new buildings, as those previously analyzed within the RINTC project.
The displacement capacity (from pushover analyses) corresponding to such a condition should
be identified, in a single-mode pushover curve, at the zero-base shear condition; nevertheless,
such condition is assumed to be “anticipated” at 50% base shear drop in order to account –
approximately – for the strength degradation in RC beams/columns during inelastic cyclic response, which, within the adopted modeling approach [14], is captured during NLTHs but not
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in pushover analyses [1, 4]. A slight modification to this approach has been subsequently assumed, within the RINTC project, in order to identify a displacement capacity corresponding
to a strength degradation that could be attributed to structural elements only, and that is assumed
herein and described as follows:
• The storey shear in RC elements (at storeys not “unloading” during the pushover
analysis) attains 50% of peak in the descending branch of the storey shear-displacement curve.
Nevertheless, in existing, non-ductile RC buildings, the possible onset of brittle failures in
structural elements makes it necessary to consider also another collapse mechanism, that corresponds loss of vertical-load-carrying-capacity in shear-controlled columns [17] or beam-column joints [40]. This kind of collapse is generated by the activation of a sliding mechanism
along the diagonal crack surfaces that develop at the onset of the shear failure. The chord rotation (for shear-controlled columns) or the Interstorey Drift Ratio (IDR) (for beam-column joints)
at “axial failure” are provided by empirical formulations proposed in literature studies [17, 40].
Nevertheless, strictly speaking, such deformation limits should be regarded as corresponding
to the initiation of loss of axial-load-carrying-capacity; if the “true” local collapse is assumed
to correspond to the complete loss of axial-load-carrying-capacity, higher values should be assumed, corresponding to a null axial-load-carrying-capacity [41, 42]. Both for shear-controlled
columns and beam-column joints, based on the abovementioned studies, with some simplification, such deformation limits can be assumed equal to 0.10 (chord rotation or IDR, respectively).
Hence, the following further criteria are assumed for the evaluation of the displacement capacity at GC LS:
• The first column classified as shear-controlled (prior to or following flexural yielding)
reaches a chord rotation equal to 0.10;
• The storeys above and below the first beam-column joint failed (prior to or following
flexural yielding of the adjacent beams/columns) reach a (average) IDR equal to 0.10.
4.2 Usability-Preventing Damage Limit State
The UPD LS corresponds to a damage level to structural or nonstructural elements leading
to building use interruption for repair. Its definition makes it close to the code-based Damage
Limitation LS. A multi-criteria approach is adopted in order to define this LS, reflecting two
basic principles, i.e. that at the attainment of this LS (i) the structure has to show a moderate
stiffness decrease, without strength decrease, and (ii) the nonstructural (infill) elements have to
show an extent and a degree of damage such that repair is no more easily and economically
feasible, leading to interruption of use. The abovementioned multi-criteria approach applies
evaluating the displacement capacity (from pushover analyses) at this LS at the attainment of
the first of the following conditions:
• Base shear attains 95% of peak in the ascending branch of the pushover curve, reflecting a “moderate” stiffness decrease;
• 50% of the infill panels reach their displacement at peak load, corresponding to a
“cracking” damage condition; the correspondence between the attainment of the peak
lateral force of the panel, of the usually called DS2 (extensive cracking) and of the
code-based Damage Limitation LS is commonly accepted in literature [35, 37, 4347];
• The first infill panel reaches its displacement at 50% strength degradation, corresponding to a “severe” damage condition.
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For BFs, that represent a non-realistic numerical reference model, a different approach is
adopted, assuming the maximum IDR as Engineering Demand Parameter (EPD), and the codebased 0.5% limit for capacity, with “local” checks in post-processing of NLTH analyses.
For further details, the reader is referred to [1] and [4].
5

PUSHOVER ANALYSIS RESULTS

In this Section, the results of the nonlinear static (pushover) analysis carried out on the casestudy buildings are reported. Pushover analyses are carried out with two different lateral force
patterns, i.e. “modal” and “uniform” (or “mass-proportional”). The displacement capacity is
evaluated from the curves obtained with a lateral force pattern proportional to an assumed deformed shape (corresponding to the first mode of vibration or uniform) closer to the actual,
observed deformed shape at the attainment of the LS condition. In particular, as a consequence
of a storey mechanism at collapse generally found for both GLD and SLD types, the uniform
load pattern is adopted to evaluate the GC displacement capacities.
Results are reported in terms of Roof Drift Ratio (RDR) versus ratio between the base shear
(V) and the building weight (W). Figures 5 and 6 report the pushover curves of GLD and SLD
buildings, respectively. Note that pushover curves in along X are reported only for positive
pushing direction, because, due to structural symmetry, data for negative pushing direction are
nearly identical.
Generally speaking, a significantly higher base shear capacity is observed for SLD buildings,
as clearly expected, with a V/W ratio, for BFs, roughly between 0.20 and 0.35, in X and Y
direction, compared to GLD buildings, that show a V/W ratio roughly between 0.10 and 0.20.
The influence of infill panels, in terms of stiffness/strength increase compared to BFs, is clear
particularly for IFs, but – except for GLD buildings in X direction – is not as significant for
PFs. This is consistent with the soft-storey collapse mechanism that is observed in nearly all
cases.
The RDR capacity at UPD and GC is reported on the pushover curves from which it was
evaluated. More specifically, at GC both the “global” capacity (corresponding to the attainment
of 50% of peak in the descending branch of the storeys’ RC shear-displacement curves) and the
capacity corresponding to column axial failure (corresponding to the attainment of 0.10 chord
rotation in the first column classified as shear-controlled) are reported; the lowest governs the
attainment of GC. The axial failure of a beam-column joint (corresponding to the attainment of
0.10 IDR) is never observed. Except for GLD BF buildings in Y direction, the column axial
failure does not govern the attainment of GC, that is – instead – generally governed by the
attainment of the “global” collapse condition. Such a capacity is generally significantly higher
for SLD buildings.
Note that for BF buildings, the EDP at UPD is the maximum IDR and the capacity is the
code-based 0.5% IDR limit. Only for comparison purposes with the IFs and the PFs (where the
top displacement is the EDP), the RDR in the pushover curves corresponding to the attainment
of a maximum IDR equal to 0.5% is reported. For GLD IF and PF buildings, the attainment of
UPD is controlled, in all cases, by the 95% base shear condition. For SLD IF and PF buildings,
the attainment of UPD is controlled by the 95% base shear condition in Y direction, and by the
attainment of displacement at peak load in 50% of the infill panels in X direction. Contrary to
GC, at UPD there is not a clear hierarchy between the capacity of GLD and SLD buildings.
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Figure 5: Pushover curves of the three-storey GLD buildings.

Figure 6: Pushover curves of the three-storey SLD buildings.
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Type

Infill
configuration
BF

GLD

IF
PF
BF

SLD

IF
PF

Direction
[X/Y]
X
Y
X
Y
X
Y
X
Y
X
Y
X
Y

UPD
[RDR]
0.0053
0.0043
0.0025*
0.0034*
0.0055*
0.0033*
0.0041
0.0039
0.0020**
0.0039*
0.0048**
0.0049*

GC (global)
[RDR]
0.0305
0.0144
0.0176
0.0133
0.0146
0.0123
0.0433
0.0230
0.0405
0.0198
0.0396
0.0191

GC (c.a.f.)
[RDR]
0.0143
0.0136
0.0129
0.0480
0.0249
0.0460
0.0220
0.0459
0.0215

* attainment of 95% base shear condition
** attainment of displacement at peak load in 50% of the infill panels
Table 2: RDR capacity at UPD and GC for the case-study buildings (values in grey do not govern the capacity at
GC). For GC, the values evaluated for both global collapse (global) and column axial failure (c.a.f,) are separately reported.

6

MULTIPLE STRIPE ANALYSIS RESULTS

The results of MSAs carried out on the case-study structures are illustrated in this section.
MSAs were performed with NLTH bi-directional analyses for ten stripes, corresponding to increasing ground motion return periods ranging from 10 to 105 years and for 20 couples of records in each stripe [9]. The conditioning intensity measure (IM) for record selection was the
spectral pseudo-acceleration with 5% damping at the vibration period T, Sa(T). T was selected
between {0.15, 0.5, 1.0, 1.5, 2.0} sec, as the closest to the fundamental period of vibration of
the building (see Table 3); 1.0, 0.5 and 0.5 sec were chosen for BF, IF and PF buildings, respectively, both for GLD and SLD types.
Type
GLD

SLD

Infill
configuration
BF
IF
PF
BF
IF
PF

T
[sec]
0.93
0.46
0.66
0.86
0.44
0.66

Table 3: Fundamental period of vibration of the three-storey case-study buildings.

Figure 7 reports the RDR demand for the case-study structures, i.e. the three-storey GLD
(located in Milan, Naples and Catania) and SLD (located in L’Aquila) buildings in BF, IF and
PF configurations. Similar RDR demands are generally observed for IF and PF buildings, and
slightly higher for BF. Except for Milan, a high number of dynamic instability cases is observed,
especially for Catania site. Specifically, if RDR demands for GLD buildings are analyzed, it
can be observed that dynamic instability occurs in nearly all cases if an RDR about equal to
0.01 (for IF and PF) or slightly higher (for BF) is attained; this is consistent with results of
pushover analyses and with the assumed “global” capacity values at GC. The same occurs for
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SLD buildings for an RDR about equal to 0.03. As expected, a clear increase in demand with
increasing site hazard is observed for GLD buildings in Milan, Naples and Catania.
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Figure 7: RDR demands from MSAs on MRF buildings in Milan, Naples, Catania and L’Aquila, soil C. Blue
and red solid lines connect the median values of RDR demand at each stripe, in X and Y directions, respectively.
A higher stripe number corresponds to higher return periods, from 10 to 10 5 years [9]. Numbers close to pink
circles represent dynamic instability cases.

The influence of the type of design (GLD and SLD) on the RDR demand can be observed
more clearly analyzing the median RDR demand in X and Y directions as a function of the
conditioning IM, i.e. the elastic spectral pseudo-acceleration at the selected period of vibration,
Sa(T), see Figure 8. Such a direct comparison (between different sites, for each infill configuration) is possible because the same period of vibration was selected – and thereby the same
conditioning IM was assumed – for GLD and SLD buildings, given equal the infill configuration. If the results of the SLD buildings in L’Aquila are compared with the GLD buildings in
Catania (characterized by a quite similar hazard), a slightly lower demand, especially for higher
Sa(T) values, can be observed for SLD buildings.
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Figure 8: median RDR demands from MSAs on MRF buildings in Milan, Naples, Catania and L’Aquila, soil C,
depending on the elastic spectral pseudo-acceleration at the selected period of vibration. Blue and red represent
X and Y directions, respectively. Each dot corresponds to a stripe. Median RDR demand values higher than 0.03
are conventionally reported at 0.03.

In the following, the demand-to-capacity (D/C) ratios at GC are reported for the case-study
structures. Specifically, Figure 9 reports the D/C ratio value for each stripe while the median,
evaluated as the maximum value between X and Y direction, is shown in Figure 10. In the same
figure, the median value is plotted as a function of Sa(T).
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Figure 9: D/C ratios at GC for MRF buildings in Milan, Naples, Catania and L’Aquila, soil C. Blue and red solid
lines connect the median values of D/C ratio at each stripe, in X and Y directions, respectively. A higher stripe
number corresponds to higher return periods, from 10 to 10 5 years [9]. Numbers close to pink circles represent
dynamic instability cases.

Figure 10: median D/C ratios (maximum between X and Y direction) at GC depending on stripe number (top
row) and elastic spectral pseudo-acceleration at the selected period of vibration, Sa(T) (bottom row).

At GC, if dynamic instability is not observed, the D/C ratio is generally lower than 1. As far
as the influence of the type of design is concerned, if Catania (GLD) and L’Aquila (SLD) sites
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– that are characterized by a quite similar hazard, and by a demand slightly lower for SLD
buildings in L’Aquila – are compared, the significantly higher capacity of SLD buildings leads
to lower D/C ratio values. For each site, PF type generally show a greater number of dynamic
instability than IF one, thus highlighting the high vulnerability of buildings in case of infills
irregularly arranged along the height.
A more straightforward comparison can be carried out reporting for all sites the median (of
the maximum between X and Y direction) D/C ratio values depending on the stripe number and
of the conditioning IM, i.e. the elastic spectral pseudo-acceleration at the selected period of
vibration, Sa(T). Specifically, from the Sa(T)-D/C ratio relationships, the lower values D/C –
given equal the Sa(T) – for SLD buildings (L’Aquila), compared to GLD, can be observed. As
far as GLD buildings are concerned, a very similar behavior – as expected – from site to site
(Milan, Naples, Catania) is observed.
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Figure 11: D/C ratios at UPD for MRF buildings in Milan, Naples, Catania and L’Aquila, soil C. Blue and red
solid lines connect the median values of D/C ratio at each stripe, in X and Y directions, respectively. A higher
stripe number corresponds to higher return periods, from 10 to 10 5 years [9]. Numbers close to pink circles represent dynamic instability cases.

As for the GC LS, Figures 11 and 12 show the results obtained for the UPD LS. First of all,
due to the absence in the seismic code of specific prescriptions devoted to non-structural damage prevention, slight differences between GLD and SLD results can be observed, i.e. from
Catania to L’Aquila (which are characterized by a quite similar hazard). For GLD, the D/C
ratios basically reflect the site hazard, with increasing values from Milan to Naples and Catania.
Further, although GLD types were designed only for vertical loads, UPD LS in Milan is
achieved for very high intensities, e.g. stripe #9 for IF type, 104 years return period.
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Figure 12: median D/C ratios (maximum between X and Y direction) at UPD depending on stripe number (top
row) and elastic spectral pseudo-acceleration at the selected period of vibration, Sa(T) (bottom row).

7

CONCLUSIONS

In this paper, preliminary results of the first analyses carried out on existing RC buildings
representative of the Italian buildings stock within the RINTC project were illustrated. The
procedure for selecting the case-study structures and the simulated design process are described.
Three-storey GLD and SLD buildings were analyzed, the former located in Milan, Naples and
Catania, the latter in L’Aquila. The modeling approach, basically consistent with the approach
previously adopted within the project for new buildings, based on lumped plasticity with a phenomenological macromodel for RC elements and on an equivalent strut approach for infill panels, was modified and developed in order to take into account specific damage/failure
mechanisms of non-ductile structural elements, such as the modeling of beam-column joints’
response, by means of a “scissors model”, and the displacement-based modeling of shear failures in frame elements. Failure criteria were properly integrated in order to take into account,
specifically, possible local collapses due to the loss of vertical-load-carrying-capacity in shearcontrolled elements.
The evaluation of the displacement capacity at the two considered LSs, i.e. GC and UPD,
based on pushover analyses, showed that at GC the attainment of the LS capacity was governed
by a “global” collapse – meant as corresponding to the onset of dynamic instability – instead of
a “local” collapse, due, above all, to the adoption of a collapse definition for shear-controlled
frame elements (and beam-column joints) that does not correspond to the initiation, but, instead,
to the complete loss of vertical-load-carrying-capacity. SLD buildings showed a significantly
higher displacement capacity at GC, and thereby, for a similar hazard, significantly lower D/C
ratio values compared to GLD buildings. At UPD, instead, no clear influence of the type of
design was observed.
During the next years of the project, further case-study buildings will be modelled and analyzed, providing a complete framework of data on structures representative of the existing RC
building stock. Furthermore, the modeling approach will be developed, in order to take into
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account of phenomena such as, among others, of the out-of-plane response of masonry infill
panels and the in-plane local interaction between masonry infill panels and structural elements.
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Abstract
Seismic ground motion in urban environment is generally modified by the presence of buildings. This phenomenon, referred to as Site-City Interaction, is mainly due to the radiated waves
emitted through the soil by vibrating structures. Therefore, the urban seismic wavefield is altered from the free field motion with zones of higher and lower energy, i.e. largest and smaller
ground motion amplitude, respectively. Because of the complexity of the phenomenon, modelling and simulations of large dense cities might be performed with large computational costs.
In this paper, a random urban wavefield is obtained through a hierarchical multi-scale approach that defines representative areas obtained by homogenization of cluster of buildings at
local-scale. An equivalent single oscillator is hence derived for each representative areas by
considering uncertain parameters such as the fundamental period. Therefore, a proposed
model combining discrete model and wave propagation model is used to evaluate the interactions among the several representative areas at city-scale to derive the seismic ground motion
map for urban areas in terms of 50% fractile peak acceleration. Monte Carlo Simulation study
is performed for validation purposes. Finally, the proposed framework is applied to a real urban area using data from LIDAR maps.
Keywords: Seismic city-soil interaction, urban environment, stochastic analysis.
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1

INTRODUCTION

In the last decades, global population growth has resulted in the rapid development of
densely urbanized and compact areas. In earthquake-prone regions, these urban areas are exposed to high seismic risk because of the high concentration of population, strategic infrastructures and business activities. Current seismic design maps determine the free-field peak
acceleration, namely the motion of the ground surface undisturbed by any man-made structures.
Conversely, numerous studies have pointed out the influence of buildings strongly affects the
free field motion due to the energy that is transmitted back to the soil by the vibrating structures
as identified by Housner [1], Wong and Trifunac [2] and Wirgin and Bard [3], Ditommaso et
al.[5]; successively, the multiple interactions between vibrating buildings and soil, named as
site-city interaction, has been studied by Clouteau and Aubry [6], Kham et al. [6], Isbililiroglu
et al. [7], Wirgin [8], Taddei and Müller [9]. Therefore, the consequent ground-motion acceleration at the free-field currently used for designing civil engineering structures can be significantly different from the predicted one inside the urban area. Recently, Cacciola and Tombari
[10] introduced a ground motion stochastic model in terms of closed-form power spectral density to represent the seismic action around one or more buildings to be incorporated in a design
process accounting for the urban effect. Because of the complex nature of the city-soil interaction problems, simplified models are generally used to take into account the modification of the
ground motion in the urban environment; Guéguen et al. [11] showed the effect of the city can
be accounted for by modelling the structures as simple oscillators. Tsogka and Wirgin [12] used
homogenized blocks to study the seismic response in an idealized city. A homogenization
method has been used also by Boutin and Roussillon [13] to determine the multiple interactions
between buildings. Groby et al. [14] studied the seismic response of idealized 2D cities using a
continuum viscoelastic medium. Ghergu and Ionescu [15] studied the collective behavior of the
buildings in a city like environment through a partial differential equation coupled with an ordinary differential equation through a special class of boundary conditions. Two-dimensional
FE shear walls have been used by Coronado et al. [16] to simulate a section of the small village
of Vathia in Greece.
In this paper, a hierarchical multi-scale approach to model the ground motion in urban areas
is proposed. At mesoscale level, the effect of each cluster of buildings is derived through a
homogenization approach based on the strategy used in acoustic to determine the perturbations
induced in a large main structure by several small substructures attached to it (Soize [17], Strass
and Feit, [18], Friis and Ohlrich, [19] and [20]). Then, at macroscale level, the ground motion
in the urban environment is derived through a wave propagation model (Morse and Ingard,
[21]). The proposed multiscale approach is hence applied to a cluster of 1000 buildings with
uniform and log-normal random distribution of fundamental periods to show the effectiveness
of the method. Monte Carlo finite element simulation is performed for validation purposes.
Finally, the proposed framework is applied to real urban area using data from LIDAR maps.
2

PROBLEM POSITION

Consider the 2D idealized portion of a city depicted in Figure 1 undergoing ground motion
vibration modelled as zero mean Gaussian stationary vector process at the bedrock, 𝐔b fully
defined by the knowledge of the power spectral density matrix 𝐒ub (ω). Let assume for simplicity sake the structures and soil behaving linearly.
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Figure 1 Sketch of an urban environment under ground motion

Under the above hypothesis the dynamic motion of the coupled urban system (after a pertinent FE discretization) is governed by the following equation in terms of absolute displacements in the frequency domain
̃ (ω)𝐔(ω) = 𝐊
̃ (ω)𝐓𝐔b (ω)
𝐌𝐔̈(ω) + 𝐊

(1)

̃ (𝜔) are the 𝑛𝑑 × 𝑛𝑑 mass and complex stiffness matrix of the coupled system,
where 𝐌 and 𝐊
𝐔 is the vector listing the displacements of the 𝑛𝑑 degrees of freedom and 𝐓 is the frequencyindependent matrix given by
̃ (ω)}−1 𝐤b
𝐓 = −𝑅𝑒{𝐊

(2)

with 𝐤 b is the matrix of order 𝑛𝑑 × 𝑛𝑏 (𝑛𝑏 = number of degrees of freedom at the bedrock)
accounting for the forces induced in the soil due a unitary displacement of each individual joint
of the bedrock while the others are imposed to be zero. Eq. (1) can be also written in expanded
form as follow (see Figure 1)
̃ u (ω) 𝐊
̃ u,f (ω)
𝐊
0
𝐔u (ω)
0 𝐔̈u (ω)
̈
̃
̃
̃
0 ] [ 𝐔f (ω) ] + [𝐊 f,u (ω) 𝐊 f (ω) 𝐊 s,f (ω)] [ 𝐔f (ω) ] =
c
𝐌s 𝐔̈gc (ω)
̃ f,s (ω) 𝐊
̃ s (ω) 𝐔g (ω)
0
𝐊
̃ u (ω) 𝐊
̃ u,f (ω)
𝐊
0
̃ f,u (ω) 𝐊
̃ f (ω) 𝐊
̃ s,f (ω)] 𝐓𝐔b (ω)
[𝐊
̃ s (ω)
̃ f,s (ω) 𝐊
0
𝐊

𝐌u
[0
0

0
𝐌f
0

(3)

where 𝐌j ,and 𝐊 j (𝜔) are the mass and the complex stiffness submatrices in which the index j =
u, f, s is used for indicating the buildings superstructure in the urban environment, the building
foundations and the soil, respectively. The vector 𝐔j for j = u, f, s lists the displacements degrees of freedom. Note that Eq. (3) highlights the unknown vector 𝐔̈gc that represents the ground
motion of the soil deposit within the urban environment. Therefore, the ground motion at a
specific location within the urban environment can be readily extracted by the response power
spectral density matrix given by the following equation
𝐒𝐔 (ω) = 𝐇(ω) 𝐒Ub (ω)𝐇 ∗ (ω)
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where the asterisk in Eq. (4) stands for transpose complex conjugate, and the matrix 𝐇(ω) is
given by
̃ (ω) − ω2 𝐌)−1 𝐊
̃ (ω)𝐓
𝐇(ω) = (𝐊

(5)

From Eq. (5) elements of the response power spectral density matrix 𝐆𝐔 (ω), and in particular
the elements pertinent to the degrees of freedom of the soil at the surface, are in general function
of both the soil and the structures within the urban environment. Therefore, the seismic wave
field on the surface is affected by the presence of the buildings that can be interpreted as vibrating obstacles, inducing scattering to the ground motion waves and will be different from the
traditionally used free field ground motion that neglects the presence of vibrating structures. In
the case of ground motion at the bedrock modelled as monocorrelated Gaussian stochastic process Eq. (1) is reduced to
̃ (ω)𝐔(ω) = 𝐊
̃ (ω)𝛕Ub (ω)
𝐌𝐔̈(ω) + 𝐊

(6)

where 𝛕 is the incidence vector. As a consequence the response power spectral density matrix
is given by
𝐒𝐔 (ω) = 𝐇(ω) 𝐇 ∗ (ω)SUb (ω)

(7)

where SUb (ω) is the power spectral density function of the ground motion at the bedrock. Although the approach of modelling a large portion of a city might be attractive as it faces directly
the problem to determine the ground motion in the urban environment by extracting the pertinent elements from the response matrix, from a practical point of view it is unfeasible due its
computational demand and for the unavoidable epistemic uncertainties involved in the model.
Therefore, an alternative approach is proposed in this paper and presented in the following sections.
3

MULTISCALE APPROACH

The method proposed of determining the ground surface motion in urban areas is a multiscale method that comprises two models, i.e. a soil-structure and a wave propagation model,
in a hierarchical scheme. The following sections describe the proposed multiscale approach
from microscale (single buildings) to mesoscale (cluster of buildings) and macroscale (city).
3.1 Definition of a representative region
The first step of the proposed approach consists in determining the distribution of the structural frequencies within a representative region called elementary representative block (ERB).
This region (Boutin and Roussillon, [13]) is similar to the “representative volume element”
used in soil mechanics (see, e.g. Hill, [22]) to describe a typical part of the whole mixture on
average. Scale techniques (see, e.g. Ostoja-Starzewski, [23]) can be used to define the ERB.
For wave propagation problems, the scale separation between the microscale (𝑑, size of the
building foundation) and the mesoscale (𝐿, size of the ERB) is achieved when 𝐿⁄𝑑 ⟶ ∞, conversely a scale effect is created. The city can be seen as divided in several non-overlapping
ERBs each one with a different distribution of the structural natural frequencies. In the next
section, to reduce the multiple interactions between structures through the soil, a homogenization procedure of the ERB is proposed.
3.2 Urbanization effect induced by resonant structures
Consider the structural discrete system depicted in Figure 2; the equation governing the motion of the system in terms of absolute displacements in the frequency domain is determined as:
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̃ (ω) − ω2 𝐌)𝐔(ω) = 𝐊
̃ (ω)𝝉UFIM (ω)
(𝐊

(8)

where UFIM (ω) is the input motion at the base of the foundation, usually referred to as foundation input motion, namely the motion of the massless foundation under seismic loading. Therefore, from Eq. (1) the solution in its expanded form is given by
k̃
U(ω)
[
] = ([ str
Uf (ω)
−k̃ str

−k̃ str
m
] − ω2 [ str
0
k̃ str + k̃ SSI (ω)

−1

0
])
mf

0
[̃
] U (ω)
k SSI (ω) FIM

(9)

whereas the hypothesis of hysteretic damping is retained, i.e. k̃ str = k str (1 + 𝑖η), 𝑖 = √−1 is
the imaginary unit and η is the loss factor. Furthermore, the dependence of k̃ SSI from the circular frequency ω is hereinafter omitted for simplicity sake and determined through a static approach, without affecting the generality of the formulation. Therefore, the frequency transfer
function of the foundation displacement, Hf (ω), defined as the ratio between the foundation
displacement, Uf (ω), and the foundation input motion, UFIM (ω), is readily derived as follows:
Hf (ω, ω
̃ 0) =

̃ 0)
Uf (ω,ω
UFIM (ω)

=

̃ 2f (ω2 −ω
̃ 20 )
ω
2
2
2
2
(ω
̃ 0 −ω )(ω −ω
̃ f )+ω2 ω
̃ 20 (mstr ⁄mf )

−1

(10)

in which
ω20 = (

𝑘str
𝑚str

)

(11)

is the squared circular natural frequency of the fixed base SDOF superstructure and,
𝑘SSI

ω2f = (

𝑚f

)

(12)

is the squared circular natural frequency of the soil-foundation system. In this paper, the foundation input motion, UFIM (ω) is considered approximated as free field motion, i.e. UFIM (ω) ≅
Hsoil (ω)Ug (ω), where Hsoil (ω) is the transfer function of the soil deposit. During an earthquake event, the seismic waves propagating in an urban environment cause the vibration of a
multitude of n buildings along with the soil where they are founded. This scenario can be seen
as a large mass (i.e. the soil deposit) to which are attached n small resonators or sprung masses
(i.e. the buildings); in the context of vibroacustic problems, it is conventionally adopted that the
total driving-point impedance is given by the sum of each individual spring mass impedance
(see, e.g. Soize, [17], Strasberg and Feit, [18]).

Figure 2 Structural discrete model by considering soil-structure interaction effects
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Similarly, the equivalent transfer function of a cluster of 𝑛 buildings on the ground surface
within the elementary representing block (ERB) is obtained as the sum of the foundation transfer function of each building as follows:
̃ 2f (ω2 −ω
̃ 20,𝑖 )
ω

Hf𝑐𝑙 (ω) = ∑𝑛𝑖=1 Hf,i (ω, ω
̃ 0,i ) = ∑𝑛𝑖=1 (ω̃2

2
2 ̃ 2 )+ω2 ω
̃ 20,𝑖 𝛽
0,𝑖 −ω )(ω −ω
f

−1

(13)

where 𝛽 = (mstr ⁄mf ) and ωf are assumed as identical for each of the 𝑛 buildings, for simplicity sake. The aim of this formulation is to derive an equivalent local oscillator (Soize, [17],
Friis and Ohlrich, [19]) as an average of the building impedances over the whole ERB (Boutin
and Rousillon, [13]). Closed-form evaluation of Eq. (13) is obtained when the natural frequencies of the buildings, ω0,i , for 𝑖 = 1, … , 𝑛, are closely spaced; therefore, Eq. (13) can be ap+
̃+
proximated by an integral in the range ω−
̃−
0 ≤ ω0,i ≤ ω0 , where ω
0,𝑗 are the
0,𝑗 and ω
respectively the lower and upper limit of the considered interval of natural frequencies, as follows:
̃+
ω

𝑛

Hf𝑐𝑙 (ω) = ∑𝑛𝑖=1 Hf,i (ω, ω
̃ 0,i ) ≅ ω̃+−ω̃− ∫ω̃−0 Hf (ω, ω
̃ 0 )𝑑ω
̃0
0

0

0

(14)

The solution of Eq. (14) can be obtained in closed-form solution as
𝑛

Hf𝑐𝑙 (ω) ≅ ω̃+−ω̃− (Lf (ω, ω
̃+
̃−
0 ) − Lf (ω, ω
0 ))
0

0

(15)

where Lf is the indefinite integral of Hf (ω, ω
̃ 0 ), i.e. Lf = ∫ Hf (ω, ω
̃ 0 )𝑑ω
̃ 0 , and it can be
expressed as follows
0.5
̃2
̃ 0 (ω2 +𝛽ω2 −ω
ω
f)
)
0.5
̃ 2 −ω2 )
ω(ω
f
0.5
1.5
(ω
̃ 2f −ω2 ) (ω2 +𝛽ω2 −ω
̃ 2f )

(𝛽ω
̃ 2f ω3 ) tan−1 (

̃2
−ω

̃0 +
Lf (ω, ω
̃ 0 ) = (ω2 +𝛽ω2f −ω̃2 − 1) ω
f

(16)

Therefore, Eqs (15) and (16) can be used to derive a homogenization model to simulate the
urbanization effect within a cluster of buildings. In case of non-uniform distribution of the natural frequencies of the buildings , the numerical integral in Eq. (14) have to be reformulated in
order to account for a non-uniform grid; therefore, a piece-wise integration approach can be
applied as follows
Hf𝑐𝑙 (ω) = ∑𝑚
𝑗=1 ω
̃+

̃+
ω

𝑛

̃ 0 )𝑑ω0
∫ω̃−0,𝑗 Hf (ω, ω

(17)

(Lf (ω, ω
̃+
̃−
0,𝑗 ) − Lf (ω, ω
0,𝑗 ))

(18)

̃−
0,𝑗 −ω
0,𝑗

0,𝑗

and hence:
Hf𝑐𝑙 (ω) ≅ ∑𝑚
𝑗=1 ̃ +

𝑛

̃−
ω0,𝑗 −ω
0,𝑗

where ω
̃−
̃+
0,𝑗 and ω
0,𝑗 are the respectively the lower and upper limit of the jth out of the m subintervals in which the total domain is divided. Eq. (18) represents the equivalent transfer function of the cluster of buildings.
3.3 Homogenization model for a random distribution of the structural frequencies
The previous procedure can be extended for the case of random distribution of the structural
natural frequencies within the elementary representing block. Let the structural natural frequency, ω0 , be a random variable described by its probability density function 𝑝ω0 (ω0 ). The
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equivalent transfer function of the cluster, Hf𝑐𝑙 (ω, ω0 ), is a family of frequency-dependent functions depending on the random variable ω0 : for a specific ω, Hf𝑐𝑙 (ω, ω0 ) is a random variable.
Statistical properties can be derived from the knowledge of Hf𝑐𝑙 (ω, ω0 ); the average cluster
effect on the soil is derived though the definition of expectation of the function, E[Hf𝑐𝑙 (ω, ω0 )],
as follows:
∞

E[Hf𝑐𝑙 (ω, ω0 )] = ∫−∞ ∑𝑛𝑖=1 Hf,i (ω, ω
̃ 0,i ) 𝑝ω0 (ω0 )𝑑ω0

(19)

̃ , is used to indicate the hysteretic complex behavior. By using the linearity
where, the tilde, ⬚
of the expectation, Eq. (19) is rewritten as follows:
∞

E[Hf𝑐𝑙 (ω, ω0 )] = ∑𝑛𝑖=1 ∫−∞ Hf,i (ω, ω
̃ 0,i ) 𝑝ω0 (ω0 )𝑑ω0

(20)

Consider the random distribution of structural periods, 𝑝ω0 (ω0 ), modelled trough an uniform distribution:
1

{ω+0 −ω−0

𝑝ω0 =

+
, ω−
0 ≤ ω0 ≤ ω0

(21)

0, otherwise

Eq. (20) can be rewritten as follows:
̃+
ω

1

̃ 0 ) 𝑑ω0
E[Hf𝑐𝑙 (ω, ω0 )] = ω̃+−ω̃− ∑𝑛𝑖=1 ∫ω̃−0 Hf (ω, ω
0

0

0

(22)

and, therefore:
̃+
ω

𝑛

̃ 0 )𝑑ω
̃0
E[Hf𝑐𝑙 (ω, ω0 )] = ω̃+−ω̃− ∫ω̃−0 Hf (ω, ω
0

0

0

(23)

which is equivalent with Eq. (14) and, hence, which solution is given by Eq. (15) obtained for
a deterministic linear distribution of the structural periods. For a non-uniform distribution, the
expectation is applied to Eq. (18) and it yields:
∞

E[Hf𝑐𝑙 (ω, ω0 )] ≅ ∫−∞ ∑𝑚
𝑗=1 ω
̃+

𝑛

̃−
0,𝑗 −ω
0,𝑗

(Lf (ω, ω
̃+
̃−
̃0
0,𝑗 ) − Lf (ω, ω
0,𝑗 )) 𝑝ω0 (ω0 )𝑑ω

(24)

and hence, by using the linearity of the expectation:
E[Hf𝑐𝑙 (ω)] ≅ ∑𝑚
𝑗=1 ω
̃+

𝑛

̃−
0,𝑗 −ω
0,𝑗

∞

(Lf (ω, ω
̃+
̃−
̃0
0,𝑗 ) − Lf (ω, ω
0,𝑗 )) ∫−∞ 𝑝ω0 (ω0 )𝑑ω

(25)

The integral in Eq. (25) is by definition of probability density function, equal to the unity:
E[Hf𝑐𝑙 (ω, ω0 )] ≅ ∑𝑚
𝑗=1 ω
̃+

𝑛

̃−
0,𝑗 −ω
0,𝑗

(Lf (ω, ω
̃+
̃−
0,𝑗 ) − Lf (ω, ω
0,𝑗 ))

(26)

In accordance with the discretization procedure in Pfaffinger [24], Eq. (26) represents the expectation of the equivalent local oscillator transfer function of the cluster effect for a given
random distribution of the structural frequencies. The conditional power spectral density,
SU𝑐𝑙 (ω|ω0 ), of the response of the equivalent local oscillator is approximated by the equation:
f

∗

SU𝑐𝑙 (ω|ω0 ) = (Hf𝑐𝑙 (ω, ω0 )) Hf𝑐𝑙 (ω, ω0 )|Hsoil (ω)|2 SW
f

(27)

where | | is the absolute value operator and, SW is the power spectral density of the ground
motion at the bedrock modelled as a Gaussian white noise process. Therefore, the power spectral density of the response of the cluster is:
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∞

SU𝑐𝑙 (ω) = ∫0 SU𝑐𝑙 (ω|ω0 ) 𝑝ω0 (ω0 )𝑑ω0
f

(28)

f

Therefore, by using Eq. (27), and using the discretization approach of Eq. (17), Eq. (28) is
rewritten as follows:
SU𝑐𝑙 (ω) = ∑𝑚
𝑗=1 (ω
̃+
f

𝑛

̃−
0,𝑗 −ω
0,𝑗

2

2

2
) |Lf (ω, ω
̃+
̃−
0,𝑗 ) − Lf (ω, ω
0,𝑗 )| |Hsoil (ω)| SW

(29)

in which the summation indicates the energy of the of the transfer function of the equivalent
oscillator to simulate the cluster of buildings and |Hsoil (ω)|2 SW is the power spectral density of
the free field ground motion applied to the equivalent oscillator. Eq. (29) is used in the following section
to determine the urban wave field modified by the waves radiated by each cluster of buildings.

3.4 Urbanization effect induced by several clusters
Once the cluster effect, Hf𝑐𝑙 (ω), within the ERB, is obtained, the wave field on the surrounding surface ground can be hence determined as depicted in Figure 3. With the aim of developing
an analytical model, the propagation of asymptotic cylindrical waves (see, e.g. Morse and
Ingard, [21]), from a cylindrical body, simulating an equivalent foundation subjected to a harmonic signal can be determined through the attenuation function α(d, ω) as follows:
a

α(d, ω) = √d exp (−

ηg ωd

d

) exp [−iω (V)]

V

∀d ≥ a

(30)

where a is the equivalent radius of the foundation of the equivalent oscillator, d is the distance
between a selected point on the ground surface and the border of the foundation and V is the
velocity of propagation of the waves through the soil of Poisson ratio, ν, and soil loss factor,
ηg . In the ground surface plane, Eq. (30) can be decomposed into two orthogonal components,
as done in Poulos, [25], as follows:
α(d, ω) = α∥ (d, ω) cos 2 𝜃 + α⊥ (d, ω) sin2 𝜃

∀d ≥ a

(31)

where 𝜃 is the angle of the line connecting source and receiver, α∥ and α⊥ are the components
parallel and perpendicular to the direction of propagation of the dynamic input, respectively.
Approximate expressions of α∥ and α⊥ can be found in Dobry and Gazetas, [26] as follows
a

α⊥ (d, ω) = √d exp (−

ηg ωd

d

) exp [−iω (V )]

Vs

s

∀d ≥ a

(32)

in which Vs = √𝐺 ⁄𝜌 is the shear wave velocity of the soil with shear modulus 𝐺 and mass
density 𝜌, and
a

α∥ (d, ω) = √d exp (−

ηg ωd
VLa

d

) exp [−iω (V )]
La

∀d ≥ a

(33)

where VLa = (3.4Vs )⁄[π(1 − ν)] is the Lysmer’s analogue velocity. Therefore the radiated
wave field, Ugr (d, ω), of the homogenized cluster subjected to the seismic motion Ug (ω) is
given by
Ugr (d, ω) = α(d, ω)Hf𝑐𝑙 (ω)Ug (ω) ∀d ≥ a
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Figure 3 Wave propagation model adopted for this paper.

Therefore, the power spectral density of the radiated wave field, is expressed as follows:
SÜrg (d, ω) = |α(d, ω)|2 SÜcl (ω) ∀d ≥ a
f

∀d ≥ a

(35)

in which SÜcl (ω) is determined in Eq. (29). Moreover, the power spectral density function of
f
the ground motion in the urban environment induced by the radiated wave field of the cluster
of building is derived by the following form:
SÜcg (d, ω) = SÜ𝑔 (ω) + SÜrg + SÜrgÜg + SÜgÜrg

∀d ≥ a

(36)

where SÜ𝑔 (ω) is the power spectral density of the ground surface motion, SÜrg (ω) is the power
spectral density of the radiated wave field, and SÜrgÜg and SÜgÜrg are the cross-spectral density
functions between the cluster and free field ground motion.
Moreover, In presence of n𝑐 cluster or ERBs considered clusters, only the interaction between
one source and one receiver at a time, is considered as done in Poulos, [25] and Dobry and
Gazetas, [26]. Therefore, the interaction between two clusters of buildings is neglected. This
assumption leads directly to the following representation of the ground motion process at selected point within the urban environment:
n𝑐
SÜcg (d, ω) = SÜ𝑔 (ω) + ∑i=1
(SUi ̈ cg + SUi ̈ rgÜg + SUi ̈ cgÜrg )

k = 1, … , n𝑐

(37)

where SUi ̈ cg (ω) is the power spectral density of the modified ground motion induced by the ith-

cluster, and SUi ̈ rgÜg and SUi ̈ cgÜrg are the cross-spectral density functions between the ith-cluster

and free field ground motion, SÜ𝑔 (ω).
4

NUMERICAL RESULTS

4.1 Cluster homogenization
In this section the proposed homogenization approach for obtain the urban effect induced by
several buildings is applied. A cluster of n=1000 vibrating structures is considered as characterized by a distribution of fundamental periods that, in lack of precise information, are sampled
from uniform and log-normal distribution ranging from 𝑇 = 0.2𝑠 (2Hz) to 𝑇 = 0.5𝑠 (5Hz) as
depicted in Figure 4. Some structural parameters are set to some typical values for conventional
buildings (Veletsos and Meek, [27]; Mahsuli and Ghannad, [28]). In the present study, average
values of the structural mass, 𝑚𝑠𝑡𝑟 = 450000kg and structure to foundation mass ratio, 𝛽 =
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mstr ⁄mf = 10, is assumed. The soil domain which material properties are reported in Table 1,
is characterized by average shear wave velocity, Vs = 200 𝑚⁄𝑠, soil damping η𝑔 = 0.1 and
thickness (h) of 30m. Therefore, from a standard 1D site response analysis (e.g. see, Kramer
[29]), the transfer function of the soil deposit, Hsoil (ω) , is given by the following formula:
|Hsoil (ω)| =

1

(38)

η ωh 2
√cos2 (ωh)+( 𝑔 )
Vs
Vs

The soil-foundation stiffness, 𝑘SSI ,is obtained as the static foundation stiffness for shallow
foundation (e.g. see Veletsos and Verbic, [27]) as follows:
8𝐺𝑅

𝑘SSI = (2−𝜈)

(39)

where the equivalent radius of the foundation, 𝑅, is assumed as 5m.
The ground motion at the bedrock is modelled as zero mean Gaussian white noise process with
G𝑊 = 0.04 m2 s −3 . The homogenized cluster effect induced by the uniform distribution of
buildings of Figure 4a. is depicted in Figure 5a as average cluster effect and in Figure 5b in terms
of power spectral density. The charts show the good match between the proposed analytical
formulas of Eq. (18) and Eq. (29) and the urban effect induced by the sum of the 1000 buildings.
Conversely, for a log-normal distribution of structural frequencies, the cluster effect is different
from the homogenized effect obtained from a deterministic linear distribution (Figure 6).
Table 1 Soil properties

Property
Shear Modulus
Poisson coefficient
Unit density

Symbol

Value
G
𝜈
𝜌

8 × 107 𝑃𝑎
0.3
𝑘𝑔⁄
2000
𝑚3

b)

a)
)

Figure 4 a) Uniform and b) lognormal distribution of 1000 structural natural frequencies in a cluster.
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a)
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Figure 5 Homogenization of the cluster effect for a uniform distribution: a) average and b) power spectral
density.

a)

f

SÜcl [𝑚 𝑠

𝐸[|Hfcl |] [−]

2 −3

]

b)

Figure 6 Homogenization of the cluster effect for a log-normal distribution: a) average and b) power spectral
density.

By using the proposed analytical formulas of Eq. (26) for the average effect in Figure 6a and
Eq (29) for the cluster effect in terms of power spectral density in Figure 6b, this difference
decreases and hence, the proposed model can effectively simulates the contribution of n buildings on the urban environment. The convergence of the results can be improved by using more
subintervals, in the current results the distribution of the structural frequencies is divided in
m = 3 sub-intervals.
4.2 Urbanization effect around a cluster
Once obtained the average cluster effect from the proposed homogenization procedure, the
urbanization effect can be obtained around the cluster by using the propagation model of Eq.
(31). Consider the previous cluster of buildings extended in an ERB of 300m radius. Figure 7
shows the ground surface motion at a distance of 100m from the ERB modified by the cluster
characterized by a uniform distribution (Figure 7a) and log-normal distribution (Figure 7b) of
buildings compared to the free field motion of Eq. (28).
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a)

FRF Ground Motion

FRF Ground Motion

b)

Figure 7 Average urbanization effect in a ground surface at a distance of 100m from the homogenized cluster
of a a) uniform distribution and b) log-normal distribution of structural frequencies.

y

y
x

Equivalent oscillator

x

Figure 8 Ratio ∆ of the 50% fractiles of the peak ground acceleration around the homogenized cluster of a)
uniform distribution and b) log-normal distribution of structural frequencies generated by an earthquake directed
about the X direction.

It can be seen that the relevant alteration of the ground motion induced by the urban environment. Finally, the 50% fractiles of the peak ground acceleration is derived from the power
spectral density [30]. Figure 8 shows the ratio ∆ between the 50% fractiles of the peak ground
acceleration of urban effect motion and free field motion in the X-Y plane when an earthquake
is acting about the X-axis for a uniform distribution (Figure 8a) and log-normal distribution
(Figure 8b).
4.3 Urbanization effect around a cluster
The urbanization effect is studied for an urban areas located in the East Sussex on the northern suburb of Brighton, UK as depicted in Figure 9a. The investigated urban area is divided at
mesoscale level in 5 cluster of buildings (Figure 9b) with each radius selected by geometrical
considerations according to the distribution of the buildings in the city. For each cluster, the
structural period of each building is obtained through the formula proposed by the EN1998-1
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for reinforced concrete buildings, = 0.075𝐻 3/4 , in which 𝐻 is the height of the building obtained from the LIDAR map. At the first stage, the homogenization procedure of Eq. (26) is
applied to each cluster. Successively, the urban effect around the cluster is obtained by superposition of the single effects as defined in Eq. (36), for an earthquake directed about the X axis.
Figure 10 shows the ratio ∆ between the 50% fractiles of the peak ground acceleration of urban
effect motion and free field motion for the area of interest. It is worth mentioning that around
the cluster of buildings, it can be observed areas with an increment of the free field motion more
than 200% as well as reductions of about 20%.
a)

b)

Figure 9 Investigated urban area a) location and b) identification of 5 cluster of buildings.

Y y
X x
Figure 10 Ratio ∆ of the 50% fractiles of the peak ground acceleration of the area of interest

5

CONCLUDING REMARKS

This paper has presented a hierarchical multiscale approach to define the ground motion
modelling in urban areas. At mesoscale level, the vibrations generated by several buildings
within a representative region called elementary representative block (ERB) are analyzed
through a homogenization approach based on the averaging of the foundation transfer functions
of the buildings. Therefore, the transfer function of the cluster is represented by an equivalent
discrete lumped model considering soil-structure interaction. Closed-form solutions for any deterministic or random distribution of the structural fundamental frequencies are obtained. At
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macroscale level, the ground motion in the urban environment is obtained as the superposition
of the effects induced by each cluster by means of a cylindrical wave propagation model. Numerical analyses showed the good match between the power spectral density obtained by the
proposed formulation and the results of a Monte Carlo Simulation for a cluster of 1000 buildings with uniform and log-normal distribution. Successively, the modification of the free field
motion around a cluster is analyzed in terms of 50% fractile peak acceleration. Results showed
modifications up to 300% of the free field motion for large distances. Finally, the proposed
framework is applied to a real urban area using data of the buildings from LIDAR maps to
demonstrate a practical application of the proposed procedure.
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Abstract. Modern approaches to solve dynamic problems where random vibration is of significance will in most of cases rely upon the fundamental concept of the power spectrum as a core
model for excitation and response process representation. This is partly due to the practicality
of spectral models for frequency domain analysis, as well as their ease of use for generating
compatible time domain samples. Such samples may be utilised for numerical performance
evaluation of structures, those represented by complex non-linear models.
While development of spectral estimation methods that utilise ensemble statistics to produce
a single or finite number of deterministic spectral estimate(s), result in a familiar spectral model
that can be directly understood and applied in structural analyses, significant information pertaining to the non-ergodic characteristics of the process are still lost.
In this work, an approach for a stochastic load representation framework that captures epistemic model uncertainties by encompassing inherent statistical differences that exist across real
data sets is used. The new developed stochastic load representation is utilising imprecise probabilities to capture these epistemic uncertainties and represent this information effectively.
In some cases, there will be sufficient source data available to identify that a relaxed power
spectral estimate is likely to better represent the process, but not enough data to establish a
probabilistic description of a relaxed model. In these cases, an interval approach will be employed to capture the epistemic uncertainty in the spectral density of the process. Combined
with the stochastic nature of the process itself, this leads to an imprecise probabilistic model.
Since data is limited in this case, a parametric approach is utilised. The most likely power spectrum of the ensemble is identified and the model is relaxed by implementing interval parameters
such that the resulting bounds form an envelope for all estimated spectral powers.
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1

INTRODUCTION

Many problems in engineering sciences are subject to random vibrations and thus lead to
stochastic dynamic problems, for example, where environmental processes have an influence.
These examples could be high-rise buildings excited by earthquake and wind loads, or offshore
platforms in the ocean excited by waves. To determine the influence of environmental processes on the structures by running simulations, it is necessary to record these influences and
apply them to a model with system excitation/response process [1]. For this purpose, e.g. the
earthquake ground motion is recorded and utilised for system analysis. However, these real
data records are often subject to uncertainties. These uncertainties can arise due to various
reasons, such as a limited amount of samples, damaged sensors, device failure, perhaps due
to the earthquake itself, sensor threshold limitations and measurement errors. Additionally the
sensor could capture the data incorrectly, e.g. extreme features or other causes such as sensor
maintenance, bandwidth limitation or data acquisition restrictions could lead to poor quality of
the data records. For this reason, the real data records must be represented in an appropriate
manner and the uncertainties mitigated as much as possible [2].
Since stochastic dynamics have been studied very efficiently in recent decades, different
models have been developed. One of these is the power spectrum density (PSD), which is
widely used in the modelling of stochastic processes, especially in applications such as earthquake, wind and ocean engineering [3, 4, 5]. In earthquake engineering, for example, the use
of the PSD dates back to Housner [6] or Kanai [7]. At least in the linear case considered in this
work, a relationship between the system response can be derived with an elegant relationship
between the power spectra of the input data and that of the output data [8].
To develop a load model that utilises such a random excitation process, the more real data
records are available the better, since the numerical results are statistically more accurate for a
large amount of data. In addition, the underlying physics should be understood well. Because
both cases are often not satisfied, other approaches must be found to develop a load model
which represents the data in the best possible way [2].
This work is focused on the case that only a few real data records are available. Since it
is not possible to calculate an average power spectrum which represents the whole ensemble
adequately, other approaches must be pursued. Traditional statistical power spectrum estimation could result in a highly unrepresentative model of the process. It could be too limiting
and restrictive regarding the numerical simulations and the response process and the inherent
uncertainties are not mitigated. In this case an interval approach is used to capture the epistemic
uncertainty in the spectral density of the process, which leads to an imprecise probabilistic
model. Therefore the most likely power spectrum is defined which is then relaxed by implementing intervals such that the resulting model bounds form an envelope. For the calculation of
the interval a method according to Beer [9] is used. The proposed method combines confidence
intervals and α-level sets from fuzzy set theory [10].
This work is structured as following: An explanation in which form the environmental processes are available and how a power spectrum density is estimated from a stochastic process
is presented in section 2. In section 3 is described how the relaxed power spectrum density is
developed using imprecise probabilities. The final conclusion is given in section 4.

593

Marco Behrendt, Liam Comerford and Michael Beer

2

STOCHASTIC PROCESS REPRESENTATION AND POWER SPECTRUM ESTIMATION

This section describes the stochastic process and how it can be transformed into a power
spectrum density.
Given a real-valued stationary process X(t). For each of these processes exist a corresponding orthogonal process Z(ω). Thus, X(t) can than be written in the form
X(t) =

Z∞

eiωt dZ(ω),

(1)

0

where Z(ω) has the following properties:
E(|dZ 2 (ω)|) = 4SX (ω)dω
E(dZ(ω)) = 0.

(2)

In equation 2, SX (ω) describes the two-sided power spectrum of the stationary process X(t),
see [11]. To generate a stationary stochastic process, the following model is considered in this
work [12]:
X(t) =

N
−1 q
X

4SX (ωn )∆ω cos(ωn t + Φn ),

(3)

n=0

where
ωn = n∆ω,
ωu
∆ω =
N

n = 0, 1, 2, . . . , N − 1

(4)

with N → ∞ and Φn as uniformly distributed random phase angles in the range 0 ≤ Φn < 2π.
For the power spectrum density SX (ω)
1
SX (ω) = σ 2 b3 ω 2 e−b|ω| ,
4

−∞ < ω < ∞

(5)

is used. In this equation σ is the standard deviation of the stochastic process and b is a parameter proportional to the correlation distance of the stochastic process [13]. An example of a
generated stochastic process is depicted in figure 1 (left).
To transform a stochastic process from time domain to frequency domain, the discrete Fourier
transform is applied. A frequently used estimator of the power spectrum is the periodogram [14]
which can be understood as the squared absolute value of the discrete Fourier transform of the
time signal x(t):
−1
2∆T TX
SX (ωk ) = lim
xt e−2πikt/T
T →∞ T
t=0

2

(6)

In this equation, T is the number of data points, t describes the data point index in the record,
k is the integer frequency for ωk = 2πk
and T0 is the total length of the record. The stochastic
T0
process depicted in figure 1 (left) is transformed to the power spectrum, which is also depicted
in figure 1 (right).
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Figure 1: Example for a generated stochastic process (left) and the estimated power spectrum (right).

3

RELAXED POWER SPECTRUM

In this section is explained how a relaxed power spectrum from an ensemble of power spectra
is calculated, using a semi-heuristic concept similar to Beer [9] for individual random variables.
This method combines the calculation of confidence intervals with the fuzzy set theory introduced by Zadeh [10] and extensively studied in [15] and [16].
The starting point is the estimation of power spectra from the real data sets by equation 6.
From the resulting ensemble of power spectra the most likely power spectrum is identified. In
this work the mean power spectra is assumed to be the most likely power spectrum (see figure
2). The choice of the most likely power spectrum is not limited to the mean power spectrum, of
course. Based on the data and knowledge about the underlying physics, other identifications of
the most likely power spectrum can also be used.

Power Spectral Density

0.08
estimated PSDs
mean

0.06

0.04

0.02

0
0

2

4

6

8

10

12

frequency (rad/s)
Figure 2: Ensemble of power spectra with calculated mean.

Based on the type of distribution function, the confidence interval is calculated. Since here
the ensemble of power spectra is assumed to be normal distributed, additional to the mean mX ,
the standard deviation σ of the ensemble of power spectra is determined. Next, the confidence
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interval is calculated by equation 7 from the mean mX and the standard deviation σ for different
α-levels,
σ
C = mX ± t(1− α2 ;n−1) √ ,
n

(7)

where n is the number of power spectra in the ensemble and t(1− α2 ;n−1) is the (1 − α2 )-quantile
of the t-distribution with n − 1 degrees of freedom.
This is done for the confidence levels 0.99, 0.95, 0.75 and 0.5 (see figure 3).
Confidence Intervals

Power Spectral Density
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0.99
0.9
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0.06
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0.01
0
0

2

4

6

8

10

12

frequency (rad/s)
Figure 3: Mean power spectrum with confidence intervals.

The confidence levels are assigned to the membership function µ(X) of the fuzzy set by
subjective assignment. Since the power spectra mean mX in this example is identified as the
most likely power spectrum, and thus the most plausible value, it is assigned to the membership
value one, whereas the confidence level 0.99 contains values, which are almost not plausible,
the membership value is set to zero. In this subjective scheme, which should be combined
with expert knowledge, the confidence intervals are assigned to the membership values. This is
shown in figure 4 for three selected frequencies. The colours of the power spectral density are
related to the colours of the lines in figure 3, which are describing intersections of the power
spectral density at the specified frequencies. Table 1 summarises the values for the frequency
ω = 2.58 rad/s (green) as an example.
To specify bounds for the possible range of power spectra, one of the α-levels can be selected.
In this case, this is done for the α-level 0.00, which leads to an envelope of the ensemble of
power spectra (see figure 5).
The relaxed power spectra based on confidence intervals and fuzzy sets can be applied to
systems, e.g. high-rise buildings. The response process of the system is presented in the same
probabilistic manner like the relaxed power spectrum, which means that only bounds of possible
failure of the structure can be calculated.
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membership function

1
= 2.85 rad/s
= 5.79 rad/s
= 9.72 rad/s
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Figure 4: Membership function for selected frequencies.

Confidence level
—
0.50
0.75
0.90
0.99

mean mX
0.05298
[0.05072, 0.05523]
[0.04906, 0.05689]
[0.04723, 0.05872]
[0.04327, 0.06268]

α-level
1
0.75
0.50
0.25
0.00

Table 1: Confidence intervals and membership values for frequency ω = 2.85 rad/s (depicted in green in figure 4).

4

CONCLUSION

Calculating a relaxed power spectrum density instead of a traditional power spectrum density
described with discrete values for each frequency offers several advantages. The relaxed spectrum is more robust and captures epistemic uncertainties. Especially in the case that only a few
real data records are available, an approach with imprecise probabilities is useful to calculate a
relaxed power spectrum, since it is not possible to obtain reliable statistical informations of the
ensemble due to the limitations mentioned in section 1.
For the development of the proposed relaxed power spectrum there are three crucial points:
First, the identification of the most likely power spectrum. The form of the resulting relaxed
power spectrum depends highly on the chosen power spectrum. In this work, the mean power
spectrum is used as the most likely power spectrum, but depending on the available data, other
power spectra can be utilised. Second, the calculation of the confidence interval. Since there are,
even depending on the available data and the type of distribution function, different approaches
to calculate the confidence intervals, the resulting relaxed power spectrum can change slightly,
depending on the way of calculating the power spectra. Third, the subjective assignment of the
membership values. Since this affects the shape of the fuzzy sets for the single frequencies,
different power spectra bounds can occur. Thus, it should be combined with expert knowledge
in order to assign the values appropriately.
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Estimated Bounds of Power Spectra

Power Spectral Density
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Figure 5: Power spectra bounds.

The developed load model is usable for producing non-ergodic process realisations immediately applicable for Monte Carlo simulation analyses. Since the response process of the system,
where the model is applied to, will be presented in the same form like the relaxed load model,
only bounds of the response processes can be calculated. Thus, a failure range of the process
can be determined instead of a crisp but uncertain response of the system.
5
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Abstract
Masonry vaults represent a pleasant typology of structural horizontal element in traditional
architecture and historical buildings, widespread on a large scale along all the European
countries, even those characterized by a high level of seismicity. However, they are some of
the most vulnerable structural elements particularly under dynamic actions. Therefore, the
assessment of their structural safety and the determination of their stress field is a very important task for preservation of historic buildings. Vaults have been studied from an architectural and structural point of view as sequences of arches, and thus extending the use of
bidimensional tools of analysis. This assumption can be reliable for the analysis of barrel
vaults, but it is not always the most appropriate solution for investigating more complex
vaulted systems with a not negligible three-dimensional behavior.
The paper presents on the analysis of a particular groin vault, typically found in monumental
buildings which will be successively tested during an experimental dynamic campaign on the
shake table. Among all the failure mechanisms of this type of vault, the shear failure is one of
the most frequently recorded during post-earthquake surveys. The activation of the shear response is caused by asymmetric boundary conditions and difference in stiffness between two
sides of the vault, as it occurs in groin vaults covering churches aisles characterized by the
presence of a perimeter wall on one side and two columns on the other side. The main aim of
the paper is to investigate the seismic response of a brick groin vault simulating the boundary
conditions and loadings of an aisle in a three naves church prototype. Static and dynamic
nonlinear numerical analyses were performed using a finite element model. The boundary
conditions simulate from one side the presence of a perimeter wall and from the other side the
two columns between the main and the lateral nave. The role of the infill and of the amplification of the seismic input are investigated. The results are analyzed in terms of ultimate displacement capacity, crack pattern and damage mechanisms.
Keywords: Masonry Cross Vaults, Historical buildings, Seismic Assessment, FE Modelling,
Non-linear Dynamic Analysis.
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1

INTRODUCTION

Masonry vaults represents one of the most widespread horizontal structural elements in
historical buildings. Systematic postearthquake damage surveys in churches and historical
constructions have proved the vulnerability of vaults towards dynamic actions. Although understanding the 3D seismic behavior of vaults is of primary importance for preserving our cultural heritage and because of economic and social implications that can be caused by their
damage/collapse, the research in this field is still limited. Most of the works in literature were
focused on the 2D analysis of vaults modelled as a sequence of arches, under both static and
dynamic actions. Considering the 3D response, most of the studies have been addressed in
analysing the static behavior of vaults, either by using methods based on limit analysis, such
as Thrust Network Methods [1-4] and Finite Element limit analysis approaches [5,6] or FE
methods with elasto-plastic or damaging models developed for concrete structures, the use of
which was extended to curved structures [7-10]. Only few FE softwares were specifically developed for analysing masonry curved structures [11-13]. Furthermode, the use of Discrete
Element methods is proving its efficacy because of their capacity to model the discrete nature
of masonry and the possibility of considering large displacements [14-16]. Few researchers
analysed the seismic behavior of vaults by simulating seismic actions as differential displacements applied to supports using both numerical [17] and experimental approaches [1820].
This paper focuses on investigating the seismic behavior of a brick masonry groin vault
with asymmetric boundary conditions, such as that in the grey box in Figure 1, which is a
typical configuration found in vaults covering the lateral aisles of the churches. During seismic events, the lower stiffness of the central nave’s colonnade compared to the external walls
can lead to differential displacements along the longitudinal direction and, consequently, the
development of a shear damage mechanism in the horizontal structural elements (Figure 1a).
Static and dynamic non linear analyses were carried out on a cross vault model by using a FE
model. The numerical simulation have the main aim of investigating the behavior of a fullscale model of a groin vault that will be tested on a shaking table at the LNEC (National Laboratory for Civil Enginnering, Lisbon, Portugal) within SERA- (Seismology and Earthquake
Engineering Research Infrastructure Alliance for Europe) Transnational Access Project.

(a)

(b)

Figure 1: Plan view (a) and trasversal section (b) of the a common three-naves church. In red the typical shear
failure of the lateral nave vaults.

2

PREPARATION OF THE NUMERICAL MODEL

In Section 2.1, the physical full-scale groin vault mock-up and the testing setup de-signed
for the shake table tests that will be performed at LNEC is described. The numerical model
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adopted for simulating the shake tests is illustrated in Section 2.2, while Section 2.3 defined
the seismic input used for the analysis.
2.1

Geometrical model and skake table testing setup

The mock-up’s geometry and test setup was designed taking into account the dimensions
and load capacity of the 3D LNEC shake table. The brick vault model’s size is about 3.5x3.5
m2 in plan and includes two semi-circular barrel vaults with a net span of 2.9 m, with a rise of
0.80 m and constant thickness of 0.12 m. A plan view and a lateral view of the mock-up are
shown in Figure 2 and Figure 3, respectively.

Figure 2: Plan view of the model. Dimension in meters. In red the elements made of masonry, in grey the elements made of steel.

On the side, simulating the lateral continuous wall, the vault’s supports will be built on two
masonry piers which are clamped on a reinforced concrete slab placed on the shaking table. In
order to increase the piers stiffness and to avoid relative displacements between the two piers,
a steel frame made with IPE and UPN profiles will be also introduced.
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Figure 3: View A-A’ of the designed model built on a reinforced concrete slab fixed on the shake table. Dimension in meters. In red the elements made of masonry, in grey the elements made of steel.

On the opposite side that simulates the colonnade, the two supports will be let free to
move in all the directions on a movable system of wheels. Moreover, steel masses will be
added to the supports (between the vault’s abutments and the wheels) in order to simulate the
weight of the roof and the roof’s supporting wall (see Figure 1b). In addition, in order to
avoid any rotational movement of the sup-ports, the four abutments are linked each other by
couples of steel rods with rods ends charac-terized by plain spherical bearings. An overlying
infill will be built in correspondence of the four vault’s corner in order to cover 50% of the
total height of the vault [21]. To avoid local failures at the supports, steel plates were added
along the height of the supports and the infill. The steel profiles will aim also to increase the
stiffness of the supports and prevent their deformation. The total mass of the mock-up, excluding the steel rods, is equal to 5.15 tons.
2.2

Description of the numerical model

The study of the shear failure of the masonry groin vaults was carried out by using an advanced nonlinear finite element solid macro-model, constructed using DIANA FEA [22], considering the geometry that will be adopted for the specimen to test in the LNEC shake table.
The vault and the steel elements have been modeled using four-node, three-side isoparametric
solid tetrahedron element. It is based on linear interpolation and numerical integration, while
the steel cables are modelled as two-node directly integrated (1-point) truss element [22].
The mesh size varies in proportion with the smallest dimension of each element, ranging
from 0.01 m to 0.15 m. The numerical model involves 135,256 nodes and 444,861 degrees of
freedom.
In order to replicate the expected behviour of the specimen on the shaking table, the supports
of the vault present different boundary conditions. While the fixed piers have all the three
translations blocked, the steel masses have only the vertical direction fixed, allowing the
movement in the longitudinal and transverse direction when the model is subjected to horizontal static and dynamic loads.
To represent the physical nonlinear behavior, nonlinear properties of the materials were
adopted, assuming a Total-Strain Rotating Crack Model [22]. The nonlinear behavior of the
masonry includes a parabolic stress-strain relation for compression, while an exponential tension-softening relation was assumed in tension.
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The material and mechanical properties are listed in Table 1.

Figure 4: Numerical model and boundary conditions: general view. Dark gray: steel element; light dray: masonry
elements.

Young’s modulus [GPa]
Specific weight [kN/m3]
Poisson ratio [-]
Compressive strength [kN/m2]
Compressive fracture energy: [kN/m]
Tensile/Yield strength [kN/m2]
Tensile fracture energy: [kN/m]

Masonry
Steel
(parabolic and
(idealplastic behavior)
exponential diagrams)
1.2
210.0
1.8
7.8
0.2
0.3
1200.0
1.92
120.0
417.5E+03
3.48E-02
-

Table 1: Material properties adopted in the numerical model.

In the first assessment of the system, the masonry infill and the supports were modelled
with linear properties, while the nonlinear behavior was applied only to the shell of the vault.
This strategy of modeling aimed to prevent the local failures of the supports, which, if need,
can be strengthened in the specimen.
A preliminary linear static analysis, considering only gravitational loads, was performed to
check the proper performance of the model, before running the advanced nonlinear analyses.
The obtained results were consistent with the expected ones, showing a maximum vertical
displacement approximately equal to 0.5 mm and located at the middle of the vault.
Then, an eigenvalue analysis was performed in order to validate the modal behaviour of
the numerical model, and to evaluate the first modes and frequencies in longitudinal direction.
The modes in the longitudinal direction correspond to the modes with highest interest for the
global dynamic behavior of the vault. Furthermore, a parametric eigenvalue analysis increasing the diameter of the steel rods was carried out, aiming at determining a suitable rod’s diameter, able to counteract the rotation around z axis of the vault’s movable supports. This
action is also helped by the couple of steel cables both transversal and longitudinal which
eliminate the differential rotations in correspondence of the steel masses. The final configuration of the model, with six steel cables has the dynamic properties shown in Figure 5.
The first four modes are related to the vault’s global behaviour, while the fifth mode is
charac-terized by a local rotation of the steel masses. The global frequencies range from 6.92
Hz (period of 0.14 s) to 26.42 Hz (period of 0.04 s). It can be observed that the first mode
frequency, corresponding to the shear mechanism of failure, is very far from the other modes.
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Taking into account the first 25 modes, a cumulative mass participation of about 85% in each
horizontal direction was obtained. Thus, the 1st and the 25th modes were adopted to determine
the Rayleigh damping which will be used in the nonlinear dynamic analyses (Section 3.2).
Longitudinal
6.92 Hz

Vertical
26.42 Hz

Transversal
23.42 Hz

Combined
24.88 Hz

Torsional
31.93 Hz

Figure 5: Principal modes of vibration of the numerical model and their frequencies.

2.3

Input definition

The real seismic input of Emilia Romagna earthquake (Italy), recorded on 20th May 2012,
was applied to the numerical model, considering three directions, namely the transversal
(East-West), longitudinal (North-South) and vertical direction. The input, characterized by a
MW of 5.9, was registered at the station of Mirandola (MRN) located approximately less than
15 km far from the epicenter.
The choice of adopting this record was due to the fact that the maximum peak ground acceleration (PGA), recorded in Mirandola, is associated to the vertical component which
reached an high value of gravity acceleration (Figure 6) [23]. The input is impulsive and it
suggests a deeper study of the influence of the sussultatory motion which may be analyzed.
This earthquake is impulsive and can be more appropriated to cause damage on the vault. The
baseline of the signals was corrected in LNEC-SPA software [24], applying an highpass Fourier filter and the earthquake’s duration was dropped selecting the central 20 seconds of its
intense phase, respecting the serviceability range of the LNEC shake table. The signals presented in Figure 6 represent the time histories of the accelerations after applying Fourier filter
(0.1 and 40 Hz).
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The vertical component of the spectral acceleration has the peak at the very beginning of
the signal, in comparison with the horizontal components. All the three components are applied in the numerical and experimental study of this research.

Figure 6: Input signals for time history analysis along East-West (red), North-South (green) and vertical (blue)
adopted for the nonlinear dynamic analyses and experimental tests.

3
3.1

SEISMIC ANALYSIS
Nonlinear static analysis

Before testing the dynamic response of the model, a nonlinear static analysis was performed. Thus, the seismic performance of the vault was evaluated through pushover analysis,
applying a monotonic load on the structure in the longitudinal direction (y), after applying the
self-weight. A horizontal loading pattern proportional to the mass of the structure was applied
in the longitudinal direction. It is noted that, due to the double symmetry of the model there
was no need to study both positive and negative direction. Figure 7 presentes the results of the
pushover analysis along the longitudinal positive direction. In Figure 7b, the tensile principal
strains are utilized as damage indicator. It can be observed that there is a concentration of
damage that starts from the vault’s key and continues along its diagonal rib, surrounding the
limits of the infill.
It is also possible to compare the load capacity obtained by pushover analysiswith the expected PGA for a specific region. According to [25], the PGA of Mirandola is equal to 0.175g
and it is widely lower than the load coefficients the model can bear. The maximum load factor
reaches the value of 0.7 g (Figure 7a). However, it is noted that the action at the base of the
vault should take into account the ex-pected amplification in elevation of a church. Moreover,
it was observed a general vertical deformation at the central part of the vault due to the relative displacements between the supports (Figure 8). The results shows a crack pattern characterized by four hinges, in agreement with Heyman’s theory [26].
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(a)

(b)

Figure 7: Pushover analysis in the longitudinal direction +Y: (a) Capacity curved for four control nodes; (b)
Principal tensile strains in the top view for a horizontal load equal to 0.35g at the end of the capacity curve.

Figure 8: Principal tensile strains of View A-A at the end of the capacity curve.

3.2

Nonlinear dynamic analysis
Nonlinear dynamic analysis with time integration was also performed, using the real input
described in Section 2.3, with a damping ratio ξ equal to 3%. Thus, damping matrix C
(Equation 1) was defined as a combination of Mass matrix M and stiffness matrix K according to Rayleigh viscous damping, defined in [27].
C= αM + βK

(1)

The two constants, α (2.39) and β (0.00012), were based on the results obtained from the
eigenvalue analysis, namely considering the first and the twenty-fifth modes as the reference which involve at least 85% of the mass in the horizontal directions. Another verification of the effective working of the model is represented by plotting the relative
displacements observed between the fixed piers and the steel masses (Figure 9). This evaluation shows that the relevant relative displacements are present only along the longitudinal direction (Figure 9a), while, in the transversal direction (Figure 9b), as expected, the
steel rods do not allow relative movements. Thus, the damage in the vault is mainly associated to the shear failure.
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(a)

(b)

Figure 9: Relative displacements between the lower corner of the steel mass and the lower corner of the fixed
pier for the first 10 s of the input along the longitudinal (a) and the transversal (b) direction.

Several dynamic analyses were carried out for evaluating the influence of to the vertical component of the earthquake and the infill. Figure 10 shows the cumulative maximum
values of the tensile principal strains (ε1) at the end of the earthquake (10 s). The results
show that the lack of the infill causes a high damage concentration both along the ribs of
the vault and close to the supports (Figure 10b). The presence of the vertical component of
the seismic input induces, as expected, more accentuated diagonal cracks, but their location is the same as for the case without the vertical seismic input (Figure 10c).

Extrados views

ε1
Intrados views
(a) Reference model

(b) Model without infill

(c) Without vertical
component

Figure 10: Tensile principal strains at the time of 10 s.

The reference model was subjected to an incremental increase of the value of PGA until
reaching the state close to the ultimate condition. Thus, a numerical incremental dynamic
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analysis (IDA) was performed, applying a positive scale factor to the acceleration time histories in each direction. Expecting a very high time consuming to run the nonlinear dynamic
analyses, only the first and more relevant 10 seconds of the earthquake were considered.
Figure 11 illustrates the maximum values of the tensile principal strains ε1 for the six
earthquake amplitudes. The results indicate that the first zone with high concentration of
strains is at the top of the extrados of the vault and close to the boundaries of the infill. The
damage is according to the expected and it shows the typcal shear failure that occurs during a
seismic event.
To compare those curves, the load factor in each time step was calculated, i.e. the sum of
all the horizontal forces divided by the self weight of the model. It is observed that the maximum value of the load factor for the 100% of the PGA was about 30% higher than the one
obtained by the static analysis . This is understandable because the nonlinear static analysis
forces the shear failure of the vault but also the supports are immediately involved by the sliding behavior at their bases. The dynamic analysis is more representative of the behavior expected in the LNEC shake table and therefore it was utilized to assess the seismic response of
the vault.
0.5

1.0

1.5

2

2.5

3.0

ε1

Figure 11: Tensile principal strains of the base model at the time of 10s.

The capacity curves obtained from the pushover analysis and the nonlinear dynamic
analyses were compared (Figure 12) [28].
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Figure 12: Capacity curve obtained from the pushover and dynamic analyses.

4

CONCLUSIONS AND FUTURE WORKS

This paper presents the preliminary study of the behavior of a brick masonry groin vault,
before performing shake table tests. The tests will be performed in the 3D LNEC shake table
and aim to evaluate the shear failure of the vault. Taking into account the complexity of this
study, the design process of thespecimen was evaluated through numerical analysis both static
and dynamic. More scenarios, namely considering the role of the infill and the influence of
the vertical component, were evaluated, taking into account the seismic input recorded during
Emila’s Earthquake in 2012.
The eigenvalues analysis was performed, allowing to detect the first longitudinal mode,
associated to the shear failure of the vault.
Furthermore, the direct comparison between static and dynamic results lead to the following conclusions: (a) the static configuration was utilized to design the first setup of the model,
but it was low indicative of the expected dynamic response that will occur on the shake table;
(b) the shear failure was obtained by the last configuration of the model and the main concentrations of damage occured along the rib of the vault; (c) the role of the infill was favorable to
avoid a localized damage close to the supports, since it increased the effective thickness of the
vault; making the model stiffer and more resistant; (d) the vertical component of the earthquake caused a more significant damage, but it did not bring different concentrations of
strains.
Moreover, it is important to highlight that the concentration of strains was mainly located
along the solid elements which were modelled with the nonlinear material behavior. Future
investigations should assume the non linear of all the masonry elements for nonlinear dynamic analyses, aiming at evaluating whether severe damage may occurs also at the sup-ports of
the vault. These analyses may be useful to evaluate the necessity of strenghening the piers of
the specimen for the shake table tests.
Another futher development of the numerical study, it is the definition of the expected acceleration amplification at the level of the base of vault for a church. This amplification
should be considered for the seismic assessement of the dynamic performance of the vault.
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Abstract
Aim of the present paper is to analyze and revisit the first chapter of the Monasterio’s unpublished manuscript where the pure sliding collapse mode of non-symmetric masonry arches is investigated. As it will be shown, the Monasterio approach is of a “kinematical” type,
since the collapse mechanisms are “a priori” selected and, then, some criterion is adopted to
identify the collapse condition. In the present study, it will be shown that the basic assumptions of the Monasterio’s analysis are fully in agreement with the modern limit analysis. Furthermore, an alternative formulation for the assessment of the equilibrium of non-symmetric
arches is given.
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1

INTRODUCTION

The current paper constitutes the first step of a research project directed by Anna Sinopoli,
undertaken by the Authors in response to Santiago Huerta’s invitation. The main purpose of
this project is to perform a critical analysis on the validity and advantage of the approach proposed by Monasterio in his unpublished manuscript, entitled Nueva teórica sobre el empuje
de bóvedas [New theory on the thrust of vaults]. This interesting text was probably written in
Spain around 1805 and 1806, when the development of pre-elastic historical theories on masonry arches was almost concluded. It was found by Santiago Huerta in the Library of the
Escuela de Ingenieros de Caminos, Canales y Puertos of the Universidad Politécnica de Madrid, where Monasterio was professor of civil engineering, and was firstly introduced in the
contemporary scientific literature in 2003 [1].
The collapse analysis of non-symmetric arches is the most challenging subject examined in
Monasterio’s contribution. It is a subject almost never investigated in the historical literature
on masonry vaulted structures.
The present paper provides a critical review of the first Chapter of Nueva teórica, by focusing on the analysis of the pure sliding collapse mode of non-symmetric masonry arches.
2

MONASTERIO’S KINEMATICAL APPROACH

In his Introducción, Monasterio states that the search for the collapse condition must be
carried out «por medio de la doctrina de máximos y mínimos, y no valiéndose, como se ha
hecho comúnmente, de observaciones prácticas». Monasterio acknowledges the Coulomb’s
primacy, as already pointed out by Huerta and Foce [1]. His hypotheses regarding the masonry material coincide with Coulomb’s hypotheses: i.e. the masonry is characterized by an infinite compressive strength, a nil tensile strength, and a limited friction coefficient [2-4].
Nevertheless, as it will be demonstrated, the approach he proposes is quite different from the
Coulomb’s method.
Namely, before beginning his investigation, Monasterio lists the possible collapse mechanisms occurring in a non-symmetric arch: his approach is therefore framed in the philosophy
of the upper bound theorem [5, 6].
Monasterio does not develop any rigorous kinematic analysis (i.e. he does not analyze the
possible relative displacements of the various voussoirs in agreement to the impenetrability
law at each joint). His analysis seems to be of a qualitative nature; anyway it allows for identifying seven possible collapse modes occurring in a non-symmetrical arch, illustrated in Figure
1. The first one corresponds to the collapse by translation of two voussoirs (Plate I, Fig. 1a);
the second corresponds to the collapse by rotation of three voussoirs (Plate I, Fig. 2a); finally,
the last five correspond to collapse modes of a mixed type, involving both translation and rotation of either two or three voussoirs (Plate I, Figs. 3a-7a).
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Fig. 1. Plate I of the Monasterio’s manuscript.

3
3.1

THE ANALYSIS OF THE PURE SLIDING MECHANISM
MECHANISM ACCORDING TO
MONASTERIO
The theoretical assumptions

In the present paper the pure sliding collapse mode discussed in chapter I of Monasterio’s
manuscript is examined (Figure 2a, corresponding to Figure 1a of Monasterio’s Plate I). According to this collapse mode, the left-hand voussoir containing the key joint slides inwards,
while the one on right slides outwards, without any a priori assumption on the bounding
joints position.
We adopt the same notation introduced by Monasterio in order to compare the procedure
and results. The unknown joints candidates for sliding are identified by angles αi, α’ and α”
(Fig. 2b), measured with respect to the vertical line associated with an absolute Cartesian system (x, y). The y axis passes through point A, located at the highest position of the intrados
line. From now on, reference will be made to segment AB (Fig. 2a) as the key joint of the arch.
By examining Fig. 2b, it can be observed that the angles, considered as positive, are instead
counted according to a clockwise rotation versus (α’ and α”), and counter-clockwise versus
(αi). The weights, Mi and M’, of the two parts in which the voussoir N’M’Mi Ni is divided by
the vertical axis y depend on αi and α’, respectively.
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(a)

(b)

Fig. 2. The pure sliding mechanism according to Monasterio (a); the notation adopted by Monasterio (b).

Monasterio proposes the following procedure: by starting from any point ϕ (Fig. 2a) located on the vertical line passing through the gravity centre G of the voussoir MiN' (which extends from angle αi to α’), the weight (Mi+M') is decomposed into two forces F' and Fi, which
form angles λ' and λi with the vertical direction (Fig. 3a). They are the resultants acting at
M'N' and Mi Ni joints, respectively, i.e. the joints candidates to slide; while the force acting at
joint M''N'' denoted as F” is the resultant of force F' and weight (M''-M'), that is the weight of
voussoir N”M”M’N’ (Fig. 3b).
In order to rigorously carry out the analysis, the Authors propose to associate to each of
the candidate joints, αi, α’ and α”, the system of unity vectors (ti, ni), (t’, n’), and (t”, n”), as
shown in Fig. 3a,b, which allows to locally identify at each joint the frontiers of Coulomb’s
domain, defined by the friction cone of angular opening +f or –f.
Monasterio considers a mechanism according to which the voussoir containing the key
slides downwards without any rotation. He analyzes the resultant reactions whose action lines
converge at point ϕ of the barycentric axis in order to ensure that the forces system consisting
of weight (Mi+M') and two internal reactions Fi and F' is characterized by null moment, so
that the rotation of the entire voussoir is prevented. It is worthy to note that he takes into account only the inclination of resultant reactions Fi and F' and not their point of application at
joints αi and α’. Therefore, given the unknown position of the joints that delimit the central
voussoir, the criterion adopted by Monasterio does not prevent the possibility that the thrust
line touches the boundary of the arch at some points or comes out of it due to insufficient
thickness, thus giving origin to a collapse of mixed type or even to the impossibility of equilibrium. In this first part of his analysis this possibility is never examined.
After expressing the modulus of F’ as a function of total weight (Mi+M') and angles λi and
λ', Monasterio decomposes F’ into two portions: «la primera perpendicular y la segunda
paralela a la junta inferior M”N”del trozo M”N’» (Chapter 1, n. 6), by obtaining the destabilizing force Δ provided by the internal reaction F’ on voussoir N’M”:
Δ 


cos

sin



sin     cos



cos   

Δ is described as the effort by which voussoir MiN’ tries to move the second voussoir
N’M” along its lower joint in the direction from M” to N” (Fig. 3c). Monasterio observes that
the limit condition for the equilibrium with respect to sliding at Mi Ni and M’N’ joints corre-
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sponds to the limit values:       , and        ; therefore, the destabilizing
action  can be rewritten by taking into account these limit conditions.
Monasterio then considers the stabilizing action of weight M”-M’ (Fig. 3d), given by


Δ  





   

cos   
cos

Fig. 3. The forces Fi and F’ acting at joints αi and α’ (a); the force F” acting at joint α” (b);
the destabilizing force  (c); the stabilizing force     (d).

As a consequence of the actions balance, Monasterio finally states that equilibrium at joint
M”N” is guaranteed if       , that is if the following inequality is satisfied:
    cos    

    !" #
!$%" #" #

sin  

     0

(1)

The collapse condition proposed by Monasterio therefore corresponds to inequality (1) satisfied as equality.
3.2

A case study: Monasterio’s approach and an alternative formulation

In the following section a case study is examined. Let us consider a non-symmetric masonry arch of unit width, whose geometry is represented in Fig. 4a: it is formed by two sectors
of semicircular arches of constant thickness, h, and mean radius Ri, R’, respectively. Let p be
the specific weight, f the friction angle, and µ = tan f the corresponding friction coefficient.
The vertical straight line passing through point A is the y axis introduced by Monasterio in his
analysis. The joints at the arch’s springing are defined by angles βi = π/3 and β’ = π/2.3, respectively (Fig. 4a). Furthermore, ratios h/Ri = 3/5, h/R’ = 1 are assumed, so that R’/Ri = 3/5.
Let denote as ' ,   ,    the dimensionless quantity obtained by dividing the first member of inequality (1) by ) * '  2.
According to (1), equilibrium is guaranteed if ' ,   ,     0, with reference to the
pure sliding mechanism under examination.
The values of R depend on  ,   ,   . The study of inequality (1) can be carried out by fixing, by attempt, the value of the lower joint sliding towards the outside, namely, the joint α”.
As a first trial, α'' = β'= π / 2.3 = 78.2609° is assumed, since Monasterio himself suggests
considering this joint. By posing the value of the friction coefficient equal to µ = 0.35,
' ,   ,    β, remains always positive by reaching its minimum value:
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min (R) = 0.254133 - 0,
for αi = 33.12° and α’ = 18.76°; the corresponding trend '  33.12°,   ,    β, is
represented in Fig. 4b, where the minimum value is attained at point A, for α’ = 18.76°.

Fig. 4. The case study (a); the sliding equilibrium condition according to Monasterio, for µ = 0.35 (b).

By decreasing the value of the coefficient of friction up to µ = 0.25490905, we obtain min
(R) = 0, for αi = 33.8075° and α’ = 16.1539°: This limit condition corresponds to the graph
of Fig. 5a, where '  33.81°,   ,    β, is plotted as a function of angle α’. The minimum is attained at point A, for α’ = 16.1539 °. For this value of the friction coefficient (µ =
0.25490905), according to the analysis of Monasterio, the mechanism represented in Fig. 5b
occurs.
By decreasing the value of the friction coefficient up to µ = 0.25490905, the value min (R)
= 0 is obtained for αi = 33.8075° and α’ = 16.1539°: this limit condition corresponds to the
graph of Fig. 5a, where '  33.81°,   ,    β, is plotted with its minimum again
attained at point A. Therefore, according to the Monasterio’s analysis, µ = 0.25490905
represents the value of the friction coefficient, for which the mechanism represented in Fig.
5b occurs.
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Fig. 5. The limit sliding equilibrium condition according to Monasterio (a);
the corresponding collapse mechanism (b).

An alternative formulation of the problem can be carried out in terms of a lower bound
approach; in analogy to Coulomb’s method, the internal forces acting at the key joint can be
assumed as unknown variables. However, differently from the equilibrium analysis of
symmetric arches, the case of non-symmetric arches requires that, not only the thrust H, but
also the shear force T is taken into account (Fig. 6a).
By posing the specific weight p as )  1/'  2, the dimensionless thrust η and shear force
τ will be then considered. The statically admissible solutions (with reference to sliding
equilibrium) are represented by points (η, τ) belonging to the dashed area in Fig. 6b, where
µ = 0.35 is assumed as an example; such area would shrink to a single point in
correspondence to the limit value of the friction coefficient.

Fig. 6. An alternative formulation: thrust H and shear force T acting at the key joint (a);
the statically admissible solutions in the plane (η, τ), with reference to sliding equilibrium (b).

For the sake of brevity, in this paper only sliding equilibrium has been considered. The
complete alternative formulation consists in identifying the domain that guarantees the equilibrium with respect to rotational mechanisms and, in a second step, its intersection with the
domain that guarantees sliding equilibrium. In a forthcoming paper the detailed procedure will
be described: the present case study will be analyzed in order to define the dependence of the
various collapse mechanisms on thickness and friction. In order to place Monasterio’s approach in relation to the modern limit analysis, it can be anyway interesting to recall some
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considerations on the masonry standard and non-standard behavior. In the presence of finite
values of the friction, the normality rule characterizing a standard behaviour of the material
does not hold, so that some static admissible solutions identified through the equilibrium
method could correspond to a mechanism with relative sliding. In this case, the collapse
mechanism is not only undetermined, but also not necessarily unique, except for particular
cases such as symmetric arches [5, 7-10]. For non-standard behavior, the static approach requires that equilibrium with respect to the rotational collapse is guaranteed, as necessary condition in order to activate any mechanism with sliding [7]. The limit analysis for pure sliding
should be preceded by that concerning mechanisms with pure rotation and mixed mechanisms
with rotation and sliding.
As already stated, the approach proposed by Monasterio, conversely, differentiates itself
from the static one proposed by Coulomb, since the starting point of his analysis concerns the
a priori identification of some plausible collapse mechanisms, by defining a posteriori the
conditions required for their activation; therefore, the procedure can be placed in an upper
bound framework, by overcoming some difficulties inherent in both the static and kinematic
approaches for non-standard materials.
4

CONCLUSIONS
• The kinematic approach proposed by Monasterio is substantially correct, although clear
considerations on the global equilibrium of the arch are lacking.
• The completeness of the various collapse mechanism by him considered is an important
issue, to be clarified in a future research.
• Monasterio’s manuscript is characterized by its very and somehow extremely courageous
analysis in relation to the new proposed subject, the collapse modes occurring in a nonsymmetric arch. It appears to be as a new research frontier on the masonry arches mechanics, considering the time in which the analysis was developed.
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Abstract
The behaviour of masonry constructions against seismic actions, very far from the one characterizing ductile structures, is based on the activation of a rocking motion rather than a dissipating mechanism. A strength resource of masonry structures consists in exhibiting rocking
behaviour, until a failure condition is attained. The paper deals with the topic of the seismic
assessment of masonry circular arches, one of the typical resistant systems of unreinforced
masonry structures, whose vulnerability has been highlighted by damages and collapses occurred with recent seismic events. The paper aims to investigate the dynamic behaviour of
masonry circular arches, according to the studies performed by Housner and Oppenheim. A
single-degree-of freedom analytical model is proposed to study their dynamic behaviour, representing the structure as an assembly of rigid bodies, connected through hinges with each
other and subjected to a horizontal ground acceleration. Starting from the evaluation of the
incipient rocking acceleration of the system, the free and forced motions of the arch are examined. An ad hoc energy dissipation model is specifically implemented for the studied case,
according to the classical Housner’s approach. Finally, a numerical application, considering
a simple constant horizontal acceleration impulse of given duration has been carried out.
Keywords: masonry, circular arch, no tension material, rocking, restitution factor, constant
acceleration pulse.
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1

INTRODUCTION

Rocking motion represents the principal strength resource of masonry structures subjected
to horizontal forces. The concepts of rocking were firstly developed in [1], dealing with the
behaviour of a stone column hit by impulses of different nature upon a rigid horizontal base.
This fundamental paper set the basis for the application of rocking in the assessment of the
seismic strength of masonry structures [2-8]. As an example, the motion of a free-standing
element consists in a rotation around the edge of the base section up to a maximum rotation
value. If the element does not overturn, the motion continues in the opposite direction up to
the rest position, in which an impact at the base section takes place with energy dissipation.
Subsequently, the element continues to rotate up to reach an opposite maximum rotation and
so on, until it stops. According to this approach, the behaviour of the structure, described as
an assembly of rigid blocks, is investigated by evaluating its dynamic equation of motion.
The interest in this approach has grown in the last years and many studies have been developed, involving more complex structures and types of dynamical actions [9-18].
In this paper, this approach is applied to the evaluation of the dynamical collapse of masonry circular arches. The first masonry circular arch model, treated as a rigid body four-link
mechanism can be found in [19]. An energy dissipation model and a comparison with the outcomes obtained with the distinct element method (DEM) are proposed in [20]. Only few static
experimental tests are available in literature [21]. An application to masonry pointed arches is
proposed in [22], assuming a simplified hypothesis of four mirrored hinges at the opposite
side of the same section. An experimentally-based model, considering the opening of the new
hinges in mirrored locations of the initial ones with respect to the vertical axis of symmetry of
the arch can be found in [24].
Starting point of the analysis is the definition of the acceleration producing the motion of
the structure, corresponding to the static failure load multiplier evaluated in the Limit Analysis framework. The collapse of the elements occurs for a higher magnitude of the impulse,
when the stabilizing effect due the raising of the weights contrasting the horizontal forces
vanishes. The ratio between these two horizontal load multiplier, named force reduction factor,
gives a geometrical ductility of the system [15].
2

THE MODEL OF THE CIRCULAR MASONRY ARCH

The main geometrical characteristics of the considered circular masonry arch are shown in
Fig. 1a, together with the reference system Oxy: R is the mean radius, t and 2 are the thickness and the angle of embrace of the arch, Ri and Re are the inner and outer radii. In this paper,
a horizontal acceleration impulse of duration t, constant along the height of the arch, is considered. When its magnitude reaches the acceleration corresponding to the statical failure AL,
the arch splits in four rigid blocks (named 1, 2, 3 and 4), identified by the hinges located on
the intrados (A and C) and extrados (B and D) curves. Their location is set by means of the
angles αA, αB, αC and αD, taken positive if in the clockwise direction.
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(a)

(b)

Figure 1. The asymmetrical mechanism of the masonry circular arch.

Fig. 1a shows the location of absolute and relative centres of rotation, together with the
kinematic chain of the structure. In particular, the centres C1 and C2 coincide with the hinges
A and D, while the relative centres C13 and C23 with the internal hinges B and C. The absolute
centre C3 is consequently located at the intersection of the lines joining points C1, C13 and C2,
C23. The rotations of the blocks 1, 2 and 3 are taken positive if in the direction shown in
Fig. 1a. Once known the coordinates of all points, the rotations 2 and 3 can be expressed as
a function of 1 as:

 2  k 211

 3  k311

(1)

In a similar way, the kinematics of the mechanism of the arch during the reversed motion
from the right to the left is shown in Fig. 2. The rotations occurring in this phase are indicated
with the letter p. In particular, 1p is the rotation of the body 1p. The rotations 2p and 3p can
be expressed as a function of 1p as:

 2 p  k 21 p1 p

 3 p  k31 p1 p

Figure 2. Kinematics of the reversed mechanism of the arch.
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3

THE INCIPIENT ROCKING ACCELERATION

The evaluation of the failure multiplier of the statical horizontal inertial forces can be performed according to the kinematic approach of Limit Analysis, based on the hypotheses regarding the masonry material formulated by [25]: masonry has no tensile strength; stresses are
so low that masonry has effectively an unlimited compressive strength; sliding failure does
not occur. This acceleration value also correspond to the acceleration value AL that puts the
masonry arch in a motion configuration, commonly named incipient rocking acceleration.
Fig. 3a shows the forces acting on the various rigid blocks in which the arch is subdivided,
consisting in their weights Wi and in a system of horizontal forces proportional to the weight
through a multiplier .

(a)

(b)

Figure 3. A possible mechanism of the masonry arch: forces layout and kinematics.

With reference to Fig. 3b, the Principle of Virtual Works applied at a generic possible
mechanism of the masonry arch reads:

W1R1 sin 1  W2 R2 sin  2 k21  W3 R3 sin  3k31 
W1

AL
g

R1 cos 1  W2

AL
g

R2 cos  2 k21  W3


R3 cos  3k31  d1  0
g


AL

(3)

where the two terms represent the resisting work of the dead loads g and the pushing work of
the inertial forces ALWi/g acting on the arch masses, respectively. With the following positions:

 21 

W2
,
W1

31 

W3
,
W1

 21 

R2
,
R1

 31 

R3
R1

(4)

 AL  sin 1  21 21 k21 sin  2  3131k31 sin 3

(5)

 AL  cos 1  21 21 k21 cos 2  3131k31 cos 3

(6)

Eq. (3) becomes:

( AL 

AL
 AL )d1  0
g

(7)

Finally, the statical failure multiplier of the arch AL is obtained by minimising Eq. (7) for
all kinematically admissible positions of the hinges. Fig. 4 shows the trend of the incipient
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rocking acceleration versus the ratio between the thickness and the mean radius of the arch,
varying the angle of embrace. It can be noted that, keeping fixed the ratio t/Rm, the in-plane
horizontal strength of the arch increases with reducing angle of embrace.

Figure 4. Incipient rocking acceleration versus t/Rm.

4

THE FREE ROCKING MOTION

This section is devoted to the definition of the equation of the free rocking motion of the
arch. As shown in Fig.5, the arch, initially in a deformed configuration, moves from the right
to the left going back to the rest position. Subsequently, the arch continues its motion along
the opposite direction with a mirrored hinges layout. When the maximum rotation is reached,
the arch inverts the motion, coming back to the rest position and so on.

Figure 5. First and second stage of motion.

The Principle of Virtual Works applied at the generic deformed configuration of the arch in
the falling down mechanism (Fig. 6), at time t, gives:
W1 R1 sin(1  1 )d1  W2 R2 sin( 2   2 ) d 2  W3 R3 sin( 3   3 ) d 3 
 I (1) d  I (2) d  I (3) d  0
C1 1

1

C2

2

2

C3 3

(8)

3

With the following positions:
2
2
I C*  I C(1)1  I C( 22) k 21
 I C(3)3 k 312  I C(1)1 (1  i21k 21
 i31k312 )

(9)

Rdesc  sin1  2121k21 sin2  3131k31 sin3

(10)

Rdesc  cos 1  2121k21 cos2  3131k31 cos3

(11)

2

p*2 

W1 R1
 Rdesc
I C*
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Eq. (8) becomes:

1  p*21   p*2

 Rdesc
 Rdesc

(13)

Figure 6. Falling down mechanism.

The previous equation can be solved by imposing the two initial conditions regarding the
rotation and the velocity of the arch at time t=0, namely 1(0)=o and 1 =0:

1 (t ) 


 Rdesc   desc

  0  cosh p*t
 rdesc   Rdesc


(14)

which gives the expression of the period T required to complete the whole oscillation cycle,
strongly dependent on the amplitude ratio o/*
T

4

I C*
1
cosh 1
1  O /  *
 RdescW1 R1

* 

 Rdesc
 Rdesc

(15)

It is worth to highlight that dissipation phenomena take place every time the structure
comes back to the rest position because of the occurrence of impacts, with a decrease in oscillation amplitude and vibration period. A similar result has been obtained by the authors in [26,
27], investigating the behaviour of a simple masonry wall composed by two cracked piers and
a spandrel.
5

THE FORCED MOTION

We consider a masonry circular arch subjected to a constant horizontal acceleration impulse of magnitude A and given duration t. With reference to Fig. 7, showing the raising
mechanism of the structure at a generic time instant, the Principle of Virtual Works gives:
 (t )   A ,  u  0,
g,  u   u

(16)

t0

in which the various terms are:
g,  u  W1 R1 sin(1  1 )d1  W2 R2 sin( 2   2 )d 2  W3 R3 sin( 3  3 )d3

 (t ),  u
 u
  A,  u



W1 A
g

  I C(1)1 1d1  I C( 22)2 d 2  I C(3)3 3 d 3

R1d 1 cos( 1  1 ) 

W2 A
g

R2 d  2 cos( 2   2 ) 
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R3 d  3 cos( 3   3 )

(19)
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Figure 7. The raising mechanism of the masonry arch hit by a horizontal acceleration impulse A.

With the following positions:

 A   sin 1  2121k21 sin 2  3131k31 sin 3

(20)

 A  cos 1  21 k212 cos  2  3131k312 cos  3

(21)

2

2

21

p*2 

W1 R1
A
I C*

(22)

Eq. (16) becomes:

1  p*21  


p*2 
A
  AL   AL 
g
A 


(23)

Solving the previous equation by imposing the two initial conditions regarding the rotation
and the velocity of the arch at time t=0, namely 1(0)=0 and 1 =0, it is obtained:

1 (t )   (cosh p*t  1) with  


1 A
  AL   AL 
A  g


(24)

Finally, a condition of dynamical failure is defined considering the equality between the total work done along the motion by the inertial forces induced by the acceleration impulse A
and the maximum difference in potential energy between the deformed and initial configurations of the structure:

LIMP  max  E 

(25)

where:

LIMP  


2

A0
g

A0
g

W R1 cos 
1

 W R1 sin 
1

1

1

 W2 R2 k21 cos  2  W3 R3 k31 cos  3   cosh p*t0  1 

 W2 R k sin  2  W
2
2 21

  sinh p*t0 2

  cosh p*t0  1 
k sin  3  
2



2
3 R3 31

628

(26)

M. Como, S. Coccia, F. Di Carlo

E  W1R1[cos(1  1 )  cos 1 ]  W2 R2 [cos( 2   2 )  cos  2 ] 
W3 R3[cos  3  cos( 3  3 )]

(27)

Given an acceleration impulse with magnitude Ao, Eq. (25) allows to evaluate the duration
to required to reach the collapse of the arch. It is worth to highlight that when to  ∞,  0,
and the dynamical failure acceleration Ao corresponds to the statical failure acceleration AL:

 0 


1 A
A
 AL
 AL
  AL   AL   0   AL   AL  A  g
 Aasc  g
g
 AL


(28)

The ratio between these two values represents the so called strength reduction factor:

q
6

Ao (to )
AL

(29)

NUMERICAL APPLICATION

The proposed procedure has been applied to various geometries of masonry circular arches
with mean radius equal to 2 m, varying the mean radius to thickness ratio equal to 0.15, 0.2
and 0.25, respectively. Fig. 8 shows the failure domain of the structures, obtained by varying
the duration to of the imposed constant acceleration impulse and evaluating the required magnitude Ao for reaching the collapse state. The portion of the domain located below the curve
refers to equilibrium condition states, while the upper part of the graph corresponds to the attainment of failure states. All curves present a horizontal asymptote corresponding to the load
multiplier value required for the activation of motion. The area of the failure domain located
under this value represents a rest condition of the system. It can be noted that for a fixed value
of the duration to, the failure acceleration Ao increases with increasing ratio t/Rm.

Figure 8. Failure domain varying t/Rm with Rm=2 m.

Fig. 9 shows the results in terms of the ratio q between the dynamical constant acceleration
impulse Ao and the static limit acceleration AL versus the duration of the constant impulse to. It
is worth to highlight that the ratio q increases with decreasing ratio t/Rm.
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Figure 9. Failure domain varying t/Rm with Rm=2 m.

Furthermore, similarly to the case of the masonry block described in [1], a scale effect
characterizes the problem. As an example, the response of arches with a mean radius to thickness ratio equal to 0.15 varying the mean radius – equal to 2 m, 4 m and 6 m, respectively – is
shown in Fig. 10. It can be noted that, for a fixed value of the impulse duration to, the ratio q
increases with increasing mean radius of the arch.

Figure 10. Failure domain varying Rm with t/Rm=0.15.

7

CONCLUSIONS

In this paper, the dynamic behaviour of masonry circular arches has been investigated by
adopting a DSOF analytical model, following Housner’s approach. The system is represented
as an assembly of rigid bodies, connected through hinges with each other and subjected to a
horizontal ground acceleration. Starting point of the analysis has been the evaluation of the
incipient rocking acceleration evaluated according to Limit Analysis. The relative configuration of the arch defines the four-link mechanism for the definition of both free and forced motion according to Housner’s approach. The dynamic behaviour of the masonry arch can be
properly assessed by means of failure domains, obtained by imposing a constant impulse,
characterized by magnitude Ao and duration to. The wall, characterized by the incipient rocking acceleration AL, actually collapses under an impulse of magnitude Ao and duration to, q
times larger than AL.
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Abstract
Although still poorly investigated, the failure of corners is a frequent event in masonry
buildings and clearly recognizable in the aftermath of a seismic event. It is characterized by
the formation of a masonry wedge, mainly due to the thrust of roof elements in addition to
inertial forces, and it generally involves rocking-sliding motion along the cracks on the
interlocked orthogonal walls. In this paper, the case study of the corner failure in a masonry
building located in Visso (Italy) is analyzed. The building was seriously damaged by the
seismic events of August 24th, 2016 and October 26th and 30th, 2016. In particular, one of
the free corners at the first storey completely collapsed. The seismic capacity with respect to
the onset of this failure mode is analyzed by means of a refined macro-block model and by
adopting the linear kinematic approach of limit analysis, accounting for frictional resistances
and the thrust of roof elements. The key aspect of the proposed approach is the introduction
of a criterion to evaluate the contribution of the actual frictional resistances depending on the
inclination angles of the crack lines. Moreover, the loads transmitted from the roof to the
walls are defined by assuming simplified static conditions according to the typology of the
hipped roof. Lastly, the achieved results are compared to the seismic demand obtained by
adopting the Italian Technical Standards for Constructions, both the earlier version (2008)
and the current one (2018), together with that obtained using in situ recorded floor
accelerations.

Keywords: Masonry Corner, Rocking-Sliding Mechanism, Frictional Resistances, Kinematic
Approach, Limit analysis, Seismic Demand.
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1

INTRODUCTION
The vulnerability to the local failure mechanisms frequently characterizes the behavior of
masonry buildings, when exposed to seismic actions directed orthogonally to the involved
walls. Such a vulnerability is exacerbated in case of irregular buildings, where torsional
modes increase the seismic demand in the peripheral walls [1][2]. In this case, the crack
pattern can lead to the separation of portions of the walls which exhibit an autonomous
behavior in the out-of-plane response; local failures, on the other hand, can imply severe
damage in the whole building, triggering an extensive chain of progressive collapses.
The systematic survey of the seismic damage suffered by masonry buildings allowed
recognizing typical out-of-plane failure mechanisms on the base of their recurrent crack
patterns [3]-[6]. In particular, two main classes of these mechanisms may be identified:
simple or complex rocking mechanisms of walls, or portions of walls, are usually related to
weak connections with the rest of the building, while flexural mechanisms are characterized
by the development of the arch effect (horizontal or vertical).
In this paper, a case study is presented concerning the rocking-sliding failure occurred at
the corner of a masonry building in an Italian town during the 2016-2017 Central Italy
seismic sequence. This type of mechanism is still poorly investigated [7]-[9], although it
frequently occurs, mainly when the constructive typology of roof can cause thrusting actions
in addition to seismic forces. The reference to a case study building, on the other hand, can be
useful to verify the reliability of the proposed analytical models in predicting the onset of the
failure mechanisms and their evolution until the complete collapse. The relevance of the
consequences of local mechanisms, in fact, has promoted a deep interest of the researchers on
this topic and several modeling approaches have been developed to assess the seismic safety
with respect to these mechanisms. The dynamic approach has been adopted by several authors
to analyze the rocking motion of rigid blocks, under different typologies of input and
boundary conditions [10]-[16]. The difficulty in defining reliable criteria of overturning under
a random dynamic input has mainly been addressed with statistical methods [17],[18];
however, more recently, the reference to the worst input conditions was proposed by some
authors [19]-[21] in order to identify a resonant response the blocks.
The kinematic approach, on the other hand, also represents a powerful tool to investigate
the seismic capacity of masonry buildings and their vulnerability to local failure mechanisms.
Force-based or displacement-based criteria can be used to describe the seismic capacity. In
the former case, the horizontal force corresponding to the activation of the mechanism can be
defined; in the latter case, instead, the evolution of the mechanism can be described through a
relation force/displacement until the complete collapse. Both these criteria are included into
the Commentaries of the last releases of the Italian Technical Standards of Constructions
[22]-[25], to verify the seismic safety of existing masonry buildings. It has widely been
recognized, in fact, that existing masonry buildings require a specific approach, in particular
when they belong to the Cultural Heritage [26],[27].
In this paper, the kinematic approach is adopted, in the framework of the non-standard
limit analysis, to evaluate the minimum load factor causing the onset of the masonry corner
failure mechanism. To this aim, a macro-block model is developed, accounting for the
thrusting action of the roof and the contribution of the frictional resistances. It has widely
been recognized, in fact, that these resistances can play a relevant role in the seismic response
of masonry structures and an increasing interest in modeling the frictional contact have
promoted experimental and analytical studies [28]-[32]. However, when the frictional
resistances are taken into account in the limit analysis, standard or non-standard solutions are
available [33]-[37], depending on the assumed flow rule. In this paper, in particular, Coulomb
frictional sliding is used, with non-associative flow rule. Moreover, a proper evaluation of the
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actual frictional resistances, involved in the combined rocking-sliding mechanism of the
corner, is addressed; to this aim, the criterion proposed and validated by Casapulla et al. [8],
[38]-[40] is adopted. This criterion allows calibrating the value of the frictional resistances on
the basis of the inclination of the crack lines defining the macro-block; it arises from the
observation that in a combined mechanism the actual value of the frictional resistances is
between an upper bound related to the simple sliding mechanism and a lower bound related to
the simple rocking mechanism. On the other hand, the inclination of the crack line
corresponding to the maximum value tends to be vertical, while at the other extreme, it tends
to the staggering ratio of units. Thus, a reduction factor of the maximum value of the
frictional resistance can be defined on the basis of the actual inclination of the crack line
characterizing the combined mechanism.
Hence, in Section 2, the case study building is presented, and the loading conditions
together with the main geometric and mechanical data are defined. In Section 3, the analytical
macro-block model and the criterion adopted to evaluate the actual contribution of the
frictional resistances are described. Then, the geometry of the involved macro-block, i.e., the
inclination of the main cracks, is found through the minimization condition of the load factor
and finally, in Section 4, the so-obtained load factor is used to address the seismic verification
in terms of ratio capacity/demand. The results obtained according to the approach of the latest
two versions of the Italian Technical Standards are compared with those obtained by referring
to the maximum accelerations in situ recorded.
2

THE CASE STUDY OF A SCHOOL BUILDING IN VISSO

The case study concerns a masonry building located in the Municipality of Visso, in the
Macerata Province (Italy), strongly hit by the 2016-2017 Central Italy earthquake sequence.
The building is dated back to the '30s of the last century and hosted the “Pietro Capuzi”
Primary School. It is constituted by two blocks arranged in a T shape (Fig. 1a) and develops
along two stories over the ground level, with a basement. The seismic events caused heavy
damage to the building, with cracks affecting both masonry piers and spandrels. The present
study is focused, in particular, on the out-of-plane mechanism occurred at the first storey of
the north corner causing the collapse of large portions of the two orthogonal walls (Fig. 1b).
The information about geometry, structural configuration and seismic damage were supplied
by the Italian Network of University Laboratories in Seismic Engineering (RELUIS) and the
University of Genova, in charge of post-earthquake surveys [41]. This source also provided a
detailed description of the damage experienced by the building, updated on the date of
December 8th, 2016.

(a)

(b)
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Figure 1: Satellite view of the case study building with the identification of the corner involved in the out-ofplane mechanism (a) and view of the collapsed walls (b).

The masonry walls of the building are made out of two outer layers of split stones and a
rubble inner core, defining a transversal section with thickness s of about 65 cm. The average
dimensions of the stone blocks are lb = 30 cm and hb = 15 cm, while a conventional value of
the thickness sb are herein assumed, coincident with that related to the transversal section
(sb = s). The blocks are arranged in a quite regular half-running bond pattern, allowing the
adoption of the staggering ratio tanb = lb/(2hb) = 1. The blocks are also assembled with
mortar of good quality and provide sufficient transversal connections between the outer layers
and the core, exhibiting therefore a good monolithic behavior.
Fig. 2(a) schematizes the main geometric, mechanical and loading data characterizing the
two orthogonal walls involved in the failure mechanism of the corner. They have the same
thickness, s, and are denoted as Wall 1 and Wall 2, respectively oriented along the Cartesian
Y and X axes. The wedge identified by the main cracks is highlighted in red color. As shown
in Fig.1(b) the presence of a window on Wall 2 strongly influences the development of the
cracks, which tend to localize near the vertexes of the opening, while, on the other side, a
greater portion of Wall 1 is involved.
The main structure of the roof, shown in Fig. 2(b), is characterized by hip and common
rafters, with purlins parallel to the perimeter walls. This constructive typology likely favored
the onset of the failure mechanism of the corner; in fact, the hip rafter exerts a static thrust
action on the supporting walls that is added to the inertial forces. Nevertheless, the definition
of this action is an aspect poorly treated in the literature that requires rather more attention.

(a)

(b)

Figure 2: Axonometric view showing the geometric and loading parameters involved in the collapsed corner (a)
and layout of the structure of the wooden roof (b).

Thus in this paper, an isostatic scheme (Fig. 3) is used to define the vertical and horizontal
static actions that the hip rafter exerts on the walls. According to this scheme, it is assumed
that the action R provided by the ridge beam on the hip rafter is oriented orthogonally to it. A
linear distributed load, increasing towards the corner, represents the vertical load transferred
by the purlins. The resultant of this load is Qp = (Ap × Wr)/cosθ, being Ap and Wr the tributary
area and the weight of a square meter of the roof, respectively, and θ the inclination angle of
pitches.
Hence, the horizontal and vertical components of the reaction Rs0 of the hip rafter are
respectively Ts0 and Ws0; according to the assumed static scheme they depend on the
inclination θ and are expressed as:
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1
Ts 0  Q p sin  p cos  p
3

Ws 0  Q p

3  cos2  p

(1)

3

where θp is the inclination angle of the hip rafter:

 p  tan 1

tan 
2

(2)

In Table 1 the values of the geometric, loading and mechanical data related to the case
study are summarized.
Data

Symbol
Length of the unit block

lb

30 cm

Height of the unit block

hb

15 cm

Staggering ratio

Geometric

Loading

Mechanical

Value

tanb

1

Thickness of the walls

s

65 cm

Height of the walls

H

435 cm

Length of the walls

L

560 cm

Horizontal position of the window

lp

155 cm

Height of the window

hp

195 cm

Height of the spandrel under the window

hl

105 cm

Height of the spandrel over the window

hu

135 cm

Inclination angle of the pitch

θ

21°

Inclination angle of the hip rafter

θp

15°

Tributary area of the hip rafter

Ap

13.78 m2

Weight of a square meter of the roof

Wr

1.50 kN/m2

Uniformly distributed load affecting Wall 1

q1

16.16 kN/m

Uniformly distributed load affecting Wall 2

q2

19.62 kN/m

Gravity load due to the hip rafter

Ws0

24.29 kN

Static thrust action due to the hip rafter
Friction coefficient of the masonry

Ts0
f

1.86 kN
0.6

Specific weight of the masonry

γ

21 kN/m3

Table 1: Geometric, loading and mechanical data of the analyzed masonry corner.

The loading condition is also characterized by the uniformly distributed loads qi (i = 1, 2)
acting at the top of the walls. These take into account the gravity loads of the roof and other
structural elements placed just under it: a low wall, a horizontal diaphragm with steel beams
and a concrete curb. All the related loads are applied at the height of 4.35 m from the extrados
of the first floor. It is worth noting that the greater part (80%) of the overburden related to the
diaphragm is assigned to Wall 2, because the bearing steel beams are orthogonal to this wall;
moreover, the concrete curb is not considered as a restrainer the because this element was not
actually effective against the rocking-sliding mechanism of the corner, as shown in Fig. 4.

637

L. U. Argiento, A. Maione and L. Giresini

Figure 3 : Static scheme of the hip rafter.

Figure 4: Roof elements and structural elements under the roof support.

3

A MACRO-BLOCK MODEL WITH FRICTIONAL RESISTANCES FOR THE
ROCKING-SLIDING MECHANISM OF THE MASONRY CORNER

3.1 The macro-block model
In order to analytically investigate the onset of the failure mechanism exhibited by the
masonry corner, a macro-modeling approach in the framework of the limit analysis with the
kinematic method is adopted. This approach, in particular, allows evaluating the contribution
of the frictional resistances in a combined rocking-sliding mechanism and was introduced and
validated in some recent works by Casapulla et al. [8], [38]-[40]. According to this approach,
the load factor corresponding to the onset of the mechanism and the geometry of the involved
macro-block is analytically defined by imposing a minimum condition. The results allow
interpreting the behavior of the case study and testing at the same time the reliability of the
adopted model.
Fig. 5 represents the geometric parameters defining the macro-block together with the
external and internal actions. The height of the macro-block involved in the mechanism is
assumed coincident with the height H of the first storey, as it actually occurred; the hinge
point O, characterizing the rocking motion of the wedge is placed on its edge. Moreover, the
identification of the macro-block is based on the assumption that all the components of
relative displacement between the unit blocks are concentrated along a few main cracks which
affect the two sides of the corner. The inclinations of these cracks define the geometry of the
mechanism. In particular, for Wall 1 a single crack with inclination angle 1 is considered; on
Wall 2, instead, the presence of the window causes the development of two main cracks. The
inclination angle l of the first crack can be identified, with good approximation, by
assuming tanl = Cp/hl = 0.857, being Cp and hl the width of the pier and the height of the
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lower spandrel, respectively (Cp = lp – s from Table 1); the latter crack, on Wall 2, affects the
upper spandrel starting approximately from the upper vertex of the window; its inclination
angle u together with 1 represent the two unknown geometric variables of the mechanism.
It is worth noting that the non-symmetric geometry of the macro-block, due to the presence
of the window on one side only, implies that the vertical plane of rotation does not coincide
with the corner bisector plane; thereafter its inclination angle  with respect to YZ plane is
dependent on the geometry of the unknown crack pattern. On the other hand, it is easy to
recognize that the trace of the plane of rotation, on the XY plane, is defined by the line OG
joining the hinge point O with the projection of the center of mass G on the same plane. This
line also defines the direction of the horizontal forces affected by the load factor and the
frictional resistances.
Finally, in Fig. 5 the length of the top rows of the two walls taking part in the mechanism
is represented by the parameter C, i.e., C1 = H tan1 and C2 = Cp + Cu where Cp = hl tan2l and
Cu = hu tan2u.

Figure 5: Axonometric view showing the external and internal loading acting on the macro-block involved in the
mechanism.

3.2 Evaluation of the frictional resistances and the load factor with the kinematic
approach of the limit analysis
The evaluation of the minimum load factor according to the kinematic approach of the
limit analysis requires defining all the actions characterizing the limit condition of equilibrium
of the macro-block. To this aim, with reference to the portion of interlocked walls involved in
the mechanism, Table 2 reports the external and internal actions with the coordinates of their
application points. The subscript “1” is used for the loads related to the wall along Ydirection, and “2” for those related the wall along X-direction. The subscript “0”, indicates the
external loads related to the parallelepiped resulting from the intersection of the two
orthogonal walls.
The external actions are the self-weights of the portions of the walls (W0, W1, W2l, W2p,
W2u), the resultants (Ws1, Ws2) of the uniformly distributed overloads and the horizontal and
vertical actions of the hip rafter previously defined, Ws0 and Ts0. Horizontal forces, affected by
the load factor  are also applied to the centers of mass of all these gravity loads, to represent
the inertial forces.
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The internal actions are represented by the resultants of the frictional resistances. They are
taken into account under the assumption of non-associated flow rule and evaluated according
to the criterion proposed and validated by Casapulla et al. [8], [38]-[40]. This criterion allows
overcoming the difficulty of evaluating the actual value of the frictional resistances when a
combined rocking-sliding mechanism takes place. In fact, in this case, the uplift of the unit
blocks, caused by the rocking motion, implies the loss of contact along a number of interfaces
which is complex to define; the value of the frictional forces, however, is expected to be
lower than its maximum, F, corresponding to simple sliding mechanism, and at the same time
greater than zero, corresponding to the case of simple rocking mechanism. Moreover, in a
simple sliding mechanism, the crack line is expected to be vertical, while in a simple rocking
mechanism the inclination angle of the crack line is angleb, related to the staggering ratio of
the blocks. On the basis of these considerations, a weighting criterion of the maximum
frictional forces F is formulated with reference to the ratio between the actual inclination
angle  of the crack line andb. Thus, a reliable expression of the actual frictional forces Fw
in a combined rocking-sliding mechanism can be obtained through the expression:

 
 F  F
Fw  1 
 b 


(4)

where the factor  represents the rate of the maximum frictional force activated in the
rocking-sliding mechanism. It is  = 1 when  = 0 (vertical crack line in a simple sliding
mechanism) and = 0 when  = b (simple rocking mechanism). It is worth noting that, with
reference to the analyzed corner, the parameter  in Eq. (4) represents, in a compact form, the
inclination angles of the crack lines related to the two walls.
Thus, in Table 2 the frictional forces F are expressed in function of the number of rows
crossed by the crack-lines; in particular, nr = H / hb is the number of rows related to the whole
height of the walls, while nl = hl / hb is related to the first crack-line and nu = hu / hb to the
upper crack-line on Wall 2. Hence, two resultants of the frictional resistances are defined in
order to take into account the effect of their different points of application on the stabilizing
moments. In particular, for the two walls, the resultants Fwg are due to the self-weight of the
portion crossed by the crack-line and correspond to a linear distribution of the resistances
along the height of the wall; the resultants Fwq, instead, correspond to a uniform distribution
as that related to the overloading and, for Wall 2, also to the self-weight of the portion over
the first crack line, whose dimensions are Cp × (hp + hu).
Once defined the forces acting on the macro-block, the application of the Principle of
Virtual Work provides the expression of the load factor  as:


a1

 W x
j

j

j

  W y

 Wsj x sj  0.5 2Ts 0 z s 0  a 2

j

j

Wz
j

j



j

 Wsj y sj  0.5 2Ts 0 z s 0   j Fwqj z qj   j Fwgj z gj

j

 Wsj z sj

(5)

where a1 = sin and a2 = cosRecalling from Table 2 the expressions of the loading
parameters in Eq. (5) it is easy to recognize that the load factor depends on the unknown
geometric variables tan and tanu. Hence, through a minimization routine, the geometry of
the mechanism providing the minimum value of  can be defined.
The following constraints are imposed on the minimization routine:

tan 1  tan b

tan  2u  tan b
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External actions

xj

yj

zj

W0   s2H

s 2

s 2

H 2

s 2

s 2

H

W1  0 .5  C1 H s

s  C1 3

s 2

2H 3

Ws1  q1 C1

s  C1 2

s 2

H

W2l  0.5  C p hl s

s 2

W2 p   C p h p  hu  s

s  Cp 3

2 hl 3

s 2

s  Cp 2

hl  h p  hu 2

W 2 u  0 . 5  C u hu s

s 2

s  C p  Cu 3

H  hu 3

Ws2  q2C 2

s 2

s  C2 2

H

Ws 0  Q p

3  cos2  p
3

1
Ts 0  Q p sin  p cos  p
3





H

Internal actions

n n  1 

Fwg 1     s 2 hb r r
 f
2


H 3

Fwq1   nr q1 s f

H 2

n n  1 

Fwg 2 l    s 2 hb l l
 f
2


hl 3





Fwq2l    s 2 hb nl nr  nl   q2 snl f

hl 2

n n  1 

Fwg 2 u     s 2 hb u u
 f
2


H  2hu 3

Fw q 2 u   q2 s nu f

H  hu 2

Table 2: External and internal actions with the coordinates of their application points.

The analytical results are summarized in Table 3 and displayed in Fig. 6. It is possible to
notice that, from Eq. (4) the frictional resultants related to both the walls are null because the
inclination angles of the crack lines are coincident with the angle b of the staggering ratio.
This means that the occurred mechanism can be interpreted as simple rocking (with no
sliding).
Parameter

Label

Value

Inclination angle of the crack line related to Wall 1

1

45.00°

Inclination angle of the crack line related to Wall 2

 2u

45.00°

Inclination angle of the plane of rotation with respect to YZ plane



24.54°

Minimum load factor



0.464

Table 3: Results of the limit analysis of the rocking-sliding mechanism of the masonry corner.
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Figure 6: Axonometric view of the geometry of the mechanism resulting from the analysis (dimensions in
meters).

The comparison between the geometry of the observed mechanism of the corner (Fig. 1b)
and that resulting from the analytical approach (Fig. 6) confirms the reliability of the
proposed model; the inclination angles of the crack lines derived from the minimization
routine are very close to those actually occurred to the case study after the seismic events.
4

SEISMIC VERIFICATION BY COMPARING CAPACITY/DEMAND

In this section, two different approaches to the seismic verification have been compared in
order to test their reliability in predicting the damage occurred to the analyzed corner, after
the 2016-2017 Central Italy seismic sequence. The main difference between these approaches
lies in the reference parameters defining the seismic demand, while for both of them the
capacity of the structure is based on the knowledge of the load factor.
The first approach is ruled by the Italian Technical Standards of Constructions and refers to
statistical parameters of seismic hazard, corresponding to a specific site and to the accepted
probability of exceedance of the accounted limit state. The criteria to derive the acceleration
demand from these parameters have been recently upgraded by the Commentary (CNTC18)
of the current Technical Standards [25]; thereafter a useful comparison with the results
provided by the Commentary (CNTC08) of the previous version of the Standards [22],[23]
has also been developed.
The latter approach, on the other hand, refers to the maximum accelerations of the 20162017 seismic sequence. These data have been recorded by a number of accelerometers, placed
on two orthogonal walls, at the first storey of the case study building.
4.1 The approach of the Italian Technical Standards of Construction
The acceleration capacity
The Commentaries of both versions of the Italian Technical Standards of Constructions
define the acceleration capacity, aC, of a local mechanismon the basis of the load factor that
causes its activation. The acceleration capacity taking into account the modal properties and
the knowledge level is:

aC 

g
e*CF
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where g is the gravity acceleration, CF is a confidence factor which takes into account the
available level of knowledge about the building, and e* is the ratio between the modal mass
and the total mass of the portion involved in the mechanism.
Here, the maximum value of the confidence factor (CF = 1.35) is prudentially assumed,
according to the , while e* = 0.948. Thus, with the load factor  = 0.464 (Table 3), it is
aC = 3.558 m/s2.
The reference parameters of seismic hazard
The two versions of the Italian Technical Standards also refer to the same parameters of
seismic hazard to define the acceleration demand. They are reported in the following Table 4
for the damage limit state (DLS) and the life-safety limit state, assumed as the ultimate limit
state (ULS).
DLS
ULS

TR
75
712

ag
0.120
0.285

F0
2.321
2.376

TC*
0.287
0.335

Table 4: Reference parameters of seismic hazard in Visso.

In Table 4, the parameter TR is the return period of the seismic action, ag the peak ground
acceleration on a stiff soil, F0 the factor defining the maximum amplification of the spectral
accelerations and TC* corresponds to the beginning of the part of the response spectrum with
constant velocity.
The acceleration demand according to CNTC08
As introduced before, the main differences between the two versions of the Technical
Standards lie in the criteria defining the acceleration demand on the basis of the parameters in
Table 4. According to the Commentary of the Italian Technical Standards of Constructions
dated 2008 (CNTC08), the acceleration demand, aD(CNTC08), is defined as the maximum value
between those provided by the two following expressions:

 Sa S (T ) 
a D (CNTC08)  max g ; e 1

q
 q


(8)

where the parameter q is the behavior factor of the structure and assumes the values 1 or 2
when the verification concerns the damage or the life-safety limit state respectively. It is
worth noting that, according to the first expression in Eq. (8), the acceleration demand
depends on the peak ground acceleration ag and the soil coefficient S, related to the
topographic and stratigraphic condition. The latter expression, instead, takes into account that
the hinge point of rotation of the macro-block is not placed at the ground level and an
amplification effect is expected for the ground acceleration agS. In this case, the acceleration
demand is calculated through the elastic spectral acceleration Se(T1), corresponding to the
fundamental period T1 of the building [41],[42]. Moreover, the parameter  is the
fundamental mode shape, while is the modal participation factor; they can be calculated
according to the following simplified expressions:


HO
H tot



3N
2N  1

(9)

where HO is the height of the hinge point O of the mechanism with respect to the ground
level, Htot is the height of the building and N the number of floors. In Table 5, for each limit
state, the values of the parameters required to define the acceleration demand are summarized.
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DLS
ULS

S
–
1.50
1.29

T1
[s]
0.311

Se(T1)
[m/s2]
4.097
8.589


–


–

0.5

1.2

q
–
1
2

Sag/q
[m/s2]
1.766
1.809

Se(T1)/q
[m/s2]
2.472
2.591

aD(CNTC08)
[m/s2]
2.472
2.591

Table 5: Parameters defining the acceleration demand according to the Commentary of CNTC08.

The acceleration demand according to CNTC18
The Commentary of the current version of the Italian Technical Standards of Construction
(CNTC18) defines the acceleration demand accounting for the contribution of all the
meaningful modes of the building. Thus, the contribution of the kth mode to the maximum
acceleration related to the floor with height z is:
a zk z   S e Tk ,  k  k  k z  1  0.0004  2k

(10)

where Se (Tk, k) is the elastic spectral acceleration related to the kth mode with period Tk
and damping coefficient k (expressed in %), k is the participation factor of kth mode, and
k(z) is the component of the modal vector at the height z. It is worth noting that Se (Tk, k) is
defined, for each limit state, on the basis of the seismic hazard parameters in Table 4. Then
the acceleration demand related to the floor with height z is obtained by combining the modal
contributions according to the following expression:
a D ( CNTC18 )

a z 
 z

q

 a z 

2

zk

(11)

q

where the value of the parameter q depends on the reference limit state, as previously
specified.
In Table 6, for each limit state, the values of the parameters required to define the
acceleration demand according to CNTC18 are listed. The periods related to the first 10 mode
shapes were provided by Cattari et al. [41].
DLS
k
1
2
3
4
5
6
7
8
9
10

Tk
[s]
0.311
0.274
0.266
0.241
0.209
0.198
0.190
0.187
0.180
0.156

Se (Tk, k)
[m/s2]

ULS
azk(z)
[m/s2]

4.097

2.484

Se (Tk, k)
[m/s2]

8.589

azk(z)
[m/s2]

5.209

Table 6: Parameters defining the acceleration demand according to CNTC18.

It is worth noting that the parameters k(z) and k in Eq. (10) have been calculated with Eq.
(9) and thereafter they assume the same values for all the modes. Moreover, the value of the
conventional viscous damping is k = 5, for all the modes.
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The comparison capacity/demand
The results of the seismic verification according to the current and previous versions of the
Italian Technical Standards are summarized in the following Table 7. They are expressed in
terms of ratio capacity/demand (aC / aD) for each limit state.
Demand

CNTC08
CNTC18

aD,DLS
[m/s2]
2.472
4.303

Capacity
aC
[m/s2]
3.558
3.558

aD,ULS
[m/s2]
2.591
4.511

DLS
aC /aD, DLS
–
1.439
0.827

ULS
aC /aD, ULS
–
1.373
0.789

Table 7: Ratios capacity/demand provided by the two versions of the Italian Technical Standards.

In particular, the demand obtained according to the current version is defined by
considering the first three modes of vibration as the most meaningful ones, to take into
account the translational modes in both orthogonal directions (modes 1 and 3) and the
torsional mode (mode 2) mainly affecting the 3D failure mechanism.
It arises that the results provided by the previous version of the Italian Technical Standards
are not consistent with the actual damage suffered by the masonry corner. In fact, for both the
accounted limit states, the acceleration capacity of the mechanism is greater than the seismic
demand (aC / aD > 1). The improvement of the criteria defining the seismic demand,
introduced by the current version of the Italian Technical Standards, instead, implies that the
seismic verification is not satisfied, for both limit states. Moreover, this result is confirmed by
the collapse of the masonry corner, actually occurred.
4.2 The approach based on the in situ recorded maximum floor accelerations
In this section, the seismic verification of the corner under study is developed, by assuming
as seismic demand the maximum floor accelerations, in situ recorded. In fact, before the
2016-2017 seismic events, a monitoring study of the building was implemented by means of
axial and bi-axial accelerometers positioned at different levels of the structure by the Seismic
Observatory of Structures (OSS) [43]. In particular, a bi-axial accelerometer was placed on
the adjacent corner at the level of the first floor of the building (i.e. at the height of the hinge
point of the mechanism) and its recorded inputs are used in this analysis in place of the
records on the ground.
Thus, considering the main four earthquakes of the whole 2016-2017 seismic sequence, the
maximum accelerations registered for each record and for X and Y directions (Fig. 2) are
reported in Table 8. These accelerations take into account implicitly both the effects of the
soil features and the amplification due to the position of the hinge point with respect to the
ground. Therefore, they can directly represent the seismic demand.
In order to define the acceleration capacity of the mechanism related to X and Y directions,
the components of the load factor on these axes are calculated, while the same value of the
mass participating to the mechanism, e* = 0.948, is assumed. The two components are:

aC x 

g
sin 
e*

aC x 

g
cos 
e*

(12)

It is worth noting that the acceleration capacities in Eq. (12) does not account for the
confidence factor, because the seismic verification, in this case, is not ruled by the Technical
Standards. Hence in Table 8, the comparison capacity/demand is reported for each record and
direction.
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ID
record
1
2
3
4

Demand
Date
24/08/ 2016
26/10/ 2016 (h 5.10
pm)
26/10/2016 (h 7.18
pm)
30/10/2016

Capacity

aDx
[m/s2]
5.660

aDy
[m/s2]
6.004

4.640

5.376

4.326

5.994

4.562

6.690

aCx
[m/s2]

aCy
[m/s2]

1.995

4.370

Capacity/Demand
aCx/aDx
aCy/aDy
–
–
0.352
0.728
0.430
0.813
0.461
0.437

0.729
0.653

Table 8: Recorded maximum accelerations related to X and Y directions. Ratios capacity/demand

Table 8 shows that the ratios capacity/demand, related to all records and directions, do not
meet the seismic verification. In particular, X direction is more vulnerable than Y direction,
being the ratios aCx / aD always lower than aCy / aD for each record. This circumstance, on the
other hand, can be explained probably by the non-symmetric geometry of the macro-block
involved in the mechanism. In fact, the presence of the window on the wall along the X
direction (Wall 2) influences the position of the center of mass of the macro-block, that is
very close to the Y direction (see Fig. 6). Thus the macro-block has higher inertial capacity in
the Y direction, while it is extremely vulnerable in the X direction.
5

CONCLUSIONS

In this paper, the rocking-sliding mechanism of a masonry corner has been analytically
investigated, by referring to a case study located in Visso (Italy), strongly damaged by the
2016-2017 Central Italy earthquake. This type of mechanism is frequently observed at the top
level of masonry buildings mainly when the roof is composed by thrusting elements, or there
are openings very close to the corner. The load factor corresponding to the onset of the
mechanism has been evaluated by adopting the kinematic approach of the limit analysis, also
accounting for the influence of the static thrust of the roof and the contribution of the
frictional resistances. In particular, a reliable criterion, proposed and validated in previous
works, has been adopted to assess the actual value of the frictional resistances in the
combined rocking-sliding mechanism. The geometry of the involved macro-block has also
been defined through the inclinations of two main cracks affecting the interlocked walls. They
have been analytically obtained by imposing a minimization condition on the load factor. The
resulting geometry confirms the reliability of the proposed model; in fact, the inclination
angles of the crack lines, derived from the analysis, are very close to those actually occurred
to the case study.
Then, on the basis of the load factor, the acceleration capacity of the mechanism has been
obtained, and the seismic verification has been addressed in terms of ratio capacity/demand.
The comparison of different approaches in evaluating the seismic demand has highlighted
interesting issues. In particular it has emerged that the criteria proposed by the Commentary
(CNTC08) of the previous version of the Italian Technical Standards are not effective in
predicting the acceleration demand; in fact, the value obtained is higher than the capacity and
clearly not consistent with the damage actually suffered by the building. The Commentary
(CNTC18) of the current version of the Italian Technical Standards, instead, has improved
these criteria, accounting for the contribution of all the meaningful modes of the building.
Thus, the maximum acceleration expected at the level of the center of rotation of the
mechanism results greater than the capacity for all the reference limit states. Finally, a seismic
verification has also been carried out by assuming, as representative of the seismic demand,
the maximum in situ recorded accelerations, related to the 2016-2017 seismic sequence. The
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non-symmetric geometry of the macro-block implies that the capacity related to the X
direction is lower than that related to Y. In fact, the presence of the window on the wall along
the X direction influences the position of the center of mass of the macro-block, that is very
close to the Y direction; as a consequence, higher inertial capacity characterizes the Y
direction, while the X direction is extremely vulnerable.
In conclusion, one has to observe that the seismic verification has been carried out in this
paper through a force-based approach, but a full investigation of the evolution of the
mechanism would require a non-linear kinematic analysis, that, however, will be developed in
future works.
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Abstract
A distinctive element in the medieval defense architecture is the gate-tower type which was
introduced in Florence in the eighties of the 13th century when the second municipal circle of
the city walls was built to enclose the suburbs that had radially developed outside the perimeter of the original Roman plan. Furthermore, a common feature of the Florentine city gates is
the presence of two overlapping arches in the external façade, in such a way as to provide a
lunette surface for decorative and representative elements. However, the few city gates that
were not knocked down together with the city walls in the 19th century to create, for Florence
the new capital of Italy, a ring road surrounding the city, following the model of Paris or
Vienna, have currently a reduced height. It was a defense strategy adopted in the 16th century
in order to make them less vulnerable to cannon fire. Porta San Giorgio (hereafter, Saint
George Gate), which is located along the Oltrarno city walls, underwent changes that have
radically changed its appearance as well. However, its current configuration is also the consequence of more recent interventions consisting in the knocking down of the sixteenthcentury ashlar inferior gate and the wooden door to widen the opening and allow the passage
of the cars. Currently, the masonry structure of the gate, made of “pietra forte” blocks, highlights a rather pronounced crack pattern, consisting of a clear sign of sliding blocks of the
lower arch. In order to identify the possible causes of these cracks, the authors have used the
method they have conceived to perform the nonlinear analysis of a rigid block model. In the
paper an historical overview of Saint George Gate and the city walls together with the former
results of the investigations on the mechanical behaviour of the gate is provided.

Keywords: Porta San Giorgio, Florence, city walls, crack pattern, dislocations, rigid-block
analysis.
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1

INTRODUCTION

The case study investigated in this paper is part of the framework of the strategic research
project “FIMU – Le mura urbane e il sistema difensivo di Firenze: rappresentazione e comunicazione del paesaggio urbano fra tradizione e innovazione (FIMU – The city walls and the
defensive system of Florence: representation and communication of the urban landscape between tradition and innovation)” [1]. Approved and funded by the University of Florence in
2016, the project comes from the collaboration among the Municipality of Florence, the Department of Architecture (DIDA) and the Department of History, Archaeology, Geography,
Art and Entertainment (SAGS) of the University of Florence. The project aims at increasing
the knowledge of the historical changes occurred in the artefacts of the Florence defense system (wall sections, gates, towers and connected urban spaces), through geometric surveys,
investigations on the materials and interpretation of the crack patterns. As soon as an adequate
level of knowledge is reached, the second phase of the project is dedicated to the planning of
maintenance and restoration works, consolidation and strengthening.
The current Italian Building Code NTC2018 [2], from the previous edition of 2008 [3], exactly requires the structural engineer to carry out accurate investigations of an existing masonry construction previous to the structural project aimed at reaching a higher level of
knowledge, in order to plan targeted interventions.
For the analysis of the mechanical behaviour of historical masonry structures, belonging to
the architectural and cultural heritage of a country, aimed at interpreting also the crack pattern,
specific investigative methods are necessary. In fact, it has already been established that masonry constructions like these do not usually fail because the inner stresses reach higher values compared to the strengths of the material that provokes a material failure, but because the
structure breaks down into blocks that rigidly move activating collapse mechanisms over time.
The above mentioned NTC2018 requires the structural engineer to correlate local analyses of
the collapse mechanisms to the global elastic analyses as well.
For this reason, the mechanical behaviour of Saint George Gate, a portion of the defensive
system located in the quarters of Oltrarno belonging to the fourteenth-century city walls of
Florence, is investigated performing numerical modeling and using computer programs developed exactly for the analysis of masonry monuments and remains in the archaeological
sites [4-14]. In order to identify the possible causes of the observed crack pattern and the increasing dislocations, a rigid-block model has been used and the analyses have been performed simulating external actions of different type, such as a slight rotational soil settlement
in correspondence to the base of the right pier and the horizontal actions provoked by an
earthquake.
2

HISTORICAL OVERVIEW

2.1 The city walls and gates
The Roman city of Florentia (the ancient name of Florence) is a city of foundation, conceived to be a castrum protected by a city wall and arranged along the two north-south (cardo)
and east-west (decumanus) main directions. Florentia, whicj dated back to 58-59 BC, was
founded along the Arno river where also a river port was built to allow the transport of goods
to the sea. The city walls, arranged in such a way as to form a quadrangle, were built mainly
for defensive purposes and were made using the opus testaceum construction technique on
opus caementicium foundations, with the main city gates flanked by cylindrical or truncatedconical towers covered with “pietra forte” blocks [1].
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However, in the early decades of the 12th century, the defensive perimeter of the ancient
circle of the city wall was no longer sufficient. The new suburbs that had radially developed
outside the perimeter of the city wall led to defensive and fiscal problems. For this reason, in
1170 the Municipality decided to build a new circle of city walls, the first municipal circle.
Made with river pebble foundations and recycled material joined with lime mortar, the construction works were completed quickly in 1175.
During the 13th century, however, the city grew a lot and around the eighties of the 13th
century a wider circle of walls was needed. Tradition says that the second municipal circle,
crowned by a Guelph battlement, was designed by Arnolfo di Cambio in 1284, with the insertion of the gate-tower, high around 23 meters, that substitutes the use of the gate flanked by
cylindrical towers used in the Roman period. The main city gates built together with the
second municipal circle were Porta alla Croce, Porta San Gallo and Porta al Prato. Porta San
Giorgio, the object of this study, was built in this period as well.
In the 16th century, the introduction of firearms brought about the need to modify and innovate the defensive system. Michelangelo Buonarroti, which was appointed as the responsible of the fortresses in 1529, ordered to reduce the height of the gate-towers in order to be less
vulnerable to cannon fire and, for the same reason, ordered to break down all the weaker ancillary defense works such as the battlements at the top of the walls which were strengthened
by the construction of buttresses.
All the Florentine city gates were lowered, except for Porta San Niccolò, because San Miniato Hill provided a natural protection from cannon fire. For this reason, it is today the only
Florentine gate that preserves its original height [15].
The last change to the fourteenth-century city walls was the building, in 1590, of Fortress
of Santa Maria in San Giorgio, later on called Fortress of Belvedere, at the side of Saint
George Gate.
From this period until the 19th century demolitions, the medieval city walls remained
broadly unchanged.
In 1864 Engineer G. Poggi received from the municipality the task of demolishing the Florentine city walls in order to build a ring road surrounding the city, according to the model of
Paris or Vienna [16]. Fortunately, some demolitions were not completed and some of the
main gates, which were remained isolated, are still present.
2.2 Porta San Giorgio
The section of the city walls between Saint George Gate and San Miniato Gate was not affected by the demolition carried out by Poggi in the second half of the 19th century. For this
reason, although affected by various modifications over time, Saint George Gate is a monument that still exists.
Built in 1324 on the Boboli Hill along with the second municipal circle of the city walls
with a design attributed to Andrea Orcagna, Saint George Gate (Figure 1) provided an access
to the city of Florence from the south. Its name, as well as the street departing from it, derives
from the near church of Saint George.
Originally designed and built as a typical gate-tower structure, in 1528, in the forecast of
the siege of Florence, it was cropped down in order to be less vulnerable to cannon fire, according to the design of Michelangelo, which was the responsible of the fortresses at that time.
Sharing a feature of all the 14th century Florentine gates, Saint George Gates has two overlapping arches in the external façade to provide a lunette surface for decorative and representative elements. The lunette bounded by the upper circular arch and the lower segmental arch,
holds a bas-relief dating back to the 14th century, “Saint George killing the dragon”, realized
by Andrea da Pontedera.
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In the 16th century, at the time of the Grand Duke Leopoldo, the ashlar inferior gate was
built on the outer side. It was composed of two approximately 1 metre wide big piers and a
third segmental arch positioned below the two fourteenth-century arches (Figure 2).

Figure 1: View of Porta San Giorgio (photo taken by Giacomo Tempesta, 2018).

Figure 2: Porta San Giorgio: b) historical photo (postcard from the early 1900s).

In 1590 Fortress of Santa Maria in San Giorgio, currently known as Fortress of Belvedere,
was built at the side of the gate.
In 1937 the Municipality of Florence realized, under the direction of the architect Ezio Zalaffi, the extension of the gate opening of approximately 2 meters, knocking down the sixteenth-century ashlar inferior gate in order to allow cars to pass.
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No further changes have been made since the 1930s and, therefore, the appearance of the
gate, visible today, is the same.
At present, the structure of the gate, made of pietra forte blocks, highlights a rather pronounced cracking pattern, consisting of a clear sign of sliding blocks. Other lesions are
present along the joints of the lunette blocks, above the segmental arch. Figures 3 and 4 show
the crack pattern on the external facade of Saint George Gate respectively.

Figure 3. Detail of the lunette bounded by the upper circular arch and the lower segmental arches and the cracking pattern.

Figure 4. Details of the lower segmental arches, where the sliding blocks are detected.

Saint George Gate, whose cause-effect relationship that explains the reason for the current
crack pattern is investigated, is a structure type that can be suitably analyzed using a rigid
block model with elastic-brittle joints to which a sliding failure criterion can also be assigned.
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In fact, the cracks are mostly positioned exactly along the mortar joints (where the axial
forces have exceeded the tensile strength of mortar) and sliding blocks along the joints are
also detected, due to the shear forces that exceed the friction forces.
3

A NONLINEAR PROCEDURE FOR MASONRY RIGID-BLOCK ANALYSIS

The mechanical behaviour of masonry structures can be addressed by the nonlinear procedure proposed by the authors in [4-14, 17-19] and already used to assess the safety level of
many constructions [20,21].
The structure is considered composed by an assemblage of n rigid blocks, connected by
“elastic” mortar joints.
The joints are modeled in a discreet manner by means of a fixed device composed of two
links orthogonal to the joint, placed in correspondence to the extreme points of the section,
and two further links along the joint (Figure 5a). The links orthogonal to the joint (hereafter
referred to as axial links) transfer the axial force and the links along the joint (hereafter referred to as shear links) transfer the shear force. In this model, the elasticity of the system is
concentrated in correspondence to the joints [22].

Figure 5. a) Joint device of the discrete block model; b) occurrence of a rotational hinge due to the failure of a
link orthogonal to the joint; c) sliding support joint due to the crack of both axial links; d) axial and shear forces
in the joint links (taken from [4]).

The following strength criteria are assigned to the links of the device.
An infinite compression strength and a limited or zero tensile strength is assigned to the
axial links. In so doing, when the tensile forces in a link exceeds the tensile strength of mortar,
that link and the corresponding shear link fail together and a fictitious hinge is detected at the
intersection point of the remaining axial and shear links (Figure 5b). As a consequence, a
possible rotation movement is detected between blocks.
Furthermore, in order to detect the possible sliding failure of two blocks along the connecting joint, a limited shear strength is assigned to the shear links. The value of the shear strength
is computed according to the Coulomb’s “sliding friction” criterion. When the force in an
shear link exceeds the shear strength, computed by multiplying the friction factor f (that depends on the surface and the roughness of the blocks) by the compression force Xn in the corresponding axial link, that link fails. When both shear links in a joint fail, the joint turns into a
sliding joint (Figure 5c).
The system of equations that governs the mechanical behavior of the structure can be expressed, in matrix form, through an equilibrium equation and an elastic-kinematic equation
(Eq. 1):

 AX  F  αF
x  KX  ∆
A
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In the first equation, entries of vector X are the forces of the links that compose the joint device, A is the equilibrium matrix and its entries are the coefficients of the unknowns X, F is
the vector of dead loads acting on the blocks of the arch. If the objective of the analysis is
computing the collapse load factor, vector F is initialized with entries corresponding to the
additional loads that are increased by means of the factor α.
In the second equation, matrix Ã (the transpose of matrix A) is the kinematic matrix and K is
the diagonal matrix whose entries are the deformability coefficients of the links of the joint
device. Regarding vector ∆ will be discussed later in the paper.
The solution of Eq. 1 is shown in Eq. 2, which provides the values of the forces of the links of
the joint devices:
AK  A
 A · ∆
X  X  I  K  A


(2)

where Eq. 3 is the linear-elastic solution:
AK  A
 · F  αF
X  K  A

(3)

The numerical procedure is iterative. At the beginning of the analysis vector ∆ is initialized to
zero, therefore the initial solution corresponds to that of Eq. 3, that is X=X0.
Afterwards, it is necessary to check, in Eq. 2, if the forces in the axial and shear links do not
exceed the corresponding strengths. For this purpose, vector X is partitioned in the two subvectors Xn and Xt (see Figure 5d for reference) whose entries are the forces in the links orthogonal to and along the joint respectively and the tensile failure criteria are formulated in Eq. 4:




X  σ
 · S 
X





 f · X

(4)

in which σ
 is the tensile strength of the joint, f is the friction factor and S is the area of the
cross section of the j-th link.
If the solution provided by Eq. 2 does not agree with the constraint of Eq. 4, the analysis becomes nonlinear and the procedure must nullify, step by step, the inadmissible forces and vector X in Eq. 2 is computed again each time.
In order to nullify the inadmissible force of a link, the numerical procedure introduces an
“impressed distortion” into that link. The set of impressed distortions introduced into the links
whose forces do not satisfy the conditions expressed by Eq. 4 is composed of the non-zeroes
coefficients of vector ∆.
However, at each step of the iterative analysis entries of vector ∆ are unknown. To compute
the entries of vector ∆ to be input in Eq. 2, this equation has been re-written partitioning all
matrices and vectors considering the coefficients corresponding to the links with admissible
forces (subscript “b”) and the links with inadmissible forces (subscript “c”) and putting
AK  A
 A:
C  I  K  A
#

C$
X
X$
&  ' $)  ' 
X (
B
0

B
0
)·' )
∆(
C(

(5)

The solution of Eq. 5 provides the sub-vector of the “effective distortions” (Eq. 6) and the
sub-vector of the final solution collecting the non-zero forces (Eq. 7):
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∆(  C( X
X$  X

$

(

 BC( X

(6)
(

(7)

According to Colonnetti’s theorem [23], the number of links affected by distortions is at most
equal to the degree of static indeterminacy of the structure.
Finally, in order to draw the final configuration of the structure, the effective displacement
vector + and the vector ∆( that measures the depth and position of cracks in the mortar joints
are computed considering both the links that elastically deformed and those that failed. In this
purpose, the second of Eq. 1 is partitioned considering once again the links with admissible
and inadmissible forces:

A
, $
(
A

K$
0

0
0 x
- .X $ /  ' )
∆
K( 0
(

(8)

The solution of Eq. 8 provides the vector x of the displacements of the block centroids (Eq. 9)
and the vector ∆( that measures the depth and position of cracks in the mortar joints (Eq. 10):
 $ A$ 
x  K $ X$ A$ A
 ( x
∆(  A

4

9

10

RIGID-BLOCK ANALYSIS OF SAN GIORGIO GATE

The model of Saint George Gate has been performed adopting a discretization that perfectly corresponds to the actual arrangement of the stone blocks. Only the lower portion of the
piers have been discretized in macro-elements because no crack pattern that deserved to be
investigated was observed.
The mortar joints have been modeled by means of a device composed of two axial and
two shear links. Furthermore, in order to reproduce the constraint effect done by the wall attached at the left side of the wall, the vertical joints of the blocks of the gate attached to the
wall have not been left free but have been constrained with the same joint device in which the
shear links are inactive. The load condition has been defined considering both the self-weight
of the blocks and a distributed load at the top of the structure corresponding to the weight of
the timber roof.
The numerical procedure described in the previous section is used herein to investigate the
causes of damage. The hypotheses of a slight settlement have been formulated, which may
have caused the inclination towards the outside of the right pier, and also of a seismic action,
described by means of pattern of horizontal forces proportional to the masses of the blocks
and linearly variable as a function of the height of their point of application. In Figure 6a),b)
the configurations of the structure provoked by the soil settlement and the seismic action respectively are shown. Both figures highlight a displacement field that does match the real one;
therefore, such hypotheses do not seem to be the main causes responsible for the actual crack
pattern.
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Figure 6. Results of the analysis for: a) soil settlement; b) horizontal loads.

Finally, in Figure 7, the configuration of the structure analyzed subjected to the sole selfweight is presented. The tensile strength of mortar joint of 0.3MPa and the friction factor of
0.3 have been inputted in the failure criteria of Eq. 4. Results of the analysis highlight sliding
blocks near the left and right abutments of the segmental arch, and the lowering of a portion
of the masonry of the overlapping lunette. In this regard, the numerical procedure indicates
the detachment of the blocks of the lunette above the arch nullifying the tensile forces in the
axial links of the horizontal joints and the shear links of the vertical joints of some blocks of
the lunette.
This being the case, in the authors’ opinion the increasing damage detected is the consequence of slow but progressive movements of the blocks that certainly have been activated by
the knocking down of the 16th century ashlar inferior gate.

Figure 7. Results of the analysis for vertical loads.
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5

CONCLUSIONS

The numerical model used for the analysis of Saint George Gate seems to effectively interpret the actual behavior of the structure in its current configuration. Through the analysis
carried out, a result is obtained, in terms of the progression of the crack pattern, which shows
a strong similarity with that which is actually read on the structure. The circumstance for
which this result has been obtained by considering the simple condition of self-weight clarifies that the reasons for the current damage of the structure is not to be attributed to other external causes.
Moreover, some geological surveys carried out near the foundations have excluded the
presence of possible settlements or other alterations in the soil-structure relationship. The evident sliding of some blocks near the abutments (both the left, in a minor way, and the right, in
a much more pronounced way), which generated the crack pattern on the wall of the upper
lunette, is therefore to be traced back to the only geometric configuration of the segmental
arch placed below it.
As a consequence of the removal of the 16th century ashlar inferior gate, in fact, the actual
slope of the joints placed nearby the abutment was found to be excessive and therefore not
geometrically able to prevent the progressive sliding of the adjacent blocks.
For this type of crack pattern, in order to use a low invasive safeguard intervention, it is believed that the simple introduction of a transversal steel chain, placed slightly above the extrados of the segmental arch, equipped, in addition to the bolted end-plate, with a threaded
sleeve that allows the introduction of a suitable state of pre-compression, is sufficient to prevent further progressions of the existing cracks.
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Abstract
In this contribution a modern reinterpretation of Durand-Claye’s method (Durand-Claye,
1880) is presented with the aim of checking the equilibrium of masonry domes of revolution
characterized by different shapes. The investigation is addressed to spherical and pointed
masonry domes, conceived as assemblages of rigid blocks, subject to symmetrical load conditions. Heyman’s hypotheses are adopted. The complex Durand-Claye’s graphical construction is translated into an analytical method in terms of the axial force and bending moment.
Furthermore, the action of hoop forces in the dome’s upper portion is accounted for.

Keywords: Masonry Domes, Limit Analysis, Durand-Claye’s Method, Heyman’s Hypotheses, Hoop Forces
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1

INTRODUCTION

In his 1880 Memoir [1], Durand-Claye extended the stability area method originally conceived for masonry arches to domes of revolution. The method is applied to each single lune
ideally composing the dome, i.e., the part between two meridian planes forming a small angle,
considered as a masonry arch. A lune’s stability area is determined under the hypotheses of
limited compressive and nil tensile strengths.
According to the Durand-Claye method applied to masonry arches, if infinite friction is assumed, and the stability area reduces to a single point, the arch is in a limit condition and a
kinematically admissible mechanism is triggered. In [2, 3] the authors have shown that this
last statement does not generally hold for domes; nevertheless the method is still considered
worth of attention, as it enables checking in a comparatively easy way the existence of statically admissible solutions for a given dome.
The present paper addresses spherical and pointed masonry domes, conceived as assemblages of rigid blocks, subject to symmetrical load conditions. Heyman’s hypotheses are
adopted, and the complex Durand-Claye graphical construction is translated in terms of the
axial force and bending moment, and the lune’s stability area is determined by assuming nil
hoop stresses. In a second step, the stability area is studied by taking into consideration that,
in the limit equilibrium condition, a kinematically admissible mechanism occurs for the entire
dome. Finally, the action of hoop forces in the dome’s upper part is accounted for.
The results obtained herein enable easily performing some parametric analyses which
highlight the influence on the dome collapse of the main geometrical parameters. As an example, the dome’s minimum thickness versus the angle of embrace is determined. A comparison is then made with some results available in the literature. The results obtained provide an
estimate of the geometrical safety factor for domes of different shape under their own weight.
2

THE ‘ORIGINAL’ STABILITY AREA METHOD EXTENDED TO MASONRY
DOMES

For a masonry arch, Durand-Claye’s method consists of drawing the so-called area of stability at the crown section of a symmetric arch [4, 5]. By denoting as P the crown thrust, e its
eccentricity with respect to the center of the crown section, the area of stability is obtained by
considering the region formed by all the points of coordinates (P, e) that fulfill the equilibrium equations of any arch portion and the limitations imposed by the assumptions of masonry’s bounded compressive and tensile strength (see Fig. 1a). Thus, each point within the
stability area, corresponds to a statically admissible line of thrust. When such an area shrinks
to a point (or a segment), the arch attains a limit equilibrium condition, i.e., there is only one
admissible value left for the crown thrust.
In his contribution, published in 1880, Durand-Claye points out that his method, originally
conceived for masonry arches, can be suitably modified to assess the stability of domes of
revolution. Durand-Claye’s reasoning starts by considering the single lunes composing the
dome (Fig. 1b, c).
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(b)

(b)

(c)

Fig. 1. The equilibrium of a single lune, according to Durand-Claye, drawn from [1].

With reference to Fig. 1c, drawn from the original [1], he considers a lune between two
meridian planes forming a small angle, d. Then, he examines the equilibrium of the voussoir
between segments , ab, expressing its weight by means of Guldin’s theorem (Fig. 1b). The
resultant reaction force acting on the arch joint ab (Fig. 1b) is obtained by imposing equilibrium on the upper portion of the lune. Furthermore, the cross-sectional bending moment and
shear capacities are determined as functions of the masonry compressive and tensile strengths
and friction coefficient along the joints. For example, Figure 2a shows the procedure to be
followed in order to obtain an axial force compatible with the masonry bounded strength: the
limit axial force NN’ at joint ab is determined by assuming a limited compressive strength c
and nil tensile strength.
When Durand-Claye’s method is applied to an arch, a double set of limitations can be represented graphically in the (P, e) plane by scanning all joints ab, where P and e respectively
denote the crown thrust and its eccentricity with respect to the cross section’s center of gravity,
The so-called area of stability is obtained by considering the region formed by all the points
of coordinates (P, e) that fulfill all of the aforementioned limitations. When such an area
shrinks to a point (or a segment), the arch attains a limit equilibrium condition, i.e., there is
only one admissible value left for the crown thrust.
In order to extend the analysis to domes, the French scholar observes that the thrust line
might not start from the symmetry axis, as usually assumed for symmetrical masonry arches
or vaults, since in many cases domes are not closed at their top: their upper cap presents a cylindrical aperture, which can be surmounted by a lantern or a small dome. Even if the domes
are assumed to be closed, the procedure adopted for masonry arches should be modified in
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order to take into account the hypothesis of limited compressive strength, since the thickness
of the crown section would vanish. In order to overcome these difficulties linked to the limited compressive strength, Durand-Claye proposes considering an anneau supérieur formed
by the upper voussoirs of the dome (Fig. 2b). Having introduced the anneau, he then attempts
to evaluate the hoop forces acting on surface , which have to be admissible with respect to
the assigned compressive strength of the material. According to Durand-Claye, the hoop forces in the anneau are responsible for a further reduction of the stability area, since they would
call for additional limit conditions on the masonry compressive and tensile strength. As already observed by the authors in [2, 3], this result is incorrect: the hoop forces could be distributed over the lateral lune’s surfaces, not only at the anneau and, more importantly, hoop
forces could modify the shape of the thrust surface by providing stabilizing effects.


(a)

(b)

Fig. 2. Equilibrium and strength limitations for the voussoir between joints a0b0, ab (a);
the anneau supérieur (b); drawn by [1].

Another critical issue related to Durand-Claye’s method in its original formulation is that it
does not adequately consider the kinematic aspects related to the limit equilibrium condition
for the entire dome. As described above, Durand-Claye applies his method to a single lune.
According to his method, the limit equilibrium condition is attained when the stability area
reduces to a single point. For a masonry arch, this reduction corresponds to the activation of a
collapse mechanism, which in the general case could turn out not to be kinematically admissible. For a dome, the limit condition is thus to be found in the activation of a kinematically
admissible collapse mechanism, as will be clarified in the following.
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3

A MODERN FORMULATION OF THE STABILITY AREA METHOD FOR THE
EQUILIBRIUM ANALYSIS OF DOMES

In previous contributions, the authors have provided a detailed description of DurandClaye’s method in its original form as well as re-elaborated versions enabling assessment of
the stability of symmetrical masonry arches [6-8] and, more recently, domes of revolution [2,
3]. With reference to masonry domes, the modern formulation of Durand-Claye’s method,
proposed by the authors in [2, 3], expresses the complex graphical construction in terms of
axial force and bending moment, in order to draw the stability area for a single lune. The
method has been suitably extended in order to assess the stability of the entire dome, by assuming nil tensile hoop forces.
The treatment in the present paper assumes infinite compressive strength, nil tensile
strength, and infinite friction coefficient. Moreover, in order to perform the parametric investigations, the same notation as in [2] is adopted. The segment of a dome between two meridian planes forming a “small” angle  is considered (Fig. 3a).

Fig. 3. Geometrical parameters of the dome meridian profile (a); the crown thrust, P, and its eccentricity (b);
the stability area for a dome lune of amplitude  (c).

The dome’s profile is defined by the radius of the line of axis, R, the embrace angle, ,the
crown angle,  (related to the inclination of the line of axis at the crown section, as plotted in
Fig. 3a), the constant thickness of the dome profile in the radial direction,
direction, h, and the intrados
span, l. The inclination of a generic joint is denoted as  . Angles  and  are measured with
respect to the vertical and the crown joint is assumed to be vertical. By taking into account the
infinite compressive strength of the material, for a lune of amplitude , the limit bending moment
at each section  is given by

At any given joint  , the axial force and bending moment, N P,   and M e, P,  , can
be expressed in terms of the horizontal thrust P, ideally acting at the crown section, and its
eccentricity e with respect to the center of gravity of the crown joint (Fig. 3b). By fixing a
value of , the two conditions - M lim £ M £ M lim define a region in the plane (P, e) bounded
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by two of the curves labeled as –M and +M in Figure 3c. By scanning all joints along the lune
and by considering the intersection of all these regions, the stability area is obtained. It is represented by the region of the (P, e) plane (see the dashed region in Fig. 3c). Each point
within such area corresponds to an extreme of a vector representing a crown thrust, P, acting
at an eccentricity e. The thrust is admissible in the sense that it fulfills the equilibrium of each
portion of the lune, under the hypothesis of nil tensile strength and infinite compressive
strength.
A first preliminary analysis consists of considering each lune composing the dome as an
independent arch, subjected to its own weight and a horizontal thrust, P, of eccentricity e, acting at the ‘crown’ joint. The problem is solved by means of an expressly developed, in-house
algorithm implemented in Mathematica. It is worth noting that the reduction of the stability
area to a single point could not correspond to a kinematically admissible collapse mechanism
for the entire dome when material interpenetration between adjacent lunes is required. In such
cases, a second analysis must be performed in order to determine a possible collapse mechanism for the dome considered as a whole. The dome,is ideally divided into two parts. In the
upper part compressive forces act along both the meridian and parallel directions, whereas the
bottom part experiences compressive axial forces acting along the meridian direction only.
Moreover, in the dome bottom part no force is transmitted along the parallel directions.
A kinematically admissible rotational mechanism consistent with the assumed mechanical
scheme would be of the type plotted in Fig. 4a: a central region near the dome crown descends vertically, while adjacent lunes move apart between joints θ1 and θ3 (θ3 = α in the example of Fig. 4). Such a mechanism is compatible with the condition of zero tensile strength
in the masonry, as observed by Heyman [9].
By considering the collapse mechanism depicted in Fig. 4, the stability area for each lune
is drawn without considering the –M curves corresponding to the upper portion near the
crown section. The limit condition is identified as that corresponding to the reduction to a single point of this new stability area, which refers to the portion of a single lune belonging to
the dome bottom part. In this case, with reference to Fig. 4c, two +M curves (red) for joints 1
and 3 intersect a –M curve (blue) associated to 2. The position of the hinges, 1, 2 and 3
(Fig. 4b), corresponding to the attainment of the limit bending moment, positive at 1 and 3,
negative at 2, with 1 < 2 < 3, corresponds to a kinematically admissible mechanism (Fig.
4a).
To assess the stability of the entire dome while taking into account the critical remarks advanced in Section 2, the original stability area method has been further modified by accounting for the action of hoop forces in order to find statically admissible solutions. This involves
applying the procedure described in detail in [2, 3], where hoop forces are estimated by imposing equilibrium conditions. It should be noted that an analogous approach has been adopted also in historical [11-13] as well as recent [14] contributions.
Oppenheim et al. [10] point out that the results derived from statics can equivalently be obtained (or confirmed) by means of the principle of virtual work. In the limit condition corresponding to the reduction to a point of the area of stability related to the bottom portion of the
lune (Fig. 4c), the external virtual work under a virtual displacement compatible with the rotational mechanism of Fig. 4a is zero. The structure is thus at the boundary between stable behavior and active kinematic collapse.
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Fig. 4. Kinematically admissible collapse mechanism for the entire dome (a); thrust line for the single lune
and position of hinges (b); corresponding stability area (c).

4

A PARAMETRIC INVESTIGATION: MINIMUM THICKNESS FOR MASONRY
SPHERICAL AND POINTED DOMES OF REVOLUTION

In the present section the procedure based on a new reading of the stability area method
and described in Section 3 is applied to two types of masonry dome in order to perform some
parametric analyses. Domes of revolution with spherical and pointed shapes have been examined, each having constant thickness in the radial direction, h, and loaded by their own weight
only. By way of example, all the results shown in the following have been obtained by assuming infinite compressive strength and nil tensile strength. Furthermore, in the numerical application the same span (l = 10 m), unit width (1 m) and specific weight ( = 20 kN/m3) have
been considered for each of the domes. Finally, a small angle  for the dome’s lune amplitude
has been considered by assuming a width of 1 cm at its springings (defined by  = ). This,
with the purpose of comparing some of our results with those obtained by other authors [10].
Each lune composing the dome is assumed to be formed by 30 voussoirs.
With reference to Fig. 5a, the first set of domes considered here includes spherical domes
of embrace angle . The crown angle  is nil.

Fig. 5. Profile of a spherical dome of embrace angle  (a); search for the minimum thickness, hlim, for an assigned value of the embrace angle (b); the corresponding stability area (c).

For each value of the embrace angle , the limit thickness, hlim, is evaluated, i.e. the thickness corresponding to an equilibrium condition and, at the same time, to a kinematically admissible collapse mode for the entire dome. The related stability area plotted in Fig. 5c shows
that the positive limit bending moment is attained at joints 1 and 3 (3 =  in the case study

669

Danila Aita, Riccardo Barsotti and Stefano Bennati

of Fig. 5), and the negative limit bending moment at joint 2. The equilibrium analysis of the
dome has been performed by assuming that hoop forces are nil for 1 ≤  ≤3. It should be
noted that, if the thrust line obtained for the lune were extended to the lune upper portion, the
thrust line would exit the thickness (Fig. 5b). In effect, the thrust line is still contained within
the dome thickness, as the equilibrium in the upper portion of the entire dome is assured by
the presence of hoop forces.
The results obtained here are in very good agreement with those obtained by Heyman in
[9]. In Fig. 6c, the continuous line refers to the spherical dome in Fig. 6a and represents the
limit thickness to radius ratio, hlim/R, versus embrace angle. For 0 ≤  ≤ 51.8°, the ratio
hlim/R vanishes (point a in Figure 6c). With reference to the hemispherical dome (i.e. when
= /2), hlim/R is equal to 0.043 (point A in Fig. 6c). It can be seen that, for the entire hemispherical dome, the reduction of the stability area to a single point (with reference to an entire
lune) corresponds to a kinematically admissible collapse mechanism.
Another case study is the pointed dome with = 0.35, plotted in Fig. 6b. The limit thickness, hlim, is again evaluated for each value of the embrace angle , by providing the hlim/R
ratio (dashed line in Fig. 6c). In this case, the hlim/R ratio vanishes for  ≤ 62.45° = 1.09 rad
(point b in Figure 6c). For  = /2 (point B in Fig. 6c) the results obtained here show close
conformity to those found by Oppenheim et al. for the case study examined in [10]. It is
worth noting that for the pointed domes under examination (= 0.35 rad), the hlim/R ratio is
less than that obtained for spherical domes (continuous line) for each value of  > 51.8°.
It is also interesting to point out that the conventional membrane solution would have
yielded hoop stresses in tension at all points below  = 51.8° for the spherical dome [9], and
below  = 62.45° for the pointed dome [10]. Such values of  correspond to points a and b in
Fig. 6a, a connection deserving of further study. According to Heyman [9], the results yielded
by static analysis, which for the spherical dome give a theoretically zero thickness for 0 ≤  ≤
51.8°, are related to the membrane stress resultants, which for a spherical surface are compressive for 0 ≤  ≤ 51.8°. Fully analogous consideration would also hold for the pointed
domes in Fig. 6.

(c)

Fig. 6. Profile of a spherical dome of embrace angle  (a); profile of a pointed dome of embrace angle  and
crown angle  = 0.35 rad (b); hlim/R versus embrace angle  (c).
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Figure 7 shows the parametric analysis performed by examining another set of pointed
domes while fixing angle = /2 and varying the crown angle  (Fig. 7a). By examining the
results plotted in Fig. 7b, it can be seen that the hlim/R ratio decreases while crown angle
increases. Point A regards to the spherical dome of embrace angle  = /2, while point B
corresponds to the pointed arch with  = /2, = 0.35.

(b)

Fig. 7. Profile of a pointed dome of embrace angle  = /2 and crown angle  (a);
hlim/R versus crown angle  (b).

5

CONCLUSIONS
 Durand-Claye’s method cannot be applied to the equilibrium analysis of masonry domes
of revolution in its original form. The present research suitably extends this method with
the aim of assessing the stability of domes by taking into consideration the kinematical
aspects related to the limit equilibrium condition for the entire dome as well as the influence of hoop forces.
 The proposed procedure allows for performing parametric analyses and extending some
results coming from the literature on this subject.
 Both spherical and pointed domes are examined. The limit thickness has been determined
by varying the embrace angle and/or crown angle,. The limit thickness corresponds to
both an equilibrium solution and the activation of a collapse mechanism compatible with
collapse of the entire dome.
 The parametric analysis shows that pointed domes exhibit a smaller limit thickness than
spherical domes. Furthermore, the limit thickness decreases as the crown angleincreases.
 Further research will be aimed at extending the analysis to domes of different shapes,
such as oval or elliptical domes, and sail vaults.
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Abstract
This contribution assesses in stochastic terms the safety level of masonry façades potentially
subjected to out-of-plane loading and the beneficial effect offered by horizontal restraints –
such as steel tie rods - under earthquakes. A parametric analysis is performed on façades of
different slenderness and size to state their influence on the response in probabilistic terms,
showing that velocity and energy based Intensity Measures are optimal since they usually respect the efficiency and practicality criteria. In case of retrofitting interventions, the univariate
FCs can be plotted in the two configurations (with and without steel tie rods). In order to effectively present the results, the graph of the difference of conditional probability is elaborated,
which directly gives the information on the earthquake intensity for which the level of improvement is more relevant. Univariate and bivariate curves are also compared and the former may
be not in favor of safety, especially for stronger seismic records.
This probabilistic procedure is ideal for applications in earthquake engineering, assessing in
stochastic sense the level of improvement obtained with traditional retrofitting solutions.
Keywords: rocking, fragility curves, horizontal restraints, tie-rods, existing masonry, historic
masonry
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1

INTRODUCTION

The out-of-plane (OOP) behavior of masonry buildings is a crucial issue in the seismic vulnerability assessment of historic structures. Indeed, usually the connections between vertical
elements and horizontal diaphragms and vertical walls are poor and the box-type behavior is
not guaranteed. Also building irregularities could activate torsional modes that might cause a
concentration of seismic demand in specific parts of the building [1,2]. The traditional tie-rods,
generally used for improving the OOP behavior of masonry walls [3–7], strongly increase the
safety level of masonry constructions under dynamic actions. A masonry wall can be regarded
as a rigid block, if its behavior is monolithic, that is the mortar joints are in good condition and
the masonry texture is sufficiently regular. A method, alternative to the kinematic analysis [8–
10], that can be used for assessing the dynamic response of rigid blocks is a non-linear dynamic
analysis, also called “rocking analysis”, that is based on the pioneering Housner’s work [11].
Due to the strong nonlinearities involved in the problem, given by the dynamics of the rigid
block and by the boundary conditions (tie rods and transverse walls), the equation of motion of
the rocking block must be solved step by step if the input action is a real seismic record. The
motion of the block depends on its size and slenderness in a non-unique way. When dealing
with masonry façades, one-sided motion should be considered in place of the two-sided motion,
namely the effect of the transverse walls connected to the façade has to be taken into account.
Giresini and Sassu [12] simulated the transverse walls as spring beds with a stiffness function
of the masonry elastic modulus, thickness and effective depth of the sidewalls. In addition to
the motion type, the response of rocking blocks is strongly dependent on the input action: even
input actions with similar Intensity Measures (IM) values (e.g. PGA, PGV, Housner Intensity,
etc.) may produce completely different results. This is a crucial aspect when one needs to analyse as realistic as possible.
For this reason, the necessity of introducing stochastic approaches in order to evaluate the
response in probabilistic terms arises. Some efforts in this direction were recently made by
Dimitrakopoulos and Paraskeva [13], where PGA and Peak Total Roof Velocity (PTRV) were
identified as relevant IM for rocking parapets and rooftop chimneys under near-fault seismic
actions. The same work also highlighted the superiority of bivariate fragility curves over univariate fragility curves.
In this paper, 4 cases of church masonry façades are analyzed, discussing the influence of
size, slenderness and presence of tie-rods in the response. The analysis results are reported in
terms of fragility curves, making considerations on the beneficial effects introduced by the tierods and presenting an efficient manner to display results with specific graphs. Section 2 introduces the deterministic equation of motion and the stochastic approach adopted. Section 3 describes the influence of slenderness and size on the response, considering in the OOP modes
one-sided motion. Section 4 presents the outcomes of the same façades retrofitted by anti-seismic devices such as steel tie rods, commenting the range of IMs in which the retrofitting techniques have the best effects. Finally, section 5 discusses the comparisons between univariate
and bivariate fragility curves.
2

STOCHASTIC APPROACH FOR THE SEISMIC VULNERABILITY
ASSESSMENT OF ROCKING FAÇADES

2.1 Assumptions in the deterministic analysis
The stochastic approach can be defined once the corresponding procedure to perform the deterministic analysis is established. Assuming the mechanical and input parameters involved in the

674

Linda Giresini, Francesca Taddei, Claudia Casapulla, Gerhard Müller

nonlinear dynamic analysis as deterministic, the motion of the generic prismatic block in unilateral condition can be obtained by solving the following equation of motion:
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the polar inertia moment with respect to the oscillation line O’-O (Figure 1a),
=
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m h + s = mR , for perpendicular blocks.
However, inertia moments have to be calculated from the real geometry of the actual masonry façade. In this paper, the equivalent perpendicular block is obtained by keeping the same
mass and inertia moment of the actual masonry façade. In this way, it is more effective to compare the equivalent radius vectors and slenderness ratios. As for the spring bed stiffness , the
terms multiplied by it are [12]:
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The one-sided motion is considered, thus only the compression spring bed of stiffness
is
taken into account (inward rotation). Only in the retrofitted configuration, with steel tie –rods,
the spring stiffness is different from zero. This occurs in the outward rotation, since the beneficial stabilizing effect given by the tie-rods is evident in the out-of-plane mode. The values of
and are calculated with the expressions reported in [12].
As for the input excitation, () is the acceleration time-history (in gravity acceleration units),
which can be artificially generated or recorded. This work considers only natural seismic records as input for the activation of rocking motion.
During each impact, that is when = 0, the velocity after impact 2 3 is assumed as the velocity before impact 2 4 reduced by a coefficient of restitution 5:
23

=e

24

(3)

The coefficient of restitution defined by Housner [14] for a rectangular block is a function of
the slenderness ratio :

3
(4)
578 = 1 − sin
2
For real masonry walls, the coefficient of restitution is usually lower than the analytical one
[15,16]. However, in this paper the analytical value is considered for the sake of safety. Indeed,
since it corresponds to a lower energy dissipation, the use of the analytical value usually causes
greater rotation amplitudes.
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(b)

(a)

Figure 1: The rocking rigid block simulating an out-of-plane masonry wall in the Housner’s model [17] (a) and
the restrained rocking block with spring bed stiffness
and spring stiffness (b).

2.2 Probabilistic analysis and optimal Intensity Measures
The probabilistic analysis is performed considering the one-sided motion of the cases of study
(section 2.3) under over seventy earthquakes, whose details are reported in [18]. Univariate and
bivariate fragility curves are obtained with the calculation of a conditional probability of failure,
selecting as Engineering Demand Parameter EDP the maximum normalized rotation / and
12 IMs, which are related to the seismic inputs. The conditional probability is defined as the
probability that EDP overcomes a capacity limit %, given a specific IM; such a probability is a
standard cumulative distribution function [19].
As for the capacity limit, four limit states (from LS0 to LS3 are defined for the one-sided motion without horizontal restraints, and one for the state of tie-rod yielding LSY [18] (

Table 1). Naturally, the value of EDP only depends on the slenderness ratio α for LS0, LS1,
LS2 and LS3, whereas for LSY it depends on the geometrical and mechanical features of the
tie rod (elastic modulus, cross section and length).

Limit State LS

DE0

DEF
DE1
DE2
DE3

=>? =

@7A /

BC@

Definition

0.0

rocking initiation

Depending on geometry

tie-yielding

0.1

limited rocking

0.4

moderate rocking

1.5

Near collapse

Table 1: Limit states assumed in the stochastic rocking analysis.
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Following the Padgett et al’s procedure [19], the conditional probability is function of the logarithmic standard deviation I|KL , also called dispersion, of the demand conditioned on the IM
level. Only demand uncertainties are taken into account in this work.
The relationship between the median structural demand (that is =>?) EI and IM is for univariate (conventional) fragility curves:
EI = O PQ

(5)

Bivariate fragility curves contain more information, due to the fact that they correlate the results
with a pair of IMs. For bivariate fragility curves, the structural demand is expressed as:
Q

EI = O PR S ∙ P

QU

(6)

The optimal IMs are those responding to the efficiency, proficiency, practicality, sufficiency
and hazard computability criteria [19]. The first three criteria are considered in this article: as
for the first one, the lower the dispersion coefficient I|KL , the more efficient the corresponding
IM. Practicality is measured by the regression parameter V, which appears in Equations (5)-(6)):
the greater this parameter, the better the correlation with the corresponding IM. Finally, the
proficiency is measured through the parameter W = I|KL /V, which therefore considers both
efficiency and practicality. Pearson’s and Spearman’s coefficients can be recalled to select the
best IMs. Indeed, the higher the correlation coefficient, the minor the dispersion and therefore
the relevance of the IM.
2.3 Cases of study
The reference cases of this study are six masonry walls, among which three real church façades of different slenderness and size [18] and three additional reference façades of smaller
dimensions (smCH, smCHb, smCHc,
Table 2). The churches were severely struck by the 2016-2017 Central Italy earthquakes
exhibiting typical collapse mechanisms for masonry structures, among which the incipient OOP
of the main façades. The three façades are not perfectly rectangular, but the walls have been
idealized as prisms with equivalence criteria regarding the centers of mass and the inertia moments.
Rocking façade

Equiv. height
[m]

Thickness
[m]

Width
[m]

Specific
weight
[kN/m3]

R
[m]

a
[rad]

LSCH

8.85

0.65

9.3

21

4.44

0.07

SMVCH

21.3

1.30

15.5

18

10.67

0.06

SFILCH

7.64

0.80

12.0

18

3.84

0.10

smCH

6.00

0.60

1.0

21

3.02

0.10

smCHb

6.50

0.65

5.0

18

3.27

0.10

smCHc

6.50

0.65

9.3

21

3.27

0.10

Table 2: Geometrical and mechanical features of the façades.
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I0
[kg m ]

K'c
[N/m2]

2.82E+
06
1.27E+
08
2.36E+
06
9.80E+
04
4.00E+
05
1.20E+
06

8.08E+
08
1.02E+
09
7.50E+
08
8.08E+
08
8.08E+
08
8.08E+
08

2

LSCH and SMVCH have similar slenderness but the latter has the highest inertia moment.
Among the three real cases, SFILCH has the smallest radius vector and inertia moment, but the
highest slenderness equal to 0.10. The additional cases are selected by varying the specific
weight, the equivalent height and thickness, whereas the slenderness ratio (ratio thickness/height) is the same and equal to that of SFILCH, i.e. 0.10.
As for the steel tie-rods, those of the church façades are designed according to what discussed
in [18], whereas for the additional reference cases smaller values of stiffness are selected, in
order to assess the efficiency of lower cross sections in the restraint effect during the one-sided
rocking motion (Table 3). However, it is possible to observe that, for traditional tie-rods, the
values of stiffness, is about 2E7 N/m [20] if a pair of 16-20 mm diameter steel tie-rods are used.
Only for one case (smCHb) a stiffness of one order of magnitude (1E6 N/m) smaller is assumed
to state the effectiveness of such a device in the one-sided rocking motion.
Rocking façade

n. of tie-rods
[-]

Tie diameter
[mm]

Tie-rod arm from the ground
[m]

[N/m]

LSCH

2

20

7

7.0

1.88E+07

SMVCH

2

20

6

15.0

2.20E+07

SFILCH

2

16

3

3.0

2.56E+07

smCH

2

20

7

6.5

1.88E+07

smCHb

1

14

3

6.5

1.00E+06

smCHc

2

20

7

6.5

1.88E+07

Table 3: Equivalent stiffness

3

Tie length
[m]

of the tie-rods assumed in the retrofitted configuration.

INFLUENCE OF SLENDERNESS AND SIZE ON THE CONDITIONAL
PROBABILITY

The influence of the geometric dimensions, that is of slenderness and wall size, on the conditional probability can be discussed by comparing the univariate fragility curves (FCs) of the
optimal IMs, according to the criteria discussed in section 2.2. Sometimes, it is not straightforward to compare FCs of different cases, since the optimal IMs can be diverse depending on the
analysis.
As for the comparison of façades of the same slenderness, the first optimal IMs is the Peak
Ground Velocity PGV. Indeed, the Pearson’s and Spearman’s coefficients for smCH are respectively 0.75 (the second greater after PGA) and 0.86 (the greatest).
The same coefficients for SFILCH, which is selected as reference case having the same slenderness of 0.10, are respectively 0.79 and 0.91 (both the greatest ones).
It is clear from Figure 2a that the small façade portion smCH, with slenderness ratio of 0.10
and inertia moment one order of magnitude lower than SFILCH, has higher probability of attainment of the three limit states (Table 1).
This confirms the fact that the greater the inertia moment, the greater the stability [21]. Indeed,
the rotational inertia increases the seismic resistance of the rocking block with the square of the
block size, whereas the seismic demand linearly increases with the block size, being expressed
by the overturning moment. The same occurs if the second optimal IM for the cases under
consideration, that is PGA, is considered (Figure 2b), although the differences of conditional
probability are slightly lower.
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0.2

0
0
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SFILCH LS1
SFILCH LS2
SFILCH LS3
smCH LS1
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smCH LS3

0

120

0

200
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1000

PGA (cm/s 2)

(a)

(b)

Figure 2: Comparison of façades of same slenderness (0.10) and different inertia moments: IM=PGV (a) and
IM=PGA (b).

That occurs also if one compares LSCH and SMVCH (green and blue curves in Figure 5), that
have about the same slenderness, but SMVCH has greater inertia moment and size. Nevertheless, in this case the differences in the conditional probability values are not so much evident
for both IMs, especially for the limited rocking state LS1.
1

P(D>C|PGV)

0.8

0.6

0.4
LSCH LS1
LSCH LS2
LSCH LS3
SMVCH LS1
SMVCH LS2
SMVCH LS3

0.2

0
0

200

400

600

800

PGA (cm/s 2)

(a)

(b)

Figure 3: Comparison of façades of same slenderness (about 0.06) and different inertia moments: IM=PGV (a)
and IM=PGA (b).
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LSCH LS3
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1000
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(b)

Figure 4: Comparison of façades of similar rotational inertia (about 2.5E6 kg m2) and different slenderness ratios
(LSCH = 0.07, SFILCH = 0.10): IM=PGV (a) and IM=PGA (b).

By considering façades of similar inertia, such as LSCH (green curve of Figure 4) and SFILCH
(black curve), it is evident that the more slender case (LSCH) results in a more dangerous condition. Looking at the earthquake intensities, it is possible to observe that the stockier façade
has a probability of overcoming the first limit state of limited rocking by 50% for values of
PGV>20 cm/s, that is for medium intensity earthquakes. Similarly, this 50% probability occurs
for PGA>0.3g.
1

0.8
LSCH LS1
LSCH LS2
LSCH LS3
SFILCH LS1
SFILCH LS2
SFILCH LS3
SMVCH LS1
SMVCH LS2
SMVCH LS3
smCH LS1
smCH LS2
smCH LS3

0.6

0.4

0.2

0
0

20

40

60

80

100

120

PGV (cm/s)

(a)

(b)

Figure 5: Univariate fragility curves for the four limit states in the condition of one-sided (1S) motion of all the
façades with IM=PGV (a) and IM=PGA (b).

All the results for PGV and PGA are shown in Figure 5 and Figure 6. It is possible to observe that the most severe case is the church façade LSCH, with slenderness ratio of 0.07 and
inertia moment and size average among all cases (Table 1).
In general, these graphs are useful to state the upper bound of IM that the rocking wall can
sustain with a specific conditional probability.
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Figure 6: Univariate fragility curves for the four limit states in the condition of one-sided (1S) motion of all the
façades with IM=PGV (a) and IM=PGA (b).

4

THE EFFECT OF ANTI-SEISMIC DEVICES ON THE CONDITIONAL
PROBABILITY

The examples of façades analyzed in the one-sided motion 1S, considering the transverse walls
only in the inward rotation, are here discussed by restraining them with anti-seismic devices,
such as steel tie-rods with stiffness K (Figure 1b and Table 2). Some of the results were partially
presented in [22] only for the real cases (LSCH, SMVCH and SFILCH). There are two ways of
presenting the results in the as-built (without horizontal restraints in 1S) and in the retrofitted
(with horizontal restraints still in 1S, that is 1S+K): (i) compare the univariate FCs plotting the
two configurations (e.g. Figure 7a) and (ii) plotting the difference of conditional probability
(e.g. Figure 7b). This latter option is believed to be more effective and straightforward, since it
reduces the number of output curves and it directly provide information about (a) the effectiveness of the designed tie-rods and (b) in which range of a specific IM the beneficial effect is
maximized.
1

P(D>C|PGV)

0.8

0.6
LSCH
LSCH +K
SFILCH
SFICH +K
SMVCH
SMVCH +K
smCHb
smCHb +K

0.4

0.2

0
0

20

40

60

80

100

120

PGV (cm/s)

(b)

(a)

Figure 7: Univariate fragility curves for the yielding limit state with IM=PGV: conditional probability (a) and
reduction of probability (b).
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It is possible to observe that the less beneficial effect is obtained by the case of slenderness ratio
0.10 and lower inertia moment (Figure 7b), among those plotted in the figure. This is likely due
to the fact that the assumed stiffness for the steel tie-rod is not sufficient to properly restrain the
wall. Indeed, this value of 1E6 N/m was chosen considering the reduced moment of inertia but
it is out of the common range of stiffness corresponding to usually adopted tie-rods, as discussed
in section 2.3 and in [23]. Nevertheless, the dynamic response in restrained configuration is in
this case not sufficiently reduced by the anti-seismic device and more realistic values of stiffness are required (greater than 1E7 N/m, [20]). Indeed, considering the uncertainties due to the
estimation of the mechanical parameters and to the calculations, at least an improvement of 3040% should be recommended. Such an improvement is obtained for LSCH, SMVCH and SFIL
for ranges of PGV between 10 and 20 cm/s (Figure 7b) and 0.18-0.28 g (Figure 8) for the façade
with greatest inertia moment and size (diamond green curves). The façade with the range where
the improvement of seismic behavior is maximized is the LSCH, which is pretty typical as size
and slenderness in the Italian architectural heritage of single-nave churches.
The maximum reduction of probability of overcoming LSY is about 55% in both cases of IMs.
The maximum improvement obtained in probabilistic terms is related to low-medium intensity
earthquakes.
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0
0

200
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600
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2

PGA (cm /s)

(b)

(a)

Figure 8: Univariate fragility curves for the yielding limit state with IM=PGA: conditional probability (a) and
reduction of probability (b) from the one-sided motion to the restrained one-sided motion.
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Figure 9: Univariate fragility curves for the yielding limit state with IM=IF: conditional probability (a) and reduction of probability (b) from the one-sided motion to the restrained one-sided motion.
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Figure 10: Univariate fragility curves for the yielding limit state with IM=RMSV: conditional probability (a) and
reduction of probability (b) from the one-sided motion to the restrained one-sided motion.

5

DISCUSSION ON UNIVARIATE AND BIVARIATE CURVES

The selection of the couple of IMs for the bivariate FCs is not straightforward. A possible
criterion of selection is that of coupling velocity based and acceleration based IMs, or velocity
based and energy based IMs. Indeed, from the analysis of the Pearson’s and Spearman’s coefficients, generally these IMs are the most relevant.
A more logical criterion is that of identifying the pair of IMs corresponding to the minimum
values of the dispersion coefficient or logarithmic standard deviation I|KL . As discussed for
the univariate FCs, for different cases the minimum dispersion coefficients vary and therefore
it is not possible to carry out a direct comparison.
For instance, for LSCH the minimum dispersion coefficient is the couple Arias Intensity and
Root Mean Square of Displacement RMSD, whereas the same case in retrofitted configuration
(that is with steel tie-rods) is the Arias Intensity and the Cumulative Absolute Velocity CAV.
Another example is given by SMVCH, where the IMs pair with lower dispersion is the Arias
Intensity and the Root Mean Square Velocity RMSV, whilst for the case with horizontal restraints is the Energy Density Iv and the Fajfar Index IF.
For some horizontal restraints, for instance if they have not enough stiffness to properly
restrain the rocking wall (as seen also in the univariate case for smCHb in section 4) the conditional probability in the bivariate FC can be greater than the conditional probability without
restraints (Figure 11a). This results in a negative difference of probability of attainment of the
yielding limit state that indicates a null beneficial effect (or even negative) offered by the antiseismic device (Figure 11b). However, for low intensity earthquakes (say PGV<30 cm/s) the
positive effect is visible with a maximum reduction of 20%.
A much greater improvement is seen for LSCH (Figure 12) with maximum reduction of
conditional probability of more than 80% for low-medium intensity earthquakes.
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Figure 11: Bivariate fragility curves for the yielding limit state of smCHb: conditional probability (a) and reduction of probability (b) from the one-sided motion to the restrained one-sided motion.

To state the superiority of bivariate curves over univariate curves, some results are plotted
by selecting bivariate FCs and fixing one of the two IMs and comparing the variable ones with
the corresponding univariate FC.
An example is shown in Figure 13: it is clear that the univariate FC underestimates the probability of attainment of the moderate rocking limit state LS2 and in one case (a) is flatten and
therefore improper.
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Figure 12: Bivariate fragility curves for the yielding limit state of LSCH: conditional probability (a) and reduction of probability (b) from the one-sided motion to the restrained one-sided motion.
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Figure 13: Bivariate and univariate fragility curves for moderate rocking (LS2) of smCHc: PGV/PGA for different IF values (a); PGA for different IF values (b).
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Figure 14: Bivariate and univariate fragility curves for SFILCH: LS1 (a); LS2 (b).

In other cases, although the univariate FC has a proper shape, it still underestimates the conditional probability (dotted lines in Figure 14). Such an underestimation reaches values of about
20% for medium intensity earthquakes, and therefore in some cases the univariate FCs give
unacceptable results.
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Figure 15: Bivariate and univariate fragility curves for LSCH, LSY: conditional probability and difference of
probability for PGA=500 cm/s2 (a,b) and PGA=300 cm/s2 (c,d).
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A relevant comparison is believed to be that between the one-sided motion without horizontal restraints and that with horizontal restraints: the underestimation of the conditional probability in the retrofitted configuration would be quite risky in the seismic vulnerability
assessment and therefore must be avoided. It is clearly visible from Figure 15 that the bivariate
FCs are conservative since the associated probability is much higher than the univariate FCs in
both one-sided and one-sided with tie-rods. The graph plotting the reduction of probability allows directly evaluating where the underestimation of the univariate FCs is more evident (for
5<PGV<60 cm/s, Figure 15a,b). By contrast, for high intensity earthquakes (PGV>60 cm/s),
the univariate FC is more conservative than the bivariate one (Figure 15b). This effect is more
stressed for low intensity values of PGA (Figure 15c,d): when one has high PGV value, the
univariate FC can be more conservative. However, in general for real seismic records, very high
values of PGV are associated to high values of PGA.
6

CONCLUSIONS

A stochastic approach was used in the one-sided rocking analysis of masonry façade with
and without horizontal restraints to discuss the influence of geometrical and mechanical parameters. The conditional probability of attainment of five limit states, from the rocking onset to
the collapse state, was calculated for different masonry façades. The optimal IMs identified are
the Peak Ground Velocity PGV, Peak Ground Acceleration PGA and other velocity and energybased parameters as, e.g., the Fajfar Index and the Housner’s intensity.
The influence of the geometric dimensions (slenderness and wall size) on the conditional
probability was discussed by comparing the univariate fragility curves (FCs) of the optimal
Intensity Measures (IMs). The comparison of results confirmed that the greater the inertia moment (with the same slenderness), the greater the stability also in stochastic terms. By considering façades of similar inertia, the more slender case is in a more dangerous condition for the
attainment of all the limit states.
The univariate FCs graphs can be useful to state the upper bound of IM that the rocking wall
can sustain with a specific conditional probability.
In addition to these graphs, when the beneficial effect of anti-seismic devices has to be quantified, specific curves of difference of conditional probability pre and post the retrofitting intervention were plotted. The maximum reduction of probability of overcoming LSY was for all
cases about 55%, by considering a pair of common steel-tie rods. The maximum improvement
obtained in probabilistic terms is related to low-medium intensity earthquakes.
Univariate and bivariate curves were finally compared: the latter are conservative with respect to the univariate fragility curves, and therefore their use is recommended, especially
whenever sophisticated considerations (e.g. for monumental façades) have to be performed.
Indeed, the underestimation observed in the univariate FCs reaches values of about 20% for
medium intensity earthquakes. In general, it could be useful to couple velocity based and acceleration based intensity measures, or velocity based and energy based intensity measures. For
some horizontal restraints, for instance if they have not enough stiffness to properly restrain the
rocking wall the difference of probability of attainment of the yielding limit state can be negative, indicating a null – or even detrimental - beneficial effect offered by the anti-seismic device.
ACKNOWLEDGEMENTS
The authors acknowledge the sponsorship of the Italian Civil Protection, through the
RELUIS Project – Line: Masonry Structures.

687

REFERENCES
1.

Alecci V, De Stefano M. Building irregularity issues and architectural design in seismic
areas. Frattura Ed Integrità Strutturale 2019; 13(57): 161–168.

2.

Alecci V, De Stefano M, Galassi S, Lapi M, Orlando M. Evaluation of the American
Approach for Detecting Plan Irregularity. Advances in Civil Engineering 2019.

3.

De Falco A, Giresini L, Sassu M. Temporary preventive seismic reinforcements on
historic churches: numerical modeling of San Frediano in Pisa. Applied Mechanics and
Materials 2013; 352.

4.

Giresini L. Energy-based method for identifying vulnerable macro-elements in historic
masonry churches. Bulletin of Earthquake Engineering 2016; 14(3): 919–942. DOI:
10.1007/s10518-015-9854-7.

5.

Giresini L, Sassu M, Butenweg C, Alecci V, De Stefano M. Vault macro-element with
equivalent trusses in global seismic analyses. Earthquake and Structures 2017; 12(4):
409–423. DOI: 10.12989/eas.2017.12.4.409.

6.

De Falco A, Giresini L, Sassu M. Structural analysis and consolidation strategy of the
historic Mediceo Aqueduct in Pisa (Italy). Applied Mechanics and Materials 2013; 352:
1393–1396.

7.

Andreini M, De Falco A, Giresini L, Sassu M. Collapse of the historic city walls of
Pistoia (Italy): causes and possible interventions. Applied Mechanics and Materials 2013;
352: 1389–1392.

8.

Casapulla C. La valutazione della sicurezza sismica delle chiese a scala territoriale, in:
Il Patrimonio architettonico ecclesiastico di Napoli: Forme e spazi ritrovati, 2016, Publisher: Artstudio Paparo, pp.185-191.

9.

Casapulla C, Maione A, Argiento LU, Speranza E. Corner failure in masonry buildings:
An updated macro-modeling approach with frictional resistances. European Journal of
Mechanics, A/Solids 2018; 70. DOI: 10.1016/j.euromechsol.2018.03.003.

10.

Casapulla C, Maione A. Experimental and Analytical Investigation on the Corner Failure
in Masonry Buildings: Interaction between Rocking-Sliding and Horizontal Flexure.
International
Journal
of
Architectural
Heritage
2018.
DOI:
10.1080/15583058.2018.1529206.

11.

Casapulla C. On the resonance conditions of rigid rocking blocks. International Journal
of Engineering and Technology 2015; 7(2): 760–771.

12.

Giresini L, Sassu M. Horizontally restrained rocking blocks: evaluation of the role of
boundary conditions with static and dynamic approaches. Bulletin of Earthquake
Engineering 2017; 15(1): 385–410. DOI: 10.1007/s10518-016-9967-7.

13.

Dimitrakopoulos EG, Paraskeva TS. Dimensionless fragility curves for rocking response
to near-fault excitations. Earthquake Engineering & Structural Dynamics 2015; 44(12):
2015–2033. DOI: 10.1002/eqe.2571.

14.

Housner GW. The behavior of inverted pendulum structures during earthquakes. Bulletin
of the Seismological Society of America 1963; 53(2): 403–417. DOI:
10.1017/CBO9781107415324.004.

688

Linda Giresini, Francesca Taddei, Claudia Casapulla, Gerhard Müller

15.

Giresini L, Sassu M, Sorrentino L. In situ free-vibration tests on unrestrained and
restrained rocking masonry walls. Earthquake Engineering & Structural Dynamics 2018;
47(15): 3006–3025. DOI: 10.1002/eqe.3119.

16.

Sorrentino L, AlShawa O, Decanini LD. The relevance of energy damping in
unreinforced masonry rocking mechanisms. Experimental and analytic investigations.
Bulletin of Earthquake Engineering 2011; 9(5): 1–26.

17.

Housner GW. The behavior of inverted pendulum structures during earthquakes. Bulletin
of the Seismological Society of America 1963; 53(2): 403–417. DOI:
10.1017/CBO9781107415324.004.

18.

Giresini L, Casapulla C, Denysiuk R, Matos J, Sassu M. Fragility curves for free and
restrained rocking masonry façades in one-sided motion. Engineering Structures 2018;
164: 195–213. DOI: 10.1016/j.engstruct.2018.03.003.

19.

Padgett JE, Nielson BG, DesRoches R. Selection of optimal intensity measures in
probabilistic seismic demand models of highway bridge portfolios. Earthquake
Engineering & Structural Dynamics 2008; 37(5): 711–725. DOI: 10.1002/eqe.782.

20.

Giresini L, Fragiacomo M, Lourenço PB. Comparison between rocking analysis and
kinematic analysis for the dynamic out-of-plane behavior of masonry walls. Earthquake
Engineering and Structural Dynamics 2015; 44(13): 2359–2376. DOI:
10.1002/eqe.2592.

21.

Makris N. The role of the rotational inertia on the seismic resistance of free-standing
rocking columns and articulated frames. Bull Seismol Soc Am 2014; 104: 2226.

22.

Giresini L, Casapulla C, Denysiuk R, Matos J, Sassu M. Fragility curves for free and
restrained rocking masonry façades in one-sided motion. Engineering Structures 2018;
164: 195–213. DOI: https://doi.org/10.1016/j.engstruct.2018.03.003.

23.

Giresini L, Fragiacomo M, Lourenço PB. Comparison between rocking analysis and
kinematic analysis for the dynamic out-of-plane behavior of masonry walls. Earthquake
Engineering & Structural Dynamics 2015; 44(13): 2359–2376. DOI: 10.1002/eqe.2592.

689

COMPDYN 2019
7th ECCOMAS Thematic Conference on
Computational Methods in Structural Dynamics and Earthquake Engineering
M. Papadrakakis, M. Fragiadakis (eds.)
Crete, Greece, 24–26 June 2019

A NEW 3D-ADAPTIVE DISCRETE INTERFACE FOR MODELING
THE TORSION BEHAVIOR OF MASONRY CONTACT JOINTS
Claudia Casapulla1, Bartolomeo Pantò2*, Ivo Caliò2
1

Department of Structures for Engineering and Architecture, University of Napoli Federico II
Via Forno Vecchio, 36, 80134 - Napoli, Italy
casacla@unina.it
2

Department of Civil Engineering and Architecture, University of Catania
Via S. Sofia 64, 95125 Catania, Italy
{bpanto, icalio}@dica.unict.it
*Presenting author

Abstract
The numerical modelling of the torsion behaviour of masonry block joints represents a key
aspect for the assessment of the out-of-plane response of masonry walls. However, it represents
a challenging computational issue due to the high non-linear coupling between the torsion and
other internal forces (shear, bending moment and axial load), meaning the necessity to use
complex 3D non-linear constitutive laws. The limit analysis-based approaches represent efficient and reliable numerical tools to predict the ultimate torsion load including the interaction
with shear and bending moment. Within this framework, few researchers have proposed and
experimentally validated continuous and discrete contact models, able to predict the ultimate
strength of masonry contact joints. These models are successfully employed to develop highdetailed simulations of 3D dry-jointed masonry block structures subjected to lateral in-plane
and out-of-plane actions. Nonetheless, the limit analysis is not able to characterize the nonlinear response of masonry walls prior to collapse and to predict the evolution of plastic damage and the ductility resources, if available. Aiming at overcoming such a limit, this paper
introduces a new 3D adaptive discrete interface, able to simulate the non-linear torsion-shear
behaviour of masonry joints. The interface consists of four springs whose orientation is updated
during the analysis, following an incremental iterative Newton-Raphson algorithm taking into
account the current position of the torsion centre of the interface. The ultimate torsion-shear
capacity domain obtained by the proposed model is compared with limit-analysis predictions
and experimental data available in the literature. The results highlight the ability of the new
interface to effectively reproduce the non-linear behaviour and the ultimate strength of joints
subjected to different loading combinations.

Keywords: Dry-Friction Contact Joints, Macro-Models, Historical Masonry Structures, OutOf-Plane Behaviour, Torsion-Shear Interaction.
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1

INTRODUCTION

A reliable simulation of the mechanical behaviour of masonry contact joints is a crucial aspect within the distinct-element (mesoscale) modelling approach, largely adopted to predict the
seismic response of Historical Masonry Structures (HMS). Following this method, the masonry
units are generally simulated by means of rigid or elastic elements whilst contact joints are
simulated by means of discrete interfaces [1][2]. HMS are frequently characterized by
brick/stone joints with or without mortar. When present, the mortar generally shows very poor
mechanical properties due to physical/chemical degradation. For this reason, the assumption of
dry-contact joints is largely adopted in numerical simulations. In these cases the interfaces,
simulating the joints, are generally characterized by a unilateral (no-tension) normal-bond behaviour and a frictional-Coulomb, associated or non-associated, tangential-bond behaviour [1][4]. In addition, the seismic response of HMS is governed by a mutual interaction between the
in-plane and out-of-plane behaviour [5]-[7][6]. Therefore, it is necessary to evaluate 3D capacity domains to characterise the contact joints in order to manage the torsion-shear-bending moment interaction. This aspect represents an up-to-date challenging computational issue due to
the complexity of the constitutive laws and the high computational burden required, mainly in
presence of large and complex structures.
Within the discrete-element framework, the limit analysis approach has been successfully
employed by several authors to predict the ultimate lateral load of the structure and the corresponding failure mechanism [8]-[11]. The capacity joint domains are generally evaluated following two alternative analytical approaches: the convex and concave formulations. In the
convex formulation, the contact is concentrated at the barycentre of the interface, which has six
degrees of freedom (three translations plus three rotations) describing the rigid motion of the
interface. The ultimate torsion strength is evaluated taking into account the entire section of the
interface assuming, at the generic point, a shear stress vector orthogonal to its distance from the
interface barycentre [12],[13]. The convex formulation was experimentally investigated by
Casapulla and Portioli [14], whilst simplified bi-linear and three-linear torsion-shear capacity
domains have been proposed in [14] by Casapulla and Portioli and in [13] by Orduna and Lourenço. The concave formulation aims to simplify the numerical analyses assuming few discrete
contact points within the interface, generally coincident with the four external vertexes [15].
Nonetheless, this approach leads to a significant over-estimation of the torsion strength of the
interface when compared with the convex formulation and experimental data [16]. To overcome
this limitation, in [16] a corrected concave formulation has been proposed and experimentally
validated.
An alternative method to the limit analysis for assessing the seismic performance of HMS is
represented by non-liner incremental, static or dynamic, analyses. Within this framework, a
parsimonious discrete modelling approach, the Discrete Macro-Element Method (DMEM), has
been successfully applied to analyse masonry structures subjected to lateral loads by means of
static, push-over-analyses [17][18] or non-linear dynamic analyses [19]-[22][20].
According to such an approach, masonry walls are discretized into shear deformable macroportions, which interact with each other by discrete interfaces governing the flexural and torsion
masonry behaviour as well as the sliding along the mortar joints [5][23][24]. In addition, the
DMEM can be employed as a distinct model, considering a refined mesh coherent with the
effective masonry arrangement and calibrating the interfaces in order to concentrate the stiffness of bricks and mortar joints [25][26].
This paper introduces a new 3D adaptive discrete interface, able to simulate the non-linear
torsion-shear behaviour at frictional contact joints in masonry assemblages of blocks. The proposed model takes inspiration from the corrected concave formulation [16] and the DMEM
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model [5]. The idea is to replace the four contact points of the corrected concave formulation
with non-linear links whose orientation is updated during the analysis, according to the current
position of the torsion centre of the interface. Firstly, the ultimate torsion-shear capacity domain
obtained by the proposed model is compared with limit analysis prediction and experimental
data, available in the literature. Subsequently, the model is applied to simulate simple brickwall prototypes subjected to out-of-plane actions. The obtained results demonstrate the ability
of the proposed model to reproduce the out-of-plane collapse paths and the corresponding ultimate loading capacities of the benchmarks investigated.
2

THE PROPOSED INTERFACE MODEL

With regard to pure torsion behaviour and rectangular shapes, the proposed interface model
is composed of four non-linear links whose orientation is related to the applied shear/torsion
loading condition. In absence of shear (pure torsion condition) the links are oriented orthogonally to the diagonal directions Figure 1a. The distance (cT) of each link from the centroid of
the interface (O) is defined in accordance with the formulation reported in [16] and here expressed as:

cT 
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where s and b are the thickness and width of the interface and 𝑑 = √𝑏 2 + 𝑠 2 is the diagonal
length. In Figure 1a, ki (i=1,…,4) indicates the tangential stiffness of the i-th link at the generic
step of the analysis.
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Figure 1: Mechanical schemes of the proposed interface model with reference to pure torsion (a) and eccentric
shear force (b) conditions.

In presence of a shear force Vy, oriented parallel to the y local direction of the interface, with
eccentricity 𝑒𝑥 from the barycentre, the interface is contemporarily subjected to shear and torsion moment 𝑀𝑇 = 𝑉𝑦 𝑒𝑥 (Figure 1b). In this case, the torsion centre T does not coincide with
the centre O. In this case it is assumed that the equilibrium is provided by four nonlinear links
maintaining the same initial position but oriented orthogonally to directions connecting each
link to the torsion centre. At each step of the analyses, the orientation of the links is updated in
order to maintain them orthogonal to the corresponding 𝑑 vectors (𝒅𝟏 … 𝒅𝟒 ) which connect T
to the application point of each link, as shown in Figure 1b. The link orientations are described
by four anti-clockwise angles i (i=1,...4), ranging from 0 to 2π radiant, formed by each link
direction to the x local axis of the interface (Figure 1b). When 𝑒𝑥 = 0 (pure shear condition),
the abscissa of the torsion centre 𝑥𝑇 → ∓∞, 𝛼𝑖 = ±𝜋⁄2 consequently and all the links result
oriented along ±𝑦. Conversely, when 𝑒𝑥 → ±∞ the abscissa of the torsion centre 𝑥𝑇 → 0 and
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the already discussed pure torsion condition, with the links orthogonal to the direction of the
diagonals (Figure 1a) is recovered.
In the applications reported in the following, an elastic linear-softening constitutive law is
employed to characterise the interface links. The initial stiffness (𝑘𝑆 ) is calibrated in order to
reproduce the pure shear elastic stiffness of the joint. The result is 𝑘𝑆 = 𝐺𝜅𝑏𝑠⁄(4𝐻𝑤 ) where G
is the shear modulus of the joint, Hw the joint thickness and 𝜅 = 5⁄6, being the shear factor of
a rectangular cross-section. In presence of mortar-layered joints, G can be identified with the
modulus of the mortar, whilst, in presence of dry-contact joints, a rigid-plastic behaviour can
be considered.
Alternatively, according to the discrete mesoscale modelling approach proposed in [26], the
elastic properties of the interface can calibrated with the aim to concentrate also the masonry
deformability. In this case the links embeds the properties of the homogenised media (bricks
plus mortar) and 𝐻𝑤 represents an equivalent length, including the effective joint thickness and
the half-length of the connected masonry brick/block units.
The yielding force (𝑓𝑦 ) is governed by the Mohr-Coulomb criterion, calibrated in order to
reproduce the global shear strength (V0) of the interface. The result is reported in Eq. (2) where
c and  are respectively the cohesion and the friction coefficient characterizing the joint, 𝑁 the
global axial force acting to the interface and 𝐴 = 𝑏𝑠 the global area of the interface. The torsion
stiffness of the interface (𝐾𝜙 ) ,Eq (3), can be expressed as a function of the shear factor 𝑐𝑇
reported in Eq. (1). In addition, the pure torsion strength of the interface is 𝑀𝑇0 = 𝑐𝑇 𝑉0, coherently to the convex formulation proposed in [17].

1
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2.1 Proposed model vs. the DMEM model
In the original formulation of the DMEM model proposed by Pantò et al [5] the torsion
behaviour of the interface is governed by two parallel springs oriented along the out-of-plane
element direction. The simplified calibration procedure imposes an equivalence between the
discrete model and an equivalent beam model in order to evaluate the distance (d) between the
springs (Figure 2a). The elastic rotational stiffness corresponding to the DMEM model is reported in Eq. (4). Figure 2b compares the rotation stiffness, corresponding to the proposed
model, and that of DMEM model considering a range of variability from 1 to 2 of the interface
aspect ratio 𝑏/𝑠. Observing the figure, it can be concluded that the models are very close to
each other in the case of square interface (b=s), when 𝑏/𝑠 > 1 the DMEM model provides a
lower value of rotational stiffness compared to the more accurate proposed model.
In Eq. (5), the ultimate torsion strength corresponding to the DMEM model is reported. This
result has been obtained in [24] considering the ultimate force of each link equal to half of the
global shear strength (𝑉0 ) of the interface. In Figure 2c, the ultimate torsion moment of the
proposed model and the DMEM model are reported, both are divided by the ultimate shear
strength of the interface. In the figure, the results obtained by the newly proposed model are
reported in continuous lines, whilst those obtained by DMEM model are reported in dashed
lines. The two models provide the same values in the case of square interface (b=s), while in
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the case of 𝑏 > 𝑠 the DMEM model provides a lower ultimate moment with respect to the proposed model. The differences depend only on the 𝑏/𝑠 ratio, not on the thickness. In Figure 2c,
these differences resulted approximately 7.5% when 𝑏/𝑠 = 1.5 and 20% when 𝑏/𝑠 = 2.0.
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Figure 2: Comparison between the proposed model and the DMEM model (a) in terms of elastic rotational stiffness (b) and ultimate torsion strength (c).

3

TORSION-SHEAR INTERACTION DOMAIN

In this section, the torsion-shear interaction domain (MT-Vy) obtained by the proposed model
is compared with those obtained by other models previously proposed in the literature and some
experimental tests. With this regard, various non-linear incremental analyses are performed applying a shear force with various eccentricity. In each analysis, a constant value of eccentricity
is considered and the shear magnitude is increased until the interface peak-strength is reached.
An iterative, force control, modified Newton-Raphson algorithm is used to find the solution at
each loading step, elasto-perfectly plastic constitutive laws are considered for the links.
The reference experimental campaign, consisting of 125 tests, was performed at the University of Napoli Federico II, Italy [14]. The specimens were made of stacks formed of two dryjointed tuff blocks with dimensions of 300×200×100mm and weight of 75N each. Different
combinations of shear forces and torsion moments were considered in the tests, while a constant
axial load equal to 392N was applied (Figure 3). Coherently to the test set-up, 𝑏 = 300mm,
𝑠 = 200mm and 𝑁 = 467kN are considered in the numerical simulations. Moreover, the friction coefficient 𝜇 = 0.64 is adopted according to the experimental findings. Five specimens are
considered as follows: Set 1a) corresponding to a pure shear condition; Set 2a) and Set 2b)
corresponding to a pure torsion loading condition; Set 4a) and Set 4b) corresponding to a combined torsion-shear loading condition. The ultimate shear force and torsion moment registered
at each test are reported in Figure 4, superposed to the numerical capacity domain obtained by
the proposed model (continuous black line). In addition, the domains relative to the convex and
corrected concave limit-analysis formulations [16], the tri-linearized model [13] and the bilinearized model [14] are also reported. Finally, the interaction domain obtained by the DMEM
model [5], is plotted. It is worth mentioning that the interaction domain obtained by the proposed model follows the theoretical curve of the corrected concave formulation and provides a

694

C. Casapulla, B. Pantò and I. Caliò

good approximation of the convex formulation domain. A good agreement is also observed with
the Sets 4a) and 4b). Furthermore, the bi- and tri- linearized models provide a good approximation of the domain, while the previously proposed DMEM model, considering a linear interaction, leads to lower values of ultimate torsion moment.

Figure 3: Test set-up of the torsion-shear tests [14].
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Figure 4: Torsion-shear capacity domain: numerical and experimental results.

4

OUT-OF-PLANE RESPONSE OF DRY-JOINT MASONRY WALLS

In this section, the out-of-plane response of a dry-joint masonry wall, experimentally tested
in [27], is simulated. The wall, with dimensions 400×100×600mm, is made of tuff solid blocks
with dimensions of 100×100×50mm. The wall was constrained at one edge and subjected to
horizontal actions proportional to the self-weight by progressive tilting of the base support (Figure 5a and 5b). The friction coefficient of the block interfaces and the self-weight of the masonry units were experimentally resulting in 0.51 and 12.1kN/m3 respectively. Two tests were
performed giving similar results. Two views of the failure mechanism obtained from the tests
are shown in Figure 5c and 5d. The collapse is characterised by the formation of two diagonal
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cracks which developed respectively from the base and the top, towards the middle of the restrained edge. The ultimate load multiplier, corresponding to the global horizontal force divided
by the weight of the wall, was evaluated according the ultimate angle imposed to the support,
resulting in 0.275 and 0.260 respectively in the first and second specimen. In [27] the ultimate
load factor was also evaluated by means of a linear programming algorithm, which provided
the result of 0.274 matching with the experiments.

(a)

(b)

(a)

(b)

Figure 5: Dry-join masonry panels out-of-plane loaded [27]: frontal (a) and lateral (b) view of the test setup;
frontal (c) and back (d) view of the experimental failure.

A non-linear push-over analysis is here performed considering a uniform out-of-plane areaload, applied to the entire surface of the wall. An arch-length displacement control procedure
with iterative Newton-Raphson convergence method is employed, monitoring the free corner
of the wall until it reached the amplitude of 0.5mm.
The flexural behaviour of the interfaces is governed by means of a 2D grid of transversal
links, according to the fibre discretization procedure described in [5]. A linear-elastic no-tension constitutive law is adopted, assuming the Young modulus E=3000MPa in accordance with
experimental compression tests performed on tuff-brick masonry panels [28]. The sliding links
are characterised by an elastic-perfectly plastic behaviour with Mohr-Coulomb yielding criterion. According to the experimental findings, the values of G=1300MPa, c=0 and =0.51 are
considered in the analysis. Figure 6a reports the capacity curve obtained by the proposed model
compared to the experimental results. The numerical ultimate load multiplier resulted in 0.237
with a discrepancy of approximately 10% when compared to the average experimental value.
The failure mechanism predicted by the model is shown in Figure 6b and 6c. A satisfactory
agreement can be observed between the experimental and numerical failure mechanism. However, the upper diagonal crack, observed in the experiments, is not clearly predicted by the
model most probably due to the simplified constitutive laws employed to simulate the sliding.
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Figure 6: Numerical simulation of the experimental tests by means of the proposed model: capacity curve (a);
deformed shape at the last step of the analysis: front (b) and back (c) view.

5

BENDING TESTS ON MORTAR-JOINT MASONRY PANELS

In this section, the out-of-plane bending moment tests carried out by Gazzola et al. [29] are
simulated. The experimental campaign included 25 out-of-plane bending tests performed on
brick masonry panels considering various loading orientations from the bed joints: 0°, 15°, 45°,
75° and 90°. The panels were constituted by bricks of 390×190×150mm and a mortar thickness
of 10mm. The test layout, referred to the 90° test, is reported in Figure 7a, whilst Figure 7b
shows the corresponding experimental failure mechanism. The elastic stiffness of the flexural
and sliding interface links is evaluated from the masonry macroscopic deformability. In particular E=1500MPa and G=600MPa are assumed according to the numerical simulations reported
in [5]. The mechanical parameters characterising the mortar joints in traction are estimated by
numerically reproducing the experimental results of the 0° (orthogonal to the bed joints) bending test. A satisfactory prediction of the ultimate loading capacity is achieved by fixing the
tensile strength ft=0.2MPa and the fracture energy Gt=0.01N/mm, and therefore these values
are adopted. Figure 8a shows the panel inflection () versus the external applied force (F) with
reference to the 0° test. In the graph, the ultimate load obtained by other authors using finite
elements [30] and the DMEM model [5], are also reported.
Subsequently, the 90° (parallel to the bed joints) test is simulated. In the analysis cohesion
c=ft=0.2MPa and friction coefficient =0.7 are assumed. Moreover, three levels of ductility
capacity of links, corresponding to sliding fracture energy Gsl=0.01N/mm, 0.10N/mm and unlimited, are considered in order to investigate the influence of this parameter on the response.
Figure 8b shows the numerical capacity curves corresponding to the three considered models.
Again, the ultimate load obtained by finite element [30] and DMEM [5] modeling approaches
are reported. A good agreement can be observed between the experimental and numerical loadcarrying capacity of the panel. It is worth mentioning that the sliding fracture energy influences
significantly the post-peak stage of the response while only slightly conditions in the peak-load
value. Figure 9 shows the deformed mesh of the model corresponding to the peak-load step of
the analysis. In the figure, the normal plastic deformations of the interfaces are represented by
means of a grey coloured map. The failure mechanism predicted by the analysis is characterised
by sliding along the bed joints at the central part of the panel (Figure 9a) and head joint tensile
cracking at the intrados of the panel (Figure 9b). This failure mechanism is substantially coherent to the experimental findings proving the model capability of simulating the out-of-plane
bending response of mortar -joint masonry panels.

697

C. Casapulla, B. Pantò and I. Caliò

Figure 7: Bending test: geometrical layout (a) and experimental failure mechanism (b).
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Figure 8: Numerical simulation of the 0° degrees (a) and 90° degrees (b) bending test.

(a)

(b)

Figure 9: Numerical simulation of the 90° test: deformed shape at the peak-load step of the analysis (Gsl not limited); view of the loaded face (a) and the back face (b) of the panel.

6

CONCLUSIONS

This paper introduces a new discrete interface, able to simulate the non-linear pure torsion
behaviour and the torsion-shear interaction at frictional contact joints in masonry assemblages
of rigid blocks. These aspects significantly influence the out-of-plane response of unreinforced
masonry structures and require complex elaborations when detailed non-linear modelling approaches are employed. The aim of the paper is to provide a simplified modelling strategy,
suitable to perform non-linear incremental analyses with a limited computational burden. The
proposed model, taking inspiration from the corrected concave limit analysis formulation existing in literature, constitutes an upgrade of the discrete macro-element model (DMEM) already proposed in literature for the analysis of masonry structures subjected to out-of-plane
actions. Following the concave formulation, the contact between two overlapped masonry units
is concentrated in very few points opportunely defined in order to simulate the ultimate torsion
strength of the interface. In the proposed model, four non-linear rotating links, belonging to the
plane of the interface, govern both the relative shear-sliding and torsion motion between the
two connected blocks. The mechanical properties of the links are calibrated in order to simulate
the global elastic stiffness and ultimate strength of the contact joint. The orientation of the links
is updated during the analysis according to the current position of the torsion centre of the interface.

698

C. Casapulla, B. Pantò and I. Caliò

A first validation is reported with reference to two simple benchmarks experimentally investigated in literature. The results obtained by means of the proposed model are compared with
the experimental findings and the results of numerical simulations performed by other authors
applying finite element or the DMEM modelling strategy. The comparisons demonstrate the
ability of the proposed model to simulate the combined torsion-shear response of frictional
contact joints and to predict the non-linear out-of-plane response of masonry walls with different typologies of contact joints.
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Abstract
This paper investigates the out-of-plane response of masonry façades under earthquakes by
means of two different approaches. A discrete macro-element approach, based on modelling
the structure by means of spatial deformable macro-elements interacting through nonlinear
zero-thickness interfaces, and the classical approach in which the masonry façade is assumed
as a rigid block subjected to earthquake loading. The latter method neglects the elasticity of
the masonry element and contemplates the energy dissipation only at each impact by means of
a coefficient of restitution. The results of dynamic non-linear analyses, performed with the two
methods on a real case of a church façade, provide a first comparison between the two approaches highlighting some limits of application of the simplified rigid block model.
Keywords: rocking, discrete macro-element, rigid block, historic masonry, masonry façade.
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1

INTRODUCTION

The dynamic response of masonry monumental buildings subjected to earthquake excitations is governed by the in-plane and out-of-plane response of masonry walls. When the connections between walls or, more in general, between vertical and horizontal structural elements
do not guarantee a box-type behavior, the out-of-plane failure mechanisms represent the main
source of seismic vulnerability of the building. Irregular buildings, where torsional modes increase the seismic demand in specific parts, are also vulnerable to out of plane modes [1][2].
Simplified models [3] generally do not account for the in and out-plane behavior in a unique
numerical model, being based on numerical strategies that accounts for in-plane walls behavior
only. In these cases, the out of plane response is generally taken into account by limit or nonlinear dynamic analyses in which the walls is regarded as set of rigid block structures rotating
either around horizontal or vertical axis (in case of simple cantilever or flexural bending mechanisms) or identifying structural portion characterized by a more complex kinematics [4].
The out-of-plane analysis of masonry walls can be performed by finite element or discrete
element numerical models or using limit analysis approaches. These latter approaches are often
based on the Heyman’s assumptions [5], realistic for masonry elements behaving out of plane:
rigid blocks of inﬁnite compressive strength, joints with null tensile strength and absence of
sliding failures. The rocking capacity is evaluated by considering force-based or displacementbased criteria. Among the force-based approaches, the static analysis is the most straightforward and easiest tool to assess the seismic force capacity of rocking rigid blocks (e.g. for historic walls [6]). The displacement based approaches consist in analyzing the evolution of the
seismic force in relationship with the displacement of a control point, generally chosen as the
center of mass of the rigid element. The force-displacement law, which can be obtained by the
principle of virtual work, is comparable to a push-over curve expressing the total base force in
horizontal direction against the displacement. The seismic capacity is generally obtained as a
fraction of the displacement corresponding to the acceleration capacity, whereas the seismic
demand is taken from the acceleration-demand response spectrum with the definition of a secant
period [7].
Another analysis method that can be compared to force-based and displacement-based approaches is the non-linear dynamic analysis of rigid blocks. This differs from the former for
considering the evolution of motion over time. In addition, it takes into account energy dissipation, issue of primary importance in the seismic analysis of structural elements. The comparison
between displacement based, force based and rocking approaches was discussed in previous
works, e.g. in [7].
Recently, a discrete macro-element method (DMEM) able to account for the in and the outof-plane behavior of a masonry structures has been proposed. This innovative strategy has been
initially presented and validated in the nonlinear static field [8][9], and more recently has been
extended in the dynamic field and validated through the comparison with experimental tests
and refined finite element simulations [10][11]. According to the DMEM, a masonry façade is
discretized as a mesh of shear deformable spatial macro-elements interacting through zerothickness interfaces. The basic macro-element possesses a shear-plane deformability governed
by a single degree of freedom and interacts with the adjacent macro-element by means of 2D
interfaces whose discretization follows a straightforward fiber calibration strategy, more detail
on the DMEM can be found in the previous referenced papers.
The capability of the proposed DMEM to account for the in and out-of-plane behavior of
masonry structure has been already numerically and experimentally investigated [12][13]. In
this paper the DMEM method is applied for evaluating the nonlinear dynamic response of a
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typical church façade subjected to earthquake loadings. The influence of the masonry deformability and the role of the dissipation are considered in the different implemented models. Furthermore, the DMEM results are compared with those obtained by applying the simplified rigid
rocking (RR) approach, being the strategy generally adopted and suggested by several technical
codes.
2

THE ADOPTED NUMERICAL MODELS

Two different approaches have been adopted for simulating the out-of-plane seismic response of a typical façade of a masonry church: the Discrete Macro-Element Model (DMEM)
and the Rigid block Rocking (RR) approach. The first model considers the masonry deformability and allow to account for energy dissipation by introducing a viscous damping matrix,
whereas the latter takes into account the energy dissipation related to the impacts between rigid
body through assumed values of the coefficient of restitution.
2.1 The approach based on the dynamic of the rigid block
In the RR approach the masonry wall is assumed as a rigid prismatic block subjected to
earthquake loading. The nonlinear equation of motion [14] can be written as follows:
𝐼0 𝜗̈ + 𝑠𝑔𝑛(𝜗)𝑚𝑔𝑅 sin(𝛼 − 𝑠𝑔𝑛(𝜗)𝜗) − 𝑚 𝑢̈ 𝑔 𝑅 cos(𝛼 − 𝑠𝑔𝑛(𝜗)𝜗) = 0

(1)

where the rotation 𝜗 (> 0 if counter-clockwise) has been assumed as the Lagrangian coordinate. In Eq. (1), 𝛼 is the slenderness ratio (arctangent of ratio thickness to height, Figure 1),
𝐼0 is the inertia moment, 𝑚 the mass and 𝑢̈ 𝑔 the ground acceleration. Several experimental and
numerical investigations had shown that the actual behavior of structures whose earthquake
response is dominated by rigid rocking is characterized by strong nonlinearities and cannot be
fully predicted. Very small variations in the geometry, support conditions, damping properties
and the actual elasticity of the block lead to different time histories [9]. In the theoretical model
here considered the block is considered rigid and the dissipation of energy occurs at each impact
of the block on its base according to a constant restitution coefficient. According to the Housner’s formulation, the expression of the coefficient of restitution 𝑒𝑎𝑛 is assumed as [14]:
3
𝑒𝑎𝑛 = 1 − sin2 𝛼
2

(a)

(2)

(b)

Figure 1: The rocking rigid model (RR, a) and the discrete macro-element (DME, b) model.
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The analytical value of the coefficient of restitution given by Eq. (2) was generally found to be
greater than the experimental one in tests of masonry specimens [15]. By recognizing the difficulty in correlating the coefficient of restitution with the maximum rotation before impact or
with the semi-period, Sorrentino et al. [15] suggested a realistic value of 𝑒 equal to 95% of the
analytical value for fired clay and tuff brickwork. In addition, Giresini et al. [16] proposed to
assume 85% of the analytical value for rubble masonry. In this paper two values of 90% and
95% have been adopted in the numerical investigations.
2.2 The adopted Discrete Macro-Element Method
In the adopted DMEM, the masonry façade is discretized according to a mesh of macroelements, Figure 1b. Each macro-elements governs the shear deformability while the flexural
torsional and shear-sliding behavior are governed by the zero-thickness interfaces connecting
the elements [9]. The basic element can be regarded as an articulated quadrilateral interacting
to the other elements and the external supports by non-linear interfaces (Figure 2a) calibrated
according to a fiber approach in which the nonlinear constitutive law of each fiber can be attributed to a corresponding nonlinear link. The kinematics of each macro-element is governed
by seven degrees of freedom only, able to describe the rigid body motions plus the element inplane shear deformability. The axial/flexural behavior is governed by m rows of n transversal non-linear links which rule the coupled in-plane and out-of-plane masonry axial/flexural
behavior (Figure 2b). The in-plane sliding motion between two continuous elements is governed by a single longitudinal in-plane nonlinear link and two additional links oriented orthogonally to the plane of the element (Figure 2c). The latter two additional springs govern both the
out-of-plane sliding mechanisms and the torsion around the axis perpendicular to the plane of
the interface. The non-linear Links are calibrated assuming that the masonry is a homogeneous
non-linear material. Elastic, linear softening constitutive laws with different strength and displacement capacity in tension and compression simulate the masonry flexural behavior while,
diagonal Links are calibrated according to the Mohr Coulomb criterion. A detailed description
of the DMEM and its calibration strategies can be found in [8][9] and [17] [19].

(a)

(b)

(c)

Figure 2: Mechanical scheme of the discrete macro-model: 2D in-plane model (a); 3D model (b,c).

The DMEM has been employed to simulate the seismic behavior of monumental masonry
constructions by means of non-linear static (push-over) analyses [20][21]. Recently, the model
has been extended to the dynamic field [12].
With regard to the energy dissipation, the DME model includes two sources of dissipations: the non-linear hysteresis of the material (tensile cracking, compression crashing and diagonal-shear yielding), and an additional viscous Rayleigh damping governed by a global
damping matrix:
C= 𝑎0 𝐾 + 𝑎1 𝑀
(3)
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proportional to the global initial stiffness (K) and mass (M) matrices of the system. With the
aim to assume a comparable energy dissipation in the two models, the following expression (4),
that relate the coefficient of restitution e to an equivalent viscous damping coefficient 𝜉 [22] is
be used. The main differences between the two modeling approach are summarized in the following Table 1.
2(1 − 𝑒)
(4)
𝜉=
𝜋(1 + 𝑒)
Table 1: Main differences between the two adopted approaches.

Method
DMEM
RR

3

Model
Elastic - rotation hinge not
defined a priori
Rigid block - horizontal
hinge at the ground

Elasticity
Encountered variable elastic modulus
Neglected - fully rigid block

Energy dissipation
Rayleigh damping
Coefficient of restitution

THE CASE STUDY: SAN MICHELE CHURCH

Most historical masonry buildings suffered heavy damage during the 2017-2018 earthquake
swarm of the Central Italy. The incipient out-of-plane of the main façade of churches represented a recurrent damage scenario. The out-of-plane mode was triggered by the strong component of the earthquake acceleration in north-south direction, particularly in presence of poor
connection between the main façade and the transversal walls and between the barrel vault and
façade, as often occurs in historic churches [23][24].
In this paper the case of San Michele church (Figure 3) located in central Italy, that exhibited
an incipient out-of-plane response of the main façade, is investigated.

(b)
(a)
Figure 3: San Michele church: global view (a); incipient out-of-plane mechanism of the façade, view from inside
the building (b).

3.1 Geometry and mechanical features
The single nave church has a regular rectangular plan (10 m x 20 m), with a bell tower
located in one side of the church and structural integrated to the building (Figure 3a). The façade
is 9.30 m wide and 9.70 m high with a volume is 48 m3. Its slenderness ratio α is about 0.07,
obtained as the arctangent of the ratio height of half-thickness and the depth of center of mass
(0.325 m/4.545 m, Figure 4). More details on the features of the church can be found in [22].
Since no experimental data are available, the masonry mechanical parameters have been estimated from a qualitative survey of the external masonry texture (Figure 3a).
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Figure 4: Geometrical features of the main façade (units in m).

The masonry has been assimilated to a medium quality masonry of irregular stones, according to the classification reported in the Italian technical code [25] with a unit weight w= 20
kN/m3. The assumed material properties suggested by the code in terms of elastic modulus (E),
tangential modulus (G), compression strength (fc), shear strength in absence of axial load (fv0)
are reported in Table 2. The tensile strength (ft) and tensile ductility capacity (t) are assumed
to be representative of a low quality mortar joints.
A perfectly plastic behavior has been assumed for compression and a 0.4% ultimate drift for
the in-plane diagonal-shear mechanism has been adopted.
Table 2: Mechanical masonry parameters adopted in the analyses.

𝑤
(𝑘𝑁/𝑚3 )
20

Flexural behavior
𝑓𝑐
𝑓𝑡
𝐸
(𝑀𝑃𝑎)
(𝑀𝑃𝑎)
(𝑀𝑃𝑎)
1500
2.6
0.001

t

2.0

c

unlimited

Diagonal shear behavior
𝑓𝑣𝑜
𝐺
u
(𝑀𝑃𝑎)
(𝑀𝑃𝑎)

500
0.056
0.4

3.2 Selection of earthquake inputs
The earthquakes selected for the numerical analyses are those recorded in the 2016-2017
Central Italy earthquake and available from the Engineering Strong Motion database [22].
Namely the events characterized by the highest PGA, PGV and PGV/PGA have been considered. The PGV represents one of the most relevant Intensity Measures (IM) that has to be considered in the rocking analysis of out-of-plane modes, however also other velocity and energy
based IMs can assume a certain relevance [22]. The considered accelerograms and the corresponding IMs are reported in Table 3. AMT and T1213 have the highest PGA, together with
high PGV values, whereas NOR has the highest PGV/PGA ratio. The corresponding records,
in terms of accelerations, are displayed in Figure 5.
Table 3: Intensity Measures associated to the selected seismic records - Peak Ground Acceleration (PGA),
Velocity (PGV), Displacement (PGD), Housner’s Intensity (SIH), Arias Intensity (Ia), Energy Density (Iv),
Fajfar Index (IF).

Accelerometric PGA
PGV PGV/PGA PGD
SIH
Ia
Iv
2
stations
(cm/s ) (cm/s)
(s)
(cm)
(cm)
(cm/s) (cm2/s)
AMT
521.62 37.91
0.07
6.02 90.41 156.37 667.05
NOR
305.74 56.24
0.18
23.02 252.65 288.78 5522.98
T1213
779.27 60.73
0.08
12.42 151.47 555.65 1432.70
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(cm/s3/4)
63.59
109.94
139.84
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Figure 5: Seismic records used for the parametric analyses.

4

RR AND DME MODELS

In this section the out-of-plane response of façade is numerically investigated. The rigid
block based numerical analyses are firstly performed considering a free-standing condition of
the façade, denoted as 2-Sided motion (2S) model. In addition, a condition in which the façade
interacts with the orthogonal walls, namely 1-Sided motion (1S) model is considered. Aiming
at evaluating the role of the masonry deformability all the results are compared with those obtained by considering the DMEM strategy.
4.1 Rigid block based model analyses
Table 4 reports the mechanical and geometrical needed parameters representing the rigid
block based models. The equation of motion (Eq. 1) is solved step by step with a 5th order
Runge Kutta method considering first the façade as completely free-standing, and then taking
into account a unilateral spring bed as boundary condition (Figure 4); the corresponding equation of motion is reported in [22]. A compressive bed spring (𝐾𝑐𝑜𝑚𝑝𝑟 ) is considered in the onesided motion calculated as reported in [22], whereas an average tensile spring bed stiffness K ′𝑡,𝑚
has been assumed. This has been obtained by imposing and equivalence with a corresponding
frictional macro-element model [26] for a displacement 𝑑1 corresponding to the end of the constant friction force 𝐹𝑝,1 in the capacity curve obtained from the kinematic analysis. The tensile
′

spring bed stiffness K 𝑡,1 is the ratio of the corresponding frictional force with respect to the
′

displacement times the thickness of the transverse walls 𝑠𝑡 , that is K 𝑡,1 = 𝐹𝑝,1 /𝑑1 𝑠𝑡 [26]. The
geometrical parameter Zg represents the height of the center of mass, R is the radius vector, h
the equivalent block height,  the slenderness ratio of the block,  the masonry density, 𝐼0 the
moment of inertia. These values are calculated with the expressions reported in [22]. The energy
dissipation is taken into account considering initially 90% (for one-sided and two-sided motion)
of the analytical coefficient of restitution (Eq. 2) and secondly 95% of this value (only for twosided motion).
Table 4: Mechanical and inertia features of the rocking block in the RR model.

Zg
(𝑚)

𝑅
(𝑚)

ℎ
(𝑚)


(𝑟𝑎𝑑)

ρ (kg/
m3 )

4.550

4.56

9.10

0.071

2038.73
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𝐼0
(kgm2)
2.7E+0
6

𝐾𝑐𝑜𝑚𝑝𝑟
(N/m2)
2.79E+8

K ′𝑡,1 (N/m2)
1.26E+7

L. Giresini, B. Pantò, S. Caddemi and I. Caliò

4.2 DMEM analyses
The DMEM analyses have been performed by using the software HiStrA (Historical Structures Analysis) [29] in which the macro-model has been implemented. The free-standing façade
condition (1S DME model) has been also investigated and shown in Figure 1b. The latter is
composed of 288 shear-deformable elements, 4 rigid triangular elements, 757 interfaces and
possesses 2040 degrees of freedom. In order to avoid hysteretic dissipation and makes the
model comparable to the rigid body based strategy, simplified elastic linear softening constitutive laws have been employed in the analyses, calibrated according to the masonry parameters
reported in Table 2: Mechanical masonry parameters adopted in the analyses.. The maximum
in plane (and out-of-plane (tdistances between the transversal Links of the interfaces are
set respectively equal to 20 cm and 10 cm. The analyses have been performed assuming the
hypothesis of small deformations and small displacements. The equations of motion have been
integrated by means of an iterative Newmark algorithm [30] using the coefficients =0.5 and
=0.25. The initial linear elastic dynamic properties of the free standing façade have been investigated in terms of frequencies and vibration modes, Figure 6. The corresponding vibration
periods (T) and effective masses (Meff) are reported in Table 5: Modal characterization of the
DMEM mode.for two different values of elastic modulus: E=1500Mpa and a ten-times higher
modulus E=15000MPa in order to obtain a condition similar to those provided by the RR model.
The latter model has periods of vibration about three times lower, which is in effect coherent
with the fact that the circular frequency is proportional to the square of the stiffness, linear
function of the elastic modulus.
Table 5: Modal characterization of the DMEM mode.

Model
E=1500 MPa
E=15000 MPa

First mode
Period (s)
Meff (%)
0.955
60.96
0.302

First mode

Second mode
Period (s)
Meff (%)
0.378
0
0.120

Second mode

Third mode
Period (s)
Meff (%)
0.169
38.65
0.054

Third mode

Figure 6: Modes of vibration of the HISTRA DMEM model (E=1500 MPa).

5

THE NONLINEAR TIME HISTORY ANALYSES

The non-linear dynamic analyses have been performed employing the RR and DME models,
considering the influence of the masonry deformability as well as a damping contribution. The
previously introduced two values of Young modulus (E1=1500Mpa and E2=15000Mpa) have
been assumed as representative of the effective masonry deformability and of an almost rigid
facade. In the DME model the damping effects has been introduced according to a mass and
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stiffness (Ray-damp) and only stiffness proportional (K-damp) damping matrix. The equivalence with the damping introduced by the RR model have been considered by applying Eq. (6).
The corresponding values of the damping ratios and the 𝑎0 and 𝑎1 parameters, proportional to
the stiffness and mass matrices, are reported in Table 6.
Figure 7 reports the deformed shapes of the DME model, corresponding to the peak-displacement of each considered earthquake, while Figure 8 shows the deformation shapes at the
maximum, positive and negative displacement of the DME model in presence of the transversal
walls (2S DME model) for the T1213 earthquake. The time-histories of the DME models are
reported in the following and referred to the top section of the tympanum for the 2S model and
the top section of tympanum and the top corner façade for the S1 model.
Table 6: Viscous damping factors.


E=1500 MPa
E=15000 MPa

(%)
1.9
3.6
1.9
3.6

𝜔1
(rad/s)

𝜔2
(rad/s)

6.579

16.622

20.805

52.360

AMT - time 5.65s

Rayleigh
𝑎0
0.1772
0.3347
0.5598
1.0571

T1213 - time 2.90s

𝑎1
0.0016
0.0031
0.0005
0.0010

K proportional
𝑎0
0.0057
0.0108
0.0018
0.0034

NOR - time 3.30s

Figure 7: Maximum deformations of the 2S model - E=15000 MPa and Rayleigh damping 3.6%.

(a)

(b)

Figure 8: Maximum deformations of the 1S model - E=15000 MPa, Rayleigh damping 3.6% and T1213 signal.
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In the following two subsections the comparison between the RR and the DME models in
the free standing and the constrained conditions are reported.
The results are expressed in terms of the out-plane drift of the wall () normalized by its
slenderness ().
5.1 Comparison between the RR and the DME models in the free standing condition
In Figure 9 the time-histories of RR and DME models in the freestanding conditions e=90%
and the considered assumptions on damping are reported. The DME models show similar results for both the assumed viscous damping matrices. The comparison with the rigid block approach shows that the results corresponding to the RR models are generally characterized by
larger rotations particularly for the NOR and T1213 accelerograms independently on the
adopted elastic modulus. A better agreement between the RR and DME models can be observed
at the beginning of the time-histories than the RR generally exhibits greater rotation amplitudes.
It should be observed that due to the high nonlinearity of the dynamic response it not possible
to provide general conclusions with reference to few investigations. Furthermore, in the assumed RR model the dissipation is associated only to the impact conditions while in the DME
approach the dissipation is expressed according to a viscous matrix. The deformability of the
masonry walls, related to the elastic modulus in the DME models, lead to some differences in
the time-histories analyses of the corresponding DME models but do not provide a better a
substantially better agreement with the RR model. This can also be related to the small displacement hypothesis assumed for the DME models. However, in this case neither the RR models or the DME models show an overturning of the façade. Table 7 reports the results in terms
of peak rotations.
In the case of lower energy dissipation, Figure 10, corresponding to 𝑒 = 95% 𝑒𝑎𝑛 and 𝜉 =
1.9%, the RR models exhibit overturning of the façade for the earthquakes with highest PGV
and PGV/PGA values (NOR and T1213). However, all the DME models do not show rotation
values corresponding to the condition of overturning although the displacement amplitude of
DME models are very close to the critical rotation, corresponding to the rotation according to
which the gravity loads do not contribute to the stability of the façade.
5.2 Comparison between the RR and the DME models in the restrained condition
Figure 11 reports the time-histories of RR and DME models in the restrained conditions
corresponding to the value of the restitution coefficient e=90% and the corresponding value of
Rayleigh damping (=3.6%) subjected to the AMT and T1213 accelerograms. The rigid block
rotation is compared to the values of the two monitored target point of the façade corresponding
to the top of the tympanum and the corner point, in order to highlight the effect of the spatial
response of the DME model. The results show a different time history between the rigid body
simulation and the DME model however in this case a better agreement can be observed in
terms of maximum rotations. The results in terms of normalized rotations are rather similar in
the two cases (Table 8), with the only exception of NOR earthquake, which is characterized by
the lowest value of PGA and lower frequencies (Figure 5) among those selected.
The DME seems to be slightly more conservative, assuming the top of the corner as control
point. In this case the RR shows maximum normalized rotations of approximately 0.03 which
corresponds to a maximum horizontal displacement of about 2 cm. With regard to the DMEM
response, the peak displacements of tympanum assumed as control point resulted from 29%
(NOR) to 43% (T1213) greater than the peaks at the corner. This clearly denotes the formation
of a 2-way bending mechanism within the façade, even in presence of wake lateral connections.
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(a)

(b)

(c)

(d)

(e)

(f)

Figure 9: Comparison of results for 𝑒 = 90% 𝑒𝑎𝑛 (𝜉 = 3.6%).
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(a)

(b)

(c)

(d)

(e)

(f)

Figure 10: Comparison of results for 𝑒 = 95% 𝑒𝑎𝑛 (𝜉 = 1.9%).
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Table 7: Maximum normalized rotation amplitude - 𝑒 = 0.95 𝑒𝑎𝑛 − ξ = 1.9%.
DMEM

Rigid Block

E1-Ray

E1-K

E2-Ray

E2-K

T1213

0.4064

0.1481

0.2185

0.2123

NOR

0.5746

0.6764

0.5045

0.4122

Overturning
Overturning

AMT

0.1273

0.1481

0.1005

0.0958

0.2912

Table 8: 1S-models: maximum normalized rotation amplitude - 𝑒 = 0.90 𝑒𝑎𝑛 − ξ = 3.6%.

DMEM
Tympanum
Corner
0.054
0.031
0.048
0.034
0.032
0.021

T1213
NOR
AMT

(a)

RR (Rigid Block)

K ′𝑡,1
0.027
0.010
0.020

(b)

Figure 11: Comparison of results for 1S-models with K ′𝑡,1 and 𝑒 = 90% 𝑒𝑎𝑛 (𝜉 = 3.6%): AMT (a); T1213 (b).

6

CONCLUSIONS

This paper investigates the out-of-plane response of masonry façades under earthquakes by
means of two different approaches. A discrete macro-element approach, based on modelling
the structure by means of spatial deformable macro-elements interacting through nonlinear
zero-thickness interfaces, and the classical approach in which the masonry façade is assumed
as a rigid block subjected to earthquake loading. The condition of free standing façade and
unilateral constrained façade have been investigated for both models. The results of dynamic
non-linear analyses, performed with the two methods on a real case of a church façade, provide
a first comparison between the two approaches, highlighting some limits of applications of the
simplified rigid block model.
The comparison between the two models, although requiring further investigations, seems to
suggest that the free standing model does not adequately represent the nonlinear dynamic response of masonry facades. A better agreement can be obtained by considering a unilateral
restrained rigid block; however, also in this case the masonry deformability significantly modifies the time-history responses.

714

L. Giresini, B. Pantò, S. Caddemi and I. Caliò

REFERENCES
[1] V. Alecci and M. De Stefano, Building irregularity issues and architectural design in
seismic areas, Frattura e Integrità Strutturale 13(47), 2019, 161-168.
[2] V. Alecci, M. De Stefano, S. Galassi, M. Lapi, M. Orlando, Evaluation of the American
Approach for Detecting Plan Irregularity, Advances in Civil Engineering 2019, 2019,
Article number 2861093.
[3] S. Caddemi, I. Caliò, F. Cannizzaro, B. Pantò, New Frontiers on seismic Modeling of
Masonry
structures. Frontiers
in
Built
Environment, 3-39,2017.
https://doi.org/10.3389/fbuil.2017.00039.
[4] L. Sorrentino, D. D’Ayala, G. de Felice, M.C. Griffith, S. Lagomarsino, G. Magenes,
Review of out-of-plane seismic assessment techniques applied to existing masonry
buildings. International Journal of Architectural Heritage, 11(1), 2-21, 2017.
[5] J. Heyman, The Masonry Arch (Ellis Horwood series in engineering science), Ellis Horwood Ltd, 1990.
[6] M. Andreini, A. De Falco, L. Giresini, M. Sassu, Collapse of the historic city walls of
Pistoia (Italy): causes and possible interventions. In: Adv. in Civil Structures. App. Mech.
and Mat., 352, 1389-1392, Trans Tech Publication, ISBN: 9783037857748,ISSN:16627482, doi:10.4028/www.scientific.net/AMM.351-352.1389.
[7] C. Casapulla, L. Giresini, M. Sassu, P.B. Lourenço, Rocking and kinematic approaches
of masonry walls: state of the art and recent developments. Buildings, 2017.
[8] I. Caliò, M. Marletta, B. Pantò, A new discrete element model for the evaluation of the
seismic behaviour of unreinforced masonry buildings. Engineering Structures, 40, 327338, 2012.
[9] B. Pantò, F. Cannizzaro, I. Caliò, P.B. Lourenço, Numerical and experimental validation
of a 3D macro-model for the in-plane and out-of-plane behavior of unreinforced masonry
walls. Int. Journal of Architectural Heritage, 11(7), 946-964, 2017.
[10] C. Chácara, P.B. Lourenço, B. Pantò, F. Cannizzaro, I. Caliò, Parametric numerical studies on the dynamic response of unreinforced masonry structures. In Structural Analysis
of Historical Constructions: Anamnesis, Diagnosis, Therapy, Controls: Proc. 10th SAHC
Conference, CRC Press 2016, Leuven, Belgium, 13-15 September, p. 239.
[11] C. Chácara, Macro-element nonlinear dynamic analysis for the assessment of the seismic
vulnerability of masonry structures (Doctoral dissertation, Universidade do Minho), 2018.
[12] C. Chácara, F. Cannizzaro, B. Pantò, I. Caliò, P.B. Lourenço, Assessment of the dynamic
response of unreinforced masonry structures using a macroelement modeling approach. Earthquake Engineering & Structural Dynamics, 47(12), 2426-2446, 2018.
[13] F. Cannizzaro, P.B. Lourenço, Simulation of shake table tests on out-of-plane masonry
buildings. Part (VI): discrete element approach. International Journal of Architectural
Heritage, 11(1), 125-142, 2017.
[14] G.W. Housner, The behavior of inverted pendulum structures during earthquakes. Bulletin of the Seismological Society of America, 53, 403–417, 1963.

715

L. Giresini, B. Pantò, S. Caddemi and I. Caliò

[15] L. Sorrentino, O. AlShawa, L.D. Decanini, The relevance of energy damping in unreinforced masonry rocking mechanisms. Experimental and analytic investigations. Bull.
Earthq. Eng., 9(5), 1617-1642, 2011.
[16] L. Giresini, M. Sassu, L. Sorrentino, In situ free - vibration tests on unrestrained and
restrained rocking masonry walls. Earthquake Engng Struct Dyn, (1)20, 2018,
https://doi.org/10.1002/eqe.3119.
[17] I. Caliò, M. Marletta, B. Pantò, A discrete element approach for the evaluation of the
seismic response of masonry buildings. 14th World Conference of Earthquake Engineering (pp. 1-8), 2008.
[18] S. Caddemi, I. Caliò, F. Cannizzaro, G. Occhipinti, B. Pantò, A Parsimonious Discrete
Model for the Seismic Assessment of Monumental Structures, J. Kruis, Y. Tsompanakis,
B.H.V. Topping eds. Fifteenth International Conference on Civil, Structural and Environmental Engineering Computing, Civil-Comp Press, Stirlingshire, UK, Paper 82, 2015.
doi:10.4203/ccp.108.82
[19] F. Cannizzaro, B. Pantò, S. Caddemi, I. Caliò, A Discrete Macro-Element Method
(DMEM) for the nonlinear structural assessment of masonry arches. Engineering Structures, 168, 243-256, 2018.
[20] B. Pantò, F. Cannizzaro, S. Caddemi, I. Caliò, 3D macro-element modelling approach for
seismic assessment of historical masonry churches. Advances in Engineering Software, 97, 40-59, 2016.
[21] B. Pantò, L. Giresini, M. Sassu, I. Caliò, Non-linear modeling of masonry churches
through a discrete macro-element approach. Earth. and Struct., 12(2), 223-236, 2017.
[22] L. Giresini, C. Casapulla, R. Denysiuk, J. Matos, M. Sassu, Fragility curves for free and
restrained rocking masonry façades in one-sided motion, Engineering Structures, 164,
195-213, 2018, doi: 10.1016/j.engstruct.2018.03.003.
[23] A. De Falco, L. Giresini, M. Sassu, Temporary preventive seismic reinforcements on historic churches: numerical modeling of San Frediano in Pisa. Applied Mechanics and Materials, 352, 1393-1396, Trans Tech Publication, ISBN: 9783037857748, ISSN:13931396, 2013, doi:10.4028/www.scientific.net/AMM.351-352.1393.
[24] C. Casapulla, L. Giresini, L.U. Argiento, S. Lagomarsino, Incremental Static and Dynamic Analyses of the Out-of-Plane Response of a Masonry Church damaged by 20162017 Central Italy Earthquakes, ANIDIS 2017, ISBN 978-886741-8541 ISSN 2532-120X,
At Pistoia, 2017.
[25] NTC 2018, Italian Ministry of Infrastructure, D.M. 2018. Aggiornamento delle «Norme
tecniche per le costruzioni, GU Serie Generale n.42 del 20-02-2018 - Suppl. Ord. n. 8
[26] C. Casapulla, L. Giresini, Non-Linear Static And Dynamic Analysis Of Rocking Masonry
Corners Using Rigid Macro-Block Modelling, submitted, 2019.
[27] C. Casapulla, A. Maione, L. U. Argiento, E. Speranza, Corner failure in masonry buildings: An updated macro-modeling approach with frictional resistances. European Journal
of Mechanics-A/Solids, 70, 213-225, 2018.
[28] C. Casapulla, A. Maione, Experimental and analytical investigation on the corner failure
in masonry buildings. Interaction between rocking-sliding and horizontal flexure. International Journal of Architectural Heritage, 1-13, 2018.

716

L. Giresini, B. Pantò, S. Caddemi and I. Caliò

[29] HiStrA (Historical Structure Analysis). HISTRA s.r.l, Catania, Italy. Release 5.1.7, January 2018 (www.grupposismica.it).
[30] K.J. Bathe, E.L. Wilson, Numerical methods in finite element analysis, Prentice-Hall,
Englewood Cliffs, N. J., 1976.
[31] K.J. Bathe, Finite element procedures. Klaus-Jurgen Bathe, 2006.

717

COMPDYN 2019
7th ECCOMAS Thematic Conference on
Computational Methods in Structural Dynamics and Earthquake Engineering
M. Papadrakakis, M. Fragiadakis (eds.)
Crete, Greece, 24–26 June 2019

FRAGILITY CURVES OF MASONRY CHURCHES FAÇADES
S. Colonna1, S. Imperatore1, and B. Ferracuti1
1

Niccolò Cusano University,
via don Carlo Gnocchi 3, Rome (Italy)
{silvia.colonna, stefania.imperatore, barbara.ferracuti}@unicusano.it

Abstract
Due to their architectural configuration, the masonry churches show a high vulnerability
against the seismic actions and frequently experiences the out-of-plane behavior of the façade. If the macro-element is characterized by a monolithic behavior, the Limit Analysis Theory can be applied and the out-of-plane behavior of churches façades can be well caught by
mean of the dynamic analysis of a rigid rocking block.
The paper deals with the dynamic analysis of masonry churches façades, starting from the
most occurring geometries directly observed by the authors after the 2016 Central Italy
Earthquake. According to Housner’s model, the church façade has been simplified in an inverted pendulum dynamically excited by the seismic action. To account for the presence of
different restraints in compression and in tension (for the presence of lateral walls), the original rocking equation has been appropriately modified through the introduction of a properly
defined elastic spring. Nonlinear incremental dynamic analyses have been performed in order
to define typological fragility curves for churches façades characterized by different slenderness ratios.

Keywords: Rocking; masonry façades; horizontal restraints; fragility curves.
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1

INTRODUCTION

Ancient masonry churches are characterized by a vulnerability against the seismic actions
significantly higher than the one of ordinary masonry buildings (Sorrentino et al. 2019): in
most of the cases, the architectural elements that constitute the church are not well-connected
or the slenderness of the elements makes their seismic response independent to each other.
This statement derives from many observation of damage after earthquakes (Giuffrè, 1988;
Doglioni et al., 1994; Lagomarsino and Podestà, 2004a and 2004b; Binda and Saisi, 2005;
D’Ayala and Paganoni, 2009; Lagomarsino 2012; Da Porto et al., 2012). Therefore, the understanding of their seismic response and damage represents a fundamental issue for vulnerability assessment.
The systematic analysis of the seismic damages suffered by masonry churches has led to
the definition of distinct local mechanisms, among which the most relevant is the façade outof-plane behavior (da Porto et al., 2012; Marotta et al. 2017; Giresini et al. 2018; Hofer et al.,
2018; Colonna et al., 2018; Penna et al., 2019). From this perspective, the seismic vulnerability of a church could be strongly influenced by the seismic response of the façade. Unfortunately, the post-seismic damage data observed in a façade are not easy to be employed for the
calibration of façade fragility curve because of the difficulty to define the damage levels and
at the meantime to properly associate the damage to the seismic action (PGA or PGV) that
actually hit the façade.
Therefore, to overcome those limits the numerical models could be adopted for generating
simulated data. In order , to obtain reliable results it will be necessary: i) to adopt a proper
numerical model accounts for boundary conditions of the façade, ii) to define actual façade
geometry, iii) to account for record-to-record variability affecting the dynamic response, iv) to
define the damage states or at least the failure criterion for the façade.
The analytical model of a rocking block was firstly developed by (Housner, 1963), that analyzes the seismic behavior of golf-ball water tanks studying the dynamic behavior of rigid
elements subjected to bilateral motion. Subsequently, (Giannini and Masiani, 1990) extended
the approach to the monumental block-like historical structures, while the first researcher who
study the out-of-plane dynamic behavior of masonry walls as rigid blocks was Sorrentino
(Sorrentino, 1993). Detailed explanation of classical and advanced approaches on rocking motion of monolithic masonry elements can be found in (Casapulla et al., 2017). As a matter of
fact, all the analytical models start from the classical Housner’s formulation, that is eventually
modified to consider different boundary conditions. More in details, the problem has been investigated numerically by (Sorrentino et al., 2006 and 2008; Kounadis, 2010, Giresini et al.,
2015) and experimentally by(Sorrentino et al., 2011; Al Shawa et al., 2012). The main difference among the models is the methodology applied to take into account the boundary condition in numerical model by an appropriate restitution factor or by introducing elastic spring to
account the presence of transversal walls. This is the case of the works proposed by (Giresini
et al., 2015) and (Giresini and Sassu, 2017) those analyze the problem of the seismic out-ofplane assessment of churches façades.
The mentioned dynamic models of rocking structures are able to account for various dissipative effect, in fact it returns collapse acceleration values greater than those calculated with a
simple kinematic analysis, Therefore, the seismic out-of-plane assessment of walls, partitions
and facades by kinematic analysis should take into account a strength reduction factor (Sorrentino et al., 2017). The latter depends on both its restraints and the geometric characteristics
of the rocking block as evaluated in (Coccia et al., 2017) by a parametric study based on dynamic analysis.
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In the present paper starting from the analytical model proposed by (Giresini and Sassu,
2017), non-linear incremental dynamic analyses are performed on recurrent geometries of
masonry churches façades observed during the in-situ inspections carried out by the authors
after the 2016 Central Italy Earthquake (Colonna et al., 2018). Particular attention was paid to
the definition of the effect of transverse walls on the dynamic response of the façade by
means of their geometrical and mechanical properties. In order to account for the record-torecord variability sixty accelerograms registered during past earthquakes occurred in the area
stricken by the above mentioned seismic event are employed to perform the dynamic analyses.
The numerical results have been used to calibrate the fragility curves, referred to different
churches facades typology and masonry quality.

2

THE OBSERVED DAMAGE IN CENTRAL ITALY EARTHQUAKE LESSON

In the framework of the survey activities promoted by the Civil Protection Department and
the Italian Cultural Heritage Ministry after the 2016 Central Italy Earthquake the authors analyzed the damages of several churches, built between the 1400 and 1800. The damage analysis, performed on data collected through church damage-survey form (PCM-DPC Mibac,
2006), highlight that the façade is the hardest hit macro-element (Figure 1).

b)

a)

Figure 1: Out-of-plane behavior of church façade observed after the Central Italy Earthquake, the case of St. Peter in Macchia (Accumoli): a) archive picture from Google; b) façade collapsed after the October 30.
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Figure 2: Mechanisms analysis: a) presence and activation frequencies; b) mechanisms mean damage levels.
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Figure 2a points out the mechanism analysis, carried out considering either the macroelement presence either the mechanism activation occurrence for a database of 36 churches. For
more details, the reader could refer to (Colonna et al., 2018). It is worth to specify that the element presence does not imply the mechanism activation, since the considered macro-element
may be present and not damaged. Specifically, the façade overturning (M1) has been observed
in the 97% of the surveyed churches and it was damaged in about 70% of the case, as well the
in-plane façade mechanism (M3). Other frequently detected macro-elements were the M2
(gable mechanism, in the 94% of the cases but only 50% of the observed elements showed
damage), the M5 (overturning of transversal walls, 56%), the M6 (shear in lateral walls, 58%)
and the M19 (hall roof covering mechanisms, in 94% of the churches but only 40% are damaged). Among the most occurred macro-elements, the activation of the façade overturning is
the most frequent. This result confirms the higher vulnerability of the church façade, as pointed out by several authors from the observation of post-seismic damages (Sorrentino et al.
2014; Marotta et al. 2017; Giresini et al. 2018). On the contrary, the shear mechanisms in the
façade and in the lateral walls activated in about 60% of the sample, while the roof covering
mechanism in the 41%.
Finally, the detected mean damage level is represented in Figure 2b. The analysis of the
mean damage level shows that among the most present and frequently activated mechanisms
the façade is characterized by mean damage of 3.3, alongside the mechanism M2, M3, M5
and M6. Only the mechanisms M19 shows higher damage levels, since, by its nature, if it is
activated, it can lead to the roof collapse. This observation underlines the vulnerability of the
façade and the importance of its evaluation making use of dynamic models.

3

THE ANALYTICAL MODEL OF THE ROKING FAÇADE

If the monolithic behavior is assured, a church façade can be modeled as a rigid element,
and its seismic out-of-plane assessment can be studied in the framework of the limit analysis.
Under horizontal loads, once that the masonry tensile strength is exceeded, a hinge at the base
forms and a mechanism takes place. Neglecting the horizontal sliding between the block and
its base and the foundation deformability, the dynamic motion of the block is characterized by
the rotation about its edges.
In the case of a not restrained element (Figure 3a), the motion is governed by the rotation
around the two corners O and O’, those alternatively become the centers of block rotation.
The motion is measured by the angle, hereinafter called θ, between the soil and the block base
rotated around one of the two points O or O’.

a)

b)

Figure 3: Mechanical model of a rocking element (from Sorrentino et al., 2011): a) two-sided mechanism; b)
one-sided mechanism.
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After each oscillation, the element comes back into the vertical position and an impact occurs, the center of rotation instantly switches and the rotation changes its sign. The wall impact on the base leads to energy dissipation.
That rebound effect implies a reduction of the angular velocity after the impact, with a
consequent energy damping. According to (Housner, 1963) the reduction in kinetic energy
due to the impact of infinitesimal duration can be account for with an instantaneous variation
of the angular velocity by mean of the restitution coefficient, defined as:

r=

2
1

(1)

where 1 and 2 are the angular velocity of the block before and after the impact respectively.
Since the angular velocity 2 is unknown, the definition of the restitution coefficient is a
crucial parameter in the analytical definition of the rocking motion, since it defines the initial
condition of the block motion after the impact. Commonly, according to a theoretical procedure firstly defined by Housner, the coefficient of restitution can be analytically evaluated hypothesizing during an impact: the conservation of the angular momentum, the infinitesimal
duration of the impact, the absence of slippages, and the instantaneous variation of velocity.
The theoretical approach allows estimating the energy damping only starting from the geometrical characteristics of the block. Of course, also the mechanical properties of the material
constituent the block influence the energy damping and consequently the restitution coefficient (Sorrentino et al., 2008; Sorrentino et al., 2011; Costa et al., 2012).
Another phenomenon that modifies the energy dissipation is represented by the presence of
elements that reduce the degree of freedom of the system. In fact, if the element is restrained
(Figure 3b), as occurs to a façade restrained by the presence of the transverse walls, the motion is possible only towards the outside. As a consequence, rotation around the corner O is
hindered. However, once that the impact against the base occurs, the rocking motion can occur only if a variation of the rotation center (from O’ to O) takes places. This means that a gap
must be hypothesized between the rocking element and the restrain as also observed in Al
Shawa et al 2009 by experimental test. Then, the block undergoes two separate impacts: i)
against the base and ii) against the upper corner.
Concerning this lateral restrain, it could be considered as a rigid constrain (Sorrentino’s
model) or alternatively as a spring with a finite stiffness. By the first approach, the Sorrentino’s model represents the energy dissipation due to both the two impacts by the restitution
coefficient in different instants. Instead, the second approach was proposed by (Giresini and
Sassu, 2017), where the dissipative effects due to the impact against the base is accounted by
the restitution coefficient, while the deformability of the transversal wall is introduced in the
definition of the potential energy of the system, that consequently influences the dynamic motion of the rocking element.
In the present work, the second approach was adopted. The rocking façade is modeled as a
rigid block characterized by a base B, a height H, a slenderness α and a center of gravity G,
located at a radial distance R from the two corners of the block (Figure 4). The block is restrained by an elastic spring placed at a distance Δh from the soil and at a radial distance Rm
from the edges. The spring is efficient only in compression, while has a null stiffness in tension.
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As previously stated, once that the block starts to swing, the rocking motion shall be governed by the two-sided mechanism. The elastic spring represents the effects of the transverse
walls: the instantaneous center of rotation is the point O. Since the transverse walls are supposed already detached from the façade, when the façade rotates towards the outside, the
spring can stretch and the rotation of the block is not limited; on the contrary, when the block
rotates towards the inside, the motion is prevented by the spring shortening. Naturally, the
dynamic rotation of the block will be strongly influenced by the spring’s stiffness.

Figure 4: The restrained rocking block: model geometry and kinematic model.

In the framework of the limit analysis, where the material is characterized by an infinitely
rigid behavior in compression and does not admit tensile stresses, the dynamic equation of the
restrained rigid rocking block is defined by the Lagrange equation, that according to (Giresini
and Sassu, 2017), becomes:
2

 + sgn( )

3g
3  R 
3g
sin ( −  ) + sgn( )  2 
cos ( − 
 sin  − sin ( −  ) cos ( −  ) = ag (t )
4R
4  Rm  
4R

)

(2)

where g is the gravity, ag is the acceleration time-history, and ω represents the pulsation of
the block, defined as

=

K
m

(3)

that is a function of the stiffness of the elastic restrain. Since in an un-retrofitted church façade
only the outward rotation is admitted, in the present study an anisotropic behavior is assigned
to the elastic spring. The latter have to simulate the in-plane stiffness of the transversal wall,
then it will be characterized by an axial stiffness defined as:

K=

1
1
K shear

+

1
K flex
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where Kshear and Kflex represent the shear and flexural stiffness of the transversal walls depending on geometrical and mechanical properties of the transverse walls.
The rocking façade will start its rocking motion when the seismic acceleration will reach
the kinematic threshold acceleration:

aRM = g  tan( )

(5)

During the motion of the system, the dissipative effects due to rebound effects are accounted for: by mean of the elastic spring if the impact towards the transversal walls is considered,
by mean of the coefficient of restitution in the case of the impact against the base. Since the
examined façade can be regarded as a rectangular block, the latter becomes:

 3

r = 1 − sin 2  
 2


(6)

To evaluate the reliability of the model to catch the effective behaviour of a rocking wall, a
comparison with the results of an experimental test on the free-vibration of a masonry wall
with transversal walls performed by (Al Shawa et al., 2012) is reported in Figure 5. The analysis of the results clearly highlights as the model with the proposal for the evaluation of the
stiffness of the elastic spring (Eq. 9) correctly simulates the retaining effects of the transversal
walls.
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Figure 5: Validation of the proposed model: comparison between the experimental results (red dotted curve)
proposed by (Al Shawa et al., 2012) and the numerical simulation (blue continuous line).

4

FRAGILITY CURVES

A parametric analysis has been performed to probabilistically assess the seismic vulnerability
of church façades. The selected case studies were defined according to the experience gained
by the authors during the survey activities carried out after the 2016 Central Italy Earthquake.
Specifically, two different masonry qualities (Table 1) and three different façade geometries
(Table 2) were selected. The rocking behavior of the church façades was numerically investi-
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gated according to the model defined in the previous section. For the incremental dynamic
analyses, natural earthquake records, occurred in the area stricken by the 2016 Central Italy
Earthquake, were considered and their spectra are reported in Figure 6.
Specific
Weight
[kN/m3]
irregular rubble masonry
19.00
calcareous squared stones masonry 21.00
Masonry
typology

LQ
HQ

Young
Modulus
[MPa]
870
1740

Shear
modulus
[MPa]
290
580

Table 1: Materials selected for the development of the fragility curves.

Geometry
Height
Slenderness
G1 6.00 m
0.10 rad
G2 8.50 m
0.07 rad
G3 12.00 m
0.05 rad

Material
LQ HQ
LQ LQ -

Table 2: Case studies selected for the development of the fragility curves.
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Figure 6: Pseudo-acceleration spectra of the selected earthquakes.

In Fig.7 the response of the same block subjected to different accelerograms characterized
by the same PGA of 0.30g is represented. Nevertheless the selected seismic intensity measure
is the same, the response significantly changes depending on the duration, the frequency and
the sign of the seismic record. Therefore, a different parameter should be used to assess the
seismic hazard of rocking objects.
According to (Sorrentino et al., 2006), the Peak Ground Velocity (PGV) seems strictly correlated to the rocking motion of a rigid block. Consequently, the selected accelerograms were
scaled in order to have uniform intervals characterized by a PGV ranging between 0.05m/s
and 0.45m/s. The latter corresponds to the highest value recorded among the natural accelero-
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grams considered in this work, then it represents a realistic value of intensity suffered in the
analyzed area.

a)

b)
Figure 7: Record-to-record variability affecting the dynamic response of a Rocking Block: a) selected accelerograms: three shocks recorded in Accumoli on the 30/10/2016; b) rotations of the LQ-G2 block.

The fragility curves, typically employed for the seismic risk assessment at territorial scale
is the exceedances probability of the collapse damage state. As regards a rocking façade, the
fragility is defined as the conditional probability that, for a given seismic input, the maximum
normalized rotation goes beyond the limit capacity of the block, that is here assumed corresponding to the slenderness angle α.
The analytical function adopted to describe the probability of exceeding the collapse condition is the lognormal cumulative distribution function:

( )

 ln im

P(C IM = im) = 
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where P (C IM = im ) represents the probability that the rotation exceeds the collapse condition C for a given intensity IM equal to a given value im; Φ is the normal cumulative function,
θ and β are the median and the standard deviation of ln ( IM ) , respectively.
As previously stated, the PGV is the intensity measure for the seismic input chosen in the
study. Specifically, nine intervals, characterized by increments of PGV equal to 0.05 for each
range, were selected. For each intensity range, the binomial distribution representing the
probability of observing collapses is represented as follows:

N z
N −z j
P ( z j collapses ) =    p j j  (1 − p j )
 zj 

(8)

where pj is the probability that the selected ground motion causes a collapse, N is the number of analysis performed in each interval and zj is the number of observed collapses.
The two parameters of the function (the median θ and the standard deviation β) have been
finally estimated through the maximum likelihood method, which finds the parameters such
that the resulting distribution shows the highest likelihood of having produced the numerically
simulated data:

( )

 N   ln im
Likelihood =     

j =1  z j 

x

( ) 


 ln im



  1 −  
 

zj

N −z j

 


(9)

where x represents the considered IM intervals.
For the calibration of the fragility curve, non-linear dynamic analyses were performed for
nine hazard levels characterized by PGV ranging between 0.05 and 0.45 in order to evaluate
the number of observed collapses. For each geometry and material quality of the blocks 567
non-linear dynamic analyses have been performed. As an example, the collapse frequency of
the block of low quality masonry (LQ) and slenderness α=0.10 (G1) is represented in Table 3.

1
2
3
4
5
6
7
8
9

PGV [m/s] Number of analyses Number of collapses
0.05
63
0
0.10
63
0
0.15
63
4
0.20
63
19
0.25
63
33
0.30
63
44
0.35
63
51
0.40
63
58
0.45
63
61

Table 3: Numerical results of incremental dynamic analyses carried out for the block LQ-G1.

The mean and standard deviation of fragility functions estimated through the maximum
likelihood method are synthetized in Table 4 for the investigated façades. In Figure 8 the results obtained assuming the same masonry quality with three different façade geometries are
depicted. As expected, the slenderness significantly influences the seismic response of the
macro-element: the façade vulnerability increases with its slenderness.
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Façade
LQ-G1
LQ-G2
LQ-G3
HQ-G1

median θ
0.18
0.21
0.25
0.26

standard deviation β
0.45
0.43
0.34
0.37

Table 4: Parameters of the fragility functions.
1

Probability of exceedance

0.9
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LQ − G3
0.7

LQ − G3 fragility curve
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LQ − G1 fragility curve

0.2
0.1
0
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Figure 8: Fragility curves for church façades characterized by irregular rubble masonry (LQ) and different geometries .
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Figure 9: Fragility curves for church façades characterized by different masonry typology: α=0.11
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In Figure 9 the fragility curves of the same façade geometry constituted by masonry with
two different mechanical properties are represented. Concerning the material quality, the poor
masonries are characterized by a worse performance. In fact, the mechanical properties of the
materials are strictly related to the effectiveness of the restrain representing the transversal
walls (Eq. (4)): improving the masonry quality, the spring stiffness increases.

5

CONCLUSIONS

The present work is focused on the out-of-plane seismic response of church façade, that
was one of the most damaged element during the 2016 Central Italy Earthquake. The aim of
the research is the estimation of the typological fragility curves for masonry church façades
through numerical nonlinear incremental dynamic analyses. The applied methodology has required:
i) to adopt a proper numerical model accounts for boundary conditions of the façade;
ii) to define actual façade geometry and material properties;
iii) to account for record-to-record variability affecting the dynamic response;
iv) to properly define an intensity measure parameter;
v) to define the failure criterion for the façade.
The non-linear numerical analyses were performed according to the model proposed by
(Giresini and Sassu, 2017). The major difference with respect to the previous model is just
related to the evaluation of the stiffness of transversal walls on the rocking motion of the façades. The latter is simulated as an elastic spring characterized in the present study by a stiffness that is a function of the geometrical and mechanical properties of the transversal walls.
The dynamic analyses are performed on three different façade geometries and different
masonry quality, defined analyzing the recurrent of masonry churches façades observed during the survey after the 2016 Central Italy Earthquake. Moreover, the effects of record-torecord variability on the dynamic response was considered by adopting more than 60 records
of past earthquakes occurred in the area stricken by the 2016 Central Italy Earthquake. The
selected accelerograms are scaled in order to have uniform intervals of Peak Ground Velocity
(PGV). In particular, nine hazard levels have been used and more than 500 dynamic analyses
for each façade typology have been carried out. The obtained results clearly show the influence of the slenderness and of the masonry quality on the seismic response of the macroelement.
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Abstract
There is a wealth of recent literature dealing with the significant role played by friction in the
seismic response of conventional masonry structures. Within this framework, a crafty improvement of such structures is represented by interlocking masonry structures made by interlocking blocks that enhance the sliding resistance at block interfaces. In fact, these are rigid
block units which, on their faces, have a number of locks keeping the blocks together and preventing sliding. Such typologies of blocks can increase the structural functionality of an assemblage during and after the construction. The interlocking interface may have different
sliding resistances in different directions, depending on the orientation and the mechanical
and geometrical features of the locks. This paper is aimed at finding the sliding resistance of
interlocking interfaces with non-isotropic sliding properties. The constraint is a function of
geometric and mechanical properties of such interfaces, allowing the use of the convex contact formulation method to analyse the structural behaviour of masonry assemblages composed of interlocking blocks.

Keywords: Interlocking Blocks, Non-Isotropic Sliding Resistance, Shear Resistance, Convex
Contact Formulation, Discrete Model, Coulomb’s Friction Law, Limit Analysis Theory.
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1

INTRODUCTION

Structural modelling of the discontinuous nature of assemblages of rigid blocks have been
pursued using finite element analysis (FEA), discrete element analysis (DEA), and limit analysis theories, among others. FE methods modelled masonry as connected or distinct elements
with different material properties for bricks and mortar joints (detailed and simplified micro
models respectively) [1]. In DE methods, masonry was modelled as a system of distinct
blocks for which the equations of motion are solved using an explicit time integration method
[2]. Discrete modelling is also used with macro-element approaches [3,4].
Contact formulation using limit analysis theory [5] is less computationally expensive comparing to FE and DE methods, yet highly accurate to analyse the structural feasibility of rigid
block assemblages. Particularly, defining a set of limiting conditions allows this method to
calculate the ultimate load factor for a structurally feasible assemblage of rigid blocks satisfying static and kinematic conditions.
In particular, concave or point contact formulation is a dominant approach to model stress
state of assemblages of rigid blocks, first developed by Livesley [6]. In this method, the contact interfaces are idealized so that the internal forces are distributed on a few contact points
on the contact interfaces. Instead, convex contact formulation represents the interaction between blocks via the stress state at a single point on their interface [7]. For both formulations,
a set of limit state formulations can be developed guaranteeing that when the obtained internal
forces are within the limiting range, the assemblage is structurally feasible. These limiting
conditions, including infinite compressive and no tensile strengths, infinite [8] or finite sliding
resistance with associative [5,6] or non-associative [9,10] frictional resistance, were developed for conventional interfaces with isotropic sliding properties. Pseudo-non-associative
frictional law is also considered in non-smooth contact dynamics models recently developed
for complex systems of conventional rigid blocks in frictional contact [11,12].
To increase the in-plane and out-of-plane capacity of walls, proper interlocking or semiinterlocking connections among blocks can be used [13-19]. When using these kinds of
blocks, the limiting conditions for interfaces in masonry assemblages, with non-isotropic sliding properties (different sliding resistance in different directions/locations of the interface)
should be properly defined, along with constraints in function of geometric properties of the
interlocking interfaces (Figure 1.a).

Figure 1. a) interlocking blocks and their geometric parameters determining the sliding resistance, b) concave approach extension for the interlocking interfaces.
The authors of this paper are currently developing a novel approach to extend the concave
contact formulation to the corrugated interlocking interfaces subjected to any types of external
forces and torques. This approach suits the non-isotropic nature of the interlocking interface
problem, since the contact points are chosen so that the mechanical behaviour of every lock of
an interlocking interface can be thoroughly studied along different directions. In particular,
the end points of each lock centreline are considered the contact points (Figure 1.b). Then the
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stress resultants at these points are computed by solving the equilibrium problem under: (a)
shear constraints avoiding the shear/torsional cracking of the locks, (b) friction constraint
avoiding sliding along the locks and (c) compressive constraint avoiding the block separation/rocking.
In this paper, however, the attention is only focused on the convex contact formulation for
interlocking interfaces subjected to the lateral and normal forces. This is the first step to be
accomplished since the convex formulation provides more reliable results than the concave
one [7]. In particular, a heuristic method is presented to find the sliding resistance of the interlocking interfaces. In the following, the 2D interlocking interfaces having locks with rectangular cross section (Figure 2.a) is first studied. Then, a conservative method to formulate the
contact behaviour of the 3D quadrilateral interfaces composed of locks with rectangular cross
section (Figure 2.b) is developed.

Figure 2. a) An interlocking 2D and b) 3D interface subjected to the lateral and normal forces.
2
2.1

METHODOLOGY
2D limit analysis model

A 2D limit analysis model is applicable to the 3D assemblages in which both the applied
forces and structural model can be abstracted to a 2D plane, e.g. a masonry flat wall subjected
to the in-plane forces. By implementing the interlocking blocks, it is assumed that all the
locks are oriented normally to this plane.
First the potential failure lines can be assumed for an interlocking block, e.g. the red dashed
lines displayed in Figure 3.a. The structural model then consists of rigid bodies whose boundaries are these failure lines, where internal forces are distributed on. The failure lines include
dry joints between two interlocking blocks (blue lines) and fracture lines at which the block
might crack (red lines).
In this paper, it is assumed that the fracture is avoided at red dashed lines of Figure 3.a, by
considering the main body of the interlocking block rigid enough. The remaining active failure lines all together form an interlocking interface. In the following, the sliding resistance of
such an interface, subjected to the tangential and normal forces, is analyzed.
Considering a rigid perfectly-plastic behaviour of the blocks, the potential fracture line can
be cracked when tension or shear resistance is not enough (Figure 3.b). Assuming a uniform
horizontal force distribution on a single lock, torsion is avoided, yet the joint might crack because of shear or bending failure. In this paper, the bending failure is prevented, by considering stocky locks with thickness s larger than height h (Figure 3.b). Later this constraint will be
proved.
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Figure 3. a) Potential failure lines including fracture lines (red) and dry joints (blue); b) and c)
force distribution and bending and shear failure of a lock.
Assuming the structural model of a lock, the force per unit length at every point of the lock
tb must be less than the yielding force ty. When the force is distributed uniformly, the limiting
value for the resultant of the forces on a lock (tb b), where b is length of the lock (Figure 3.b,
c), becomes (ty b), i.e. the pure limiting shear force. Knowing the resultant of horizontal forces
on an interlocking interface TR, Inequality (1) presents the shear constraint for all potential
fracture lines of an interface:
(1)
where Ti is the horizontal force applied to lock i, T is a vector of forces on the locks T1 to
Tm, m is the total number of locks (e.g. m = 5 in Figure 3.b, c), Ares is resultant equation matrix.
Since the resultant equation can be written as a scalar addition TR = ∑Ti, all constraints for
m locks can be generalized as:
(2)
ty depends on the lock thickness s, the material shear strength τk, and the normal force imposed on the lock. With reference to the latter, generally the shear resistance of a lock which
is subjected to shear and compressive forces is greater than the shear resistance of a lock
which is only subjected to pure shear forces, because of the effect of the compression. However, for the sake of safety and to make ty independent of the normal force, the pure shear resistance is assumed as limiting value, neglecting the contribution of the compressive forces.
On the other hand, as introduced earlier, stocky locks with h ≤ s can be considered to avoid
bending failure. This constraint is found according to the classical Jourawski and Navier formulas [20], respectively assuming the limiting shear force Ti,y and bending moment Mi,y for a
single lock i to be:
(3)
where τk and ftk are the shear and tensile strengths of the material, respectively. To define a
simple, yet conservative results, we assume that τk = (0.5 ftk) (as in case of pure shear and ac-

735

C. Casapulla, E. Mousavian

cording to the Tresca yield criterion [21]). To make shear failure to occur before bending failure, the following constraint must be satisfied:
(4)
from which the assumed inequality h ≤ s can be derived.
Considering m to be odd, in order to define the resultant shear resistance as a sum of pure
shear resistances of the locks, different heights of the locks are assumed, i.e. one of two interlocked blocks has (m-1)/2 locks and the other has (m+1)/2 locks (Figure 4). In this case, it is
easy to derive that whatever of them has shorter locks, shear resistance is the same and failure
occurs on potential fracture lines of a same level simultaneously. In fact, the shear resistance
of the interlocking blocks for both conditions is:
(5)
On the other side, a tensionless dry joint can be separated when subjected to the tension
forces and it can also fail when Coulomb friction constraint is violated (Ti ≤ Tf = μ Ni ). So, the
sliding constraint finally is:
(6)
where N = ∑Ni.
However, as long as the total horizontal force TR is less than the shear resistance Ty, the dry
joint cannot move even though the friction constraint is violated, since the frictional resistance
is generally much lower than the shear resistance.

Figure 4. Shear resistance of an interlocking interface, when the block with a) (m-1)/2 and b)
(m+1)/2 locks has the shorter locks.
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2.2

3D limit analysis model

An extension of the 2D model to 3D limit analysis model is presented in this section. As
for the 2D model, among all the potential failure planes, only the potential fracture faces at
the joints between the locks and the block main body are considered. Dry joints between the
blocks are assumed as well. A potential fracture face fails when its shear resistance is violated,
while the bending failure is avoided by considering h ≤ s.
Unlike the 2D model, horizontal forces normal to a lock are also assumed to be nonuniformly distributed. As explained in Section 2.1, if the force is uniformly distributed on
lock i, its limiting value is Ti,y = (ty b). The limiting value for the resultant of non-uniformly
distributed forces, instead, is less than (ty b). The reason is that, for the sake of admissibility,
only the maximum values of the force per unit length may attain the yielding ty.
If we consider a linear force distribution (Figure 5), a conservative constraint is defined
that limits the maximum value of the distributed force per unit length tmax to be less than or
equal to the yielding force per unit length ty. tmax is linearly related to tuni which represents the
force per unit length when force is uniformly distributed, i.e.:
(7)
where k is a coefficient in function of eccentricity d. Thus, the limiting value of Tin (in
terms of shear resistance) would be Tin ≤ (ty bi / ki), where n indicates the normal direction.
The moment (Tin d) must also be less than the torsional resistance of the lock subjected to
forces with eccentric resultant. This issue, however, is out of scope of this paper.

Figure 5. Linear force distribution on a single 3D lock.
Knowing the resultant of tangential forces TR and its location, together with its components
TRn and TRt normal and parallel to the locks, respectively, an option for distribution of TRn
among all locks is represented in Figure 6.a, b. By analogy with the 2D model, the shear resistance for all potential fracture planes of an interlocking interface is given by:
(8)
and since the resultant equation is a scalar addition TRn = ∑Tin, the shear constraint can be
generalized as:
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(9)
As for the 2D model, ty can be independent of normal forces when the locks of one block
are shorter than the locks of the other block. Thus, the shear constraint can be represented by:

(10)
where bi is the length of the ith shorter lock.
On the other side, as long as Inequality (10) is satisfied, a dry joint can slide along the lock
when the Coulomb friction constraint is violated (Tit ≤ μ Ni ), where, Tit is the component of
tangential force parallel to the lock i. The constraint can be generalized for all the dry joints as
TRt ≤ Tf = μ N, where TRt = ∑Tit and N = ∑Ni.
Knowing the angle α between the tangential force TR and the locks (Figure 6.c), the sliding
constraint of an interlocking interface as long as the locks are not fractured is:
(11)
Once all the connectors are separated from the main body, the interface is turned to be a
conventional interface. Thus, the sliding resistance can be formulated as:

(12)

Figure 6. a) Component of the tangential resultant normal to the locks and b) an option for ts
distribution among all locks. c) Tangential resultant with its components normal and parallel
to the locks.
3

DISCUSSIONS

In this section, we compare the two non-linear inequalities developed for 2D and 3D interlocking models.
For the 2D model, the locks are assumed normal to the lateral forces. According to Inequality (6), if shear resistance is greater than the frictional resistance (Ty > Tf) the ultimate lat-
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eral force will be TR = Ty because once the locks are fractured, the frictional resistance is not
enough to prevent sliding. This condition, implying non-ductile behaviour of the interface, is
represented by the upper black dot in Figure 7.a, where the assumed constant graph of shear
resistance is located above the cohesionless Coulomb yielding point. In contrast, if Ty < Tf the
lateral force will be governed by Tf and ductile behaviour, since the friction resistance keeps
the fractured locks on the block main body (Figure 7.b). It can be concluded that the feasible
range of values for TR and NR is the grey zone in Figure 7.c.

Figure 7. Non-linear sliding constraint for a 2D interlocking interface, with a) Ty > Tf and b)
Ty < Tf. c) Yield domain in normal-shear interaction.
Applying Inequality (12), the 2D interlocking interface can be seen as a 3D interface on
which the angle between the resultant of subjected forces and the locks α is 90 degrees.
Moreover, the force on each lock is uniformly distributed, so that ki equals one.
When α changes, the feasible range of values for TR and NR varies as shown in Figure 8,
which shows how the graph of feasible solutions changes between two extremes for α, zero
and 90 degrees.

Figure 8. Non-linear sliding constraint for a 3D interlocking interface.
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4

CONCLUSION AND FURTHER RESEARCH

The paper introduced a sliding constraint applicable for extension of convex contact formulation to 2D interlocking interfaces, further extended to 3D interlocking interfaces. The
constraints were developed according to the non-isotropic nature of the interlocking interfaces,
in functions of the block geometric and mechanical properties. The width, height, length and
orientation of the locks along with the shear resistance of the material and friction coefficient
of the contact face are the main parameters.
Two different conditions were considered for the contact formulations: first, when the tangential forces normal to the locks are less than the shear resistance of the locks. In this case,
the sliding resistance is orthotropic so that it is governed by Coulomb’s model of friction
along the direction parallel to the locks and by shear resistance of the locks in the direction
normal to them; second, when shear resistance of the locks is very low and therefore all the
locks can crack and separate from the main body of the block. This turns an interlocking interface to an isotropic conventional interface whose sliding resistance is governed by Coulomb’s
model of friction if the frictional resistance is greater than the shear one.
Future work, which is in progress, will focus on the non-uniform distribution of forces on
locks, adding the torsional constraints to the contact formulation. The analytical results will
be validated and calibrated through experimental investigations.
Beside the convex contact formulation, the concave contact formulation will also be extended to interlocking blocks, and then both approaches will be compared in terms of accuracy, comprehensiveness, and computational costs. Further interlocking geometries such as
corrugated interfaces with locks having trapezoidal, sinusoidal, etc., cross sections will be analyzed by means of the more potential solution procedure.
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Abstract
The paper deals with the application of LiABlock_3D, a novel software tool developed at the
University of Naples Federico II, to the case study of an historic masonry viaduct listed by
UNESCO as World Heritage Site. LiABlock_3D analyses masonry structures under seismic
lateral loads and automatically predict the potential failure modes of complex assemblages in
terms of local and global collapse mechanisms. The numerical formulation is based on limit
equilibrium analysis and mathematical programming is used to solve the contact problem.
Masonry structures are represented as a collection of three-dimensional rigid blocks. Once
the geometry of the construction has been generated (i.e. using different CAD tools or
MATLAB® scripts for parametric analysis), the numerical model requires few parameters as
input data, such as the unit weight of materials and the friction coefficient. Several loading
conditions can be considered, assuming different loading axis and load distribution (uniform
and/or concentrated loads can be applied). With respect to failure condition, LiABlock_3D
considers no-tension, frictional contact interfaces with infinite compressive strength. Opening
and sliding failure conditions are considered. In order to show the potentialities and limitations of the developed software, a comparison of the outputs provided by LiABlock_3D with
those obtained by Finite Element Analysis is presented and discussed as well.
Keywords: Masonry block structures; lateral seismic load; rigid block modeling; collapse
mechanism analysis; limit equilibrium analysis; finite element analysis.
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1

INTRODUCTION

The assessment of the seismic vulnerability of the masonry Cultural Heritage is a key topic,
highly debated in literature [1-3]. Several modeling approaches have been developed to investigate the masonry structural behavior, which essentially include discrete, finite or rigid element models. In this paper, a comparison among rigid and finite element models is presented
with the aim to show the potentialities and limitations of a novel software developed at the
University of Naples “Federico II” for the analysis of dry-jointed masonry structures subjected to seismic-induced lateral load. LiABlock_3D is an in-house software that analyses assemblage of three-dimensional polyhedral rigid blocks, interacting at frictional, no-tension contact
interfaces with infinitive compressive strength. The analysis method is based on the limit
equilibrium analysis formulation and provides as output the local and global failure mechanisms of the structure under investigation. Key features of LiABlock_3D are the simplicity of
the input data required to run the analysis and the speed of calculation. Attention shall be paid
on the effects produced by the basic assumptions assumed in standard rigid block analysis if
compared to methods that are more sophisticated. In this perspective a comparison between
the results provided by LiABlock_3D and by Finite Element Analysis is provided. The main
goal is to assess the accuracy of the proposed formulation in predicting the failure modes and
load factors under seismic loads.
The paper is organized as follows. Sections 2 contains a brief description of the modeling
approach, the procedure defined to generate the rigid blocks using CAD tools and the numerical formulation implemented in LiABlock_3D, describing the input data and the failure conditions. In Section 3 the application of the proposed formulation to a complex masonry structure
is discussed and the comparison with a finite element model is presented.
2
2.1

MODELING APPROACH IN LIABLOCK_3D
Overview of the software

LiABlock_3D is a novel software devoted to the rigid block limit analysis of structures
modelled as an assemblage of polyhedral elements. The software is particularly suitable for
the analysis of monumental buildings made of large masonry blocks or stones and masonry
assemblages with regular or complex bond patterns, such as arched structures and vaults, under the assumption of negligible mortar contribution. The software is a MATLAB® based
tool with a Graphical User Interface (GUI) and implements a limit equilibrium analysis problem. The input data consists of a geometric 3D-model, which can be generated in a Computer
Aided Design (CAD) environment, ensuring in such way a very high flexibility in terms of
structural configurations and masonry texture. The GUI provides a simple interface to initialize the masonry properties (friction coefficient and weight per unit volume) as well as boundary and loading conditions [4].
The proposed formulation adopts a point contact model to represent the blocks interaction
at the interfaces. The internal forces associated to each contact point are the normal force nk
and shear forces t1k and t2k.
LiABlock_3D assumes two contacts failure modes: opening and sliding of interfaces at
contact points. Assuming shear failure governed by a Coulomb type criterion with isotropic
friction and no-cohesive behavior, two inequalities govern the contact failure condition:
− nk  0

t12k + t22k −  nk  0
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The only required input parameter for the contact failure condition is the friction coefficient μ.
Each rigid block is loaded by an external load fi applied to the centroid of the solid element
and expressed as the sum of the dead load fDi and of the live load fLi, increased by an unknown
scalar multiplier α. The simple GUI allows to set the live loads direction along the three global coordinates axes, applied to the whole assemblage or to a selection of rigid blocks.

fi = f Di +   f Li

(3)

nk
a)

t2k
t1k

αfDi

b)
fDi

Figure 1: Rigid block model: a) Contact point node; b) loading condition.

The output is the collapse mechanism and the value of the corresponding load factor for the
considered loading condition. The software allows to calculate the collapse multiplier assuming both associative and non-associative friction model. The associative solution returns an
upper bound value for the load factor. The non-associative solution implements an iterative
procedure in order to obtain a zero-dilatancy (εk = 0) sliding behavior, according to [5].
εk
Block i+1

Block i+1

a)

γk

Block i

Block i
Block i+1
Block i

b)

γk

Figure 2: Flow plasticity rule: a) Associative behavior; b) Non-Associative behavior.

2.2

Rigid block model generation

The model generation is developed in AutoCAD environment, where the masonry structure
is discretized in several block types. Each block type is modelled as an AutoCAD block with
attributes. The essential attributes are the Cartesian coordinates of the vertexes of the rigid
element, its centroid and the vertexes of the quadrangular contact surfaces. In order to pull-out
coordinates, the object “point” is used in the AutoCAD Block Editor Menu, assigning the position attribute. Additional attributes must be assigned to the block in order to insert information about the element volume and the labels of the contact interfaces. If the block
geometrical base consists of more than four sides, an additional attribute must be attached,
named “base”, defining the number of vertexes for each block base. A comprehensive description of the procedure is provided in [4].
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a)

c)

b)

Figure 3: The modeling approach: a) vertexes and centroid; b) quadrangular contact surfaces; c) spreadsheet of
the extracted data.

Once each block type is defined with its attributes, the whole model can be generated
simply assembling the block types in the model space. The modeling phase ends with the data
extraction wizard in AutoCAD, generating an output file that is a spreadsheet where the rows
represent the several block types and the columns represent the attributes.
3
3.1

APPLICATION OF LIABLOCK_3D TO THE CASE STUDY OF “PONTI DELLA
VALLE”
Description of the structural system

The case study is the so-called “Ponti della Valle di Maddaloni” that is a part of the Caroline Aqueduct designed by Luigi Vanvitelli on commission of the Bourbon King, Charles III.
Built between the 1753 and 1770 to supply water to the Royal Palace and Gardens of Caserta
and the industrial complex of San Leucio, the aqueduct transports water from the slopes of
Mount Taburno to the Royal Palace, covering a mostly underground route of 38 kilometers
length. This infrastructure is considered one of the most important expression of the Architecture and Engineering of the XVIII century. This extraordinary hydraulic engineering work is
listed by UNESCO as World Heritage Site since 1997.

Figure 4: Aqueduct Carolino - “I Ponti della Valle di Maddaloni”.

The viaduct Ponti della Valle (Figure 1) represents the most famous structure of the aqueductabove-ground. It is still perfectly preserved in its original structure and material, although
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it suffered three severe seismic events in the last centuries. The structure is made of tuff masonry, with 3 arches order and 44 squared pillars. It is 528 meters long and the maximum
height is equal to 55.80 meters [6]. In this study, a portion of the whole structural system between three pillars is considered.
3.2

Numerical modeling

The masonry structure was modeled by LiABlock_3D as described in the previous Section.
The analytical model is composed of 3344 polyhedral rigid blocks (b) and 38224 contact
points (c), (Figures 5 and 6). The block size was set according to the average block size ratio
of the real structure. The dimensions of the blocks are 1720 x 2400 x 600 mm, except for the
blocks of the arches and buttresses. The weight per unit volume ρ of the masonry was assumed equal to 16 kN/m3 and the value of the friction coefficient μ was set equal to 0.6. The
behavior of the structural system was investigated for in-plane and out-of-plane horizontal
forces. In both cases the horizontal live load is a factor of the block self-weight. In the present
study, a single pillar was loaded against lateral loads for a preliminary comparison of the rigid
block and finite element model. The LiABlock_3D output is summarized in Table1. For each
load direction, the table contains the collapse load factor (α) calculated for the associative and
non-associative solution, as defined in Section 2, the collapse load (αfL) and the CPU Time.
Model size Load
(b x c)
direction
3344 x
38224

in plane
out of plane

Associative Solution
α
αfL
CPU Time
[-]
[kN]
[s]
0.185 6027.98
4.64
0.296 9649.60
4.79

Non-Associative Solution
α
αfL
CPU Time
[-]
[kN]
[s]
0.183 5978.39
71.08
0.284 9267.62
29.24

Table 1: Rigid block limit analysis outcomes.

z

y
x

a)

b)

c)

Figure 5: In-plane collapse mechanism: a) Geometry and load; b) Associative plot; c) Non-Associative plot.

As for the non-associative solution, the algorithm parameters β and ξ were set equal to 0.6
and 0.0, respectively; the fictitious cohesion c0k was fixed equal to 1e-5 times the largest normal force calculated at a given iteration. The algorithm was set in accordance to [5, 7] to
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avoid convergence problems and optimize the iterative solution procedure in terms of number
of iterations to obtain the convergence. The convergence tolerance was 1e−3, using a number
of iterations equal to 10. A 3.50 GHz Intel Xeon Processor E5-1650 with 16.0 GB of RAM
was used for the numerical analyses. Figures 5 and 6 show the collapse mechanisms corresponding to the in-plane and out-of-plane loading condition, respectively. Both associative
and non-associative solutions are plotted. For the in-plane loading condition the collapse occurs by a four-hinge failure mode in the arches of the two spans (Figures 5 b and 5 c). For the
out-of-plane loading condition the failure mechanism involves the overturning of the central
pillar (Figures 6 b and 6 c).

z

y
x

a)

b)

c)

Figure 6: Out-of-plane collapse mechanism: a) Geometry and load; b) Associative plot; c) Non-Associative plot.

3.3

Comparison with Finite Element Analysis

The predictive capabilities of the software were assessed by means of the comparison with
a continuum modeling approach. The structural system presented before was analyzed by the
finite element software Abaqus [8]. Quadratic tetrahedral elements were selected to model the
masonry structure. A total of 40312 C3D10 elements connected with 63179 nodes were used
to model the structural system. The pillars were assumed to be fully restrained at their base.
As for the mechanical characterization of the material, the masonry was treated as a homogeneous, isotropic continuum with a nonlinear behavior simulated by the concrete damaged
plasticity (CDP) model. At this aim, the average compressive strength was fixed equal to 2
N/mm2 and the tensile resistance was assumed equal to 0.06 N/mm2.
Static analysis under force control was used to investigate both in-plane and out-of-plane
behavior of the structure, subjected to increasing horizontal loads on the central pillar. Figure
7 shows the equivalent plastic strains for the in-plane (Figure 7 a) and out-of-plane (Figure 7
b) loading condition. Tension cracks were observed in the arches for in-plane loads, while
tension cracks in the arches and at base of the central pillar appeared in case of out-of-plane
actions. Such results are in good agreement with the rigid block limit analysis outcomes presented in Figures 5 and 6.
Conversely, the ultimate loads are different for the compared procedures. According the
continuum approach the collapse load factor α associated with the in-plane and out-of-plane
mechanisms are equal to 0.130 and 0.210. Such results compared with non-associative solutions provided by the rigid block limit analysis shown in Table 1, highlight an overestimation
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of the collapse loads by LiABlock_3D. This circumstance is due to compressive crushing at
the base of pillars not accounted in LiABlock_3D as basic assumption, but considered in the
FE analysis because of the DCP material model.

a)

b)

Figure 7: Distribution of the equivalent plastic strain (PEEQ) for a) In-plane and b) Out-of-plane loading condition.

4

CONCLUSIONS

A novel 3D software tool for limit analysis of masonry structures subjected to seismicinduced lateral loads was presented in this study. The software, named LiABlock_3D, is
based on a contact point model formulation, with the assumption that contact forces are applied to the vertexes of the rectangular contact interfaces between the blocks. A case study of
an historical masonry aqueduct was used in order to assess the potentiality of the proposed
tool in predict the collapse mechanism and calculate the load multiplier. Two loading conditions were considered to study both in-plane and out-of-plane structural behavior and failure
mode of a masonry structure. A finite element analysis was implemented in Abaqus in order
to make a comparison with the rigid block limit analysis outcomes in terms of failure modes
and load factor promoting collapse. The comparison showed the computational ability of the
novel software LiABlock_3D in predicting the failure mechanism and highlighted the importance of a finite compressive strength for a reliable prediction of collapse load factors by
limit equilibrium analysis [9,10].
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Abstract
In the field of seismic risk mitigation of art objects, an innovative isolation device is here illustrated. The device, called TROCKSISD (Tribological ROCKing Seismic ISolation Device),
couples multiple components to dissipate energy and control smooth rocking: spherical contact surfaces with frictional layers, elastic springs ensuring re-centering and viscous elastic
dampers. The conceptual idea is described and the equations of motions of the two degrees of
freedom system presented, discussing the performance-based structural behaviour and the
mechanical/geometric parameters involved. Moreover, dynamic analyses are performed to
understand the role of the frictional layers with respect to the peripheral dampers in the mitigation of motion under spectrum compatible seismic records. The results in terms of rocking
spectra are presented and comparisons with the equivalent single degree of freedom system
without the isolation device are made.

Keywords: Damage Avoidance Design, Rocking, Seismic protection, Seismic isolation, Vibration control, Friction.

750

Maurizio Froli, Linda Giresini and Francesco Laccone

1

INTRODUCTION

A classical approach in earthquake engineering invokes the performance-based Capacity
Design for which the formation of plastic hinges is necessary to dissipate energy provided by
the ground motion. Despite human lives and goods are preserved with this approach, high and
medium-high return period events cause damages not only on secondary components but also
on primary structural members. Moreover, repair costs are usually as high as rebuilding costs
and, in the immediate post-event time, the reconstruction can be unsafe and sometimes useless.
Damage Avoidance Design (DAD) and other isolation techniques were therefore proposed as
alternative design paradigms in earthquake engineering. DAD design philosophy was set out
by Mander and Cheng [1] and later applied for practical cases of braced frame structures [2],
among others. However, this concept was not completely new at that time, neither in the theoretical research nor into building practice. Following the early Housner’s work [3], related to
a non-smooth contact problem, efforts were spent on studying the rocking motion of rigid
blocks; Meek [4] introduced the coupled effect of flexibility of the bracing with rocking of
foundation, and Aslam et al. [5] the effect of pre-stressing. On the other hand, frictional problems were treated in rigid block limit analysis of masonry structures [6,7], based on specific
formulations of 3D yield conditions for contact interfaces [8]. Friction sliding connections
and rocking resisting systems may be found in ancient Greek and Roman temples or in Japanese Pagodas [9], and this is probably why some of these buildings survived so long, not sensitively damaged by earthquakes. More recent examples of DAD structures are the 315 m
span South Rangitikei Bridge [10] and the 35 m high tower of Christchurch [11]. Other examples are the Alan Macdiarmid Building at Victoria University in Wellington and Southern
Cross Endoscopy Building in Christchurch [12], both located in New Zealand. DAD structures follow the principles of isolation, with absence of damage and energy dissipation, and
give the possibility of controlling displacements, to respect specific limit states. These characteristics are based on the rocking behavior, whose analytical framework was extensively investigated in the past. When discussing about rocking, it is necessary to distinguish between
rigid contact problems - where the base of the rocking element can be considered rigid - and
elastic contact models - where the base exhibits elasticity. For the first typology, rocking is
able to describe the seismic behavior of rigid structural elements such as, for instance, masonry walls in out-of-plane modes. Diverse contributions were provided for analyzing the rocking
response of walls in free configuration [13,14] or for horizontally [15–18] or vertically [19]
restrained walls. For masonry structures the assumption of rigid blocks is generally acceptable,
but for other materials, several authors included the elasticity of the superstructure in the formulation [20–23]. In addition, the dynamics of an elastic structure coupled with a rocking
wall was analyzed by [19]. In the context of elastic contact models, Psycharis and Jenning [24]
firstly proposed the rocking rigid block on an elastic foundation realized through coupled
springs and dampers. These models were recently used, properly updated, for new isolation
techniques for instance to protect marble structures [25], showing that these devices are highly performant to sustain seismic actions. However, still only few contributions are available to
quantify the base isolation properties allowed by free rocking [26,27], which is the core of the
DAD philosophy. In this framework of elastic contact models, the present paper proposes an
innovative device, conceived by M. Froli, able to protect from damages different types of superstructures by following the DAD principles. In general, the device allows a favorable dynamic behavior since:
(i) in case of low-intensity excitation, the superstructure remains undamaged, so that the
post-event serviceability is preserved;
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(ii) in case of a strong excitation, the motion of the superstructure is mitigated by a frictional contact and the effect of dampers, enabling the structure to smoothly rock.
The use of this device aims at limiting the damage of slender structures and valuable objects under seismic actions and vibrations. The acronym of this device has been inspired by its
mechanics: TROCKSISD (Tribological ROCKing Seismic ISolation Device). The concept
and the equations of motions are obtained for the corresponding two degrees of freedom
(2DOF) system (Section 2), whereas the main design steps are discussed in Section 3 to size
geometrically and mechanically the device in a performance-based perspective. Afterwards, a
quantitative estimation of the response of the system is obtained by performing nonlinear dynamic analyses (Section 4), and finally a parametric analysis is carried out to estimate the influence of friction on the global behavior of the dynamic system (Section 5).
2

TRIBOLOGICAL ROCKING SEISMIC ISOLATION DEVICE - TROCKSISD

2.1

Inspiring idea

For structures or historic assets that are slender and vulnerable to impacts, tensile stresses
and vibrations, bending, induced by dynamic motion, is a relevant problem. The present concept introduces, as an alternative to common shear or pendulum devices, a novel isolation and
dissipation system based on smooth rocking of the structure. This idea brought to a jointed
connection that is installed between the structure and the foundation and works as an articulated mechanism. The TROCKSISD is made of two ribbed plates: the upper one that is integral with the superstructure, the lower with the foundation. Two homothetic and frictionally
connected spherical cups are included between these ribbed plates and respectively jointed to
them. The two surfaces can reciprocally slide once the static friction is overcome, allowing a
smooth rocking of the structure. Aiming at conferring additional damping and stiffness as
well as re-centering capability, the outer perimeters of the ribbed plates are equipped with viscous-elastic dampers. A mock up showing the conceptual idea is shown in Figure 1.

(a)

(b)

Figure 1 TROCKSISD mock-up: (a) rocking prevented in stick phase, (b) rocking admitted in sliding phase.

2.2

Performance-based structural behavior

The presence of friction at the interface of the two spherical cups allowing to distinguish
and appropriate design two mechanic regimes. A fist one identifies the stick phase, in which
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the jointed mechanism is blocked because the external excitation is not able to exceed the static friction. In this stage the structure reacts elastically. A second regimes identifies the slip
phase, in which the rocking is activated with smooth oscillations.
This double regime well fits a performance-based design. The geometric and mechanic parameters of the device can be sized to have the stick phase at the SLS (Serviceability Limit
State), while the sliding phase at ULS (Ultimate Limit State). In this latter case, attention
should be paid to design the components not to be accidentally in contact. Moreover, displacement demands should be guaranteed as well as equilibrium and stability to the structure.
A beneficial energy dissipation occurs at the ULS thanks to friction and viscosity of dampers.
2.3

Conceptual design and parameters

The design of TROCKSISD should contemporarily meet several geometric and structural
requirements: it should be resistant to vertical and shear forces, while it should allow the dynamics of the jointed mechanism for bending moments. The device is consequently made of
four main components, with reference to Figure 2: the upper ribbed plate, the convex spherical cup, the concave spherical cup and the dampers.
The upper ribbed plate is integral with the structure to protect and is connected to the convex spherical cup, which is bolted to the ribs of the upper plate. The latter transfers both vertical and horizontal loading to the lower components, while allowing the rotation around the
pole O. The friction develops by contact of the two spherical cups onto a surface with radius
R, cut at a latitude angle of φ0. To guarantee a constant surface in contact the convex cup is
larger and is cut at a latitude angle of . The concave spherical cup is integral with the lower
plate, which represents the component in contact with the foundation.
Viscous-elastic link the perimeter of the upper plate and the perimeter of the lower plate,
and add stiffness (k), damping (c), and re-centering capacity to the system. Dampers that result polar-arrayed and each couple of them is arranged as a V bracing to help the system to
self-center and to oppose torsional effects. The hexagon is a convenient shape for the plates,
where for each edge a couple of dampers can be installed. A 3D view of the device is reported
in Figure 3.

Figure 2 Section of TROCKSISD: geometric and mechanical parameters.
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(a)

(b)

Figure 3 TROCKSISD 3D view: (a) axonometric view; (b) exploded view.

The material for TROCKSISD is common steel for all its component parts. Moreover, the
interface of the two spherical cups can be equipped with stainless steel, anodized aluminum or
PTFE on the basis of the desired friction coefficient.
3

ANALYTICAL MODEL

An analytical model of the planar behavior of the TROCKSISD is developed by adopting a
2DOF simplification, in which the structure is a translational mass and the device is a rotational mass with reference to Figure 4.

Figure 4 Schematic view of the 2DOF model.
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The friction contribution in the dynamics of the system is expressed by means of the tribological moment that is generated by rotations α of the device. This frictional reaction depends
on the friction coefficient μ and the radial pressures on the spherical cup.
The tribological moment expresses the dependency on and as per Eq. (1)
(1)

If all parameters are considered lumped the equation of the dynamic equilibrium can be expressed as:
(2)

The structure is described by the stiffness k and the damping c, while the device is described
by the friction coefficient μ the stiffness
and the damping . In the dynamic motion, the
three phases may occur:
-

A static phase characterized by absence of motion, so where both the velocity and the angular
acceleration equal zero:
The incipient motion phase, where the velocity is still null, but the static friction is exceeded;
The dynamic phase, with nonzero velocity.

The geometric and mechanical parameters can be selected based on target displacement and
action as per the Eurocodes Limit States.
4

DYNAMIC ANALYSIS AND RESULTS

The To highlight the performances of the TROCKSISD, an ideal case study is selected and
analysed. Seismic loading is expressed by means of response spectrum compatible accelerograms obtained from the site specifications. Natural response spectrum compatible accelerograms are generated by the software REXEL v3.5 [30] on the basis of two target spectra, one
for the SLS and one for the ULS. Seven accelerograms that provide a mean spectrum close to
the code design response spectrum (within the upper limit of +30% and lower limit of -10%)
are selected for both cases.
The site is in Castelnuovo di Garfagnana, Italy (44°07′19″N 10°24′20″E). The site class is B.
The structure parameters are: height
; the mass
, the period is
, while mechanical parameters
and
. The spherical cup is
sized to have the rocking mechanism locked at the SLS, so when the mass m is submitted to
the plateau acceleration the structure should mechanism should behave as stick. The resulting
parameters are
and
.
The mechanical parameters of dampers can be derived from the ULS spectra, using as target
maximum rotation the value of
and supposing to have steel/steel frictional contact. The values of
and
are obtained. Thus, from the modal analysis
the first period of the system results
, so that the seismic force demand is lowered,
while at the meantime the displacement demand can be met by the components.
The role friction is to regulate the rocking mechanism and to provide for energy dissipation.
The effect of limiting the rotations can be visualized by means of the results of a parametric
analysis, in which the friction is suppressed (on
) while
is varied to match the
curve with steel/steel friction
(
) and
. The displacement spectra
of absolute maximum rotations
is reported in Figure 4.
The curves exhibit some peaks due to resonance phenomena, which flatten whether damping
increases. With respect to the reference curve (
;
), the absolute maximum
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Figure 4 Displacement spectra of the absolute maximum rotation
ratio
in the period range

for several values of the rotational damping
with and without friction.

rotations are magnified along the entire monitored spectrum if the friction is suppressed and
dampers with same characteristics are adopted. Increasing the damping ratio, for values of
periods smaller than 10 s the curves tend to approach the reference curve. For larger periods
the curves diverge, and, while the reference curve tends to be constant, the frictionless curves
are monotonically growing. To guarantee performances which are similar to those of a tribological device at least for lower periods, the viscous damping capacity should increase substantially, bringing to larger devices that may also impair the feasibility of the device.
Consequently, the contribution of friction is fundamental both in the dynamic behaviour to
minimize the displacement and to increase the economy of the device.
In Figure 6 and Figure 5 are reported the results of the dynamic analyses respectively at the
SLS and at the ULS for some significant natural accelerogram the displacement time history.
Both DOFs are reported.
At the SLS, friction substantially prevents the sliding of the base surfaces, namely the second DOF of the system is blocked. However, sometimes the rocking mechanism is activated because of localized peaks in the accelerograms (as in the case of S1). The possible
residual rotation is even small (maximum value
; mean value
). Also, from
the S1 output the re-centering capability of the system is evident. Concerning the first DOF,
the horizontal displacement does not exceed the value of
for which the superstructure
is designed to behave elastically.

Figure 6 SLS dynamic response for S1 and S3 seismic records (in blue the horizontal displacement time-history, in
red the rotation time-history).
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Figure 7 ULS dynamic response for S4 and S6 seismic inputs.

The dynamic response at the ULS for S4 and S6 seismic record is shown in Figure 7. To
effectively evaluate the response of the present system, the results concerning the first DOF
are compared with the results of the reference SDOF oscillator (OSR).
In the first plot, the absolute horizontal displacement of both systems is shown. As expected
for any isolated system, the structure equipped with TROCKSISD exhibits larger displacement than the reference SDOF oscillator.
The second plot concerns the oscillations of the rotational DOF, where slip-stick motions with
incipient motion phases included occur. Moreover, there are residual rotations at the end of
each acceleration story. Their magnitudes, as in the SLS case, are relatively reduced, if compared with the maximum rotations.
In the third plot the SDOF oscillator curve is compared with the relative displacement of the
superstructure mass
, where the horizontal displacement due to rotations at the second
DOF is deducted from the absolute value.
In all cases, the rotation values are close to the limitation imposed in the design phase of
for the absolute maximum. Concerning the translation of the first DOF,
values are meanly three times larger than these of the reference SDOF oscillator in terms of absolute values,
or at least more than two times larger for the mean value (
vs.
). This result is a
consequence of shifting the period towards higher values in order to obtain reduced level of
accelerations but paying with increased displacement. Nevertheless, it is interesting to observe
that the relative displacement is about the 30% of the SDOF oscillator. This result means that
using TROCKSISD produces displacement
that are smaller than those for the SDOF oscillator. Consequently, the structure is less stressed.
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5

CONCLUSIONS AND FUTURE DEVELOPMENTS

The Tribological ROCKing Seismic ISolation Device (TROCKSISD) can provide seismic
protection of slender structures and valuable objects such as artistic or historic assets (altars,
statues, art objects, etc.). It is based on the development of friction at the interface of a jointed
mechanism that allows smooth rocking of the superstructure in a frictional model. Viscouselastic dampers provide for additional stiffness and damping as well as re-centering capability.
Two main regimes in the dynamic behavior occur: a prevalent stick phase (at SLS) and of
mixed slip-stick phase (at ULS).
The behavior of a system equipped with such a device has been described by means of a
simple 2DOFs analytical model with all lumped parameters. From the analyses results, it can
be stated that TROCKSISD follows DAD principles because the structure substantially remains in the elastic phase in both the SLS and the ULS. Moreover, the residual rotations at
ULS are very small and shall be reversed once the excitation stops, providing for post-event
serviceability.
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Abstract
This contribute analyses the collapse mechanisms of a circular masonry arch supported on
rectangular slender abutments when subjected to an imposed settlement of one support in addition to self-weight, using the principle of virtual work and thrust line analysis.
Depending on the angle of settlement and the slenderness of the arch and the abutments, the
study identifies the main hinging failure mechanisms where the hinge configurations depend
mainly on the angle of the settlement and the slenderness of the arch.
An extensive analysis shows the different possible collapse mechanisms of masonry buttressed
arches with different type of support settlements.
Keywords: Masonry Bridge, support settlement, masonry arch, limit analysis.
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1

INTRODUCTION

Historical constructions were generally built on superficial foundations, which were made
from poor construction materials. As a result, ancient constructions often show damage and
crack patterns due to settlement of the foundations. The challenge in structural engineering, in
this regard, is to analyse the state of damage to existing structures in order to understand its
origins/reasons, and subsequently plan the best repair procedure. In fact, this research was
conducted with the aim of defining the lower collapse mechanisms of masonry buttressed
arches subjected to different types of support settlement. In particular, the masonry buttressed
arches analysed in the paper are masonry arch structures supported on two slender vertical
buttresses [1-6]. This type of structure was used for the construction of single-nave barrelvault churches and single-span masonry arch bridges.
In recent years, many studies have been carried out by international researchers with the aim
of studying masonry arch structures under ultimate actions. Most of these investigated the
structural safety of masonry arch structures under seismic action [7-10] or ultimate traffic load
[11], but only a few works have dealt with the problem of foundation settlement [7-16]. Specifically, not a lot of research has been done with comprehensive analysis of masonry buttressed arches with spreading support.
Following the works by Heyman, many researchers have studied, with rigid block analysis,
the ultimate condition of masonry arch structures due to different type of load conditions and
different arch geometries. In particular, some of these works focused on collapse mechanisms
due to horizontal loads on: masonry circular arches [17-19], masonry buttered arches and masonry pointed arches [20]. Although rigid block analysis is the simplest type of analysis used
for the structural assessment of masonry arches, it gives reliable results. More complex analysis [15-16, 22-23] may give less reliable results than rigid block analyses, as some variables
required for the definition of the complex structural model are unknown. This is the reason
why some researchers have developed complex numerical models with a probabilistic approach, in which some variables are considered uncertain [24-25].
The problem of foundation settlements in masonry arch structures can be subdivided into two
phases. Phase A is rigid block equilibrium analysis and deals with the calculation of the minimum support reaction Rα (Figure 2) needed to rupture the structure at a minimum number of
hinges [26]. In this phase, the collapse mechanism of the masonry structure is defined through
the application of the principle of virtual work and thrust line analysis. The latter is needed to
verify that the collapse mechanism is at the same time statically and kinematic admissible
[26-32]. This phase is similar to the definition of the lower collapse mechanism of a masonry
arch due to minimum horizontal acceleration [1-3]. In phase B, rigid block analysis or nonlinear numerical analysis is used to calculate the variation in load capacity in a masonry arches due to foundation settlements [33].
This paper focuses on phase A, i.e. on identifying the hinging mechanism of a single vault,
which is a masonry arch supported on two vertical buttresses. In particular, if the masonry
buttressed arch with settled support is considered a hyperstatic structure with two degrees of
redundancy, three hinges are necessary to transform the structure into a mechanism. Considering three types of support settlement (horizontal, vertical and inclined), there are nine main
theoretical collapse mechanisms, as can be seen in Figure 1.
Mechanisms I, II, and III occur when one abutment base has an inclined settlement. In particular, in mechanism II and III, the settled abutment can also rotate, in the first case around
the inside corner of the abutment (II), and in the second around the outside corner of the
abutment (III). Mechanisms IV, V, and VI occur when one abutment base has horizontal settlement. In particular, in mechanisms V and VI, the settled abutment can also rotate, in the
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first case around the inside corner of the abutment (V), and in the second around the outside
corner of the abutment (VI). Mechanisms VII, VIII, and IX occur when one abutment base
has horizontal settlement. In particular, in mechanisms VIII and IX the settled abutment can
also rotate, in the first case around the inside corner of the abutment (VIII), and in the second
around the outside corner of the abutment (IX). However, extensive sensitive analysis shows
that only four of these (II, IV, V, VIII) are statically admissible.

Figure 1 Main collapse mechanisms of masonry buttressed arches on spreading support

2 THEORETICAL BACKGROUND
The limit analysis proposed by Heyman is applied under the conditions of masonry with
infinite sliding strength, made from non-deformable material, with no tensile strength and infinite compressive strength. The ultimate load is reached when the thrust line, which is completely inside the arch’s geometry, becomes tangential at the boundary in enough points to
represent the hinge positions.
In these conditions, the value of the support reaction Rα that triggers the mechanism is provided by the principle of virtual work. Taking as a reference the mechanism shown in Figure
2, the general expression of the PVW can be written as:
Le 

 g  v

g

( x)dx  R   s ( x0 , y0 ) 

    dV

 Li

(1)

Where the left side represents the external work and the right side the internal one. Considering Figure 2 for the definition of the applied forces:
g, Rα are respectively gravity forces, and the support reaction in the direction of the external
settlement;
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𝛿vg(x), 𝛿s(x0, y0) are respectively vertical virtual displacement due to g, and virtual displacement due to Rα in the direction of the external settlement;
 ,  are respectively the stress and the strain tensors. Considering Figure 3, under the hypothesis of small displacements, the hinge coordinates for A, B and C are (x 1, y1), (x2, y2) and (x3,
y3). These identify CI,II, CII,III and CIII respectively, whereas CI belongs to the line r and CII is
located at the intersection between line s and p: s is parallel to r and p passes through both
CII,III and CIII.

Figure 2 Forces and reactions applied to the structure

a)

b)

Figure 3 a) Virtual displacement diagrams b) Deformed shape of masonry arch on settled support.

Once having defined the centres of rotation both the principal (C I, CII, CIII) and relative (CI,II
and CII,III), it is possible to obtain the structure’s virtual displacements for blocks I, II and III
as follows:
 h,1 ( y)   y  yC
1

II



1

 cos t

 v ,1 ( x)    x  xC
1
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 h,2 ( y)   y  yC

II

 v ,2 ( x)    x  xC



1

II

 h,3 ( y)   y  y3  2



(3)

1

 v,3 ( x)    x  x3  2

(4)

Thanks to the hypothesis of negligible strains, the internal work is null, and as a consequence,
if the arch is considered as a discrete body made from distinct rigid elements, Eq. 1 becomes:
n

Le   gi   vg ,i R   s  x0 , y0   0

(5)

i 1

where:
gi is the gravity force applied to each i-rigid block of the arch;
𝛿vg,i is vertical virtual displacement due to gi applied to each i-rigid block of the arch.
n is the number of rigid blocks.
From Eq. 5, the value of the support reaction Rα is:
n

R 

 g  v
i 1

i

g ,i

(6)
 s  x0 , y0 
At this point, it is possible to draw the thrust line: this can be obtained calculating the internal
forces between each interface of the discrete blocks constituting the arch. If it is completely
inside the arch and passes through the hinges, a unique solution is found. Otherwise, it can be
reached with a few iterations, updating the hinge positions each time. The unique solution,
which is statically and kinematically admissible, is found through an iterative procedure, implemented in MATLAB code, which at each iteration updates the hinge positions until reaching the result.
3 COLLAPSE MECHANISMS OF MASONRY BUTTRESSED ARCHES WITH
SUPPORT SETTLEMENT
In the ultimate condition, a masonry buttressed arch subjected to general support settlement, becomes a three-hinge mechanism. The positions of the hinges depend on the structure’s geometry and on the angle of support settlement (α). For this reason, extensive
parametric analysis was carried out to show how the change in hinge configuration based on
the arch geometry and α.
The structure analysed is subjected to its own weight (21 kN/m 3 for the arch material and 20
kN/m3 for the buttress material) and to three types of support settlement (Table 1).
Table 1. Parameters used in the parametric analysis.
α
0°
45°
90°

f/L
0,25
0,35
0,4
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s/L
0,12
0,14
0,16

H/B
2
3
4
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Figure 4 Masonry buttressed arch geometrical quantities.

Considering three values (Table 1): of the ratio between arch rise and arch length (f/L), of the
ratio between arch thickness and arch length (s/L), of the pier slenderness (H/B) and of α; four
(II, IV, V, VIII) of the nine collapse mechanisms reported in Figure 1 are statically admissible.
Two examples for each of the four mechanisms are shown in Figures 5 to 9. In particular, in
the figures a) shows the deformed shape of the structure where the contour plot refers to the
dimensionless virtual displacement value (du/du,max), while b) shows the trust line in the ultimate condition of the structure.
Mechanism IV (Figure 6), characterised by horizontal displacement of one support, in the
ultimate condition develops a symmetrical hinge configuration, in which the three hinges (A,
B, C) are located inside the arch.
Whereas if the support is subjected to horizontal settlement and rotation () of the support
is free, the non-symmetrical mechanism is V (Figure 7). In that case, hinge A is situated at the
base of the settled abutment, while B and C are inside the arch.
The collapse mechanism of masonry buttressed arches is different if one support is subjected to vertical displacement (mechanism VIII).
Finally, Figure 5 shows the different configurations of mechanism II. That mechanism,
caused by a 45° inclined settlement of one abutment base, is similar to mechanism V.
Thrust line
Hinges

Hinges

du/du,max

a)
b)
Figure 5 – Analisys of mechanism II – Case 1: S/L=0.14, f/L=0.25, H/B=3, L/B=3.5 and ϴ=45°. a) Virtual displacement ratio b) and thrust line of the arch mechanism.
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Thrust line
Hinges

Hinges

du/d u,max

Figure 6 – Analisys of mechanism IV – Case 4: S/L=0.12, f/L=0.35, H/B=3, L/B=3.5 and ϴ=45°. a) Virtual displacement ratio b) and thrust line of the arch mechanism.
Thrust line
Hinges

Hinges

du/d u,max

Figure 7 – Analisys of mechanism V – Case 5: S/L=0.12, f/L=0.25, H/B=3, L/B=3.5 and ϴ=45°. a) Virtual displacement ratio b) and thrust line of the arch mechanism.
Thrust line
Hinges

Hinges

du/d u,max

Figure 8 – Analisys of mechanism V – Case 6: with S/L=0.12, f/L=0.40, H/B=2, L/B=3.5 and ϴ=45°. a) Virtual
displacement ratio b) and thrust line of the arch mechanism.
Hinges
Thrust line
Hinges

du/d u,max

Figure 9 – Analisys of mechanism VIII – Case 7: with S/L=0.12, f/L=0.25, H/B=2, L/B=3.5 and ϴ=45°. a) Virtual displacement ratio b) and thrust line of the arch mechanism.
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4 PARAMETRIC SURVEY RESULTS
Experimental tests [30] have shown that a small settlement of the arch supports is needed
to transform the structure into a mechanism. For this reason, in the analytical analysis the
support settlement in the limit condition has been considered null. In these conditions, the
procedure is able to define the initial mechanism due to a small settlement and the corresponding thrust ( ).
According to safe theorems [1-2],
is the lowest of all the statically admissible mechanisms (static theorem), and the highest of all the kinematically admissible ones (kinematic
theorem).
The results carried out from parametric analysis show how the arch thrust and the positions
of hinges change with the different arch geometry. If W is the self-weight and ni is the position of the i-th hinge:
is the dimensionless thrust and
is the dimensionless position of the i-th hinge, and those values are plotted in Figures 10 to 17. In particular, Figures
11, 13, 15 and 17 show that
is independent of H/B, but depends on f/L and the type of
support settlement. In addition, Figures 11, 15 and 17 underline the non-symmetrical mechanisms (II, V, VIII) when hinge A is located at the base of the settled abutment. On the other
hand, Figure 17 shows the symmetrical mechanisms (IV) due to horizontal support settlement
(without abutment rotation), where the three hinges are inside the arch. Moreover, in the nonsymmetrical mechanisms, hinges B and C move to the settled abutment for increasing values
of f/L, while in the symmetrical mechanism hinges B and C move to the springings.
as a function of H/B and f/L. It is interesting to unFigures 10, 12, 14 and 16 show
derline that
decrease with H/B for mechanisms V and IV, while in the other cases there
is no unique trend. In particular, in the two mechanisms with horizontal settlement,
represents the minimum horizontal thrust [32] and because mechanism IV has a lower value
of dimensionless thrust than in mechanism V, the former requires more energy than the latter
to form.
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f/L=0.25; s/L=0.14
f/L=0.25; s/L=0.16

α=45
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Figure 10 Values of
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1
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4

b)
c)
as a function of H/B and s/L. (a) f/L=0.25 (b) f/L=0.35 (c) f/L=0.40 – Mechanism II.
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5 CONCLUSIONS
Foundation settlement is one of the structural issues in the preservation and rehabilitation of
historical masonry structures. In fact, this paper studies the collapse mechanisms of masonry
buttressed arches subjected to (vertical, horizontal, inclined) settlements of one support. Settlements may arise during the structural life of the arch structure due to poor quality of its
foundation system. A MATLAB code was developed to find the mechanism that satisfied
both safe theorems. The masonry structure is considered as being comprised of rigid blocks,
and Heyman’s hypothesis was considered for the definition of the structural model adopted.
The numerical procedure provides the value of the thrust Rα at the settled support in the ultimate condition and the position ni of the three hinges. The mechanism of masonry buttressed
arches and hinge positions are a function of the arch’s geometry and the direction of settlement. For this reason, parametric analysis that takes into account different arch geometries
and support settlements was carried out.
are more vulnerable to horizonThe results show that masonry arches with low values of
tal displacements, while structures with high values of
are more vulnerable to vertical
displacements. The analysis shows also that the hinge position has a slight relationship to
and is more closely related to
.
Finally, parametric analysis defines an abacus of collapse mechanisms of masonry arches with
abutment settlement. This is useful for structural engineers to recognise damage due to support settlement during the visual inspection of masonry arch structures.
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Abstract. In this contribution, a novel local, node-based time step estimate for reciprocal mass
matrices with improved sharpness is proposed. Reciprocal mass matrices are sparse matrices
used in explicit dynamics that allow computation of the nodal acceleration from the total force
vector. They aim for higher critical time steps or/and accuracy than the lumped mass matrix
approximation. Since the eigenvalue inequality by Fried does not hold for reciprocal mass
matrices, element-based estimates may be not conservative and are consequently inadequate.
Therefore, nodal time step estimates are preferred for reciprocal mass matrices. A nodal time
step estimate requires an eigenvalue bound using row or/and column information associated
with the nodal degrees of freedom. Recently, an efficient estimate was proposed that uses Gershgorin’s circle theorem and a corresponding bound. This estimate is always conservative but it
usually leaves a 10-30% gap to the true eigenvalue. This raises the question whether a sharper
estimate may be constructed by using a different eigenvalue bound. A recent paper by Cottereau and Sevilla compares five eigenvalue bounds for a diagonal mass matrix with spectral
finite elements and indicates that the Ostrowski’s bound is the sharpest bound for most of the
considered cases. In this contribution, the latter estimate is further developed for the case of
reciprocal mass matrices and an extra improvement via similarity transformation for elements
with rotary degrees of freedom is discussed. Finally, the estimate is tested for a set of common
finite elements in explicit dynamics.
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1

INTRODUCTION

Nodal time estimates, which were proposed in the 1980s [10, 8], have recently obtained attention in several applications of explicit dynamics [12, 2, 4]. First, the nodal time estimates
have allowable cost and they use only local information contained in the row or/and the column associated with a nodal degree of freedom. Secondly, they may provide sharper time step
estimates with respect to element-based ones, e.g. in case of spectral elements and rapidly
fluctuating media as shown in [2]. A sharper estimate allows usage of higher time steps thus
reducing the overall computational cost of an explicit dynamic simulation. Thirdly, nodal estimates are so far the best choice for reciprocal mass matrices, where element-based estimates
may not be conservative [12]. Several constructions for the reciprocal mass matrices are given
in [9, 13, 6, 11, 7] and they require efficient time step estimates. In this contribution, the focus
is on further development of nodal time step estimates for reciprocal mass matrices and on understanding the factors that limit the sharpness of nodal time step estimate for reciprocal mass
matrices. Only structural undamped problems are considered.
The starting point of the development and a reference for comparison is the recently proposed time step estimate that uses Gershgorin’s circle theorem and a corresponding bound [12].
The solid mathematical basis of the bound guarantees that it is always conservative. Gershgorin’s bound can use a row-sum or a column-sum of absolute values of entries of a matrix that
is a product of the reciprocal mass matrix and the stiffness matrix. The row- and column-wise
versions perform similarly for several studied finite element types and meshes [12] but they
usually leave a 10-30% gap to the true eigenvalue. This raises the question whether a sharper
estimate may be constructed by using a different eigenvalue bound. A good review on existing
eigenvalue bounds and their mathematical basis is given in [5, 14]. A recent paper [2] compares Gershgorin’s, Parker’s, Brauer’s, Ostrowski’s and trace eigenvalue bounds for time step
estimates in case of a diagonal mass matrix with spectral finite elements for explicit acoustics.
The paper indicates that the Ostrowski’s bound is the sharpest bound for most of the cases. In
this contribution, the latter estimate is further developed to the case of reciprocal mass matrices
and tested for a set of common finite elements in explicit dynamics.
This contribution is structured as follows. Section 2 briefly reviews Ostrowski’s and Gershgorin’s eigenvalue bounds for real-valued non-symmetric square matrices. Three brief examples
for 3 × 3 unveil potential advantages of Ostrowski’s bound over Gershgorin’s bounds. The time
step estimate based on the Ostrowski’s bound is stated in Section 3. Section 4 describes numerical examples for a set of common finite elements in explicit dynamics, and Section 5 closes the
contribution with conclusions and directions for future work.
2

OSTROWSKI’S AND GERSHGORIN’S EIGENVALUE BOUND
P
Let Pi (A) = j6=i |Aij | be the sum of absolute values of the non-diagonal entries in ith row
of a square real matrix A ∈ Rn×n and let S̄i (Aii , Pi (A)) ⊆ C be a closed disk on complex plane
centered at Aii with radius Pi (A) ∈ R+ . Gershgorin’s circle theorem states that every eigenvalue of a square real matrix A lies within at least one of Gershgorin’s disks S̄i (Aii , Pi (A)). A
corollary of this theorem leads to a row-wise Gershgorin’s bound of the highest eigenvalue
λGR
max ≤ max (Aii + Pi (A)).
i
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Anton Tkachuk, Radek Kolman, José A. González, Manfred Bischoff and Ján Kopačka

Taking into account that a matrix A and its transpose AT have the same spectrum of eigenvalues, a column-wise Gershgorin’s bound of the highest eigenvalue with
λGC
max ≤ max (Aii + P̂i (A))

(2)

i

P
is also valid. P̂i (A) = j6=i |Aji | denotes the sum of absolute values of the non-diagonal entries
in ith column. In the case of symmetric matrices the values of P̂i (A) and Pi (A) coincide and
two Gershgorin’s bounds are identical. Further extension of the Gershgorin’s bound is due to
the invariance of spectrum under a similarity transformation S−1 AS noted by Fan [3]. In the
case of a diagonal matrix with positive entries Sii = xi > 0, the bound leads to the expression
!
X

1
−1
λFmax ≤ max Aii +
|Aij |xj ≡ λGR
(3)
max S AS .
i
xi j6=i
This transformation is of special interest in case the system has degrees of freedom with different physical dimensions, e.g. beams and shell elements with displacements and rotations.
Ostrowski’s circle theorem states that every eigenvalue of a square real matrix A lies within
at least one of the disks S̄i (Aii , (Pi (A))1−β (P̂i (A))β ) for any β ∈ [0, 1]. This theorem gives a
raise to the Ostrowski’s bound for a fixed β
1−β
λOF
(P̂i (A))β )
max ≤ max (Aii + (Pi (A))

(4)

i

or the best from all admissible values of β



O
1−β
β
λmax ≤ min max Aii + (Pi (A)) (P̂i (A))
β∈[0,1]

(5)

i

It is quite obvious that row-wise and column-wise Gershgorin’s disk systems are special cases
of Ostrowski’s disk systems for β = 0 and β = 1, respectively and the Ostrowski’s bound
with the best choice of β cannot be worse than any of two Gershgorin’s bounds. In case of a
symmetric matrix, the values of P̂i (A) and Pi (A) coincide and the Ostrowski’s bound reduces
to the Gershgorin’s bound. This indicates the possibility of construction of sharper time step
estimates using Ostrowski’s bound for some non-symmetric matrices.
Now, three examples illustrate a condition when Ostrowski’s bound can give a sharper estimate and a fourth example show necessity of the similarity transformation for beam/shell
elements with rotary degrees of freedom. Example 1 considers a matrix


2 1 0.5
A = 0.2 5 0.7
(6)
1 0 6
with the following disk systems (given here up to the second digit) for three particular values of
parameter β
β = 1.0 :
β = 0.5 :
β = 0.0 :

S̄1 (2.0, 1.50),
S̄1 (2.0, 1.34),
S̄1 (2.0, 1.20),

S̄2 (5.0, 0.90),
S̄2 (5.0, 0.95),
S̄2 (5.0, 1.00),
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S̄3 (6.0, 1.00),
S̄3 (6.0, 1.10),
S̄3 (6.0, 1.20),

λmax = 7.00,
λmax ≈ 7.10,
λmax = 7.20.

(7)
(8)
(9)
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These disk systems and true eigenvalues are shown in Figure 1. The true eigenvalues are within
each disk system as the corresponding theorem states. An intermediate value of β = 0.5 does
not improve the eigenvalue bound. It is explained as follows. For all values of β the circle
driving the eigenvalue bound is associated with third row/column and a corresponding value
(A33 + (P3 (A))1−β (P̂3 (A))β ). As the function x(1−β) y β ≥ min (x, y) for any β ∈ [0, 1] and
all positive x and y, the Ostrowski’s bound cannot be better than at end values β = 0 or β = 1
(two Gershgorin’s bounds), which is illustrated in Figure 2, showing the dependence of the
bound on β. Therefore, Ostrowski’s bound can improve the best of row-wise and column-wise
Gershgorin’s bound only if the Gershgorin’s bounds are reached at a different row/column. To
illustrate this, consider example 2 with a matrix


2 1 0.5
A = 0.2 5 0.7 ,
(10)
1 2 6
where the matrix from example 1 is changed by increasing entry A32 from 0 to 2. This matrix
yields the following disk systems for three particular values of β
β = 1.0 :
β = 0.17 :
β = 0.0 :

S̄1 (2.0, 1.50),
S̄1 (2.0, 1.25),
S̄1 (2.0, 1.20),

S̄2 (5.0, 0.90),
S̄2 (5.0, 2.44),
S̄2 (5.0, 3.00),

S̄3 (6.0, 3.00),
S̄3 (6.0, 1.40),
S̄3 (6.0, 1.20),

λmax = 9.0,
λmax ≈ 7.44,
λmax = 8.0.

(11)
(12)
(13)

In this case, the column-wise and row-wise Gershgorin’s bounds are reached at the second
column and third row, respectively. The Ostrowski’s bound with a value of β = 0.17 results
in bound improvement of 7% with respect to the best of two Gershgorin’s bounds. These disk
systems and true eigenvalues are also shown in Figure 1. It is clear that the second and third disk
for β = 0.17 are placed more to the left with respect to the second and third disks for β = 0
or β = 1. Moreover, the second and third disks for β = 0.17 are touching at <(z) ≈ 7.44.
The dependency of the Ostrowski’s bound on β is illustrated in Figure 2. This dependency is
non-smooth. A kink at β ≈ 0.17 is observed where the Ostrowski’s circle driving the bound
is changed from second to third. In case of the large size of the matrix, the dependency of the
Ostrowski’s bound on β may have several kinks, which makes first or second order optimization
algorithms on β inefficient. Instead, the optimum value can be found approximately from a set
of values computed on a fixed grid of β and this approach is pursuit here. Finally, example 3
with a matrix


2 1 0.5
A = 0.2 5 0.7 .
(14)
1 3 6
shows that the optimal value of parameter β depends on the matrix. The disk system, in this
case, is similar to one in example 2 and it is omitted here. A dependency of the Ostrowski’s
bound on β is given in Figure 2. The best Ostrowski’s bound is reached at β ≈ 0.27 (a different
value in comparison with example 2) and it is 16% better than the best of two Gershgorin’s
bounds. Now, the Ostrowski’s bound can be extended to time step estimate.
Example 4 considers a single Euler-Bernoulli beam in 2D with rectangular cross section b×t
and length L made of a material with density ρ and elasticity modulus E. The element matrices
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Figure 1: Ostrowski’s circles on complex plane for example 1 (left) and 2 (right).

Figure 2: Dependency of the Ostrowski’s bound on β for example 1 (left), 2 (middle) and 3 (right).

and a corresponding matrix in an unsymmetric eigenvalue problem read




12 0 0 0
6
3L
−6
3L
2
2
2 


Ebt3 
 3L 2L −3L L  , M = ρbtL  0 t 0 0  ,
K=
6
−3L
6L3 −6 −3L
24  0 0 12 0 
2
2
3L L
−3L 2L
0 0 0 t2

A = M−1 K.
(15)

2

2

+t )
. The column-wise GershThe exact maximum eigenvalue of matrix A is λmax = 4E(3L
L4 ρ
gorin’s estimate predicts a value of


12E 24E 4Et2 2Et2
GC
λmax ≤ max
+ 3 , 4 + 3
.
(16)
L2 ρ
Lρ Lρ
Lρ

Both arguments of the max operation have mixed physical dimensions, i.e. a sum of m2 /s2 and
m/s2 . Furthermore, for L → 0 the ratio of the estimate to the exact value grows to infinity, i.e
sharpness of the bound depends on units used in the model and absolute numbers for element
length in this unit system. The same problem has a row-wise version. To correct this mismatch
let us select a diagonal similarity transformation matrix S where entries possess physical dimensions of corresponding degrees of freedom, i.e. displacement – meter [m] and rotation –
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radian [–]. An example of such a matrix for the single beam is


L/6 0 0 0
 0 1 0 0
 12E 12Et2
F
GC
−1
,
S=
λ
=
λ
S
AS
= 2 + 4 .
max
 0 0 L/6 0
Lρ
Lρ
0 0 0 1

(17)

2

This estimate adds only quantities of the same physical dimension and makes a gap of 8Et
to
L4 ρ
the exact value. Therefore, a similarity transformation is done here for beam/shell models and
a form of similarity transformation matrix S is always specified.
3

TIME STEP ESTIMATE BASED ON OSTROWSKI’S BOUND

For the central difference method and undamped problems, the time step ∆t is limited by the
critical time step ∆tcrit through the stability criterion
∆t < ∆tcrit =

2
ωmax

,

(18)

where ωmax is the maximum eigenfrequency of the assembled system. The maximum eigenfrequency of the global system with reciprocal mass matrices is determined by the standard
eigenvalue problem
(C◦ K − λi I)φi = 0

with

λi = ωi2 ,

(19)

where C◦ and K are the reciprocal mass matrix and the stiffness matrix and λi , ωi and φi
are the i-th eigenvalue, eigenfrequency, and the eigenvector, respectively. The reciprocal mass
matrix is a sparse matrix and the product C◦ K defines a non-symmetric sparse matrix, whose
highest eigenvalue limits the time step. We propose to estimate the highest eigenvalue using the
Ostrowski’s bound as follows
A := C◦ K or A := S−1 C◦ KS
j
β :=
, j ∈ 0, ng
ng − 1



1−β
β
O
λmax ≤ min max Aii + (Pi (A)) (P̂i (A))
,
0≤j≤ng

i

(20)
(21)
(22)

where ng is the number of points for the evaluation of the Ostrowski’s bound for fixed β and S
is some fixed diagonal matrix in similarity transformation. Ostrowski’s bound can bring here
an advantage because the matrix products C◦ K and S−1 C◦ KS are non-symmetric. Moreover,
the estimate (20)-(22) uses only sparse matrix-vector operations and it has a computational cost
of O(n). A listing of Matlab code is given in Appendix A. Further details of implementation
and computational cost estimation are not discussed here.
4

EXAMPLES FOR FINITE ELEMENT MODELS

In this section, the proposed time step estimate is applied to several finite element discretizations with various structural elements. First and second examples consider a heterogeneous
1D rod with linear and quadratic Lagrange elements. Third and fourth examples study constant strain triangle and 8-node serendipity elements applied to NAFEMS FV32 benchmark.
Finally, fifth example considers a panel with stiffeners discretized with 3-node shell elements
with rotary degrees of freedom.
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4.1

Two-material rod in 1D with linear finite elements

Consider a two-material 1D rod discretized with 2-node linear finite elements and length
L = 10 m. The left half of the rod has elasticity modulus E1 = 2 GPa and density ρ1 = 500
kg/m3 . The right half of the rod has elasticity modulus E2 = 1 GPa and density ρ1 = 4000
kg/m3 . The rod is discretized with a uniform mesh of four elements with node numbering from
left to right. The reciprocal mass matrix from [11] with C21 = 59 is used. The reference time
step obtained from the global eigenvalue problem is ∆tcrit = 1.185 ms. Ostrowski’s estimate is
computed with the algorithm described above and the number of sampling points ng = 21.
The results for Ostrowski’s and Gershorin’s estimates are presented in Table 1. In this case
the limiting degree of freedom in row- and column-wise Gershgorin’s estimate are one and two,
respectively. Therefore, the Ostrowski’s bound can potentially improve their results. A gain in
time step of 1.8% relative to the global reference value is achieved for Ostrowski’s bound with
respect to the best Gershgorin’s estimate.

estimated ∆t, ms
ratio to global ∆tcrit
limiting dof

Gershgorin’s estimate
row-wise column-wise
1.066
1.082
0.899
0.913
1
2

Ostrowski’s estimate
1.100
0.931 (+1.8%)
2

βopt
0.9
-

Table 1: Comparison of estimated time steps for two-material rod example with 2-node elements to global estimate
∆tcrit = 1.185 ms.

4.2

Two-material rod in 1D with quadratic FE

Consider the same physical model as in example 1 discretized now with four quadratic finite
elements. The reciprocal mass matrix from [11] with C21 = 0 and C22 = 12 is used. The reference time step obtained from the global eigenvalue problem is ∆tcrit = 0.294 ms. Ostrowski’s
estimate is computed with the number of sampling points ng = 21.
The results for Ostrowski’s and Gershorin’s estimates are presented in Table 2. In this case
the limiting degree of freedom in row- and column.-wise Gershgorin’s estimate is one and two,
respectively. Therefore, the Ostrowski’s bound can potentially improve their results. A gain in
time step of 13.7% relative to the global reference value is achieved for Ostrowski’s bound with
respect to the best Gershgorin’s estimate. This gain is larger than for a linear element.

estimated ∆t, ms
ratio to global ∆tcrit
limiting dof

Gershgorin’s estimate
row-wise column-wise
0.233
0.280
0.793
0.816
1
2

Ostrowski’s estimate
0.280
0.953 (+13.7%)
2

βopt
0.50
-

Table 2: Comparison of estimated time steps for two-material rod example with 3-node elements to global estimate
∆tcrit = 0.294 ms.
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Figure 3: Setup of NAFEMS FV32 benchmark.

4.3

NAFEMS FV32 benchmark with 3-node constant strain triangles

As an example of a two-dimensional problem, the eigenfrequency benchmark FV32 from
NAFEMS collection of standard benchmarks [1] is considered. A tapered membrane with
length L = 10 m, width at wide end W = 5 m and width at narrow end w = 1 m is clamped at
the wide end (ux = uy = 0) as shown in Figure 3. The membrane is meshed with three-node
linear finite elements under plane stress assumption. Homogeneous isotropic material has properties of elasticity modulus E = 200 GPa, Poisson’s ratio ν = 0.3 and density ρ = 8000 kg/m3 .
Three unidirectional mapped meshes (nx × ny ) with 4 × 2, 8 × 4 and 16 × 8 are used. The
reciprocal mass matrix from [13] with C21 = 0.99 is used. Ostrowski’s estimate is computed
with the number of sampling points ng = 21.
The results for different time step estimates are given in Table 3. The optimal values of
β are different for these three mesh densities. A gain in time step up to 4.7% relative to the
global reference value is achieved for Ostrowski’s estimate with respect to the best Gershgorin’s
estimate.

ratio to global ∆tcrit

Gershgorin’s estimate
mesh row-wise column-wise
4×2
0.631
0.835
8×4
0.620
0.790
16 × 8
0.623
0.746

Ostrowski’s estimate βopt
0.851 (+1.6%)
0.10
0.804 (+1.3%)
0.35
0.793 (+4.7%)
0.45

Table 3: Comparison of estimated time steps for NAFEMS FV32 example with linear 3-node elements.

4.4

NAFEMS FV32 benchmark with 8-node quadrilaterals

The following example considers the tapered membrane from NAFEMS FV32 example
modeled with 8-node fully integrated quadrilateral finite elements also known as quadratic
serendipity elements. Boundary conditions and material properties are described in the previous subsection. Only a uniform mesh 16 × 8 and the reciprocal mass matrix from [6] with
β RM M = 0.5 are used. The reference time step obtained from the global eigenvalue problem
is ∆tcrit = 8.593 µs. Ostrowski’s estimate is computed with the number of sampling points
ng = 41.
The results for different time step estimates are given in Table 4. The optimal value of
β = 0.20 yields a gain in time step of 7.6% for Ostrowski’s estimate with respect to the best
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Figure 4: Setup and mesh of a panel with 4 stiffeners from [6].

Gershgorin’s estimate. This gain is substantially larger than for the constant strain triangle
element.

estimated ∆t, µs
ratio to global ∆tcrit

Gershgorin’s estimate
row-wise column-wise
5.947
5.334
0.692
0.621

Ostrowski’s estimate βopt
6.601
0.200
0.768 (+7.6%)
-

Table 4: Comparison of estimated time steps for NAFEMS FV32 example with 8-node quadrilateral elements.

4.5

A panel with stiffeners

This example considers a panel with stiffeners from Example 5.5 in paper [6], shown in
Figure 4. The side length of the square plate is L = 1 m and 4 longitudinal stiffeners are spaced
uniformly with a distance B = 0.2 m. The stiffeners have a section height a = 0.05 m, and all
components have the same thickness t = 0.01 m. Isotropic homogeneous material with Young’s
modulus E = 207 GPa, Poisson’s ratio ν = 0.3, and density ρ = 7850 kg/m3 is assumed for all
parts. The panel is discretized with structural 3-node shell elements with 6 DOFs per node. The
square plate has a uniform unidirectional mesh 20 × 20 and each stiffener has a uniform mesh
20 × 2. The model has a total size of 1120 shell elements and 609 nodes. The reciprocal mass
matrix from [6] with β RM M = 0.5 is used. The reference time step obtained from the global
eigenvalue problem is ∆tcrit = 1.741 µs.
Ostrowski’s estimate is computed with ng = 41 sampling points. The influence of the similarity matrix S on the sharpness of the time step estimate is studied. The first case does use
a similarity matrix. The second and third cases use Sii = lchar /6 for translational DOFs and
Sii = 1 for rotary degrees of freedom, where lchar is a characteristic element edge size in the
mesh. This construction mimics the similarity matrix from the Euler-Bernoulli beam example
discussed in Section 2. The second and third cases use characteristic length of the element edge
size with 0.025 m and the element heights of 0.015 m, respectively.
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The results for different time step estimates are given in Table 5. Row- and column-wise
Gershgorin’s estimates perform badly without similarity transformation yielding efficiency of
13% and 10%, respectively. This problem can be only partially resolved by using Ostrowski’s
estimate that increases efficiency to almost 50%. More important is usage of a similarity matrix
with correct characteristic length. Row-wise Gershgorin’s estimate yields efficiency of almost
80% for lchar = 0.025 m. The best efficiency among considered cases (beyond 80%) yields
Ostrowski’s estimate with lchar = 0.015 m. Although this example treats a regular mesh, it
shows the potential of the proposed approaches of such a simple similarity matrix for sharpness
improvement. More studies are necessary for irregular meshes and other shell element types,
e.g. 4-node shear deformable finite elements.

use of S
no
ratio to global
yes
yes

lchar
0.025 m
0.015 m

Gershgorin’s estimate
row-wise column-wise
0.1318
0.0957
0.7987
0.7861
0.6298
0.5566

Ostrowski’s estimate βopt
0.4975 (+26.5%)
0.475
0.7987 (0.0%)
1.00
0.8044 (+17.4%)
0.90

Table 5: Comparison of estimated time steps for panel example with 3-node shell elements.

5

CONCLUSIONS

An extension of the time step estimate based on the Ostrowski’s bound to reciprocal mass
matrices and undamped systems is presented. This estimate shows improved sharpness with
respect to Gershgorin-based estimates up to 17.4%. A sampling of the estimate with 21 and 41
grid points for power β seems to be sufficient for all considered examples. The estimate can be
used both for solid and beam/shell structural elements. Larger improvements of sharpness are
observed for elements with quadratic shape functions than for linear ones. For elements with
rotary degrees of freedom, a simple similarity matrix built from characteristic element length
is suggested and its usage substantially improves the sharpness of the estimate. Further efforts
for extension of the estimate to penalty contact, reduction of its computational cost and general
construction of similarity matrix are planned in future work.
A

Matlab listing of time estimator

function [dtO,nO,betaO,dtGR, nGR,dtGC,nGC] = Ostrowski_time_step_estimate(C,K,ng,S)
%Ostrowski_time_step_estimate computes time step estimates according to
% Ostrowski’s bound for a pair of reciprocal mass matrix and stiffness matrix
% Input: C - a reciprocal mass matrix
%
K - a stiffness matrix
%
ng >=2 - number of sampling points in a grid for the estimate
%
S - a matrix for similarity transformation inv(S)*C*K*S (optional argument)
%
% Output: dtO - the estimated time step according to Ostrowski’s bound
%
nO - the number of DOF at which the bound is attained
%
betaO - value of beta leading to the largest time step
%
dtGR - the estimated time step according to row-wise Gershgorin’s bound
%
nGR - the row number at which the bound is attained
%
dtGC, nGC - the same for the column-wise estimate
%% argument checking
assert(isfloat(C) && isfloat(K) && ismatrix(C) && ismatrix(K) &&...
size(C,1) == size(K,2) && size(C,1) == size(C,2) && size(K,1) == size(K,2), ...
’Ostrowski_time_step_estimate:invalidarg’, ...
’C and K should be square matrices of double or single class with equal dimensions.’);
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% 1.1 Compute explicitely the product of C and K
if nargin == 3
A = C*K;
else
% or compute the product from Fan theorem/Tausski-Todd trick
A = inv(S)*C*K*S;
end
% 1.2 Define the grid size for beta
d_beta = 1.0/(ng-1);
% 1.3 Initialize vectors to store radii of circles and corresponding estimates
radius_ostrowski = zeros (size(A,1),ng); % ostrowski radius
lambda_i = zeros(size(A,1),ng);
% ostrowski bound
PA = zeros(size(A,1),1);
% gersh. column
PAT = zeros(size(A,1),1);
% gersh. row
% 1.4 Initialize the maximum bound and the number of dof where it is reached
lambda_max = zeros (ng,1);
max_dof = zeros (ng,1);
% 2. Ostrowski’s bound / Gershgorin as special case
% 2.1 Loop over all dof’s and beta’s
for i = 1:size(A,1)
PA(i) = norm(A(i,:),1)-abs(A(i,i));
PAT(i) = norm(A(:,i),1)-abs(A(i,i));
for j = 1:ng
beta = (j-1)*d_beta;
radius_ostrowski(i,j) = PA(i)ˆ(beta)*PAT(i)ˆ(1-beta);
lambda_i(i,j) = A(i,i) + radius_ostrowski(i,j);
% comparison of ith value with the current max
if (lambda_i(i,j)>lambda_max(j))
max_dof(j) = i;
lambda_max(j) = lambda_i(i,j);
end
end
end
figure
plot([0:d_beta:1],lambda_max)
title(’Ostrowski bound at betas’)
xlabel(’\beta’)
ylabel(’\lambda_m_a_x’)
[lambda_max_Ostrowski_on_grid,n_min] = min(lambda_max);
betaO = (n_min-1)*d_beta;
dtO = 2/lambda_max_Ostrowski_on_gridˆ(0.5);
nO = max_dof(n_min);
dtGR = 2/(lambda_max(1))ˆ(0.5);
nGR = max_dof(1);
dtGC = 2/(lambda_max(ng))ˆ(0.5);
nGC = max_dof(ng);
end
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722/10-1). The work of R. Kolman and J. Kopačka was supported by the Centre of Excellence for Nonlinear Dynamic Behaviour of Advanced Materials in Engineering under grant
CZ.02.1.01/0.0/0.0/15 003/0000493 (Excellent Research Teams) in the framework of Operational Program Research, Development and Education and by the Czech Science Foundation
under project 19-04956S and 19-14237S.

784
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Abstract. This work proposes an extremely efficient and accurate time explicit solution algorithm for the simulation of contact-impact problems with finite elements. The methodology
combines three existent techniques. First, for the treatment of the contact problem, a bipenalty
contact-impact algorithm for explicit dynamics with stabilization of the contact constraints
through the addition of stiffness and mass penalties [1]. Second, for the reduction of the contact problem to the interface, the method of localized Lagrange multipliers [2], that is able to
formulate the contact problem in partitioned form, uncoupling the contact terms from the free
body matrices. And finally, for an efficient construction of the free-free inverse mass matrices,
the method based on localized Lagrange multipliers to generate inverse mass matrices [3] with
specific projectors for the application of boundary conditions. It is also demonstrated that the
resultant methodology is very well suited for parallelization in multicore machines. Different
numerical experiments will be used to prove the effectiveness of the proposed formulation.
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1

INTRODUCTION

The accurate and robust solution of contact-impact problems is still an open problem. Although many solution techniques exist, the penalty contact method is very popular particularly
in explicit dynamics, mainly due to its simplicity. However, the stability limit of this method can
be seriously affected by the large stiffness introduced to enforce the fulfillment of the kinematic
contact constraints.
In this work, we present an explicit formulation for the partitioned solution of finite element
contact-impact problems with localized Lagrange multipliers [2] and stabilization of the contact
constraints using combined mass and stiffness penalization [1]. The key idea of the formulation
is to use the method proposed by Tkachuk and Bischoff [4] for constructing a direct inverse of
the mass matrix. The prevailing practice for computing the mass matrix M in the finite element
method is to use a bilinear form of the system kinetic energy T , viz.,
Z
1
ρu̇(x, t) · u̇(x, t) dΩ ≈ 12 u̇(t)T M u̇(t)
(1)
T =
2
Ω

where u̇(x, t) and u̇(t) are the continuum velocity and discrete approximate velocity, respectively. Since our objective is to generate the inverse mass matrix directly, instead of employing
matrix inversion, we employ a dual form of the kinetic energy:
Z
1
p(x, t) · p(x, t) dΩ ≈ 12 p(t)T Cp(t)
T =
(2)
2ρ
Ω
where p(x, t) and p(t) are respectively the continuum and discrete approximate momentum
vectors, and C is a reciprocal mass matrix. It is demonstrated that an inverse of the mass matrix
can be obtained via:
M−1 = A−T CA−1
(3)
where A is the dual-base projection matrix, that can be transformed into a diagonal matrix employing u, p biorthogonal shape functions [3]. Hence, the computational simplicity of obtaining
an inverse of the mass-matrix via this new route.
However, the construction process of this inverse mass matrix gets complicated in bi-penalty
contact schemes when a non-diagonal mass penalization is introduced. Our approach proposes
to treat the stabilized contact problem using localized Lagrange multipliers. The benefit of this
approach is twofold. First, it alleviates the special treatments needed for the construction of the
reciprocal mass matrix and second, it completely decouples the interface contact problem from
the body problem. This way, the constructed inverse mass matrix (3) appears unaltered in the
equilibrium equations of the contacting bodies and it is not affected by the mass penalties, that
remain exclusively in the partitioned equations of motion obtained for the contact interface.
The described formulation produces an extremely efficient explicit contact-impact algorithm
that is able to maintain stability and produce accurate results even near the critical time-step,
under conditions totally forbidden for the standard stiffness penalty method. All these properties
are demonstrated analyzing the classical benchmark problem of an elastic cylinder impacting
on a rigid wall.
2

BIPENALTY CONTACT WITH RECIPROCAL MASS MATRIX AND LOCALIZED
LAGRANGE MULTIPLIERS

To this end, we invoke Hamilton’s principle for partitioned constrained elastodynamics [3]
including penalized contact constraints [1]. The variational form of the Hamiltonian can be
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expressed using the following four-field variational form:
Z t2
δ {T (u̇, p) − U (u, ub , `) + W (u)} dt = 0
δH(u, p, ub , `) =

(4)

t1

were δT is the virtual kinetic energy, δU the virtual elastic energy and δW the virtual work
done by the external loads, magnitudes that can be expressed:
Z
Z


2
1
δT =
δ 2 p · u̇ dΩ +
dΓ
(5)
δ 12 m ġN
Ω
Γc
Z
Z
Z

2
δU =
δε : σ dΩ + δ {` · (u − ub )} dΓ +
δ 12 s gN
dΓ
(6)
Ω
Γ
Γc
Z
δu · f dΩ
(7)
δW =
Ω

with boundary displacements ub at the contact zone Γc enforced by using a field of localized
Lagrange multipliers ` and external body forces per unit volume f acting on Ω. Note that
the penalized contact condition appears not only in the variation of internal energy but also in
the variation of kinetic energy, enforcing a zero gap rate in the contact region. This way, the
stiffness and mass penalty parameters are defined respectively as s and m .
By making use of the momentum-velocity relation (p = ρu̇) in the following identity:
1
p
2

· u̇ = p · u̇ −

1
p·p
2ρ

(8)

we can obtain an equivalent expression for the virtual kinetic energy per unit volume:



1
1
δ 2 p · u̇ = δ u̇ · p + δp · u̇ − p
ρ

(9)

and finally performing an integration by parts of the second term of the last equation yields:
Z t2
Z t2
δ u̇ · p dt = −
δu · ṗ dt
(10)
t1

t1

relation that can be used to eliminate the virtual velocity field from the formulation.
Introducing previous identities, (9) and (10), into the principle of stationary action (4), we
obtain the final four-field variational form of the Hamilton’s principle for constrained elastodynamics with contact penalties:
Z t2 Z
Z
Z


1
δH(u, p, ub , `) =
δp · u̇ − ρ p dΩ − (δu · ṗ + δε : σ) dΩ + δu · f dΩ
t1
Ω
Ω
Ω

Z
Z
Z
Z
+
δu · ` dΓ −
δ` · (u − ub ) dΓ −
δub · ` dΓ +
δgN (m g̈N + s gN ) dΓ dt = 0
Γc

Γc

Γc

Γc

(11)
expression that will be used to derive the equations of motion.
Discretization in space of this mixed form is performed by using independent shape functions
for displacements, momenta and Lagrangian multipliers. We carry out then a standard mixed
FEM discretization with independent shape functions for the different fields:
u = Nu u,

p = Np p,

ub = Nu ub ,
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⌦1

u(1)

(1)

(1)

ub

(2)

n

(1)

ub

(2)

u(2)

⌦2

gN

(1)
c

(2)
c

Figure 1: Two bodies in potential contact definition of the normal gap function gN . Localized Lagrange multipliers
λ(i) with i = 1, 2 are introduced on both sides of the contact interface to decouple solid equilibrium equations
from the contact problem.

where we use the same shape functions for the body surface and boundary displacements. Note
also, see Figure 1, that the gap can be related to the normal projection of the boundary displacement and expressed:
gN = Hub + g0
(13)
where matrix H represents a geometrical operator from the boundary displacement field to the
gap function. The particular form of this operator follows from the assumed contact discretization.
Introducing these approximations in (11) one obtains the following set of semi-discrete equations:
AT u̇ − Cp = 0
Aṗ + Bλ = r
BT u − Lb ub = 0
LTb λ

= rc

Momentum equation
Equilibrium equation

(14)
(15)

Boundary and interface constraints

(16)

Equilibrium on the contact boundaries

(17)

where vector r = f − f int is the external-internal forces residual, the internal forces for linear
problems are simply given by f int = Ku and the matrix components are expressed:
Z
Z
1 T
T
N Np dΩ
(18)
Nu Np dΩ,
C=
A=
ρ p
Ω
Ω
Z
Z
T
B = Nu Nλ dΓ,
Lb = NTλ Nu dΓ
(19)
Γ

Γ

where A is the global projection matrix, C the global reciprocal mass matrix, B the boundary
assembly operator and Lb is the Localized multipliers assembly matrix.
In the case of geometrically linear kinematics, the contact residual vector can be written as
rc (ub , üb ) = Mp üb + Kp ub + f p

(20)

where
Z
Mp =

T

m H H dΓ
Γc

Z
Kp =

T

s H H dΓ
Γc
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are the additional mass matrix due to inertia penalty Mp , the additional stiffness matrix due to
stiffness penalty Kp and f p is the part of the contact force due to the initial gap g0 .
Eliminating symbolically the momentum variable (p) from (14) and (15), one obtains the
classical equation of motion expressed in terms of displacements:

(22)
AC−1 AT ü + Bλ = r
with the mass matrix approximated as:
M = AC−1 AT

(23)

and observe that there must exist an inverse mass matrix (denoted as M−1 ) given by:
M−1 = A−T CA−1

(24)

assuming that the global projection matrix is invertible. Since the objective of the present work
is to obtain inverse mass-matrices in efficient and accurate ways, one must insist on easily to
invert diagonal or narrowly banded projection matrices. This can be accomplished by diagonalizing the projection matrix A defined in (18) using Nu − Np biorthogonal shape functions
[3, 4].
3

PARTITIONED FORMULATION OF THE CONTACT PROBLEM

A standard bi-penalty explicit solution algorithm without partitioning, requires the consecutive inversion of the mass matrix M plus mass penalties Mp changing in time due to the different
contact conditions. This solution procedure involving the total number of DOFs is extremely
inefficient, so we propose a partitioning strategy to uncouple the interface contact problem from
the body problem.
As we mentioned, in presence of contact conditions a direct computation of the mass-inverse
requires complicated modifications of the biorthogonal shape functions. We eliminate the necessity of these modifications by considering the structures as free-floating and applying the
boundary conditions through localized Lagrangian multipliers [2]. To explain the enforcement
of boundary conditions, we reorganize the semi-discrete equations of motion (14)-(17) to obtain
the following partitioned equation set:
 



M
B
0
 ü   r 
 BT
0
−Lb 
λ
0
=
(25)

 

T
0 −Lb Mp
üb
−rp
where the second equation is simply twice time-differentiated expression of (16). These are
the partitioned equations of motion including mass penalization, where vector rp represents the
classical stiffness penalty forces due to the contact conditions.
With the intention of reducing the problem to the contact variables, let us obtain first the
partition accelerations (ü) from the first row of (25) as:
ü = M−1 (r − Bλ)

(26)

and the interface accelerations from the third equation as:
üb = M−1
LTb λ − rp
p
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Algorithm 1 Explicit predictor-corrector algorithm for contact-impact.
1

u0 , u̇− 2
for n = 1 . . . nsteps do time loop
ünpred = M−1 rn
n+

1

. Initial conditions
. Time integration loop
. Predicted accelerations

1

u̇pred2 = u̇n− 2 + ∆tünpred

. Predicted mid-point velocities

1
n+
n
2
un+1
=
u
+
∆t
u̇
pred
 T −1 pred
n+1
ub = Lb Lb
BT un+1
pred
n+1
n+1
rp = Kp ub + f p


T −1
λn+1
= BT M−1 B + Lb M−1
p
p Lb
üncorr = −M−1 Bλn+1
p
ün = ünpred + üncorr
1
1
n+
u̇n+ 2 = u̇pred2 + ∆tüncorr
1
un+1 = un + ∆tu̇n+ 2

. Predicted displacements

n+1
Lb M−1
p rp

. Predicted boundary displacements
. Evaluate stiffness penalty forces
. Solve for bi-penalty multipliers
. Correction of accelerations
. Obtain total accelerations
. New mid-point velocities
. New displacements

end for
in which once again we emphasize that the computation of M−1 = A−T CA−1 does not requiere
additional computational effort because the global projection matrix A is diagonal.
Then, substitute the accelerations obtained above into the second equation of (25):

BT M−1 (r − Bλ) + Lb M−1
rp − LTb λ = 0
(28)
p
to compute the localized Lagrange multipliers:



T −1
λ = BT M−1 B + Lb M−1
BT M−1 r + Lb M−1
p Lb
p rp

(29)

and substitute them back in (26) to obtain the partition accelerations:
ü = PM−1 r + (I − P)BLb M−1
p rp

(30)

using a projection operator defined as:


T −1
P = I − M−1 B BT M−1 B + Lb M−1
BT
p Lb

(31)

that in the case of a complete separation, where mass penalties disappear (M−1
p = 0), projects
the acceleration vector on a subspace fulfilling the
 zero contact conditions
 (gN > 0). In a genT
eral case, with partial contact, since the size of BT M−1 B + Lb M−1
L
p
b is small, pertaining
only to the contact degrees of freedom. Therefore, its inversion is trivial.
Finally note that to obtain the normal gap gN and evaluate the contact conditions, we need
the boundary displacements. This is done after computing the substructural displacements, by
extracting the interface displacements using the expression:

−1 T
ub = LTb Lb
B u
and we are ready to evaluate the normal gap through equation (13).

791

(32)
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Figure 2: Scheme of an elastic cylinder of radius a and uniform velocity v0 impacting on a rigid wall. The cylinder
is meshed with an axisymmetric mesh of 8 × 40 quadrilateral elements.

3.1

Explicit predictor-corrector time integration scheme for contact-impact

Time integration of the semi-discrete equations of motion (25) is performed using the predictorcorrector scheme proposed by Wu [5] with splitting of bulk and contact accelerations, reproduced in Algorithm 1. It is assumed that the time integration has progressed until time tn , with
1

1

defined as u̇n− 2 , to advance the
known displacements un and velocities at time tn− 2 = tn − ∆t
2
solution one step further with time step size ∆t = tn+1 − tn .
In the proposed splitting scheme, bulk accelerations in the predictor phase u̇npred and the
correction accelerations u̇ncorr are computed using the direct inverse mass matrix (3) without
interference of the mass penalties in Mp , that are included through the localized Lagrange
multipliers in a small problem reduced to the contact unknowns.
4

NUMERICAL EXAMPLE (TAYLOR TEST)

As a benchmark problem we adopt the Taylor test of a perfectly elastic cylinder, a problem
with semi-analytical solution [6]. We consider the particular case of an cylinder of radius a =
2 m and length L = 10 m with an initial velocity v0 = 0.1 m/s impacting on a rigid wall,
represented in Figure 2. The problem is treated as axisymmetric, using a regular mesh of 8 × 40
quadrilateral finite elements of size he = 0.25 m. The material is considered elastic, with Young
modulus E = 1 MPa, Poisson coefficient ν = 0.3 and mass density ρ = 1000 kg/m3 .
The stiffness penalty parameter is fixed to s = 20ρc2L . An eigenvalue analysis of the free
cylinder without penalties, reveals that the critical time step is ∆tcr = 3.43 × 10−3 s and including the stiffness penalty s the critical time step is reduced to ∆tpcr = 2.56 × 10−3 s. The
time integration of the semi-discrete equations of motion (25) is performed using the scheme
described in Algorithm 1.
4.1

Study of the stability limit

It is well known that the classical penalty contact method [1], increasing the penalty stiffness
s with m = 0, significantly affects the stability limit of the time integration algorithm used.
p
In general, the ratio between the Courant number with penalization Ccr
= 2cL ∆tpcr /he and
the critical Courant number without penalization Ccr = 2cL ∆tcr /he is lower than one and
decreases with the penalty stiffness s . This effect is observed in Figure 3 for the curve r = ∞,
corresponding to m = 0.
In the bi-penalty case, the ratio between stiffness and mass penalty is controlled by the non-
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Figure 3: Representation of the stability limit of the cylinder impact problem as a function of the stiffness penalty
s and the mass-stiffness penalty ratio r.

dimensional parameter:
s
r=
2m



he
2cL

2
(33)

where cL is the velocity of elastic longitudinal waves and he is the finite element size. This
definition produces bi-penalty with similar mass and stiffness penalty coefficients for r → 1.
p
In Figure 3, it is represented the reduction of the critical Courant number Ccr
/Ccr for different values of the stiffness penalties ratio obtained for our benchmark problem. Note that,
for a fixed stiffness penalty s , it is possible to find the mass-stiffness penalty ratio r needed to
achieve the critical Courant number necessary for stability. This value of the ratio r defines our
required mass penalty m for stability.
4.2

Transient analysis

We investigate in this Section the effects of the mass-penalty and time-step used for time
integration. First, we solve the problem using a stable time step ∆t = 1.8×10−3 s corresponding
p
. We observe in Figure 4 the time histories of displacements
to a Courant number C = 0.7 Ccr
(left) and energies (right) obtained for bi-penalty with r = 1. Adding mass penalty when timestep is stable, has the benefit of stabilizing the oscillations occurring at the contact zone.
Next, we select a new time-step ∆t = 2.5 × 10−3 s close to the critical, corresponding to a
p
Courant number C = 0.98Ccr
. Two cases are solved, the standard stiffness penalty case r → ∞
and the bi-penalty case with stiffness-mass penalty ratio r = 2. The results for exclusively
stiffness penalty are represented in Figure 5, demonstrating that the standard stiffness penalty
method is not able to produce stable results for time-steps close to the critical time-step with
penalization. On the other hand, see results of Figure 6, the bi-penalty method with ratio r = 1
produces completely stable solutions and results very similar to those obtained with a stable
time step, represented in Figure 6.
Another aspect to comment is the extreme computational efficiency of the contact algorithm
used, where only matrix-vector products are needed to produce the solution, thanks to the proposed direct computation of the inverse mass matrix.
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Figure 4: Results for Courant number C = 0.7 Ccr
and bi-penalty parameter r = 1. Horizontal displacement of
nodes located in the contact zone (left) and internal, kinetic, contact and total energy of the cylinder (right).
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Figure 6: Results for Courant number C = 0.98 Ccr
and bi-penalty parameter r = 1. Horizontal displacement of
nodes located in the contact zone (left) and internal, kinetic, contact and total energy of the cylinder (right).

794
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5

CONCLUSIONS

A new methodology for direct generation of the inverse mass-matrix for discrete finite element equations of elastodynamics is presented and combined with a bi-penalty contact formulation for impact problems. The methodology is completely element-independent and does not
require any special treatment of the elements adjacent to the contact boundaries. In the present
method, the equations of motion of the solids are isolated from the contact constraints using
localized Lagrange multipliers. This permits to solve the impact problem using a direct inverse
mass matrix obtained for the solids, combined with the solution of a small system reduced to
the contact interface. This process is found to be computationally efficient, because matrices are
sparse and only the factorization of a small matrix associated with the contact DOFs is required.
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Abstract. The response of monumental buildings to internal explosions is here investigated through a numerical approach. The study focuses on the emblematic case of the
Pantheon in Rome, yet it sheds light on more generic ones. Propagation of incident and
reflected blast waves and their impact on the structure are considered in terms of a coupled solid-fluid simulation which relies on a multi-material formulation. The pre-existent
cracks spreading the dome and the material non-linearities of low-tensile strength concrete aggregates are considered. The geometry of the structure is accounted by a detailed
three-dimensional model.
The numerical results draw a picture where the use of empirical laws to model blast
actions in structures with complex geometry may be inadequate. In fact, the coupled
solid-fluid simulations show strong localizations of shock waves due to the dome-vaulted
geometry which concentrates the energy released by the explosion as a concave mirror.
The structural response is highly influenced by the high-pressure volume which stems
from wave localization phenomena in the centre of the dome as well as by the presence of
the pre-existent cracks.
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1

INTRODUCTION

The vast majority of seminal and historic architectural structures with a high cultural
value and tourist concentration is composed by concrete-like materials. These architectural assets, which have targeted repeatedly throughout the history, and their occupants
are vulnerable to explosive threats. Well-known examples of iconoclastic destructions include, among others, the Parthenon in Athens in 1687, the Cathedral of Reims in 1914,
the Buddha statues of Bamyan in 2001, the destructions at Palmyra in 2015 and 2016.
More recently, in 2017, the Great Mosque of al-Nouri was destroyed by explosive attacks.
Asses the potential effects of a blast and design reinforcements or other passive protections hence represent relevant scientific, cultural, and economic issues.
The study of the dynamic response of historical buildings involves many open questions
both from the scientific and the practical/engineering point of view. Although extensive
work can be found in the evaluation of the complex fluid-structure interaction phenomena
characterizing an internal blast [1, 2, 3, 4, 5, 6, 7] and their effects on structural facilities
(e.g. [8, 9, 10]), the case of historical buildings requires special considerations and further
targeted investigations [11].
A numerical Finite Element (FE) approach is here used to evaluate the response of a
highly representative monument, the Pantheon in Rome, subjected to an internal explosion. A reliable evaluation of the blast effects requires to consider the intrinsic coupling
between shock waves and the solid structure. Moreover, the main characteristics of the
historical building need to be considered. To this purpose, an appropriate description
of the various materials that compose the structure is required. Furthermore, the actual
configuration of the building has to be carefully taken into account. For the example of
Pantheon, this translates into the necessity of modelling the existing cracks within the
dome.
The proposed case study reveals some key features that are common to other existing architectural assets. In particular it sheds light on the blast phenomena that can take place
within dome-vaulted structures as well as the overall response to explosions of massive
buildings composed by concrete-like materials.
2

THE PANTHEON IN ROME. STATE-OF-THE-ART

The Pantheon in Rome was built upon the rests of previous temples by the Emperor
Hadrian, since A.D. 118 to about 128-140. The main body of the Pantheon, the so-called
Rotonda, is composed by a cylinder whose inscribed sphere is coincident, for its upper
part, with the dome, while its bottom touches the ground, see Figure 1. The coffering
is sculpted in the intrados of the dome offering a high aesthetic value, but also reducing
the dome’s weight. The external lowest part of the dome is modelled by stepped rings.
According to a series of inspections [12] in 1934, the dome is spread of cracks with an
almost meridional direction that stop at a latitude of approximately 57◦ , see Figure 2.
Their presence must be modelled to have a more realistic response of the structure to
gravity and blast loads [13].
3

BLAST LOADS AND MODEL

Explosion produces a blast wave with high-pressure accompanying high-temperature
expansion of gases. First, detonation induces a supersonic shock front.
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Pronaos

Rotonda

Figure 1: Geometric scheme of the Pantheon.

Figure 2: Meridional cracks in the dome, adapted from [12].

With reference to a free-field explosion, Figure 3 shows the schematic time evolution
of the hydrostatic overpressure Ps = P − Po , i.e., the difference between the hydrostatic
pressure P determined by the explosion and the ambient one, Po , at a point.
The shock front is a discontinuity surface for the velocity field. Behind the wave front,
a rarefaction wave propagates. Hydrostatic pressure and density decrease to values lesser
than those in the ambient before the explosion.
After a delay tA from detonation, the overpressure jumps suddenly from zero to Pso . For
t > tA , the overpressure decreases extremely fast until the instant tA + to , the end of the
so-called positive phase. At the instant tA + to , the so-called negative phase starts. It
pertains to the rarefaction wave, triggered by the expansion of the detonation products:
Ps decreases to negative values and asymptotically approaches zero after tA + to + to− .

Overpressure Ps

Pso

is

tA+to is-

tA

tA+to+to-

0

time
Psopositive
phase

negative
phase

Figure 3: Scheme of the time variation of the overpressure due to a blast.
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The abrupt increase of the hydrostatic pressure within a blast wave can produce severe
structural damage. When the primary shock meets a surface, it generates the so-called
reflected overpressure, Pr , which is characterized by a time-history similar to that of
the hydrostatic overpressure. Commonly, the peak Pro of Pr at time tA is much greater
than the hydrostatic overpressure Pso measured at the same point in the absence of any
surface. The energy of a blast wave includes a contribution deriving from the hydrostatic
overpressure, Ps , and another one associated to from the dynamic pressure q̂ := 12 ρu|u|,
with ρ the density and u the velocity of gas particles. The hydrostatic overpressure is
responsible for crushing of a surface. The dynamic pressure represents the amount of
the kinetic energy of the stream-wise gas dynamics. It determines drag and possible lift
forces. Several approaches exist to simulate the effects of a blast [3, 14]. Here we refer to
thermodynamic based model JWL [15, 16, 17]. It essentially rests on a state equation for
the overpressure Ps due to detonation:
(
)
(
)
(
)
(
)
ωρ
ρ0
ωρ
ρ0
Ps = A 1 −
exp −R1
+B 1−
exp −R2
+ ω ρ e0 .
(1)
R1 ρ0
ρ
R2 ρ0
ρ
A, B, R1 , R2 , and ω are parameters depending upon the explosive, along with ρ0 , its
density, while ρ is the density of the detonation products and e0 the internal energy per
unit mass. All their values are selected to fit experimental results on a cylinder expansion
test (see Table 1).
The blast phenomenon can be modelled by taking advantage of JWL scheme through a
multi-material approach, consisting of two domains: the explosive and the air, considered
as an ideal gas with total pressure given by
(2)

p + pA = ρR̄T,

where pA and p are, respectively, ambient and current (fluid) pressures, R̄ the product
between Boltzmann’s and Avogadro’s constants, T the current absolute temperature.
At the interface between air and explosive, shock waves occur, propagate [6] and interact
with the solid structure. The strong fluid-solid coupling is consider through a CoupledEulerian-Lagragian (CEL) approach, with a general contact algorithm, a null interface
friction coefficient, and a penalty method [18]. The Eulerian domain takes advantage of a
multi-material formulation to track the flow of fluid materials (detonation products and
ambient air) through the fixed fluid volume. The Lagrangian domain is represented by
the structure itself.
Several phenomena related to wave propagation and fluid-structure interactions (e.g. reflection, diffraction, rarefaction, etc.) take place once detonation occurred. In the framework of explosions internal to a structure, the multiple reflection of shock waves by the
solid surfaces is of significant importance [11]. Hence, the Pantheon, being a dome-vaulted
structure, is particularly interesting since significant localizing effects might take place.
Table 1: Physical parameters for the state equations for air an explosive.
ρ
Temperature
[kg/m3 ]
[K]
1.225
288.2

Air
Gas constant Specific heat
[J/(kg K)]
[W/(m K)]
287.058
717.6

ρ0
[kg/m3 ]
1630

799

vD
A
[m/s] [MPa]
6930 373770

Explosive
B
ω
[MPa]
3747.1 0.35

R1

R2

4.15

0.9

e0
[kJ/kg]
3680
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4

MATERIAL PARAMETERS FOR THE STRUCTURE OF THE PANTHEON

Five different zones for the materials of the Rotonda, as indicated in Figure 4, are
considered: foundation, brick-faced concrete of the cylindrical wall, lower, intermediate
and upper zone of the dome. The columns are made of granite. Concerning the dome, it
is composed of different aggregates, from the heaviest one in the lower part to the lightest
one in the upper part of the dome. The materials are assumed homogeneous and linear
elastic in compression. Indeed, in monumental structures compression is usually an order
of magnitude below the compressive strength of the material [19], so that crushing is not
likely. The consistency of this modelling assumption is checked by verifying a posteriori
that the compressive stresses do not exceed the material strength, assumed to be, for
concrete, equal to ≈ 5 MPa [20, 21, 22] and ≈ 123 MPa for granite [23].
Under tension a linear elastic behaviour is assumed until the maximum principal tensile
stress reaches the tensile strength, ft . The subsequent damage is modelled in terms of
the non-linear brittle cracking model proposed in [24]. The law describes the propagation
of a crack, in the plane orthogonal to the direction of the principal stress exceeding the
tensile limit, in terms of a tensile softening. An energy criterion, based on the fracture
energy Gf , is adopted to minimize mesh dependency and dissipate adequately the energy,
[18]. The concrete densities are selected upon the indications given in [25, 26], while the
Concrete 5

Concrete 4

Concrete 3

Concrete 2
Granite

Concrete 1

Figure 4: Schematic distribution of the materials composing the Rotonda.

other properties are derived upon the identification of a rationale link to the densities so
that, starting from few known data, the other ones can be assessed. For all the concretes,
a Poisson ratio ν = 0.2 is selected, being a mean value often used for ancient monuments
made of concrete, see for instance [27]. The Young moduli E for the different aggregates
of the dome and the cylindrical part are derived from [26] and [27], respectively. Based
on modern technical recommendations for lightweight concrete [28], relationships between
Young modulus, tensile strength and density are extrapolated. Concerning the fracture
energy, the linear relationship in [29] with respect to tensile strength is used. The detailed
procedure to derive the material parameters can be found in [30]. As far it concerns the
concrete aggregates composing the dome, the material properties are derived from [26]
where the mechanical behaviour of a reproduction of ancient Roman mortar is studied.
Table 2 shows the material parameters selected for the five regions of the Rotonda.
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Table 2: Materials data

5

Material

Part

Granite
Concrete
Concrete
Concrete
Concrete
Concrete

Columns
Foundations
Cylindrical wall
Lower dome
Intermidiate dome
Upper dome

1
2
3
4
5

ρ
[kg/m3 ]
2500
2000
1750
1600
1500
1350

E
[GPa]
55.3
13.5
7.0
4.6
3.6
3.0

ν
0.16
0.20
0.20
0.20
0.20
0.20

Gf
[J/m2 ]
17.5
62.1
59.4
57.7
56.6
55.0

ft
[MPa]
3.50
0.68
0.63
0.60
0.58
0.55

NUMERICAL SIMULATIONS

An explosive charge placed in the center of the Pantheon, at the ground, is modelled
according the JWL equation of state. The structural domain is superposed to the fluid
region, through which the blast waves propagate, and imposing the symmetry, only one
half of the solid, fluid and explosive domains are considered, see Figure 5. To recreate
the stress distribution due to the structure own weight, gravity is first applied through a
static analysis. Subsequently the detonation event and the propagation of shock waves is
simulated in terms of an explicit analysis. The simulations are performed using Abaqus
[18] commercial software and a finite strains formulation. Moreover, the pre-existent
fourteen cracks in the dome are considered and modelled as interfaces with a hard contact
relationship and a Coulomb friction of 0.5, see Figure 5−c. After mesh sensitive analyses,
a FE model composed of 2.8 and 6.3 million of degrees of freedom for the structural and
fluid domain respectively; the former made of linear tetrahedral elements and the latter
of linear hexahedral ones.
Figures 6 and 7 represent the pressure field due to an internal explosion, at different
(normalized) time instants, in the interior of the Rotonda and the effects on the structure,
where the progressive evolution of damage is clearly visible.
5.1

Evolution of the pressure field

Once the primary shock wave strikes the cylindrical wall, reflected shock waves add to
the principal one, creating a complex pressure field and important local concentrations.
Although minor high-pressure zones may arise in the interior of the niches and in the
parts of the coffering looking downward, the most important localization effect happens
exactly in the central axis of the Pantheon as an effect of the dome tendency to collect
the blast energy (for more, see [11]). The resulting high-pressure zone, in the form of a
butterfly, leads to local values of the overpressure higher and with a longer duration than
those produced by the original shock wave, see Fig. 6.
An interesting result is that the coffers act like dampers of the pressure impulse, in
terms of both its module and time. Indeed, the sharp-cornered surfaces of the coffers are
nothing but obstacles to the propagation of the internal blast wave: the waves reflected
by the coffering array looking downward contrast the rising incident wave through the
combination of incident and reflection angles, as Figure 6 shows. The arrangement of
the coffers themselves results in a step-by-step attenuation, mitigating both the incident
pressure, as getting closer to the upper part of the dome, and the intense, butterfly-
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Figure 5: Finite element model: solid-fluid domain (a, b), simplified distribution of pre-existent cracks in
the dome (c), and a detail of the mesh (d).

shaped, concentration that rises in the centre of the Rotonda. This further results in a
temporal phasing of the blast wave [30].
5.2

Structural response

As far it concerns the structural response, damage initiates within the upper part of
the dome, where the existing meridional cracks propagate, see Fig. 7 . The static regime
of the dome is hence completely changed: a shell behaviour is no more possible and, each
part of the dome behaves like a wedged cantilever. A circular crack appears in the upper
part of the dome as consequence of the bending tensile stresses produced by gravity,
see Fig.s 7, 8. The failure of the dome is caused by (i) the high-pressure zone due to
phenomena of shock waves localisation, (ii) the propagation of the existing cracks, and
(iii) the weight of the dome itself.
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Figure 6: Time (normalized) evolution of the pressure field due to an internal blast. Pressure is normalized
with respect to the highest value recorded within the analysis. Dark blue regions represent pressure values
smaller than the ambient one.
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Figure 7: Time (normalized) evolution of the structural response to an internal blast.

Figure 8: Structural state at the end of the calculations.
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6

CONCLUDING REMARKS

The response of historical buildings to internal explosions was investigated through
a numerical Finite Element approach, considering the intrinsic coupling between shock
waves and the structure. We focused attention on the case of the Pantheon in Rome which
represents an explanatory example of many architectural assets for its large dimensions,
complex vaulted-dome geometry, and being composed of concrete-like materials.
The response of historical buildings to fast-dynamics excitations requires some special
considerations and targeted investigations. In particular, the main characteristics of the
composing materials as well as the actual state-of-the-art (configuration) of the building
have to be carefully considered [31]. In the case of the Pantheon, the stratified distribution of materials and the presence of meridional cracks within the dome are of significant
importance to achieve reliable numerical results.
The complex geometry of many architectural assets may highly influence the blast
loads, as a result of the strong fluid-structure coupling. Specifically, we shed light on the
distinctive behaviour of dome-vaulted structures subjected to blast waves. Domes act as
concave mirrors. The reflection of shock waves gives rise to a localization of the energy
released by the explosion and produces a volume of gases at high-pressure, higher than
the one corresponding to the principal incident shock wave.
Empirical or simplified blast models which do not consider the mutual coupling between the geometry of the structure and the propagation of shock waves (diffractions,
multiple reflections, rarefaction phenomena, etc.) may be inadequate for the assessment
of the resistance of architectural assets with non-standard geometry. Moreover, particular attention should be paid in the design of new buildings where empirical methods
are usually adopted and preferred for their small computational cost. These models may
result in a strong overestimation of the effective load to which the structure is subjected
(no safe design). Coupled fluid-structure simulations are mandatory to overall estimate
the mutual interaction between the acting loads and the structure. We record, for example, that a way to account for the effect of such a coupling, in the case of dome-vaulted
structures, in the framework of empirical blast models has been proposed in [11].
Finally, the case of the Pantheon showed important results concerning the response
of massive historical buildings. Indeed, (i) its dimensions, (ii) its form, and (iii) the
constituting materials, which have very good properties of resilience and shock absorbing,
render the historical monument highly resistant to blast loading.
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Abstract. The paper investigates the influence of both stochastic and deterministic interactions
of eigen-modes on the along random response of slender structures exposed to the wind. The
stochastic interaction originates from spatial distribution and correlation of the random wind
excitation along the structure. The latter interaction i.e. deterministic is caused by application
of non-classical damping, e.g., due to the presence of vibration absorber. The random excitation
is expressed by means of the spectral density function, which characterizes the wind pressure
fluctuation. The stationary Gaussian character of the excitation processes enables to express
the general solution of the response in terms of stationary solution using correlation matrix in
generalized coordinates. The off-diagonal elements of the response correlation matrix in the
modal space provide the information about the level of general interaction among particular
eigen-modes. A large number of numerical simulations was carried out on a computational
model of a real tower with the vibration absorber in order to quantitatively and qualitatively
determine the differences between responses obtained by conventional method and procedure
recently proposed. Influence of stochastic and dynamic interactions to these differences were
determined for various damping ratios of the absorber. The results obtained indicate certain
underestimation of the vibration level due to the deterministic and stochastic interactions neglecting.
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1

INTRODUCTION

Towers, stacks and chimneys are loaded by the dynamic component of wind, which could
cause their significant along wind vibration [1]. The random excitation originating from fluctuation of the wind velocity is usually assumed as Gaussian process. The stochastic nature of
this excitation and its spatial distribution across the structure entail the stochastic interaction
among eigen-modes. The interlock among modes allows transferring the vibration energy and
is independent of the applied viscous damping model. The above mentioned tall structures are
also quite often equipped with passive damping devices in order to suppress excessive vibration
especially in the across wind direction [2]. Tuned mass damper (TMD) in the form of pendulum
or ball in a spherical cavity increases substantially the global effective damping of the structure,
not only in across wind, but also in the along wind direction. Nevertheless, the presence of
such a damping device changes the character and the distribution of damping mechanism in
the structure and the whole system should be considered leastwise as non-classically damped.
The non-classical damping is associated with the coupling of eigen-modes through the modal
damping matrix [3]. This deterministic interaction allows similarly to stochastic interaction a
leakage of vibration energy from one eigen-mode to another. Consequently, two types of eigenmodes interaction are worthy to be respected, provided the excitation has a random character:
(i) interaction originating from non-classical character of the viscous damping of structure itself
and (ii) interaction which follows from general space distribution of stochastic excitation along
the height of the structure.
This paper deals with an analysis of the influence of both stochastic and dynamic interactions
on the random response of slender structures exposed to the wind. Theoretical model proposed
in [4] and based on one-dimensional elements with continuously distributed structural parameters, i.e. mass, stiffness and structural damping is used. The damping of the system is considered
to be strongly non-proportional due to the presence of vibration absorber. The random excitation is expressed by means of the spectral density function which characterizes the pressure
fluctuation of the wind. Wide set of numerical simulations was carried out on a computational
model of real tower with the vibration absorber in order to quantitatively and qualitatively determine the influence of stochastic and deterministic interactions on the response. Recently
proposed method [4] comprising action of both interactions was used for calculation of the response. These results were also compared with those obtained by conventional methods, see,
e.g., [5], that neglect the interactions.
2
2.1

THEORETICAL BACKGROUND
Theoretical model

The tall slender structures such as towers and chimneys can be idealized as a line-like structure due to their high ratio of the height to the breadth. They are usually modeled as a continuous
system by equation of motion for along-wind displacement u(x, t)
00

0

(EJ(x)u00 x, t)) + (N (x)u0 (x, t)) + 2b(x) u̇(x, t) + µ(x) ü(x, t) = p(x, t).

(1)

The coefficients EJ(x), N (x), b(x), µ(x) in Eq. (1) are flexular rigidity, axial force, damping
coefficient and mass per unit height, respectively. They are positive time independent continuous functions x with finite number of discontinuities. Furthermore, external excitation p(x, t)
represents the fluctuating wind load per unit height. The structure is assumed fully clamped to
the bedrock, thus kinematically stable. The displacement u(x, t) can be expressed in terms of
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generalized coordinates
u(x, t) =

n
X

uj0 (x) · fj (θj t) ;

n −→ ∞,

(2)

j=1

where uj0 (x), fj (θj t) and θj are the j-th real mass normalized eigen-function, j-th generalized
coordinate and j-th real eigen-value of the undamped system, respectively. Expecting the interaction among eigen-modes of modal vector uo (x) = [u1o (x), .., uno (x)], the system (1) should
be rewritten with use Eq. (2) and mass orthogonality among eigen-modes in the following normal form
Ḟ(t) = Q · F(t) + P(t),

(3)

where


f (t) = [f1 (t), .., fn (t)]T
0
; I
; Q=
;
F(t) =
;
−Θ2 ; −2B
ḟ (t) = [f˙1 (t), .., f˙n (t)]T
Z

2
2
2
B=
b(x)uko (x)ujo (x) dx ;
Θ = diag[θ1 , .., θn ] ;
S

 
Z
0
p(x, t)uko (x) dx .
P(t) = Hp(t) ;
H=
;
p(t) =
I
S


f (t)
ḟ (t)



Vector p(t) is vector of n random loads. The response of the system is now expressed in a
double dimension space of generalized coordinates. The coupling between individual coordinates can come out of generally non-diagonal modal damping matrix B. It represents the case
of deterministic interaction among eigen-modes originating from non-classical damping model.
For a classically damped system, matrix B is diagonal and system (3) reduces to n independent
equations. However, also another source of interaction of ujo (x) exists. It originates from the
stochastic nature of the excitation p(x, t) and causes so called stochastic interaction.
2.2

Random response analysis

The random load as well as random response are considered, see [4], to be based on spectral
differentials of the excitation
Z∞
Z∞
p(t) =
exp(iωt) dΦ(ω) ; F(t) =
F∗ (ω, t) dΦ(ω).
(4)
−∞

−∞

Vector dΦ(ω) is vector (n elements) of spectral differentials of processes p(t). Every element
dΦj (ω) represents white noise type process of variable ω. The correlation of these processes
is given by Wiener-Khinchin relation. Matrix F∗ (ω, t) is the matrix (2n × n) of deterministic
functions describing transformation of a random excitation in generalized coordinates into components of the random response in time. Inserting Eq. (4) into Eq. (3) and performing several
mathematical operations lead to
Ḟ∗ (ω, t) = −Q · F∗ (ω, t) + 2H · exp(iωt) ;

F∗ (ω, t)|t=0 = 0.

(5)

The stationary solution of Eq. (5) has a form of a summation
2n
X
2Zk H
F (ω, t) =
exp(iωt).
iω − ξk
k=1
∗
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where ξk is k-th simple eigen-value of the matrix Q. Take a note, that matrix Q is a nonsymmetric matrix and, consequently, left and right eigen-vectors should be distinguished and
bi-orthogonality is to be respected. Matrix Zk is given, see [6], by a diadic product of k-th
normalized right eigen-vector qk(R) and left eigen-vector qk(L) of the matrix Q
Zk = qk(R) · qTk(L) .

(7)

Response correlation matrix KF (t1 , t2 ) (2n × 2n) can be evaluated as
Z∞
KF (t1 , t2 ) = E{F(t1 )FT (t2 )} = E{

Z∞

∗

F (ω1 , t1 ) dΦ(ω1 )

−∞

dΦT (ω2 ) F∗T (ω2 , t2 )}.(8)

−∞

Applying Wiener-Khinchin relation and setting zero time difference (t1 − t2 = 0) the response
variance matrix is given as
KF

Z∞ X
2n
Zk HSp (ω)HT ZTl
= 4
dω.
(iω
−
ξ
)(−iω
−
ξ
)
k
l
k,l=1

(9)

−∞

Matrix Sp (ω) is (n × n) matrix with spectral and cross-spectral densities of wind excitation
p(t). It has the form as follows
Z Z
(10)
Sp (ω) =
uo (x1 )uTo (x2 )Spx (x1 , x2 , ω)dx1 dx2 .
S

S

Spectral density function Spx (x1 , x2 , ω) defines the correlation of pressure fluctuation between
points x1 and x2 . It can be expressed by means of Davenport spectral density of wind speed
fluctuation [7], space cross-correlation relations and geometry of the structure in the form
Spx (x1 , x2 , ω) = c2D ρ2 B 2 vs (x1 )vs (x2 )4K

vs,10 Ω2
− 2πvω Cx |x2 −x1 |
s,10
e
,
ω(1 + Ω2 )4/3

(11)

where cD is drag coefficient, ρ is air density; B is breadth of structure, vs (xi ) is the mean value
of the wind speed in the point xi ; K is the roughness coefficient; vs,10 is mean value of the wind
speed in ten meters above the ground; Ω = 1200ω/(2πvs,10 ); Cx is the coherence coefficient.
The cross-correlation function of the response variance in length coordinate of the structure is
given by an expression
Ku (x1 , x2 ) = uTo (x1 )Kf f uo (x2 ),

(12)

where Kf f is the upper left quarter of matrix KF corresponding to generalized displacements
f (t). In the subsequent numerical simulations, transformation (12) is used for analysis of contribution of individual eigen-modes to response variance in particular points of the structure.
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3
3.1

NUMERICAL ANALYSIS OF STOCHASTIC AND DETERMINISTIC INTERACTIONS
Numerical analysis of computational model of a real structure without TMD

The interactions among eigen-modes and their influence on the along-wind response were
investigated at two dimensional discrete numerical model of an existing cantilever structure,
which is made of various materials along its height. Detailed information about the structure
can be found in [4]. FEM model of 190 m high TV tower was built up of 76 beam elements with
the length equal to 2.5 m. The whole model consists of 768 DOFs divided by trio into 76 nodes.
The damping matrix of the tower used in the evaluation of the random response was set to be
proportional to the stiffness matrix. The multiplicative coefficient related to stiffness matrix
was calculated from the expected low structural damping ratio (ζ= 0,005) for the lowest eigenvalue. Table 1 summarizes the first five natural frequencies calculated using modal analysis of
the numerical model together with corresponding damping ratios.
n.
[/]
1
2
3
4
5

Eigen-frequency
fn,t [Hz]
0.342
0.922
1.440
2.252
3.671

Damping ratio
ζ [%]
0.5
1.3
2.1
3.3
5.4

Table 1: Natural frequencies of the tower and corresponding damping ratios.

Mean value of the wind speed in ten meters above the ground vs,10 was set equal to 14ms−1 .
The mean wind speed acting on the structure below ten meters is considered constant and equal
to vs,10 . In points above 10 m the static wind velocity is assumed to increase with the height
according to formula
vs (xi ) = vs,10 · (xi /10)0.26

(13)

The spectral density of the wind pressures Spx , see Eq. (11), was calculated for drag coefficient cD = 1.2, air density ρ = 1.25kgm−3 , roughness coefficient K = 0.025 and coherence
coefficient Cx = 10, see recommendation in [8].
The random response of the tower on the wind excitation is graphically depicted by means
of Root Mean Square (RMS) of the displacement RMST OT in Figure 1(a). The response was
determined using the first five eigen-modes. In order to quantify the influence of individual
eigen-modes as well as of their interactions on the response, the components of the response
corresponding to each eigen-mode and its interaction with other modes were calculated separately. These contributions are analyzed in term of variance of the displacement as they can be
favorably compared and defined as percentage of the total variance. They are evaluated from
Eq. (12) and labeled as RMS2(i,j) according to their construction from the i-th and j-th eigenmode. In Figure 2 the auto-contributions RMS2(i,i) of the first four eigen-modes to the total
response, that are normalized by the maximum variance at the top of the tower, are depicted.
Similarly, the most significant cross-contributions RMS2(i,j) of the first four eigen-modes are
shown in Figure 3. In the present case of classically damped tower, they are related only to the
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Figure 1: Total RMS of the displacements of the tower (a); The neglected part of the response caused by ignoring
the stochastic interaction (b); The overall direct contribution of eigen-modes (c) and global contribution of their
interaction (d) to the response as percentage of total variance of the displacement; The overall contribution of
interaction to the response normalized by variance at top of tower (e) .

Figure 2: The direct contributions of the first five eigen-modes to the response as percentage of variance of the
displacement at the top of tower.

stochastic interaction. It is obvious, that the contribution RMS2(1,1) related to the first eigenmode represents the major component of the response. The influence of the higher modes is
less significant and decreases with increasing value of their natural frequency. The comparison
of contributions at the top of tower even shows, that the cross-contribution RMS2(1,2−4) related
to the interactions of the first eigen-mode with the second to fourth eige-modes are slightly
higher than auto-contribution RMS2(2,2) . It should be noted, that the sum of auto-contributions
represents the total response variance obtained using conventional methods, see e.g. [5]. This
sum noted as RMS2C is depicted in normalized form in Figure 1(c). Furthermore, the sum of
cross-contributions RMS2(i,j) , which form the total contribution of stochastic interaction among
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Figure 3: The most significant contributions of the interaction among the first five eigen-modes to the response
expressed as percentage of variance at the top of tower.

eigen-modes, is shown in Figure 1(d). The results indicate, that neglecting the interaction could
lead to underestimation of the response in the upper part of the tower as well as overestimation
in the lower part. However, the importance of the stochastic interaction to the total response
is negligible. In our case it represents at maximum 4.1% of the total variance at the top of
the tower, see Figures 1(d,e). The minimum error caused by omitting the interaction is also
documented in terms of RMS in Figure 1(b).
3.2

Numerical analysis of computational model of a real structure with TMD

For suppressing the possible undesired vibrations TMD was designed to be placed into the
top of the tower. The frequency tuning (fd = 0.34 Hz) of TMD was selected in order to damp
out the oscillations related to the first eigen-mode. The mass of the absorber equal to 1 ton
comprises 1/25 of generalized mass of this eigen-mode. TMD was represented in numerical
model by a concentrated mass connected to the top of the tower with a dashpot and a spring
acting only in the horizontal direction. Table 2 summarizes first six eigen-frequencies of the
tower with TMD. For further comparison with eigen-modes of the tower without TMD, the two
lowest eigen-values are favorably labeled as 1a and 1b. They correspond to eigen-modes with
almost similar shape along the height of the tower, which is very close to first eigen-mode of
the tower without TMD, but have opposite phase shift between the tower top and the absorber.
The efficiency of TMD on the decrease in the response was investigated for various damping
ratios of TMD, ζd , in the range from 0 to 0.9. Furthermore, for each ζd the influence of deterministic and stochastic interactions on the response was analyzed. Figure 4 shows the position
change of individual eigen-values in the complex plain with increasing ζd calculated using recently proposed highly accurate method for eigen-solution of such structures [9]. Figure 4 also
provides the solution of eigen-values of the system when neglecting the deterministic interaction among eigen-modes, i.e., omitting the non-diagonal elements of modal damping matrix.
The differences between this and exact solutions are significant especially for ζd > 0.3 for
the first and the second eigen-values. It is also documented in Table 2 in terms of different
eigen-frequencies representing the imaginary parts of eigen-values and different damping ratios
representing the real parts of eigen-values for ζd = 0.9.
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n.
[/]
1a
1b
2
3
4
5

Undamped system
Damped system-Exact sol.
Eigen-frequency Eigen-frequency Damping ratio
fn [Hz]
fn [Hz]
ζ [%]
0.3084
0.3350
1.54
0.3736
0.1475
91.122
0.9268
0.9094
3.89
1.4430
1.4287
4.08
2.2520
2.2260
6.08
3.6665
3.6520
6.16

Damped system-Approx. Sol.
Eigen-frequency Damping ratio
fn [Hz]
ζ [%]
0.2846
38.52
0.3246
49.55
0.9256
5.04
1.4416
4.44
2.2475
6.34
3.6594
6.20

Table 2: Eigen-frequencies of the undamped system of tower with TMD and comparison of imaginary and real
parts of eigen-values of damped complete system with ζd = 0.9 expressed in terms of eigen-frequencies and damping ratios obtained by exact method and approximate method based on neglecting the deterministic interaction.

Figure 4: First six eigenvalues ξ of matrix Q being functions of ζd in Gaussian plane (solid and dashed lines - exact
solution; dotted lines with cyan markers - approx. solution based on neglecting deterministic interaction).

The cross-correlation response matrix, see Eq. (12), and corresponding root mean square values of the displacement were calculated for each damping ratio, ζd . In Figure 5 the maximum
response of the tower as a function of ζd is presented for the complete solution including both,
deterministic and stochastic interactions among the first six eigen-modes. It is depicted together
with the solution neglecting the deterministic interaction and traditional solution, which does
not allow incorporating any interaction. The increase in underestimation of the response obtained by traditional procedure, i.e., when neglecting deterministic and stochastic interaction,
with increasing ζd is obvious. The minimum relative error of this solution is over 10% even
for undamped TMD ,i.e., when ζd = 0. For the solution omitting the deterministic interaction
the acceptable relative error in the determination of the response below 10% is achieved for
ζd < 0.17. In this interval of ζd , the system is still relatively close to classically damped case.

815

Stanislav Hračov and Jiřı́ Náprstek

For higher ζd the decreasing trend of the response follows the trend of the traditional solution.
Almost constant difference between these solutions is given only by the stochastic interaction.
Unlike the decreasing trend of responses with increasing ζd , when neglecting the deterministic or both interactions, the complete response is characterized by minimum for ζd = 0.1, see
Figure 5.

Figure 5: The solutions of the response of tower top (left) and corresponding relative errors (right) documenting
the influence of the neglecting the stochastic and deterministic interactions for various damping ratios ζd .

The response corresponding to this optimal value of ζd is analyzed further in terms of the
contributions of interactions among the real eigen-modes of undamped system to the total response. The auto-contributions of the first five real eigen-modes to the total variance of the displacement normalized by total variance of the tower top of the tower without TMD are shown
in Figure 6. Similarly, the most important cross-contributions of the first five real eigen-modes
are depicted in Figure 8. The analysis shows, that the response consists predominantly from the
contributions of the two lowest eigen-modes, labeled as 1a and 1b. In terms of direct contributions to the total variance, their contribution RMS2(1a,1a) and RMS2(1b,1b) are the most significant,
while the others related to the higher eigen-modes are small and almost identical with those of
tower without TMD, compare Figures 2 and 6. As the comparison of solutions in Figure 5 suggests, the influence of the interactions among eigen-modes are not negligible in this case. The
maximum cross-contribution RMS2(1a,1b) is only slightly lower than maximum auto-contribution
RMS2(1a,1a) . The other less significant cross-contributions are comparable with their counterparts related to tower without TMD, when combining the results of two lowest eigen-modes 1a
and 1b, see Figures 3 and 8. The percentage composition of the total variance along the height
from a sum of direct contributions and a sum of cross-contributions is presented in Figures 7(c)
and 7(d), respectively. The influence of the interaction becomes more important with the increasing height and at the top it creates almost 48% of total variance. The complete response
of the tower with TMD in the form of RMS of the displacement along the height is depicted
in Figure 7(a). Furthermore, the omitted RMS of the displacement caused by neglecting the
interactions is shown in Figure 7(b).
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Figure 6: The direct contributions of the first five eigen-modes to the response as percentage of variance of the top
of tower without TMD.

Figure 7: Total RMS of the displacements of the tower with TMD (a); The neglected part of the response caused
by ignoring the interactions (b); The overall direct contribution of eigen-modes (c) and global contribution of
their interaction (d) to the response as percentage of total variance; The overall contribution of interaction to the
response normalized by variance at top of tower without TMD (e).

The influences of damping ratio ζd on the composition of the response from the direct contributions and cross contributions among eigen-modes and on total magnitude of the response
are presented in Table 3. The data are given in normalized percentage form to be comparable
with the response of the tower without TMD. The analysis reveals, that magnitude of the total
contribution of interactions among eigen-modes is increasing with the increase in ζd . On the
other hand, the total direct contribution of eigen-modes has minimum for ζd = 0.1, which in our
case represents the optimum for suppressing the possible excessive vibrations. The effectivity
of the absorber as a function of ζd is documented in the last column of Table 3 as well.
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Figure 8: The most significant contributions of the interaction among the first five eigen-modes to the response
expressed as percentage of variance at the top of tower without TMD.
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ζd

RM ST2M D C,top
RM ST2OT top

RM ST2M D SI+DI,top
RM ST2OT top

RM ST2M D T OT,top
RM ST2OT top

[/]

[%]

[%]

[%]

0
0.05
0.1
0.25
0.4
0.8

55.0
19.5
16.4
16.5
18.2
22.8

13.0
14.0
15.1
18.0
20.6
26.0

68.0
33.5
31.5
34.5
38.8
48.8

Table 3: Sum of direct contributions of the first six eigen-modes, RM ST2M D C,top , sum of contributions of interactions among these eigen-modes, RM ST2M D SI+DI,top , and total variance at the tower top, RM ST2M D,top ,
expressed as percentage of variance of tower top without TMD, RM ST2OT top , for various ζd .

4

CONCLUSIONS

The vertical slender structure modelled as a one-dimensional system with continuously distributed mass, stiffness, damping and random excitation along the vertical axis is considered.
The core of the paper consists in the detailed analysis of properties and applicability of the
analytical model developed in the previous papers published by authors. Two resources of
eigen-modes interaction are shown analytically and demonstrated on numerical results: (i) nonclassical damping (deterministic part) and (ii) stochastic interaction originating from spatial
distribution and correlation of the random wind excitation along the structure (stochastic part).
Regarding the former one, it is obvious that the dominant part of the deterministic interaction
emerges due to TMD influence, while the share of multi-material composition of the structure
(concrete, steel, composite) is rather marginal and can be neglected in engineering calculations.
Concerning the stochastic part of interaction, it is significantly dependent on the effective level
of the damping and its distribution along the structure. Effects of the eigen-modes interaction is
the strongest in the frequency domain close to that with the highest influence of the TMD employed. The phenomenon of the interaction is decreasing with rising difference of eigen-values
of two considered eigen-modes.
Parameters of excitation and its distribution along the structure were determined following
widely respected standards. Quantitative or numerical portrait of interaction has been obtained
for a real structure of the tower type which is characterized by rather sparse distinctly separated
spectrum of eigen-values without any tendency to create eigen-value clusters. Consequently,
it can be expected, that in case of guyed masts with very dense eigen-values spectrum the interaction of eigen-modes will be even much higher, especially its stochastic part. Therefore,
in general, interaction of eigen-modes reveals to be important phenomenon which cannot be
neglected in practical calculations, otherwise serious underestimation of the effective dynamic
response variance (RMS) comes. Regarding an outlook for the future, interaction of several
structures in condition of complex boundary layer should be thoroughly investigated as well as
dynamic effects of extraordinary effects like down-storming processes, special terrain configurations, etc.
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Abstract. This paper presents a localized Lagrange multipliers approach to numerically solve
the vehicle-bridge interaction problem. The distinct characteristic of the present time-integration
algorithm is the introduction of additional auxiliary contact points between the vehicle wheels
and the bridge elements in contact, which enable the partitioned analysis of the vehicle and the
bridge subsystems. The interaction scheme accounts for rigid contact in the normal direction
and rolling contact in the tangential direction. The paper applies the partitioned algorithm to
a realistic scenario of a two-vehicle train crossing an existing HSR bridge. The results indicate that the proposed algorithm gives accurate results and at the same time can decrease the
computational cost of the analysis, compared to existing algorithms.
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1

INTRODUCTION

High-speed railway (HSR) lines progressively rely on bridges. Characteristically, in China,
most HSR lines consists of bridges by over 50% [1]. This, in conjunction with the high speeds
in which HSR trains currently operate, brings forward the timely vehicle-bridge interaction
(VBI) problem [2]. Of particular importance is the numerical simulation of the VBI problem,
where both accuracy and computational efﬁciency should be reserved.
The main algorithms to tackle the VBI problem are distinguished into two categories: the
coupled algorithms [2–4], that solve the coupled system leading to time-dependent system matrices, and the iterative algorithms [5–7] that solve the vehicle and the bridge subsystems separately through an iterative approach. Coupled algorithms usually result into high computational
cost, as the system matrices need to be updated at each time step. As for the iterative algorithms,
although they decrease the computational cost by solving the two subsystems separately, their
accuracy depends on the number of iterations at each time step and the adopted convergence
criterion. A different approach, the direct method proposed by Neves [8], solves directly a
system of linear equations with a block factorization algorithm, and returns simultaneously the
displacements and the contact forces of the system.
An alternative approach constitutes the localized Lagrange multipliers approach, originally
proposed by Zeng et al. [9]. This method enables the partition of the coupled system into
two separate subsystems, similarly to the iterative algorithms, but also reserves the compatibility between the two subsystems at each time step, similarly to the coupled algorithms. More
speciﬁcally, this approach, which emanates from the ﬁeld of computational mechanics [10], introduces artiﬁcial contact points between the vehicle wheels and the bridge elements in contact,
and subsequently assigns two sets of kinematic constraints to the VBI system. In that way, the
vehicle and the bridge subsystems can be solved as uncoupled, without the need for iterations,
as the compatibility is prerequisite at each time step.
This study extends the previous work of the authors on the localized Lagrange multipliers
approach [9] by accounting also for rolling contact between the rails and the wheels in the
tangential direction [11] and by considering non-linear proﬁles for the rails and the wheels
[12]. Following, it applies the proposed algorithm to a two-vehicle train crossing a HSR bridge
consisting of three continuous bridges [13]. Compared to existing algorithms, the localized
Lagrange multipliers approach is both accurate and computationally efﬁcient.
2

VEHICLE MODEL

The adopted vehicle is a HSR train consisting of two vehicles, modelled as three-dimensional
(3D) multibody assemblies. Each vehicle consists of one car body, two bogies and four wheelsets,
all connected with linear springs and dashpots (Figure 1). The car body and the bogies are assigned 5 degrees of freedom (DOFs) each, while each wheelset has 4 DOFs [11]. The equation
of motion (EOM) of the vehicle is:
V V
KVeff uV − WN
λN − WTV λVT = FV

(1)

where KVeff is the effective stiffness matrix, including the mass MV , stiffness KV and damping
CV matrices of the vehicle system:
d2
V d
+ KV
+
C
(2)
dt2
dt
The symbol dtd denotes differentiation with respect to time. uV ∈ R31×1 is the displacement
vector of the vehicle, and λVN ∈ R8×1 and λVT ∈ R24×1 are the normal and tangential (creep)
KVeff = MV
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Figure 1: 3D vehicle model: (a) typical HSR train layout, (b) side view, (c) top view (section A-A’) and (d) back
view (section B-B’), with the adopted degrees of freedom.

contact force acting on the vehicle, respectively. FV is the vector containing the external forces
V
acting on the vehicle subsystem. Finally, WN
∈ R31×8 and WTV ∈ R39×24 are the contact
direction matrices pertaining to λVN and λVT , respectively. The contact direction matrix in
the tangential direction also includes the forwarding and the angular pitching velocity of the
wheelsets, therefore an auxiliary matrix A is used, as will be shown in detail in Section 4.2.
The contact direction matrices of the upper part of the vehicle (car body and bogies) are zero.
The non-zero normal and tangential contact direction matrices of each wheelset are given in
detail in the study of Zeng and Dimitrakopoulos [12].
3

BRIDGE MODEL

The adopted bridge model is a prototype California HSR bridge system [13] (Figure 2). The
bridge is 301.5 m long, consisting of three continuous bridges, 100.5 m long each. Each one
of these continuous bridges comprises three spans with a uniform length 33.5 m. The bridge
superstructure relies on eight single-column bents and two abutments at the ends. The piers are
circular with diameter 2.44 m and uniform height 10.67 m. The bridge deck is a single-cell box
girder 12.80 m wide at the top, 5.33 m wide at the bottom and 2.90 m high. Figure 2 illustrates
in detail the bridge layout. The connection between the bridge superstructure ans substructure
is achieved with linear bearings [13]. Continuously welded rails, rigidly attached to the deck,
are assumed.
The simulation of the bridge subsystem employs the Finite Element Method (FEM), in order
to export the mass MB and the stiffness KB matrices [11]. Beam elements are used to model
the different components of the bridge and rigid contact between the elements is assumed. The
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Figure 2: The prototype California HSR bridge: (a) the bridge layout, (b) back view (section A-A’), (c) side view
at section B-B’ ans (d) side view at section C-C’. All dimensions are in m.

damping matrix CB results by considering the ﬁrst two modes of the bridge with damping ratio
0.02, as a Rayleigh damping matrix. Figure 3 demonstrates the ﬁrst six modes of the bridge.
The EOM of the bridge is:
B
B B
B B
B
KB
eff u + WN λN + WT λT = F

(3)

where KB
eff is the effective stiffness matrix:
Keff

B

d2
d
=M
+ CB + K B
2
dt
dt
B

(4)

and uB ∈ R2082×1 is the displacement vector of the bridge, where 2082 is the number of
8×1
24×1
DOFs of the bridge. Similarly to the vehicle subsystem, λB
and λB
are
N ∈ R
T ∈ R
B
2082×8
the normal and tangential (creep) contact force acting on the bridge, and WN ∈ R
and
WTB ∈ R2082×24 are the corresponding contact direction matrices. The bridge contact direction
matrices are time dependent, i.e. they change with the location of the vehicle on the bridge.
4
4.1

INTERACTION MODEL
Normal direction

The interaction scheme adopted in the present study relies on the introduction of additional
contact points between the two subsystems (Figure 4(a)). That enables the assignment of two
sets of Lagrange multiplies pertaining to the vehicle and the bridge subsystems, respectively. As
a result, the two subsystems can be solved separately, in a partitioned manner, but accurately at
the same time. The study assumes continuous contact between the two subsystems in the normal
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2nd transverse mode: f2=1.30 Hz, T2=0.77 s

1st transverse mode: f1=1.18 Hz, T1=0.85 s

3rd transverse mode: f3=1.64 Hz, T3=0.61 s

1st longitudinal mode: f4=1.72 Hz, T4=0.60 s

4th transverse mode: f5=2.11 Hz, T5=0.47 s

2nd longitudinal mode: f6=2.13 Hz, T6=0.47 s

Figure 3: The ﬁrst six modes of the prototype California HSR bridge of Figure 2.

direction at all times, and more speciﬁcally rigid contact between the vehicle wheels and the
bridge elements in contact. The kinematic constraints on the acceleration level, considering
ügN as the global boundary acceleration [9], are:
 V T V
WN eff u + v 2 r cN = EVN ügN
(5)
 B T B
g
WN eff u = EB
N üN
V
B
where WN
eff and WN eff are the effective contact matrices in the normal direction:

 V T d 2
= WN
,
dt2

T d

T
 B T  B T d 2
B
2
 B
WN eff = WN
+
2v
W
+
v
W
N
N
dt2
dt



V
WN
eff

T

(6)

and EVN and EB
N are identity matrices corresponding to the vehicle and the bridge, respectively.
Finally, rcN are the rail irregularities in the vertical direction, which herein are considered as
stationary stochastic processes simulated with the spectral representation method [2].
4.2

Tangential direction

This study extends the original scheme of [9], and additionally accounts for rolling contact between the rails and the wheels in the tangential direction (Figure 4(a)), while also considering
non-linear wheel-rail proﬁles (Figure 4(b)). As a result, creep forces and moments arise, which
are treated with the Kalker’s linear creep theory [14] and the Shen-Hedrick-Euristic modiﬁcation in case of high creepage [15]. The creep forces and moments vector is:

T
λT = λ T x λT y λM z
(7)
where λT x is the longitudinal creep force, λT y is the lateral creep force and λM z is the spin
creep moment vector. The creep vector results as the product of the saturation coefﬁcient ε, the
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Figure 4: (a) 3D interaction model according to the localized Lagrange multipliers approach and (b) non-linear
wheel-rail proﬁles.

Kalker’s creep coefﬁcient matrix fT and the creepage vector ξ T [14] as follows:

EVT λVT = εfT ξ VT
B
B
EB
T λT = εfT ξ T

(8)

to the vehicle and the bridge, and the
where EVT and EB
T are identity
 matrices pertaining

vector ξ T V = ξ T B = ξ T g = ξ x ξ y ξ ψ
denotes the creepage of the vehicle and the
bridge. The calculation of the saturation coefﬁcient ε and the Kalker’s creep coefﬁcient matrix
fT follows the same procedure as the study of Zeng and Dimitrakopoulos [11]. The creepage
vector contains the relative wheel-rail velocity in the tangential direction normalized to the
vehicle speed v:
ξT V = ξT B = ξT g =

T  
T

1  V T
WT eff AuV + vr cT + WTV b + −WTBeff uB
v

(9)

The two abbreviations WTV eff and WTBeff represent the effective tangential contact direction
matrices:
 d

,
WTV eff = WTV
dt
(10)


 d

B
WTBeff = WTB
+ v W T
dt
where the contact direction matrices in the tangential direction for the vehicle and the bridge
are:


WTV = WTV x WTV y WTV z ,


(11)
WTB = WTBx WTBy WTBz
given in detail in the study of Zeng and Dimitrakopoulos [12]. A ∈ 39×31 is an auxiliary
matrix and b ∈ 39×1 is an auxiliary vector to include the additional forwarding velocity
v and angular pitching velocity θ̇w = v/rw of the wheelsets, where rw is the radius of the
wheel. The upper part of both A and b (corresponding to the car body and the bogies) is zero,
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while for a single wheelset:
⎤
⎤
⎡
v
0 ∈ 1×4
Ai = ⎣E ∈ 4×4 ⎦ , bi = ⎣0 ∈ 4×1 ⎦
0 ∈ 1×4
θ̇w
⎡

(12)

where E and 0 are unit and zero matrices, respectively. r cT is the ﬁrst derivative of irregularities with respect to x in the tangential direction, also simulated with the spectral representation
method [2].
4.3

Solutions of the EOMs

The last condition to complete the coupled vehicle-bridge system is the Newton’s third law, that
connects the contact forces in the normal direction and the creep forces as:

B
EVN λVN = EB
N λN
(13)
B
EVT λVT = EB
T λT
Gathering Eqs. (1), (3), (5), (8), (9) and (13) yields the following system:

=




S l uV
FV

T
λB
ügN ξ T g
T


  T
0 0 0 0 −vr cT − WTV b

V
uB λVN λB
N λT

FB v 2 r c

where Sl is the differential operator:
⎡
V
0
−WN
0
−AT WTV
KVeff
B
B
⎢
0
Keff
0
WN
0
⎢ 
⎢ −WV T
0
0
0
0
⎢
N eff
 B T
⎢
⎢
0
0
0
0
WN eff

 V T 
Sl = ⎢
B T
⎢
−EN
0
0
0
EN
⎢
 V T
⎢
0
0
0
0
ET
⎢
⎢
0
0
0
0
0
⎣
 V T
T

B
WT eff A −WT eff
0
0
0

(14)

⎤
0
0
0
⎥
WTB
0
0
⎥
⎥
V
0
EN
0
⎥
⎥
B
⎥
0
−EN
0
⎥
⎥
0
0
0
⎥
0
0
−εfT ⎥
⎥
 B T
⎥
ET
0
−εfT ⎦
0
0
v(−ET )T
(15)
Solving Eq. (14) returns simultaneously the vehicle and the bridge response vectors, the contact
force vectors of the two subsystems, the global acceleration vector and the creepage vector of the
auxiliary contact points. The ﬁrst two rows of Eq. (14) represent the EOMs of the vehicle and
the bridge (Eqs. (1) and (3)) [9]. The third and the fourth row are the kinematic constraints in
the normal direction (Eq. (5) [9], and the ﬁfth row represents the Newton’s third law pertaining
to the normal contact forces (Eq. (13)) [9]. The sixth and the seventh row are the kinematic
constraints in the tangential direction (Eq. (8)), giving the creep forces acting on the vehicle
and the bridge, and the last row gives the normalized relative velocity in the tangential direction
(creepage) (Eq. (9)).
In order to estimate the response of the two subsystems, the unknown contact forces have
to be determined ﬁrst. The contact forces result by substituting the ﬁrst two rows of Eq. (14),
returning the displacement vectors of the vehicle and the bridge, to the last six rows of Eq. (14).
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The displacement vectors of the vehicle and the bridge are:
 V    V −1 V 
u
K
F

=  eff
B −1 B
uB
Keff F

−

−

−1 V
KVeff WN



0



0

−1 B
KB
WN
eff

−

−1
KVeff AT WTV

⎡



0

0

−1 B
KB
WT
eff



⎢
⎢
0 0 ⎢
⎢
0 0 ⎢
⎢
⎣

λVN
λB
N
λVT
λB
T
ügN
ξ gT

⎤
⎥
⎥
⎥
⎥
⎥
⎥
⎦

(16)
and substituting in the last six rows of Eq. (14), the contact force vectors in the normal and the
tangential direction, the global acceleration and the creepage are:
⎡
⎢
⎢
⎢
⎢
⎢
⎢
⎣

λVN
λB
N
λVT
λB
T
ügN
ξ gT

⎤

⎡

⎥ ⎢
⎥ ⎢
⎥ ⎢
⎥ =⎢
⎥ ⎢
⎥ ⎢
⎦ ⎢
⎣

V
−K̃VN eff WN
0
−K̃VN eff AT WTV
0
−EVN
0
B
B
B
B
B
0
K̃N eff WT EN
0
0
K̃N eff WN
 B T
 V T
EN
0
0
0
0
− EN
 V T
0
0
fT
0
0
− ET
 B T
0
0
0
− ET
0
fT
V
V
B
B
V
T
V
B
B
−K̃T eff WN K̃T eff WN −K̃T eff A WT K̃T eff WT
0
v(ET )T
⎤
⎡
K̃VN eff FV − v 2 r cN
B
⎥
⎢
K̃B
N eff F
⎥
⎢
⎥
⎢
0
⎥
⎢
⎥
⎢
0
⎥
⎢
⎦
⎣
0


T
B

V
K̃VT eff FV + K̃B
b
T eff F + vr cT + WT

⎤−1
⎥
⎥
⎥
⎥
⎥
⎥
⎥
⎦

(17)
where the abbreviations

K̃VT eff

,

K̃B
T eff ,

K̃VN eff

and

K̃B
N eff

are introduced:
T 
−1

 B T  B −1
Keff
K̃VT eff = WTV eff A KVeff , K̃B
T eff = − WT eff
 V T  V −1
 B T  B −1
V
B
K̃N eff = − WN eff Keff , K̃N eff = WN eff Keff

(18)

The integration follows the Newmark-beta method [16] with γ = 1/2 and β = 1/4. Following
the same procedure as [9], the expression of the displacement vectors, the contact force vectors,
the global acceleration vector and the creepage vector at the next time-step result. The proposed
time-integration scheme is realized in MATLAB software [17].
5
5.1

NUMERICAL EXAMPLE AND VALIDATION
A sprung-mass traversing a simply supported bridge

This paper ﬁrst examines a simple vehicle-bridge conﬁguration (Figure 5(a)) in order to validate
the accuracy of the proposed algorithm. The VBI system examined is a sprung-mass traversing
a simply supported bridge with a constant speed v = 100 km/h [2]. The undamped sprung mass
model consists of a car body (uc ) with mass mc = 5750 kg and a wheel (uw ) with zero mass.
The suspension system between the car body and the wheel has stiffness k v = 1595 kN/m.
The simply supported bridge has length LB = 25 m, mass per unit length ρ = 2303 kg/m2 ,
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(g)

time (s)

Figure 5: (a) Response histories of the (a) sprung mass-bridge system: (b) vertical displacement and (c) acceleration of the midpoint of the bridge, (d) vertical displacement and (e) acceleration of the car body; (f) contact forces
of the vehicle and the bridge and (f) acceleration of the wheel and global acceleration for the proposed method.

Young’s modulus E = 2.87 GPa, moment of inertia I = 2.90 m4 , zero damping and it is
modelled with 10 Euler-Bernoulli beam elements. For the time-integration, the Newmark-beta
method with time step dt = 1 × 10−4 seconds is used.
For completeness, Figure 5 compares the response of the VBI system with the following ﬁve
algorithms: the dynamic condensation method [3], the conventional coupled algorithm [4], the
iterative algorithm [5], the direct method [8], and the proposed herein partitioned algorithm.
For the iterative algorithm the tolerance is 1 × 10−3 [6], the relaxation coefﬁcient is η=0.4 [18]
and the maximum number of iterations is 10. The vertical displacement (Figure 5(b)) and
acceleration (Figure 5(c)) of the midpoint of the bridge, and the vertical displacement (Figure
5(d)) and acceleration (Figure 5(e)) of the car body agree for all ﬁve methods. The contact forces
of the two subsystems at the contact point for the proposed method are also identical: λV = λB
(Figure 5(f)). Finally, the acceleration of the wheel coincides with the global acceleration:
aw = üg (Figure 5(g)). The results of the aforementioned comparisons verify the precision of
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the proposed algorithm.
5.2

A two-vehicle train traversing the California HSR bridge
v = 300 km/h

z (vertical)

LB: 301.5 m
u & a: displacement & acceleration

x
x

( )B & ( )V: bridge & vehicle car body
( )y & ( )z: lateral & vertical direction
coupled algorithm
proposed partitioned algorithm

u (mm)

x
x

Bz

By

u (mm)

y (lateral)
x (longitudinal)

(a)

vz

vy

2

a (m/s2)

a (m/s )

(b)

(c)

(d)

time (s)

time (s)

Figure 6: (a) Response histories of an HSR train traversing the California HSR bridge: (a) vertical and (b) lateral
displacement of the midpoint of the middle span of the bridge, and (c) vertical and (d) lateral acceleration of the
car body of the ﬁrst vehicle for the coupled and the proposed partitioned algorithm.

The proposed algorithm aims to tackle the VBI problem both accurately and computationally
efﬁciently. Therefore, this section investigates a realistic VBI system consisting of a two-vehicle
train traversing the prototype California HSR bridge presented in Section 3. The properties of
the vehicle train are derived from [7]. The vehicle runs on the bridge at 300 km/h. The total
number of DOFs of the system are 2082 + 2 × 31 = 2144. In order to examine the performance
of the localized Lagrange multiplies approach, the study compares the proposed partitioned
algorithm with the coupled algorithm of [4]. The time step of the analysis is 0.0001 s. The
calculations are performed using a computer Intel(R) Core(TM) i5-6600 CPU @ 3.30GHz.
Figure 6 illustrates the response histories of the coupled system from the proposed partitioned algorithm and the coupled algorithm [4]. Speciﬁcally, Figures 6(a) and (b) demonstrate
the vertical and lateral displacement of the midpoint of the second continuous bridge of the California HSR bridge, and Figures 6(c) and (d) correspond to the vertical and lateral acceleration
of the car body of the ﬁrst vehicle of the train. The agreement between the localized Lagrange
multipliers approach and the coupled algorithm is excellent in all four cases, validating the accuracy of the proposed algorithm. Except for accurate, the proposed partitioned algorithm is
also computationally efﬁcient. For the system examined, the partitioned approach decreases the
computational cost by 20%, while in other cases, with simpler contact models, the proposed
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algorithm can be even 10 times faster than the coupled one [9]. The computational efﬁciency
of the partitioned algorithm can be valuable for very large vehicle-bridge conﬁgurations, with a
large number of DOFs, or in cases that a large number of numerical analyses is necessary, such
as the response spectrum of the bridge for different speeds of the passing vehicle.
6

CONCLUSIONS

The present paper examines a localized Lagrange multipliers approach to solve the VBI problem. Key feature of the presented algorithm is the introduction of artiﬁcial contact points between the vehicle and the bridge that enable the partitioned analysis of the subsystems, without
however the need for iterations, as the compatibility is reserved at each time step. This paper
extends the previous work of the authors on the localized Lagrange multipliers [9], by adopting practical non-linear wheel rail proﬁles for the rails and the wheels [12] and accounting for
rolling contact in the tangential direction [11].
Comparing the proposed approach with existing numerical analysis schemes to solve the
VBI problem, it becomes evident that the presented partitioned algorithm is accurate and can
also decrease the time cost of the analysis. More speciﬁcally, for a simple conﬁguration, consisting of a sprung mass traversing a simply supported beam, the partitioned algorithm is in
excellent agreement with exiting coupled and iterative approaches. More importantly, for the
realistic system of a two-vehicle train running over an existing HSR bridge, the localized Lagrange multipliers returns accurate results and at the same time reduces the computational cost
of the analysis. These advantages make the partitioned algorithm suitable for challenging and
computationally heavy VBI problems.
7
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Abstract
The use of railway transportation systems has been increased throughout the years.
Conventional ballasted tracks have been widely used in many countries around the world.
Ballast material is the basic element in ballasted track, it degrades and deforms after service.
Therefore, periodical ballast maintenance is required which is a cost and time expensive
activity. Understanding of ballast behavior leads to efficient design and maintenance. From the
literature, Discrete Element Method is used extensively to understand the behavior of railroad
ballast through box test. However, most researches in the literature simulate the train loading
as a pure continuous sinusoid unlike the actual loading induced by the trains. This paper aims
to show the influence of simulated loading of moving train on the dynamic behavior of railroad
ballast using box test via DEM. The paper utilizes the theory of Beam on Elastic Foundation to
simulate a more realistic loading on railroad ballast. The results from the simulated train load
are compared with those from a sinusoidal load. The results show a difference up to 6.89%
between simulated train and sinusoidal loading.

Keywords: Discrete Element Method, DEM, Railroad Ballast, Railway, Numerical Modelling,
Granular Material.
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1. INTRODUCTION
In many countries around the world, railways play a vital role as a mean of transportation.
There are two types of railway tracks; ballasted and ballast less tracks. The Ballasted tracks
have been used in the beginning of railways and ballast less tracks have been introduced in
1960s [1]. The ballasted tracks have the majority usage in the world due to their low cost and
greater experience that has been gained compared to new ballast less tracks [2].
The importance of ballast element in ballasted track beside the needs of costly maintenance
[3] raise the interests to increase the research work on understanding the mechanical behavior
of railroad ballast. Sorting out the main challenges, issues and concerns related to ballast
material increase the attraction and potential towards the use of an economic and environmentfriendly track material. This can be done by the good development of knowledge and
understanding about ballast mechanical behavior; which leads to better ballast design and
efficient maintenance.
From the literature, Discrete Element Method (DEM) developed by [4] has been used
intensively to understand the mechanical behavior of railroad ballast. DEM is a powerful tool
in understanding and visualizing the mechanical behavior of railroad ballast. Many Researchers
used DEM to understand the mechanical behavior of railway ballast. Most of the DEM models
for railroad ballast in the literature, were used to calibrate material properties or validate
experimental tests. For example, particle crushing test [5], uniaxial test [6], triaxial test [7],
direct shear test [8] and box test [5].
From the literature, most of the studies related to railroad ballast modelling using DEM
through box test simulate train loading as pure continuous loading [9, 10]. The actual train
loading is not pure continuous sinusoid. The train consists of number of cars. Each car has
typically four axles with different spacing. Each axle exerts a load on ballast layer. The loading
from the train is not a pure sinusoidal and depends on different parameters. For instance, car
length, car weight, axle spacing and time between passing trains. There are few studies simulate
the behavior of railroad ballast via DEM under haversine loading [11]. However, as
recommended by [12] that haversine can represents one single axle loading only.
This study aims to develop a better understanding about the mechanical behavior of railroad
ballast under simulated train loadings; to investigate the influence of different simulated train
loadings on the mechanical behavior of railroad ballast.
To achieve the aim of this study, DEM is used to understand the mechanical behavior of
railroad ballast under simulated train loading via box test. EDEM software by DEM Solutions
is used for DEM analysis of railroad ballast material.
2. DEM SETUP
2.1. Material Setup
The first step in setting up the simulation is defining the material properties. EDEM requires
from the user to define the properties of two types of materials used in the simulation; bulk and
equipment materials. It is essential to define the material properties correctly that represent the
material behavior. The bulk material in this simulation is railroad ballast material. While, the
equipment materials are box and sleeper material.
In this study, unbreakable spherical ballast shape with a rolling friction resistance approach
is used. Table 1, summarized the ballast material properties used in DEM model.
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Input used Parameters

Value

Passions ratio

0.2

Solid Ballast density

2600 kg/m3

Youngs Modulus

17.7 GPa

Shear Modulus

7.5 GPa

Coefficient of Restitution

0.4

Coefficient of Static Friction

0.6

Coefficient of Rolling Friction

0.25

Particle Shape

Spheres

Contact Model

Hertz-Mindlin

Table 1: Summary of the used values of ballast material properties in dem simulation.

Equipment material is the second type of material in EDEM that needs to be defined and
assigned before starting the simulation. In this simulation, there are two equipment materials
used; steel for the box and concrete for the sleeper. The used values for the material properties
for both materials are typical to what known in the literature. The simulated box portion of the
track used in this study and the geometrical setup in EDEM are shown in Figure 1.

(a)

(b)

Figure 1: (a) Box simulation area of a railway track and (b) box geometrical set up used in EDEM
(dimensions in meters).

2.2. Control Mode
Although EDEM software supports the use of displacement control mode, EDEM can
be customized to support force control mode using Application Programming Interface (API)
through C++. Which is the basic language of the software. A Different C++ codes are written
and customized to represent the different input simulated train loading to be used in EDEM.
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2.3. Ballast Layer Creation and Preloading
In this simulation the physical box geometry is used as dynamic factory to create the
particles. The input mass is 29.25 kg which is calculated based on a field bulk density of 1560
kg/m3and a box volume of 0.25×0.25×0.3 meters.
The particles are created and reached to equilibrium after 3 seconds of simulation time. The
created material has a void ratio of 0.7 that corresponds to a bulk density of 1531 kg/m3. Then,
ballast layer is preloaded by 2.2 kN that represents the static load from rail and sleeper weights
on the simulation box. The preloading value is calculated based on typical weights of rail and
concrete sleeper. The preloading stage takes 2 seconds of simulation time to achieve the
equilibrium state of ballast particles.
3. LOADING CASES
The train loading is simulated for an infinite train that passes a measurement point on the
track. The measurement point is the simulation box. There are two loading cases used in this
work.
Case 1 is the train loading simulated utilizing Beam on Elastic Foundation (BOEF) theory
to simulate a more realistic train loading, that will be used as an input parameter in part 2 (DEM
of simulation box test) as shown in Figure 2. Rail is modelled as Euler-Bernoulli beam
discretely supported by rail pads to count for sleeper spacing. Rail pad is modelled as spring
with stiffness constant kpad. Measurement point is the location of DEM simulation box test.
The other case is sinusoidal with a frequency of 11.11 Hz assuming an axle spacing of 2.5
m; which is typically the spacing between the two front and rear axles of the train (L1), and a train
velocity of 100 km/hr (Doha Metro maximum train speed). The usual loading frequency for
normal train is in the range of 8 – 10 Hz and for high speed train it may extent to 30 Hz;
assuming an axle spacing of 2.6 m and a train speed of 75-94 km/hr [13, 14].
The simulated train loading for Case 1 and Case 2 are shown in Figure 3 and Figure 4
respectively. Point A and point B from Case 1 are used as a rang for the sinusoidal loading case
for fair comparison purpose; where “A” is the maximum loading point and “B” is the minimum
loading point. Point C, represents the flying sleeper phenomena due to the more realistic
simulated train loading utilizing BOEF theory. Points A, B and C equal to -5.40 × 104 N, 696.82 N and -2.21 × 103 N respectively. Each loading case is simulated for 800 loading
cycles.

Figure 2: Infinite BOEF model used in this study to simulate train loading.
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Figure 4: Case 2.
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4. RESULTS AND DISCUSSION
The main parameter used for discussion and comparison of the results is ballast layer
displacement. The influence of different simulated train loading cases for 800 loading cycles
on ballast displacement is discussed and compared.
The Absolute Maximum Displacement (AMD) versus the number of loading cycles is used
to compare the results between the two loading cases as shown in Figure 5. Moreover, to
investigate the influence of simulated train loading on ballast mechanical behavior using DEM.
The AMD of sleeper is taken at each number of loading cycles for each loading case. Both
loading cases cause ballast layer to displace with an increased trend versus the number of
loading cycles. The highest value of AMD of ballast layer in this study are 17.98 and 18.27 mm
for Case 1 and 2 respectively.
The rate of change of the AMD is not uniform for the both loading cases. Both loading cases
have almost a steep slope in the first 200 cycles due to the rapid initial settlement of the particles.
Then, after the 250th cycle the slop drops slowly; where ballast aggregates at this stage gradually
settle. This is due to the particles’ rearrangement and densification of ballast aggregates after
the 250th loading cycles. This agrees with the experimental observation of Ngo et al.[10] that
ballast layer under cyclic loading undergoes three stages. Initial rapid settlement, gradual
settlement and stabilization. The stabilization stage is not observed in this simulation due to the
low number of applied loading cycles.
The simulated train loading in DEM influences the mechanical behavior of railroad ballast.
The percentage error of AMD at each loading cycle is used to compare the results of the
sinusoidal loading case with Case1 as shown in Figure 6.
The results of loading Case 2 are quite close to the results of loading Case 1. The maximum
percentage error corresponds to 6.89% at the initial stage of loading. Nevertheless, after 350
loading cycles the results of Case 2 starts to agree with Case 1. This is clearly illustrated in
Figure 6 that for Case 2 after 350 loading cycles the percentage error decreases.
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Figure 5: Absolute maximum displacement of ballast layer versus loading cycles for the two loading cases.

Figure 6: Percentage error of absolute maximum ballast displacement between two cases.
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5. CONCLUSION
Throughout the years, the research about developing a better understanding of ballast
mechanical behavior has been increased for better ballast layer design and efficient periodical
maintenance.
From the literature, researchers used DEM to model railroad ballast behavior under pure
continuous sinusoidal loading through box test. Train consists of number of cars. Each car has
number of axles with different spacing. Each axle applies a load on track substructure. The train
loading is not a pure continuous sinusoidal loading. The train loading depends on train weight,
car length, axle number and axle spacing.
This study aims to understand the mechanical behavior of railroad ballast under different
simulated train loadings using DEM. Moreover, to investigate the influence of different
simulated train loadings on the mechanical behavior of railroad ballast using DEM.
Furthermore, to recommend a proper simulated train loading to be used in DEM.
In this work, there are two simulated train loading cases. Case 1 is the train loading simulated
utilizing Beam on Elastic Foundation (BOEF) theory to simulate a more realistic train loading.
The other case is sinusoidal.
Analytical modelling utilizing the Beam on Elastic Foundation (BOEF) theory is used to
simulate a more realistic train loading. The numerical Discrete Element Method is used to
model the behavior of railroad ballast under different simulated train loading via box test. The
results from more realistic simulated train loading utilizing BOEF theory are compared with
those from sinusoidal loadings.
The main findings of this study are briefly summarized that, DEM is a powerful method in
understanding the mechanical behavior of discontinuous material like railroad ballast; EDEM
software is a useful tool to be used for DEM analysis; the simulated train loading influence the
mechanical behavior of railroad ballast where a maximum difference of up to 6.98% is shown
between the simulated train and sinusoidal loading.
Further investigation is required to account for large number of loading cycles; dynamic
loading associated to high train speed, wheel and track irregularities; and particle breakage
(permanent deformation).
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Abstract
The main purpose of railway trains is to transport large number of passengers and goods.
The rate of degradation of railway tracks should be reduced to minimize the maintenance
activities and the associated financial and social impacts. Degradation of tracks are influenced
by the track dynamics, which also affects the ride quality and the levels of emission of noise
and the generation of ground-borne noise and vibration. Investigating the dynamic behavior of
railway tracks is important. A number of numerical approaches were reported in the literature
on investigating the dynamic behavior of both types of railway tracks; ballast tracks and slab
tracks (including floating-slab tracks with continuous and discontinuous slabs). In this paper,
a special type of floating slab track is modelled. The track has periodical grooves along the
concrete slab, where one slab unit consists of two segments with different masses and stiffness.
The model uses the repeating unit method and utilizes the periodic-infinite structure theory.
The model considers both bending and torsional dynamic effects. The model is utilized in a
parametric study to investigate the effect of changing the depth of the groove on the dynamics
of the track. The parametric study shows the large effect of varying the groove thickness only
under 50% of the full thickness of the slab.

Keywords: Floating-Slab Track, Railway Dynamic Behavior, Parametric Study, Numerical
Modelling.
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1. INTRODUCTION
Investigating the dynamic behavior of the railway track is important to preserve and maintain
the track in a well condition; and reduce the results of the track dynamics on the track’s
structure, trains’ passengers and the nearby structures. To improve the understanding of the
dynamic behavior of the railway tracks and its components, modeling approach is used based
on different numerical methods and techniques.
A special floating-slab track (FST) design was adopted in Qatar (Doha metro). The track
consists of a continuous slab with intervallic grooves. For the repeating concrete slab unit, it
consists of two segments with different masses and stiffnesses. The purpose of this track design
is to allow cables crossings and to facilitate the installation of shuttering required for casting of
grout in between the slabs.

Figure 1:Showing groove in the concrete slab

One of the earliest models of continuous FST was proposed by Samavedam and Cross [1]
who used two Winkler beams representing the rails and slab. Later, Forrest [2] proposed two
numerical models for continuous and discontinuous FST under oscillating non-moving load in
his PhD dissertation. The method proposed in [2] was later modified by Hussein and Hunt [3]
to account for oscillating moving loads.
Cui and Chew [4] used the reacceptance method to model discontinues FSTs under moving
and non-moving harmonic loads. Hussein and Hunt [5] used three different methods, namely
the repeating unit method, periodic Fourier method, and the modified phase method to model
discontinuous FSTs under a moving oscillating load.
Hussein and Costa [6] developed a numerical model for investigating the effect of the
vertical stiffness of end bearings on the dynamic behavior of discontinuous FSTs. Another
approach for representing the interactions between slab units in discontinuous FSTs was
proposed by Wei et al. [7] who utilized two dowel joints models (shear-spring dashpot and
bending spring-dashpot models).
As presented in the literature above number of numerical models have been used for
investigating both continuous and discontinuous FSTs. Obviously, the previous numerical
models cannot be used to model the special FST, which assume a constant cross-section along
each slab unit.
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In this paper, Dynamic behavior of the special FST model is going to be investigated under
harmonic non-moving excitation in both bending and torsion by modifying the previous
numerical models of FST to take into account the changing slab segments’ stiffness and mass.
The infinite continuous FST model proposed in [2] is modified to model special FST. The
modified model is utilized in a parametric study to evaluate the influence of varying the slab
segment’s stiffness and mass parameters by varying the grooves thickness on the dynamic
response of the infinite special FST.
The rest of the paper is organized as follows. Section 2 shows the modified numerical model.
In Section 3, the parametric study is conducted to show the track response for different slab’s
parameters based on different groove thicknesses. Finally, Section 4 concludes the paper.
2. FORMULATION OF THE NUMERICAL MODEL
The improvement on the previous model presented in [2] is the consideration of the
existence of periodical grooves along the slab. As illustrated in Figure 2, the three-dimensional
model consists of three Euler-Bernoulli beams. The three beams account for the two rails and
the slab of the track. A harmonic non-moving load applied on the rails is used to compute the
response of the track. The slab is modeled for both bending and torsion.

Figure 2:Illustraion of the model. (a) Cross section view. (b) Side view.

The special FST track is divided into a number of elements. The Dynamic Stiffness Matrix
(DSM) of each element in the model is computed based on the Dynamic Stiffness method. The
computations of DSM for the special FST element is modified for this model. The special FST
element is divided into two sub-elements to account for the grooves. As shown in Figure 3, both
sub-elements have the same rails’ stiffness and mass but different slab’s stiffness and mass.
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Figure 3:Special FST element and its two sub-elements boundary conditions.

The DSM of the two sub-elements are obtained using the general solution expression and
boundary condition corresponding to each sub element. Subscripts 1 and 2 refers to sub element
1 and sub element 2 respectively. Then using the at joint conditions between sub elements,
DSM of the entire element (special FST element) is formed from DSM of the sub elements. For
the DSM for the infinite track, Periodic Structure theory is utilized by implementing the
repeating-unit method to calculate DSM of the infinite track from DSM of an element. The
reader is referred to [2] for further details about these calculations.
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3. PARAMETRIC STUDY
A parametric study was conducted to describe the effect of varying the thickness of the
grooves on the response of the special FST design in both bending and torsion. The infinite
special FST model was adopted for this analysis. The floating slab was modeled as a beam with
two cross-sections repeating along the track direction as illustrated in Figure 2. The length of
the main cross-section 𝐿𝐿1 was taken as 4.1m, while the width of the groove was selected as
𝐿𝐿2 = 0.1 m. For the main rectangular cross-section, dimensions 𝐵𝐵𝑆𝑆 × 𝑇𝑇𝑆𝑆 was assumed. Also,
for the other rectangular cross-section with dimensions of 𝐵𝐵𝑆𝑆 × 𝛼𝛼𝑇𝑇𝑆𝑆 was taken at the groove
(𝐿𝐿2 ), where 𝛼𝛼 is a reduction factor representing the change of slab’s thickness with respect to
the main cross-section. The factor starts from 1 for a purely continuous beam and approaches
zero as the grooves’ thickness decrease.
Input parameters reported in Table 1, were estimated from the drawings and specifications
provided by the manufacturer.
The width 𝐵𝐵𝑠𝑠 , thickness 𝑇𝑇𝑠𝑠 , modulus of elasticity 𝐸𝐸𝑠𝑠 , and density 𝜌𝜌𝑠𝑠 are used to compute the
slab mass 𝑚𝑚𝑠𝑠 and slab bending stiffness 𝐸𝐸𝐼𝐼𝑠𝑠 for bending analysis. Likewise, for analyzing the
pure torsional response, 𝐵𝐵𝑠𝑠 , 𝑇𝑇𝑠𝑠 , 𝜌𝜌𝑠𝑠 , along with the slab’s shear modulus 𝐺𝐺𝑠𝑠 were used to compute
mass polar moment of inertia of the slab 𝐽𝐽𝑠𝑠 and slab torsional rigidity 𝐺𝐺𝐺𝐺𝑠𝑠 .
Rails

Slab
𝐵𝐵𝑠𝑠 = 3 m
𝑇𝑇𝑠𝑠 = 0.67 m
𝐸𝐸𝑆𝑆 = 25.27 × 109 Pa
𝜌𝜌𝑠𝑠 = 2355 kg/m3
𝐺𝐺𝑆𝑆 = 9.38 × 109 Pa
𝑘𝑘3 , 𝑘𝑘4 = 2.52 × 106 N/m/m
𝑐𝑐3 , 𝑐𝑐4 = 3.74 × 104 𝑁𝑁. 𝑠𝑠/𝑚𝑚/𝑚𝑚
𝑏𝑏 = 1.5 𝑚𝑚

𝐸𝐸𝐸𝐸𝑟𝑟 = 7.46 × 106 𝑃𝑃𝑃𝑃. 𝑚𝑚4
𝑘𝑘1 , 𝑘𝑘2 = 2.03 × 107 𝑁𝑁/𝑚𝑚/𝑚𝑚
𝑐𝑐1 , 𝑐𝑐2 = 1.49 × 104 𝑁𝑁. 𝑠𝑠/𝑚𝑚/𝑚𝑚

Table 1: Geometry and material properties of the rectangular section for the rails and slab.

In pure bending the response calculated at the point of load application for different levels
of 𝛼𝛼 is shown in Figure 4. For the continuous slab (i.e. 𝛼𝛼 = 1), a single peak can be noticed
around 5.5 Hz corresponding to the resonance frequency of the slab on its bearings. For
reduction factors large than 𝛼𝛼 = 0.6, it appears that the grooves have a negligible effect on the
response. However, at 𝛼𝛼 = 0.5, a small peak can be observed around 50 Hz. The frequency of
this peak decreases with 𝛼𝛼 to 35 Hz at 𝛼𝛼 = 0.3 down to 8.5 Hz for the nearly discontinuous
case (𝛼𝛼 = 0.01). The peak’s frequency at 𝛼𝛼 = 0.01 is close to the first bending natural
frequency of a free-free rail supported over intermediate supports at 𝐿𝐿1 intervals [8]:
A small peak is visible at 165 Hz starting from 𝛼𝛼 = 0.3 . The peak’s frequency decreases to
134 Hz at 𝛼𝛼 = 0.01. This frequency corresponds to the first bending natural frequency of a
free-free slab segment having a length of 𝐿𝐿1 [8].
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(a)

(b)
Figure 4:The displacement response of (a) the rails and (b) the slab, in pure bending computed under the load for
variable values of 𝜶𝜶.
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Under pure torsion the responses are provided in Figure 5. Like the bending case, a single peak can
be seen around 5.5 Hz corresponding to the resonance frequency of the slab on its bearings. Starting
from 𝛼𝛼 = 0.5, two peaks appears around 96 Hz and 194 Hz. The amplitude of these peaks increases
without a noticeable change in its frequency with the reduction of 𝛼𝛼. These frequencies is associated
with the first and second torsional natural frequency of a free-free slab segment having a length of 𝐿𝐿1
[8].
The parametric study shows that the effects of the grooves along the floating slab are negligible for
a thickness reduction factor above 50%. As the thickness of the grooves decreases below 50% of the
original slab thickness, the effect of local bending and torsional vibration mode of the floating slab’s
segments become more noticeable. Previous continuous FST models can be used to obtain responses
of the special FST if the thickness at the grooves is more than 50% of the original slab thickness.

(a)

(b)
Figure 5: The displacement response of (a) the rails and (b) the slab, in pure torsion computed under the load for
variable values of 𝜶𝜶.
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4. CONCLUSION
This paper presented a model for studying the dynamic behavior of a special FST design.
The slab part of the track includes intervallic grooves along the track. The slab unit of this type
of track consist of two units with different slab’s stiffness and masse parameters. A fast running
model based on Dynamic Stiffness method. The results of this study show that, reducing
grooves thickness until 50% of the original beam thickness has minimal influence on dynamic
behavior for bending and torsional behavior. Below that, the floating slab’s segments bending,
and torsional vibration modes are more noticeable. The use of conventional continuous FST
model is applicable for groove thickness more than 50% of the original beam thickness.
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Abstract
The scope of this research paper is to describe the mathematical formulation and develop a
holistic and consistent methodology for dynamic analysis of coupled high-speed train-railway
bridges. In the frame of the methodology proposed herein, appropriate numerical (discretization) schemes are introduced based on a suitable weak form relation dully tailored to the specific problem. In particular, the mathematical formulation is based on the description of the
constrained problem using a set of pure ordinary differential equations, avoiding problems
related to differential algebraic equations, which are extensively used in state of the art codes,
despite the pertinent drawbacks regarding constraint violation, drifts, energy loss, stability and
convergence. This mathematical formulation has been already applied to mechanical systems
(vehicles, robots) rendering the application on a complex system rather appealing and innovative. The feasibility of the application to complex systems is discussed providing the equations for the modelling of bilateral constraints and the detailed description of the numerical
integration scheme. The solution strategy proposed and described herein is based on a cosimulation approach, proposing a Gauss-Seidel communication pattern. The holistic methodology for analysis of coupled train-railway bridge systems for dynamic loading is outlined
and the framework for reliability analysis of the system is set up and discussed.
Keywords: Railway Bridges, Multibody Dynamics, Train-Track-Bridge Interaction, CoSimulation, Seismic reliability.
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1

INTRODUCTION

The investment planning and decision-making for an upgrade and expansion of existing
roadway and railway networks is based on detailed technical studies accounting for various
social and economic parameters. The decision-making procedure includes assessment of critical infrastructure (e.g., bridges) and evaluation of development potentials. In this context, a
robust and reliable analysis of the coupled train-railway-bridge system can provide a valuable
tool for assessment of the existing network considering the effects of high-speed train and
bridge interaction during dynamic (i.e., seismic) loading.
The dynamic behavior of a train-bridge system is a coupled and complex model consisting
of two main subsystems, the bridge and the train. In general, the train subsystem can be described as a multibody assembly and the bridge subsystem can be modeled using classical
structural finite element formulations. The subsystems interact through contact/impact forces,
i.e., forces between the vehicle wheels and the rail on the bridge deck. Several researchers
worldwide have worked on train-bridge interaction problems integrating the train, track and
bridge as a single system [1,2]. Vehicle-rail-bridge (VRBI) models have been introduced for
the analysis of dynamic interaction between moving trains and railway bridges, based on the
dynamic integration methods [3,4,5,6]. Due to the nonlinear interaction of subsystems, it is
widely accepted that the dynamic analysis of train-bridge system during earthquakes cannot
be a simple combination of bridge seismic design and train-bridge interaction calculation.
Therefore, several studies have investigated the response of coupled systems under dynamic
(earthquake) loading [7] as well as the seismic performance for different levels of earthquake
intensity (fragility analysis) [8].
Based on the above, the scope of this paper is to propose and describe a novel methodology
for the modelling and analysis of coupled train-railway-bridge system, considering an appropriate numerical discretization scheme and a solution strategy based on a co-simulation approach. The proposed methodology is based on an effective mathematical framework for the
analysis of the constrained dynamic system for arbitrary loading, using a set of pure second
order ordinary differential equations (ODE) [9,10], to overcome the limitations induced by
differential algebraic equations (DAE) related to constraint violation, energy loss, stability and
convergence [11,12,13]. Efficient modeling of the vehicle multibody assembly and the interaction between the vehicle and track (contact/impact modeling) is described in detail along
with the relevant equations for the modeling of bilateral and unilateral constraints [14,15]. The
numerical analysis of the system is based on a multi-field weak formulation [10,16], whereas
a co-simulation technique is proposed, dividing the problem in two subsystems that are solved
in specific sequence, communicating via an iterative Gauss Seidel communication pattern.
More specifically, each subsystem is solved for a selected communication interval, using different numerical solvers tailored to the characteristics of the subsystem considered. Based on
the previously described co-simulation technique, the coupled train-railway-bridge system is
jointly solved for dynamic loading in the time domain. The framework for reliability analysis
of the system is additionally proposed, setting the basis for the definition of damage at a coupled system level, by considering the limit states of critical components of the interacting subsystems.
2

METHODOLOGY FOR DYNAMIC HIGH-SPEED TRAIN-TRACK-BRIDGE
INTERACTION

The framework of the methodology proposed for high-speed train-track-bridge interaction
modeling is presented in Figure 1. All the critical subsystem components, namely the train,
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track and bridge are accounted for, along with train-track (wheel-rail) and track bridge interaction. The solution strategy proposed herein is based on a co-simulation approach. The problem is naturally divided in two subsystems, namely the vehicle and the bridge-track. These
subdomains are almost decoupled and possess different dynamical characteristics. The vehicle
is solved by using a flexible multibody dynamics (MBD) methodology developed at the Laboratory of Machine Dynamics (AUTh), whereas the bridge-track subdomain is solved via a
general finite element methodology (FEM) with an open-source code (Opensees). Each subsystem is solved for a specific communication time interval (Δt), with different solvers tailored to the different characteristics of the subsystem. The interaction of the two subsystems is
enforced in a weak form according to the general description of the problem. The solution follows a block type iterative Gauss-Seidel form, solving the vehicle subsystem at each iteration
and, sequentially, the bridge-track subsystem (Figure 1). The vehicle-track interaction forces
are computed using an appropriate wheel-rail contact formulation [1,2]. In order to perform
dynamic analysis of the FE model the classical HHT numerical integrator with a fixed time
step is used [17], whereas the integration procedure for the multibody vehicle model is based
on a time integration algorithm developed by the Laboratory of Machine Dynamics (AUTh).

Figure 1: Outline of the methodology for dynamic high-speed train-track-bridge interaction.

Novel mathematical formulation techniques and numerical schemes are utilized, providing
insight for efficient modeling of subsystems and their interaction. The highlights, main aspects and novelties are summarized below and discussed in detail in the following sections:
 The proposed formulation handles both rigid and flexible multibody dynamics [18,19].
Therefore, nonlinearity in suspension vehicle springs is considered, rendering the interaction modeling more consistent and reliable.
 The mathematical formulation for the description of bilateral constraints is based on the
geometric properties of the configuration manifold, leading to a description of the problem by a set of pure ODEs, avoiding implications related to constraint violation and energy decay [9,10].
 The mathematical formulation for modeling of contact/impact phenomena is based on a
solid theoretical foundation, using concepts of differential geometry and leading to the
description of the problem by a set of pure ODEs, avoiding implications related to the
classical non-smooth mechanics description [14,15].
 Appropriate numerical schemes are introduced, based on a consistent weak formulation,
dully tailored to the specific problem.
 The numerical solution of the system for dynamic loading is based on a co-simulation
technique. The two subsystems are solved within the same communication time period
using an iterative Gauss Seidel communication pattern.
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3
3.1

HIGH-SPEED TRAIN-TRACK-BRIDGE INTERACTION MODELING
High speed train model

A typical railway vehicle consists of a car body, bogies, wheelsets and spring-damper primary
and secondary suspensions (Figure 2). The car body is connected to the bogie frame through
the secondary suspension system, whereas the bogie is connected to the wheelsets through the
primary suspension system (Figure 2).

Figure 2: Car body – bogie frame and bogie-wheelset connection

In the frame of the methodology proposed herein, the vehicle submodel is developed based on
multibody dynamics techniques [11,18,19]. In particular, the car bodies and bogie frames are
assumed to be rigid or flexible 3D bodies (Figure 3), according to the analysis goals, while all
wheelsets are modeled as rigid bodies. In case of flexible 3D bodies, a reduction methodology
based on Craig-Bampton component mode synthesis is applied, in order to retain a reduced
number of modes within the frequency range of interest. These modes describe the deformation of the body and area superimposed to the large rigid body motion. In addition, the
train is considered to move with constant speed along the track.

Figure 3: Car body of a railway vehicle

A major issue in the field of Multibody Dynamics is the consistent and efficient treatment of
bilateral constraints. The method proposed in [9] provides a robust and appropriate way for
the analysis of constrained dynamical systems in a more accurate and efficient manner, compared to other techniques applied in the field of Analytical Dynamics and Multibody Dynamics. Within the methodology developed, the Lagrange multipliers associated with the motion
constraints are treated in a consistent dynamic manner, according to the form of the main
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equations of motion. Therefore, the derivatives of the Lagrange multipliers appear naturally in
the equations of motion, yielding a set of second order ODEs associated to bilateral constraints. The latter leads to a complete system of ODEs, overcoming the need for an arbitrary
and externally imposed numerical stabilization [11,12,13]. Furthermore, all constraints are
automatically introduced and appropriately scaled, unlike widely used formulations of DAE
systems, which are based on adhoc procedures [13]. The basic advantage of the proposed
methodology is the full exploration of the geometrical properties of the configuration manifolds based on some fundamental concepts of differential geometry. Furthermore, the effect of
each constraint is examined independently from the others, leading to significant simplifications in the analysis.
More specifically, the mechanical systems examined herein belong to a class of multibody
systems subjected to a set of motion constraints. For simplicity, these constraints are assumed
to be scleronomic and are put in the form
(1)
 R  aiR v i  0   ( q, v )  A( q ) v  0 ,
where A  [aiR ] is a k  n matrix with known elements, q i are the generalized coordinates and
v i are the components of the velocity vector. In case of a holonomic constraint, the corre-

sponding equation can be integrated and put in the simpler form  R (q)  0 . Then, the final set
of ODEs assumes the following form
( M ( q ) q )   h ( q , q )  f ( q , q , t )  AT ( q )[( M  )  C   K   f ] ,

(2)

g R  (mRR R )  cRR R  k RR R  0 οr

(3)

g R  (mRR R )  cRR R  0 ,

when holonomic coordinates are employed, where the elements  of entity  are Lagrange
R

multipliers. The term h ( q, q ) includes the classical quadratic velocity terms, associated to the
affinities of the configuration manifold [9], while the elements of the diagonal matrices
M  diag (m11  mkk ) , C  diag (c11  ckk ) and K  diag (k11  kkk )

(4)

and array f are obtained from the properties of the configuration manifold and the direction
of the constraints. The major difference of the proposed approach, compared to classical approaches available in literature, is related to the last term of Eq. (2), representing the constraint forces. Specifically, in all existing analytical formulations, the effect of the constraint is
represented by the “static” term AT  solely. Furthermore, Eq. (2) represents a set of n second
order coupled strongly nonlinear ODEs in the n  k unknowns q i and  R . The cases involving quasi-coordinates are also covered by similar equations. Finally, the associated forces for
each constraint are provided by the term
(5)
f c  AT [( M )  C   K   f ]
3.2

Track and bridge models and dynamic interaction

There are two types of track structures laid on high-speed railway bridges: ballasted track and
non-ballasted track, with the non-ballasted track structure being the most common case. For
the non-ballasted slab track laid on bridges (Figure 4), each slab can be modeled as a rectangle
plate supported by a viscoelastic foundation, as described in [6]. For the double-block nonballasted track, the track structure can be simply modeled as continuous rail beams discretely
supported by fastenings.
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The bridge structure is modeled using the finite element method. Detailed bridge modeling
includes the bridge, piers, foundation and abutment using frame elements. Inelastic behavior
of frame elements (piers) is considered, providing the relevant M-φ (moment-curvature)
curves along with appropriate boundary conditions.

Figure 4: Rail track on bridge, non-ballasted track on bridges

3.3

Wheel-rail dynamic interaction model: contact / impact modeling

Due to the specific form of the complete system, two almost decoupled subdomains in the
configuration manifold are obtained, namely the vehicle and bridge-track subdomain. The
coupling arises from the contact/impact events between wheels and track (Figure 5).

Figure 5: Interaction between the vehicle and the track
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The description of a dynamical system with unilateral constraints (impact/contact) is based
on the methodology developed in [14,15], relying on the theory of manifolds with boundaries.
In order to describe the system at the boundary location (impact/contact), a boundary layer is
introduced with appropriate properties that describe the interaction (Figure 6). In brief, the
normal vector to boundary X C of the configuration manifold, is related to the boundary defining function  and induced within the original configuration manifold M by the action of all
the bilateral constraints [15]. Specifically, the motion during the contact phase was found to
be governed by a set of three ODEs, in case of a single event with friction, when expressed in
a special coordinate system in the close vicinity of the configuration boundary, having one
axis normal to the boundary and the remaining axes tangent to the boundary. The inertia of the
figurative particle representing the motion of the system was found to increase rapidly as it
approaches the boundary along this axis. At the same time, a strong repulsive force arises
pushing this particle away from the boundary. In addition, friction was found to activate action along two special tangential directions only, determined by a mapping with the physical
space [15]. In this case the computation of friction forces is based on a Polach nonlinear
creep-force model in order to consider the creep effect [2]. Normal and tangential forces are
generated for each contact pair (wheel-rail). Finally, the equations of motion in the original
coordinate system were simply obtained by a proper projection of these three ODEs. It is important to emphasize that the three directions for each event have nonzero projection on each
subdomain, that leads to its coupling. The equations of motion along the three directions related to the impact/contact event, assume the following form
1
pˆ1  1 pˆ1v1  fˆ1*  0,
x

p 2  fˆ2*  0,
p  fˆ *  0,
3

3

fˆ1*  11 F1  12 F2  13 F3

fˆ2*   22 F2   23 F3
fˆ *   2 F   3 F
3

3

2

3

(6)

3

.
k
c x1
fˆ1 ( x1 , x1 )  [ 11  11 2 ] sˆ( x1 ; a, b)
(7)
x (x )
where pˆ i are the components of the momentum, x1 is the distance along the normal to the
boundary, k1 , c1 are constants related to the behavior inside the boundary layer and should be
computed by experiments and sˆ( x1 ; a, b) is a cut off function that eliminates the effect of repulsive function outside of the boundary layer. It should be emphasized that the new system
of equations of motion Eq. (6) constitute a set of ODEs even during the contact phase, avoiding singular behavior related to the numerical solution of systems of DAEs. Also, there is no
need for employing restitution coefficients since the whole trajectory is known during the contact phase. However, the most important difference is that the present formulation leads to
elimination of the discontinuity in the velocities during the whole contact phase. This is obtained due to a fast increase in the value of the metric and the affinity component along the
direction normal to the boundary of the configuration space, which slows down the figurative
particle inside the boundary layer in a fast fashion. At the same time, the forces developed are
large but have a bounded magnitude, since the figurative particle never reaches the boundary
[14,15]. In fact, a strong repulsive force is applied on this particle pushing it away from the
boundary.
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Figure 6: a) Original configuration manifold and constrained manifold, for a system subject to a unilateral constraint. (b) Magnification around a boundary point.

Another crucial task for the numerical solution of the system is the contact detection algorithm. In this case, a general methodology for bodies with arbitrary geometrical shapes is
adopted as described in [20]. A broad detection phase is initially considered, being typically
more computationally efficient and indicating pairs of objects that may intersect. This involves either the bounding volume approach or the more elaborate approach of an AABB tree
in the case of arbitrary tessellated surfaces. Subsequently, a narrow phase detection is applied,
wherein the individual pairs identiﬁed at the previous step are checked in a more precise and
detailed manner. The general case is tested utilizing the Gilbert-Johnson-Keerthi's algorithm,
based on support functions and iteratively updating a simplex inside the Minkowski difference
(see [20] for a more detailed presentation). As soon as contact is detected, the penetration
depth and contact normal are determined by utilizing the expanding polytope algorithm in
conjunction with a clipping algorithm.
4
4.1

NUMERICAL DISCRETIZATION SCHEME
Numerical integration scheme

The numerical integration scheme is based on a weak formulation of constrained dynamical systems, which is described in detail in [10,16]. This formulation is based on the set of
equations of motion described in §3 and are represented by a coupled system of second order
ODEs in both the generalized coordinates and the Lagrange multipliers associated to the motion constraints. Moreover, the generalized displacement, velocity and momentum type quantities are assumed to be independent, forming a three-field set of equations. In particular, the
weak generalized velocities and the strong time derivatives of the generalized coordinates are
related through a new set of Lagrange multipliers, which were shown to represent momentum
type variables. The weak formulation developed can be used as a basis for producing suitable
time integration schemes for the class of systems examined.
As noted earlier, the two subdomains considered are coupled through contact/impact events.
For each event a set of three equations is obtained, providing nonzero projection to each subdomain. This contribution is expressed in a weak form in Eq. (8) where wi   q i denotes the
variation of the coordinates.



t2

t1

[( pˆ1 

1
pˆ1v1  fˆ1* ) w1  ( p 2  fˆ2* ) w2  ( p 3  fˆ3* ) w2 ] d t  0.
x1
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Since the variations wi are arbitrary, they cover the span of the two subdomains. Applying
an iterative Gauss-Seidel like approach, the vehicle subdomain is first solved for the communication interval, assuming a known solution for the bridge-truck subdomain. In this case wi
cover only the vehicle subdomain and provide the effect of the interface forces on the vehicle
subdomain. Subsequently, the bridge-truck subdomain is solved by considering the solution
obtained from the previous step. In this case, wi cover only the bridge-truck subdomain. This
process is repeated until convergence. The vehicle subdomain is solved using a flexible multibody dynamics method developed at the Laboratory of Machine Dynamics (AUTh), whereas
the bridge-track subdomain is solved via Opensees, a general FEM open-source code.
5

FRAMEWORK FOR RELIABILITY ANALYSIS OF RAILWAY BRIDGES

The holistic methodology proposed for dynamic analysis of the coupled train-railwaybridge system is a valuable tool for the assessment of the interacting system’s vulnerability
and the evaluation of the seismic performance. In the frame of a decision-making procedure
for the maintenance and/or upgrade of the existing railway network, reliability analysis of
railway bridges should be performed, providing the probability of damage for different levels
of earthquake intensity. Details regarding the critical parameters and issues within fragility
analysis of bridges can be found elsewhere [21,22]. The available methodologies for fragility
analysis of bridges have recently been extended to railway bridges [8,23]. However, the most
critical issue, namely the consistent definition of damage states considering derailment and
overturning, has not been resolved yet. Based on the above, an appropriate framework for reliability analysis of railway bridges, considering the coupled train-railway-bridge system, is
presented below:
 Qualitative and quantitative definition of limit (damage) states for all critical components
of subsystems, considering both the railway serviceability and the structural damage of
the bridge components. Limit state thresholds considering the interacting subsystems are
additionally defined, related to derailment and overturning.
 Definition of limit states additionally related to soil deformation and permanent displacements, which are crucial for the system’s reliability.
 Earthquake selection for fragility analysis of railway bridges, including analysis for vertical excitation.
 Development of fragility curves defining the probability of damage for different levels of
earthquake intensity at component and system level.

It should be mentioned that reliability analysis of the interacting subsystems is a computationally demanding procedure since a uniform platform for the simultaneous step-by-step solution
of the subsystems should be developed. Suitable software for the implementation is currently
under development.
6

CONCLUSIONS

The conclusions of the present study are summarized below:
 The proposed methodology introduces an effective mathematical framework for the analysis of the constrained dynamical system examined, using a set of pure second order
ODEs.
 Efficient modeling of the vehicle multibody assembly and the interaction between the
vehicle and track (contact/impact modeling) is possible, providing the required equations
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for the modeling of bilateral constraints. It is stressed that the constraint effect are not
represented by a “static” term solely.
 Analysis of the system using a co-simulation technique, dividing the problem in two subsystems that are solved separately, communicating via an iterative Gauss Seidel pattern.
Each subsystem is analyzed using a tailored numerical integration schemes, according to
the specific properties of the corresponding subsystem.
 Based on the adopted co-simulation technique, the coupled train-railway-bridge system
is jointly solved for dynamic (earthquake) loading in the time domain.
 In the frame of reliability analysis of the system, a holistic definition of global damage
will be performed, accounting for the limit states of critical components of the interacting
subsystems.

7
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Abstract
Railway transport is one the most preferable way of commuting from/to urban centers. Although it has several advantages on other ways of transportation such as its cost effectiveness,
energy efficiency, safety and least dependency to weather conditions, there is also a disadvantage by inducing discomfort vibration to the surrounding area especially in the urban centers. In this study, a trench barrier along the track line has been used in order to reduce the
vibration induced by trains and high-speed trains. A series of field testing has been carried
out. The vibration levels from the freight/passenger trains and high speed trains passages
were measured in three directions up to the 40m from the track lines. The average Vs30 value
was 200m/s and the speed of the high-speed train was 250km/h at the site. As a vibration mitigation measure an excavated trench barrier has been used along the track line. The vibration
levels with and without trench barrier have been compared for the freight/passenger trains
and high speed trains passages. The obtained records have been analyzed both in time and
frequency domains. The results showed that the trench barrier effectively reduces the vibration level.

Keywords: Vibration motion, Train Vibration, Ground vibration, Railway Track, Earthquake
Engineering.
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1

INTRODUCTION

High speed trains are planned with a maximum of 250–300 km/h speed and a maximum of
22.5 ton force axle loads. Railway platform which is vibrated with higher frequency dynamic
loads induced by high speed train cars transfer these vibrations energies to surrounding
ground and close by structures are effected by them. Strong ground motion not only can give
damage to the nearby buildings and their footings but also affect the human comfort by undesired vibrations. Thus for an effective protection of railway platforms, nearby buildings, and
mitigation of strong vibrations optimum in-situ isolation material needs to be determined by
well understanding the wave propagation problems depending on soils conditions. Extensive
in-situ research are still required for both recent ongoing construction projects in soft soil deposits and for planned construction projects on highly populated areas. High speed train
transportation is recently initiated in Turkey and researches are focused on platform vibrations
and reduction of noise contamination, there is a gap in the research of dynamic behavior of
structures considering soil-structure interaction effect and wave propagation in soft soil. With
this study this gap is planned to be fulfilled. Most of the vibration energy is transferred by
Rayleigh Surface waves. Dynamic stresses and deflections will be amplified with Resonance
when the critical velocity which can cause maximum deflection railway sub-structure is equal
to the velocity of Rayleigh waves. In this situation, a precaution as constructing the substructure of railway as rigid slab without ballast instead of constructing the substructure using
ballast in alluvial soil conditions can be taken to reduce such affects due to resonance. Moreover, a civil engineering solution for existing buildings can be offered as constructing elastic,
elasto-plastic or rigid isolation structures perpendicular to the wave front direction, underneath with an optimum depth or around the building to be protected for overcoming vibration
problems. Thus, wave propagations of vibrations produced by dynamic sources in the soil is
prevented to reach structures by the reduction affect created by saturating reflecting or refracting waves. Active isolation is defined when wave barrier is constructed near to vibration
source while passive isolation is defined when it is constructed near to the structure to be protected. The most important factors effecting the performance of the isolation barriers are location, dimension and the material density of the barrier that defines the impedance contrast for
this type of isolation barrier constructed in soil.
The aim of this study is to investigate the effect of vibrations from normal-speed/highspeed, local/regional and freight/passenger trains on the surrounding fields and ways of vibration mitigations through the field recordings and analysis.
2

RECENT STUDIES ON ENVIRONMENTAL VIBRATIONS

With the development of technology, the increase in living standards and the spread of urbanization constitute a demand for safer and quality life in the society. Regardless of ground
motion caused by earthquakes, it is important to examine the environmental vibrations generated by the bursts of the work machines and the increasing traffic load. Bata, 1971; Massarsch
1993, 2004 and Xia etal. 2007 carried out studies according to subject.
In Italy, depending on the developed industry, the growth of urbanization created a demand
for transportation. Crispino and Dapuzzo (2001) examined the transportation sourced vibration problems to protect historical buildings and cultural heritage.
Investigation of the propagation mechanism of vibrations caused by human sourced vibrations at high frequencies and their propagation characteristics under soft soil conditions; studies such as the development of vibration isolation tools, and human comfort have also been
important research subjects (TUBITAK 1001 project 217M427, 2018).

863

E.Tekergul, A.C.Zulfikar, E.Celebi, O.Kirtel and F.Goktepe

3

METHODOLOGY

In this study, field work was performed to measure the vibrations produced by railway traffic to the surrounding area. By taking into account local soil conditions where the AnkaraIstanbul high-speed railway line runs through two directions, vibration measurements were
performed to evaluate the free ground motion generated by the repeated train passes. The test
location has been chosen near to Arifiye station of Istanbul and Ankara high-speed railway
line which has a total length of 533 km as shown on the map in Figure 1. This place was chosen because of its weak soil condition and high speed of the train with over 200km/h.
Throughout the study, normal-speed/high-speed, passenger/freight train transitions were monitored repeatedly. The ground conditions of the environment are in poor condition with Vs30
<300m/sn. The test location is within the university social facility with a guest house located
just 8-10 m away from the railway line as shown in the Figure 1 right side.
3.1

Location

The line between Köseköy and Pamukova is marked with yellow and shown in the Figure
1 left side. The building where the recording devices are placed around is enclosed in the rectangle and marked in the Figure 1 right side.

Figure 1 Location of railway line (left) and field (right)

Figure 2 Field view and accelerometer locations
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3.2

The Test Site and Situation Plan

The testing instrumentation plan can be seen below in Figure 3. There are 4 separate railway lines. They are divided in accordance to the types of trains. The accelerometers have a
fixed distance of 7 m from the line; four of them placed to left side of the building to observe
free field motion without any mitigation measure, another four of them located on the right
side of the building to observe the diminished field motion with a mitigation measure of
trench barrier. 14 accelerometers in total placed for observation. Ten of them for soil motions,
the other four of them placed in the building for structural monitoring observations. In this
study only records from 8 stations located on the free field at the left and right side of the
building w/o trench barrier respectively have been studied.

Figure 3 The testing instrumentation plan

3.3

General Info of Train Records

As a result of the observation of repeated train passes, a total of 15 train vibrations were
recorded and evaluated. The number of trains passes records depending on the type of trains
are shown in the table below.
Table 1 Repeated Train Passes

Direction
Istanbul
Ankara
Total
3.4

High-speed
Train
4
4
8

Passenger
Train
1
2
3

Freight
Train
3
1
4

Total
8
7
15

Time Domain Analysis

The recorded motions were first analyzed in the time domain. The raw motions were filtered and baseline corrected. Butterworth 4th order bandpass filter was used. The frequency
range determined between 10 Hz to 100 Hz. Acceleration - velocity time graphs were drawn
for three different directions and peak acceleration and peak velocity values were extracted.
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Figure 4 Acceleration Time graphs of high-speed train to Ankara direction (free field motion)
Table 2 Comparison of PGA values of High – speed trains through Ankara direction.

Accelerometers Direction Distance

Motion
Type

SZ168
SZ166
SZ171
SZ150
SZH163
SZH173
SZH172

Free field
Free field
Free field
Free field
Ditched
Ditched
Ditched

Ankara
Ankara
Ankara
Ankara
Ankara
Ankara
Ankara

7
14
21
28
14
21
28

0940
PGA
E-W
23.379
6.785
6.431
2.305
3.080
3.894
1.863

0940
1104
1104
PGA
PGA
PGA
N-S
E-W
N-S
23.003 16.649 12.203
7.810
4.345
8.273
8.165
4.451
5.062
4.434
2.847
4.333
6.349
2.272
5.021
4.642
3.320
3.182
3.118
1.327
1.716

1215
PGA
E-W
20.334
4.645
5.589
3.913
2.522
3.699
1.333

1215
PGA
N-S
14.997
9.997
6.606
4.501
4.614
3.121
2.014

The Acceleration-Time graphs of high-speed train Ankara direction vibration records on
free field without trench barrier are shown in the Figure 4. It was observed that the maximum
acceleration value decreased as it moved away from the railway line. And also comparison of
free field and ditched motion with PGA values is demonstrated in Table 2. As it can be seen
from the table, barrier effect shows reduction on PGA values compared with free field motion.
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Figure 5 Acceleration Time graphs of high-speed train to Istanbul direction (barrier free field motion)
Table 3 Comparison of PGA values of High – speed trains through Istanbul direction.

Accelerometers Direction Distance
SZ168
SZ166
SZ171
SZ150
SZH162
SZH163
SZH173
SZH172

Istanbul
Istanbul
Istanbul
Istanbul
Istanbul
Istanbul
Istanbul
Istanbul

10
17
24
31
10
17
24
31

Motion
Type

0855
PGA
E-W
Free field
6.142
Free field
Free field 4.046
Free field 2.384
4.266
Ditched
2.147
Ditched
3.209
Ditched
1.148
Ditched

0855
PGA
N-S
7.651
3.225
4.736
8.554
3.864
2.967
1.035

1011
PGA
E-W
8.376
6.000
4.558
2.644
2.236
3.314
1.059

1011
PGA
N-S
8.820
8.538
3.699
3.751

1118
PGA
E-W
9.281
6.625
4.477
2.790

1118
PGA
N-S
9.251
9.856
4.015
3.428

-

-

-

3.537
2.671
1.178

2.485
3.696
1.333

3.587
2.494
1.343

In addition, second track line vibration motions (Istanbul direction) were recorded to observe the effects of the distance on the train vibrations as shown in the Figure 5. The results
showed that distance of track lines and PGA values are directly proportional.
Furthermore, directional effect of train vibration is obvious and can be seen in Table 2 and
Table 3. The perpendicular (N-S) direction of train vibration has more impact than the parallel
(E-W) direction regarding to PGA values.
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Figure 6 PGA graphs of Ankara (left) and Istanbul (right)

Parallel (E-W) direction of PGA graphs of high speed trains seen above in the Figure 6.
Free field motion have been represented by circles and diminished barrier motion have been
represented by triangles. As it can be seen from the Figure, triangles located below level of
the graph. Maximum peak acceleration for free field is about 24 cm/s2 and for barrier motion,
peak value is about 4 cm/s2. Therefore it can be said that barrier effected PGA directly. The
Figure 7 shows the perpendicular (N-S) direction peak acceleration graphs of high speed
trains. Barrier vibration records for perpendicular (N-S) direction have also been decreased
compared to free field motion. Maximum peak value for the free field is about 28 cm/s2 and
for barrier motion, peak value is about 9 cm/s2
Also comparison of the 1st line to 2nd line shows decreasing peak values in the Figure 6
and Figure 7. An amplification observed at the third alignment, which might be based on the
soil effect of the field.

Figure 7 PGA graphs of Ankara (left) and Istanbul (right)

3.5

Frequency Domain Analysis

The dominant frequencies for the free field and barrier motions reaches to 80 Hz – 90 Hz
as it approaches the train line, but decreases about to 20 Hz – 45 Hz as it moves away from
the line as shown in the Figure 8 and Figure 9, respectively. As it can be seen from the Fourier Amplitude Spectrum graphs, the barrier has not changed the frequency content of the
ground motion. The higher frequencies of 80Hz-90Hz can be observed at the recording sta-
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tions near the track lines, however the dominant frequencies reduce to 20Hz and 45Hz in the
distant recording stations.

Figure 8 Free Field Motion FAS

Figure 9 FAS of Barrier Motion

4

CONCLUSIONS
The high-speed train transportation is recently initiated in Turkey and it is planned to construct ten thousand km high-speed train line by the year 2023. The increase in the highspeed railway lines especially in urban environments has brought the consideration of the
vibration effects of train lines on the surrounding residential districts. In this study, sev-
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eral field tests have been achieved in order to observe the vibration effects of normalspeed/high-speed, local/regional and freight/passenger trains. A trench barrier has been
used as a vibration mitigation measure. The recordings on the free field w/o trench barrier have been analyzed. The following observations have been extracted from the analysis
results.
 Peak acceleration and peak velocity values decreased with the existence of the trench
barrier.
 The vibrations on the perpendicular (N-S) direction to train line has more impact than
parallel (E-W) direction regarding to PGA values.
 The peak acceleration and peak velocity values decreased with the increasing distance
from the track lines.
 The higher frequencies 80Hz-90Hz have been observed near the track lines. The dominant frequencies have reduced to 20Hz – 45 Hz with the increasing distance from the
railway lines.
 The trench barrier did not show any important effect on the frequency content of the recorded train vibrations.
This paper studies the train vibration records and its effects on the surrounding area. The
effect of the trench barrier as a mitigation measure has been also studied. The effect of
the train vibrations on the building structures and its mitigation measures will be studied
further.
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Abstract. This paper examines the inﬂuence of the vehicle-bridge interaction (VBI) on the vibration of railway bridges, and consequently proposes a novel approach to decouple the trainbridge system. Key feature is a dimensionless description of the VBI problem, that reveals the
governing parameters of the coupled response and their relative importance. The proposed
Modiﬁed Bridge System (MBS) approach accounts for the vehicle-bridge interaction effects indirectly, by modifying the mechanical system of the bridge via additional stiffness and damping
terms. The study validates the proposed approach for simply supported bridges and a single
or a series of traversing vehicles. The analysis indicates that the MBS method outperforms,
in all cases examined, the traditional moving load approximation and the Additional Damping
Method, while for many cases of practical interest for high speed railways, its results coincide
with the coupled solution.
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1

INTRODUCTION

A characteristic trait of high-speed railways (HSR) is the increasing ratio of bridges they rely
upon. In China for example, most HSR lines consist of bridges by over 50%, up to, in some
cases, almost 90% [1]. As the operational speeds increase [2] and the bridge structures become
more slender [3], the vehicle-bridge interaction (VBI) intensiﬁes. This realization motivates a
proliferating research ﬁeld on the VBI problem (see [2, 4] and references therein). Research
usually focuses on the response analysis of particular vehicle-bridge systems [5–12].
A major persisting challenge though is to identify the universal VBI effects on a broad class
of systems. Firstly, the VBI alters the frequency and the shape of the natural modes of the
bridge during the passage of the vehicle [13, 14], while it could also trigger resonance phenomena [15–19], jeopardizing the safety of the moving vehicles. Further, it has also been observed
that traversing vehicles mitigate the vibration of the bridge [20–24]. To the best of our knowledge, the only currently available method to capture this VBI effect is the Additional Damping
Method (ADM) proposed by the European Rail Research Institute [25] in 1999 and adopted by
the Eurocode [26]. This method refers to simply supported HSR bridges with spans between
5 m and 30 m and running speeds up to 350 km/h. According to [26] the additional damping
Δζ depends solely on the bridge length L and is given by:
Δζ =

0.0187L − 0.00065L2
[%]
1 − 0.0441L − 0.0044L2 + 0.000255L3

(1)

Equation (1) suggests that Δζ should be higher for bridges close to 15 m and negligible
for bridges longer than 30 m. Doménech et al. [20] showed that, in some cases, the ADM
overestimates the reduction of the response due to the coupling leading to non-conservative
results. In addition, Arvidsson et al. [21] compared the ADM with the moving load method and
the coupled analysis, and found that the coupling effect can also be signiﬁcant for long bridges,
with spans larger than 30 m. That study [21] also suggested that the additional damping should
be expressed with reference to the bridge frequency, rather than the bridge length.
The present study is motivated by the need to systematically characterize the VBI inﬂuence
to a broad class of vehicle-bridge conﬁgurations. To this end, it builds on the work of, among
others, [2, 20] and establishes a dimensionless framework to describe the VBI problem. The
particular goal is to elucidate the constituent effects of the VBI on the bridge, and develop a
consistent approach to bypass the solution of the coupled system, when feasible.
2
2.1

EQUATIONS OF MOTION FOR A SIMPLE VEHICLE-BRIDGE SYSTEM
Description of the VBI problem

As a ﬁrst approach, consider a single degree of freedom (SDOF) vehicle traversing a simply
supported bridge (Figure 1(a)). Let the vehicle have N wheels with distance d˜i between each
other. Each contact point i = 1 − N is assigned a stiffness kiV and a damping cVi (Figure
1(a)). The mass of the vehicle is mV , thus its frequency of vibration in the vertical direction
ω V is:

 N

kiV /mV
(2)
ωV = 
i=1

The equation of motion (EOM) of the SDOF vehicle about its statically deformed conﬁguration
due to its self-weight is:
V
mV z̃¨ (t) = λ̃ (t)
(3)

872

Charikleia D. Stoura and Elias G. Dimitrakopoulos

V

vehicle z̃ (t)

z

d̃1

d̃N-1
m

V

V

k1

V

V

λ̃N

B

ci
…

ki
…

gNi (x,t) = 0

bridge μ, ΕΙ, ζΒ
b
B

ui (x,t)

B

ui (x,t)

V

V

λ̃N

λ̃i

V

m

V

cN

λ̃i

λ̃1
λ̃1
x

V

ci kN
…

c1 ki
…

V

z̃ (t)

x

speed v

V

z̃ (t)
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Figure 1: (a) The SDOF vehicle and the SDOF bridge model, and (b) the gap function gN i (x, t) between the
vehicle and the bridge in case of continuous contact.

where, z̃¨ (t) is the acceleration of the vehicle, t is the time and λ̃ (t) is the (total) contact
force between the vehicle and the bridge subsystems, pertaining to the vehicle:
V


T
λ̃ (t) = WV λ̃ (t)
where WV is the contact direction matrix of the vehicle:

WV = 1 · · · 1 · · · 1 ∈ 1×N

(4)

(5)

and λ̃ (t) is the contact force vector containing the contact forces λ̃i (t) at each contact point
i:

T
λ̃ (t) = λ̃1 (t) · · · λ̃i (t) · · · λ̃N (t) ∈ N ×1
(6)
Assume the bridge is a simply supported Euler-Bernoulli beam with constant cross section.
The natural frequency of the bridge ω B is:
ωB =

π2
L2

EI
μ

(7)

where L is the bridge length, μ is the mass per unit length and EI is the stiffness of the
bridge. The mode of the bridge corresponding to the natural frequency is:
ψ B (x) = sin

πx
, 0≤x≤L
L

(8)

where x = vt (v is the moving speed). Differentiating Eq. (8) once with respect to time t:

 πv
πx
d B
ψ (x) = v ψ B (x) =
cos
dt
L
L

(9)

The generalized mass mB , stiffness k B and damping cB , corresponding to the ﬁrst mode of
the bridge, are:
μL
π 4 EI
π2ζ B
B
mB =
, kB =
and
c
=
EIμ
(10)
2
2L3
L
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where ζ B is the damping ratio of the bridge. The generalized contact force acting on the bridge
is:
πx
λ̃B (x, t) = λ̃B
, 0≤x≤L
(11)
i (t) sin
L
where λ̃B
i (t) represents the contact force acting on the bridge at point i, including also the
N

static force f˜i due to the weight of the vehicle mV g ( f˜i = mV g), where g is the acceleration
i=1

of gravity:

˜
λ̃B
i (t) = λ̃i (t) + fi

(12)

To account for multiple contact points, the generalized contact force of Eq. (11) is written as:
B

λ̃B (x, t) = WB (x) λ̃ (t)

(13)

where WB (x) is the contact direction matrix pertaining to the bridge:

WB (x) = ψ B (x1 ) · · · ψ B (xi ) · · · ψ B (xN ) ∈ 1×N

(14)

B

xi denotes the location of each contact point on the bridge. λ̃ (t) is the contact force vector
containing λ̃B
i (t) at all contact points:

B
T
λ̃ (t) = λ̃B
∈ N ×1
(15)
λ̃B
λ̃B
1 (t) · · ·
i (t) · · ·
N (t)
The response of the beam at any point x is:
B
B
uB
i (x, t) = ψ (x) z̃ (t)

(16)

The EOM of the generalized displacement z̃ B (t) at the midpoint of the bridge, is:
mB z̃¨ (t) + cB z̃˙ (t) + k B z̃ B (t) = −WB (x) λ̃ (t) , 0 ≤ x ≤ L
B

B

B

(17)

B
B
where z̃¨ (t) and z̃˙ (t) are the generalized acceleration and velocity at the midpoint of the
bridge, respectively.
The contact force vector between the two subsystems is [2]:

λ̃ (t) = −cV ġN (x, t) − kV gN (x, t)

(18)

where gN (x, t) = {gN i } is the gap vector containing the gap function gN i (x, t) at each point
i (Figure 1(b)). Ignoring the effect of irregularities, the gap function vector is:
T


T
gN (x, t) = WV z̃ V (t) − WB (x) z̃ B (t)
(19)
Differentiating the gap function (Eq. (19)) with respect to time:

 T

T
T
πv  B
W (x) z̃ B (t) − WB (x) z̃˙ B (t)
ġN (x, t) = WV z̃˙ V (t) −
L

(20)

V
z̃ V (t) and z̃˙ (t) are the displacement and velocity of the SDOF vehicle, respectively. The
contact force vector of Eq. (18) becomes:
 T

T B
T V

πv  B
W (x) z̃ B (t) − WB (x) z̃˙ (t)
λ̃ (t) = −cV WV z̃˙ (t) −
(21)
 V T VL

T
V
W
z̃ (t) − WB (x) z̃ B (t)
−k
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where kV and cV are the diagonal matrices containing the stiffness kiV and the damping
cVi at each contact point, respectively. Finally, the contact force vector applied on the bridge
(Eq. (15)) is:
B
λ̃ (t) = λ̃ (t) + f̃
(22)
where f̃ is the vector containing the static forces f˜i (e.g. the weight of the vehicle) at each
contact point i:

T
∈ N ×1
(23)
f̃ = f˜1 · · · f˜i · · · f˜N
For N equally spaced contact points f˜i = mV g/N .
2.2

Dimensionless description of the VBI problem

With reference to Eqs. (3) and (17), the involved dimensional parameters governing the response of the coupled bridge and vehicle system are 14: the displacement of the vehicle z̃ V (t),
the deﬂection of the bridge z̃ B (t), the dynamic characteristics of the vehicle (the mass mV ,
the stiffness kiV and the damping cVi ), the dynamic characteristics of the bridge (mB , k B and
cB ), the bridge length L, the distance between the contact points d˜i , the speed v, the time t,
the self-weight of the vehicle acting at each contact point, expressed as f˜i , and the number of
wheels N . The Buckingham’s Π-theorem [27, 28] dictates that, the number of dimensionless
groups required to completely describe the vehicle response is equal to the number of dimensional parameters minus the number of the involved dimensions: the mass [M], the length [L]
and the time [T]: 14 − 3 = 11. The dimensionless groups result by scaling all dimensional
terms with reference to the bridge parameters mB , ω B and L, as the emphasis of the present
study is on the response of the bridge. A rational selection is:
cB
z̃ V B z̃ B B
di
, z =
, ζ =
, τ = ω B t, N
,
d
=
i
L
L
2mB ω B
L
mV
πv
f˜iB
kiV
cVi
,
M
=
=
,
K
=
,
C
=
Sv = V , GB
i
i
i
ω L
mB
kB
mB ω B
mB (ω B )2 L
zV =

(24)

where z V and z B are the dimensionless displacements of the vehicle and the bridge, respectively, ζ B is the bridge damping ratio, di is the dimensionless distance between the adjacent
contact points, τ is the dimensionless time and Sv is the speed parameter scaled with reference to ω B [2]. Gi be the dimensionless force due to the self-weight of the vehicle acting at
 2


each contact point, expressed as Gi = f˜i / mB ω B L = f˜i / k B L and M is the vehicle to
bridge mass ratio. Importantly, two dimensionless groups that capture the coupling between the
vehicle and the bridge subsystems appear in Eq. (24). Those groups are the vehicle to bridge
stiffness ratio Ki = kiV /k B at each contact point, and the ratio of the damping
of the vehicle

V
B B
at each point and of the bridge mechanical impedance Ci = ci / m ω , henceforth, referred
to as the impedance ratio. The mechanical impedance mB ω B denotes the inertial resistance of
the bridge to free vibrations. Speciﬁcally, writing the expression of the contact force acting on
the bridge (Eq. (22)) in dimensionless terms:
T


 T

T
λB = −C WV ż V − Sv WB (x) z B − WB (x) ż B
(25)
T


T
−K WV z V − WB (x) z B + G
K = diag {Ki } and C = diag {Ci } appear, which are diagonal matrices consisting of Ki and
Ci , respectively. G is the vector containing the dimensionless forces Gi of all contact points.
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Even though Gi involves parameters of both the vehicle and the bridge, it is known a priori as
it is not dependent on the response of the system.
Accordingly, the EOMs of the bridge (Eq. (17)) and the vehicle (Eq. (3)) become:

T B
z̈ B + 2ζ B + WB (x) C WB (x)
ż



T B
T

+ 1 + WB (x) Sv C WB (x) + WB (x) K WB (x)
z




T
T
= −WB (x) −C WV ż V − K WV z V + G
and
M z̈ +
V





= WV C Sv WB (x)

 T

N


Ci ż +
V

i=1

N


Ki z V

i=1



(26)

T

z B + WB (x) ż B (t) + K



T

WB (x) z B



respectively. The dimensionless EOM of the bridge (Eq. (26)) can also be written as:




z̈ B + 2ζ B + CI (x) ż B + (1 + KI (x, Sv )) z B = −WB (x) FI z V , ż V
2.3

(27)

(28)

The effect of VBI on the mechanical system of the bridge

Equation (28) unveils that the effect of the VBI on the bridge can be expressed via three terms:
(i) an additional damping term CI (x), (ii) an additional stiffness term KI (x, Sv ) and (iii) a
modiﬁed loading term. The modiﬁed loading term is:




T
T
FI z V , ż V = −C WV ż V − K WV z V + G

(29)

The additional stiffness contribution KI (x, Sv ) can be written as:

T

 T
KI (x, Sv ) = KI,0 (x) + KI,v (x, Sv ) = WB (x) K WB (x) + WB (x) Sv C WB (x)
=

N




Ki ψ (x)
B

2

+ Sv

N


i=1



Ci ψ B (x) ψ B (x)

i=1

(30)
The additional stiffness KI (x, Sv ) can acquire both positive and negative values and constitutes an alternative explanation to the change of the bridge frequencies due to the VBI [14].
Note that, KI,0 (x) is the “static” part of the additional stiffness, dependent solely on the position of the vehicle x = vt and the stiffness ratio Ki , and KI,v (x, Sv ) is the “dynamic” part,
which depends on x, the impedance ratio Ci and the speed parameter Sv .
The last term that modiﬁes the mechanical system of the bridge due to the VBI phenomenon,
is an additional damping term:


CI (x) = W (x) C W (x)
B

B

T

=

N



2
Ci ψ B (x)

(31)

i=1

CI (x) depends on the impedance ratio Ci and the position of the vehicle x, and can obtain
only positive values, leading to decrease of the response of the bridge. This is the favorable
damping effect encountered in previous studies [20–24], but to the best of our knowledge, it is
the ﬁrst time a consistent analytical formula is offered.
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3

Proposed decoupling of the VBI system

In the bridge EOM (Eq. (28)) the only terms that depend
 on the
 response of the vehicle are
the ﬁrst two terms of the modiﬁed loading vector FI z V , ż V (Eq. (29)); namely the sum
T
T


−C WV ż V − K WV z V . This section focuses on decoupling the VBI problem by eliminating, when feasible, the vehicle response from the bridge EOM (Eq. (28)).
To this end, the ﬁrst step is to estimate the expected order of magnitude of the dimensionless
groups of Eq. (24) associated with the vehicle response. A characteristic
  value for the order
of magnitude of the dimensionless displacement of the vehicle is O z V = 10−3 [11], as the
displacement of the vehicle is scaled with reference to the bridge length L. Accordingly, the
orders of magnitude of the dimensionless velocity is:
 V 



 V V

 V
1 z̃ V
Ω V
z̃˙
ω z̃
(32)
O ż = O
=O
=O
z
=O
ωB L
ωB L T V
2πω B L
2π
where Ω is the vehicle to bridge eigenfrequency ratio Ω = ω V /ω B .
The dimensionless groups associated with the vehicle response into the bridge EOM are the
stiffness ratio Ki and the impedance ratio Ci (Eq. (29)). Those groups appear in the EOM
of the bridge (Eqs. (28) and (29)) as products, multiplied with the contact direction matrices
WV and WB (x), pertaining to the vehicle and the bridge, respectively. The entries of the
vehicle contact direction matrix WV do not change with time and are equal to 1 (Eq. (5)).
The bridge contact direction matrix WB (x) consists of the values of the bridge shape function
at each contact point i and changes with time (Eq. (14)). Assuming a number of contact points
N of the order O (N ) = 1 (which is true for typical HSR systems), and small distances between
the adjacent contact points di , the entries of the bridge contact direction matrix WB (x) attain
similar values (Eq. (14)). Thus, when the bridge shape function reaches its maximum value
(ψ B (x) = 1 for x = L/2 from Eq. (8)), the limiting values of the products that couple
N

Ki and the sum of the impedance
the two subsystems are: the sum of the stiffness ratios
ratios

N


i=1

Ci . Those terms include the main dynamic characteristics of the coupled system and

i=1

can obtain a range of values. The decoupling is feasible when either of those terms becomes
sufﬁciently small, so that the response of the vehicle becomes secondary to that of the bridge.
N

This study examines the case that the total vehicle to bridge stiffness ratio
Ki attains small
i=1

values, which is true for many practical HSR conﬁgurations.
3.1

MBS: Modiﬁed Bridge System method (

N


Ki  1)

i=1

This section shows that when the stiffness ratio is small, i.e.

N


Ki = M Ω2  1, the dynamic

i=1

inﬂuence of the vehicle becomes insigniﬁcant to that of the bridge. This is a consequence of the
order of magnitude of all terms of the bridge EOM (Eq. (26)).
On the right hand side (RHS) of Eq. (26) the dominant term is WB (x) G. WB (x) G represents the sum of the vehicle weight forces acting on the bridge, and its limiting value is
N

Gi . The order of magnitude of this term depends on the weight of the vehicle and it is
i=1
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O

N

i=1


Gi


=O

mV g
kB L


−3

= 10

−2

to 10 . The calculation of O

N



Gi

i=1
N


lization of representative values for ω B and L [11]. Considering that

involves the uti-

Ki ≈ 10−2 , and with

i=1

the aid of Eq. (32):
N


N


−5
V
Ki z
Gi
≈ 10  O
O
i=1
i=1
N




N


−5
V
V Ω V
O
z
= O 2M Ωζ
≈ 10  O
Ci ż
Gi
2π
i=1
i=1
Note that, the impedance ratio can be written as

N


Ci = 2M Ωζ V (ζ V =

i=1

N


(33)



cVi / 2mV ω V is

i=1

the vehicle damping ratio). Equation (33) indicates that for small stiffness ratio, the vehicle
response is negligible to that of the bridge.
On the left hand side (LHS) of Eq. (26), the additional “static” stiffness term KI,0 (x) (Eq.
(30)) is two orders of magnitude smaller than the stiffness of the bridge (Eq. (26)) and can
also be omitted from the bridge EOM. In contrast, the additional damping term CI (x) and the
additional “dynamic” stiffness term KI,v (x, Sv ), dependent on the vehicle damping,
  are not
negligible. Note that, the bridge damping ratio ζ B is of order of magnitude O ζ B = 10−2 .
Finally, the expression of the contact force (Eq. (25)) becomes:
 T

T

(34)
λB = C Sv WB (x) z B + WB (x) ż B + G
and the bridge EOM (Eq. (26)) is now:

T B

 T B
z̈ B + 2ζ B + WB (x) C WB (x)
ż + 1 + WB (x) Sv C WB (x)
z = −WB (x) G
(35)
which can also be written as:


z̈ B + 2ζ B + CI (x) ż B + (1 + KI (x, Sv )) z B = −WB (x) G
(36)
Equation (36) represents the Modiﬁed Bridge System (MBS) method, as it indirectly incorporates
the VBI effect on the bridge, changing its mechanical properties via an additional stiffness
KI,v (x, Sv ) and an additional damping CI (x) term. Equally important, Eqs. (34) to (36)
are independent of the vehicle response, therefore the system can be solved as uncoupled. That
means that the coupled problem can be decomposed into two uncoupled analyses: ﬁrst a bridge
response analysis without the consideration of the vehicle (Eq. (35)), and second a vehicle
response analysis, where the bridge response appears as a known excitation to the vehicle (Eq.
(27)) (z B and ż B from Eq. (35)).
As a special limiting case, when additionally the impedance ratio CI (x) becomes much
smaller than the bridge damping ratio ζ B , i.e. CI (x)  ζ B , Eq. (35) simpliﬁes to:
z̈ B + 2ζ B ż B + z B = −WB (x) G

(37)

which is the well-known moving load problem. Often, the moving load approximation relies
solely upon the assumption of low vehicle-bridge mass and eigenfrequency ratios [29] or small
stiffness ratio [30]. The analysis herein shows that the impedance ratio Ci is also a dominant
coupling parameter elucidating further the coupling mechanisms of the system. Substituting
the bridge response from Eq. (37) to the vehicle EOM (Eq. (27)) returns the vehicle response,
which constitutes the virtual path method [31].
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Figure 2: The (a) displacement and (b) acceleration at the midpoint of the bridge and the (c) displacement and (d)
acceleration of the vehicle, without irregularities.

4

Numerical examples and validations

4.1

A series of sprung masses over a simple beam

This section examines the validity of the proposed MBS approach by examining a simple vehicle with two contact points (axles) traversing a simply supported bridge (Figure 2). The
properties of the vehicle and the bridge are taken from [2]. More speciﬁcally, the bridge is
L = 25 m long with mass m = 2303 kg/m2 per unit length, the Young’s modulus is
E = 2.87 GPa, the moment of inertia is I = 2.90 m4 and the damping ratio ζ B is zero.
The bridge is considered with its ﬁrst eigenmode. For the SDOF vehicle, the stiffness at each
axle is kiV = 797.5 kN/m (k V = 1595 kN/m) and the mass is mV = 5750 kg, thus the
vehicle eigenfrequency is ω V = 16.66 rad/s [2]. Additionally, damping cVi = 38 kN · s/m
(cV = 76 kN · s/m) is assumed for each axle of the vehicle, which yields a vehicle damping
2



cVi / 2mV ω V = 0.4. The distance between the adjacent contact points is
ratio of ζ V =
i=1

d˜ = 10 m (d = 0.4) and the vehicle runs with speed v = 86 km/h, thus the speed parameter is
Sv = 0.10. Finally, the vehicle to bridge mass ratio is M = mV /mB = 0.20, the stiffness ratio
2
2




Ki = k V /k B = 0.06 (Ki = 0.03) and the impedance ratio is
C i = c V / mB ω B =
is
i=1

i=1

0.09 (Ci = 0.045). Note that, the mass ratio between the vehicle and the bridge results by
considering the generalized mass of the bridge (Eq. (10)), and not the actual bridge mass.
Figure 2 illustrates the vehicle and the bridge response from the coupled solution (Eqs. (26)
and (27)), the proposed MBS method (Eqs. (27) and (35)), the virtual path method – by ﬁrst
solving the moving load problem (Eqs. (27) and (37)) – and the ADM [26]. According to
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Eq. (1) the additional damping on the bridge for the ADM is Δζ = 0.054%. The system
of Figure 2 does not consider the effect of irregularities. Evidently, the MBS approach agrees
well with the coupled solution, as opposed to the moving load/virtual path method and the
ADM. The discrepancies of the moving load/virtual path method and the ADM compared with
the other two solutions are more profound for the acceleration at the midpoint of the bridge
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acceleration of the third vehicle, without irregularities.

(Figure 2(b)) and the vehicle acceleration (Figure 2(d)). The ADM is very close to the moving
load approximation, as the additional damping on the bridge due to the coupling is merely
Δζ = 0.054%.
Figure 3 illustrates the same vehicle-bridge system, but additionally considers “good quality” of irregularities according to the German spectra [2]. The MBS approach still demonstrates
better accuracy compared to the moving load/virtual method and the ADM, especially considering the response of the bridge (Figures 3(a) and (b)). However, differently to the case
without irregularities (Figures 2(c) and (d)), the vehicle response is in good agreement for all
four approaches (Figures 3(c) and (d)). This is attributed to the strong effect of irregularities
on the vehicle response, which is considered in all methods according to Eq. (27). Note that,
although the vehicle to bridge stiffness ratio is not very small compared to unity, the MBS
method still returns more accurate results compared to the moving load/virtual path method and
the ADM. As expected though, there are some small differences with respect to the coupled
solution (Figures 3(a) and (b)). Had the stiffness ratio been much smaller (almost two orders
of magnitude) than unity, the MBS approach would perfectly match the coupled solution (Figure 4). This becomes evident from Figure 4, that plots the bridge response for a stiffness ratio
2

Ki = k V /k B = 0.02.
i=1

The discrepancies between the four analysis methods become more evident when considering 3 (Figures 5 and 6) and 10 vehicles (Figures 7 and 8) running on the bridge. In those cases,
the response of the bridge from the moving load/virtual path method and the ADM continuously
ampliﬁes (Figures 5 to 8(a) and (b)), and the differences compared with the coupled solution
and the MBS approach increase. Also, contrary to the system of Figure 3, the vehicle response

881

Charikleia D. Stoura and Elias G. Dimitrakopoulos

coupled system
proposed MBS method
moving load/virtual path method
ADM (ΔζB = 0.054%)
speed v

M

0.20, : 0.55, d

¦K

i

2

0.06,

i 1

2

¦C

i

0.4, ] B

0.09, Sv

0

0.10

i 1

"good" quality irrgularities

V

 L = 25 m, d̃ = 10 m
V
 N =3

vehicle z̃ (t)
B

(b)

z B (m
m s2 )

(c)

(d)

zV (mm)

zV (m
m s2 )

(a)

z B (mm)

bridge z̃ (t)

time (s)

time (s)

Figure 6: The (a) displacement and (b) acceleration at the midpoint of the bridge and the (c) displacement and (d)
acceleration of the third vehicle, for “good quality” of irregularities.

from the moving load/virtual path method and the ADM is in disagreement with the coupled
and the MBS solution (Figures 6 and 8(c) and (d)), despite the strong effect of irregularities.
Higher number of vehicles results into increase of the additional stiffness KI (x, Sv ) and the
additional damping CI (x) terms, leading to larger differences with the classical methods that
ignore the dynamic characteristics of the vehicle. Moreover, the vehicles run on the bridge at
the resonant speed, where the reduction of the response due to the coupling effect is more apparent [20,21]. These, in conjunction with the zero damping of the adopted bridge model [2], result
into excessive bridge response from the moving load/virtual path method and the ADM (Figures
7 and 8(a) and (b)), and consequently large discrepancies compared with the coupled solution
and the MBS method. On the other hand, the proposed MBS approach returns results close to
those of the coupled solutions in all cases, demonstrating higher accuracy compared to existing
techniques to solve the uncoupled system, such as the traditional moving load approximation
and the ADM [26].
4.2

Ten-vehicle train running over a simply supported bridge

This section examines a system of a train consisting of ten vehicles traversing a simply supported bridge (Figure 9). The bridge adopted is a single track steel composite bridge in Sweden, the Skidträsk bridge [21], with a natural frequency f B = 3.86 Hz. The train model
adopted and the pertinent parameters are derived from [19]. The train runs on the bridge at
speed v = 350 km/h and “good quality” of irregularities [2] is assumed.
Figure 10 illustrates the response of the vehicle and the bridge from the coupled SDOF’s
solution (Eqs. (26) and (27)) (“coupled SDOF systems”), the proposed MBS method (Eqs.
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Figure 7: The (a) displacement and (b) acceleration at the midpoint of the bridge and the (c) displacement and (d)
acceleration of the ﬁfth vehicle, without irregularities.

(27) and (35)), and the virtual path method by ﬁrst solving the bridge with the moving load
approximation (Eqs. (27) and (37)). For the sake of completeness, Figure 10 also shows the
response of the complete coupled system considering a Finite Element Method (FEM) model
for the bridge and a three dimensional (3D) multibody vehicle model [11]. Recall that, the proposed MBS approach and the coupled SDOF’s solution consider solely the ﬁrst vertical modes
of the vehicle and the bridge. The ﬁrst vertical mode of the train has frequency f V = 0.90 Hz.
4

Ki = k V /k B = 0.007 and the
Thus, the stiffness ratio of each vehicle to the bridge is
impedance ratio is

4


i=1

Ci = cV /mB ω B = 0.013 (ζ V = 0.2). Also the vehicle to bridge mass

i=1

ratio is M = mV /mB = 0.14 and the speed parameter is Sv = 0.35. The MBS approach
is in good agreement with the coupled SDOF’s solution, differently to the moving load/virtual
path method that disagrees with the coupled solution for the displacement of the midpoint of
the bridge (Figure 10(b)). Contrary, the strong effect of irregularities leads to coincidence of
the acceleration of the ﬁrst vehicle from the coupled SDOF’s solution, the MBS method and
the moving load approximation (Figure 10(c)). As expected, compared to the complete coupled
solution all SDOF approaches demonstrate discrepancies, regarding both the vehicle and the
bridge response. This is mainly attributed to the simpliﬁed vehicle model adopted in the SDOF
analyses, that only accounts for the ﬁrst vertical mode of the vehicle, ignoring the vehicle’s
pitching effect, and the ﬁrst mode of the bridge. Moreover, the complete coupled solution also
considers the mass of the wheels at the contact [11], which the SDOF solutions ignore. However, the proposed MBS method returns more accurate results (closer to those of the complete
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Figure 9: A ten-vehicle train traversing the simply supported Skidträsk bridge [21].

coupled system), compared to the moving load/virtual path method (Figure 10(b)). More importantly, the MBS approach liberates from the need to solve the coupled vehicle-bridge system,
since it accounts for the VBI in an indirect, but consistent, manner. This is particularly useful
for reliability assessment studies of railway bridges [32, 33], where the computational cost of
the required analyses is excessive, if not prohibitive.
5

Conclusions

Aiming at the characterization of a broad class of vehicle-bridge systems, this study investigates
the Vehicle-Bridge Interaction (VBI) phenomenon in terms of its constituent effects on the
bridge response. With the aid of dimensional analysis, it elucidates the dimensionless groups
that govern the response of the vehicle-bridge system and their relative importance. The study
shows that in addition to the vehicle to bridge stiffness ratio, the impedance ratio is another
dominant coupling parameter that characterizes the VBI. The impedance ratio is deﬁned as
the ratio of the damping of the vehicle and the mechanical impedance of the bridge. It also
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unveils that the VBI effect on the bridge can be summarized through (i) an additional stiffness,
(ii) an additional damping and (iii) a modiﬁed loading term, and proposes consistent analytical
formulas that quantify these three terms.
The analysis further unveils that for low stiffness ratio values, the vehicle response becomes
insigniﬁcant to that of the bridge, and the two subsystems can be solved as uncoupled. This
condition is realistic for many cases of practical interest, including high-speed railway applications. Accordingly, it proposes a decoupling approach – the Modiﬁed Bridge System (MBS)
method – that accounts for the VBI effects indirectly, by modifying the mechanical system of
the bridge in terms of stiffness and damping. The results show that compared to currently available methods to bypass the fully coupled system, the MBS approach returns results closer to the
coupled solution, for all cases examined. Thus, the proposed MBS method can also facilitate
the reliability assessment of bridges in the presence of VBI; a problem particularly challenging
from a computational cost perspective.
Finally, the paper also brings forward limitations of the proposed approach, associated with
the single-degree of freedom approximation for both the vehicle and the bridge, and the absence
of the wheel mass in the contact model. Therefore, future research should address these shortcomings to generalize the applicability of the MBS method, by e.g. considering the pitching
effect and the mass of the wheels of the vehicle, as well as higher modes for the bridge.
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Abstract
Recent earthquakes in Italy and other countries have shown the fragility of hospital complexes which resulted in many cases unusable due to structural and non-structural damage. Depending on the extent of damage, unusable hospitals were reopened after some weeks/months,
or affected by long rehabilitation intervention or demolished. In order to allow for a prompt
resumption of the social activities of the local communities, the usability evaluation carried
out in the immediate aftermath of a seismic event is a crucial step to address the short-term
countermeasures and to obtain a gross estimate of the economic losses. After the first weeks,
it is often necessary a more detailed assessment which allows for a more accurate evaluation
of damage and, more importantly, about the reparability of the structure along with the study
of feasible intervention strategies. This latter activity needs detailed analyses based on
increased knowledge of the structure. Keeping in mind the objectives of detailed postearthquake assessment and reparability evaluations, the Santa Maria Bianca hospital of Mirandola, damaged by the Emilia 2012 earthquake, has been analyzed as a case study. Analyses were devoted to defining an upgrading strategy to match the code serviceability limit
states (damage limitation and occupancy). The selected strategy included solutions to carry
out most of the work from outside, to limit the downtime of the building as well as reconstruction of demolished non-structural elements. Further analyses were made in order to check the
effects of the upgrading strategy under the seismic actions recorded during the 2012 Emilia
earthquake. These analyses highlighted that even the upgraded hospital building could not be
able to remain operational after a new seismic event having the same intensity as the 2012
event, underlining the need of more stringent design criteria for strategic structures like hospitals that are requested to provide healthcare services even more when strong earthquakes
occur.

Keywords: Hospitals, upgrading strategy, seismic damage, post-earthquake assessment, serviceability limit states.
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1

INTRODUCTION

Hospitals and health facilities should provide adequate care for the victims of any type of
natural or man-made event also assuring the continuity of the services needed by the community they serve (WHO 2006). Unfortunately, even in recent years, health facilities as well as
other strategic and sensible buildings (e.g. schools, [1]), demonstrated their high vulnerability
to earthquakes, showing huge earthquake-induced losses estimated along with the loss of
functionality. Surveys carried out in the aftermath of recent medium-to-high magnitude earthquakes have clearly shown the poor seismic performance of existing hospital buildings, e.g.
after: the 2009 L’Aquila, Italy (Mw 6.3, [2]); the 2010-2011 Darfield-Christchurch, New Zealand, (Mw 7.1, [3]); and the 2012 Emilia-Romagna, Italy, (Mw 6.1, [4]). Severe losses have
been observed also in occasion of the 2016-2017 Central Italy seismic sequence which affected a total of eleven hospital complexes distributed in four different regions (Umbria, Marche,
Lazio and Abruzzo), even though the most damaged were located in Marche and Lazio. For
example, the Amatrice (Lazio) hospital was almost destroyed by the Mw 6.1 earthquake occurred on August 24, 2016 [5], that caused extensive damage to the masonry portion of the
structure, needing to be demolished a few months after [6]. In most cases, the observed damage was primarily caused by the inadequate performance of non-structural components and
building contents with particular regard to specific medical equipment. In other cases, damage
to structural elements made unusable the hospital buildings.
A long-lasting seismic sequence, as that of 2016-2017, demonstrated also that rapid repair
works made just after the main shock can increase the losses since they can be cancelled by
the aftershocks as in the case of the Amandola hospital (province of Fermo) reported in [6]. A
similar case is represented by the Santa Maria Bianca hospital of Mirandola (province of Modena) affected by the 2012 Emilia (Italy) earthquakes. After the first event (on May 20, 2012),
hospital’s managers promptly started repair works on nonstructural components (e.g., plasterboard partition panels) but they were damaged once again by the aftershock occurred on May
29. This also demonstrates that repair works are often made by managers in the absence of a
comprehensive understanding of the seismic vulnerability of buildings entrusted to them. Repair works in these cases were started on the basis of the post-earthquake survey response that
revealed no or negligible structural damage, but without considering the opportunity of making a detailed assessment and eventual upgrading works.
In this paper, the case study of the Santa Maria Bianca hospital is analyzed starting from
the post-earthquake assessment reported in [4]. In particular, based on the damage observed in
the aftermath of the 2012 Emilia earthquake, a rehabilitation strategy has been defined in order to ensure the serviceability limit states. In fact, excessive interstory drift values caused
extensive damage to partition and infills and, consequently, the building resulted unusable.
An upgrading technique acting only from outside is applied to the building, taking into account the advantages related to avoiding the disruption of healthcare activities.
2

THE BUILDING UNDER STUDY

The Mirandola hospital has 200 beds and serves, along with another hospital (i.e. Finale
Emilia), about 87.000 inhabitants. It consists of seven main buildings, most of them built between 1990 and 2000 with reinforced concrete (RC) structure. Although seismic design became mandatory in the territory of Mirandola in 2003, RC structures were designed
considering low seismic actions without ductility details.
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The hospital under study is located near to the epicentral area of both seismic events (about
27 km for the May 20 shock and 2 km for the May 29 one) and it was fully evacuated after the
first event due to severe non-structural damage. Further, during the repair interventions, the
second shock increased both the level and extension of damage to non-structural components.
The building under study is named Service Centre whose infill panels, as a consequence of
high vulnerability due to the outside position from the surrounding frame members and/or excessive slenderness [7], suffered out-of-plane collapse (Fig. 1a). In some cases, external failure of infills was also promoted by prior in-plane damage [8,9].
The same building also suffered significant damage in partitions made up of hollow clay
bricks (Fig. 1b), while negligible damage to the structural components was observed. More
details on building damage are reported in [4].

a)

b)

Figure 1: Example of damage to Service Centre: a) collapsed infills and b) cracked partitions .

The Service Centre building consists of three separate RC structures, two of them (named
A and C in Fig. 2) have “L” shape in plan (total dimensions about 32 × 35 m) and 4 storeys in
elevation (inter-storey height ranging from 3.35 to 4.10 m). An underground floor is also present (3.2 m high).
Regarding structural resisting members, each level is characterized by flat beams 25 cm
depth and square columns with constant dimensions equal to 40 × 40 cm. Both staircase and
elevator sub-structures are 25 cm thick concrete walls.
Masonry infills are light hollow concrete blocks 27 cm thick, placed partially outside from
the surrounding frame members.
After the May 20 earthquake, two accelerometric stations, one near the building (free field)
and one at the upper (third) storey of the C structural unit, were installed in order to monitor
the hospital's Service Centre. Data recorded by the accelerometric stations allowed to evaluate
the fundamental period of vibration and their variations due to building damage. In particular,
after the May 20 event (Ml=5.9), the fundamental period values were 0.40s along E-W direction and 0.36s in N-S one. As a consequence of the damage increase after the second event
(Ml=5.8, May 29), higher values of the fundamental period were evaluated, that are about
0.42s and 0.38s, respectively for the E-W and N-S directions.
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Figure 2: Sketch of the Service Centre building.

In order to better understand the building response during the main phases of seismic sequence, an analytical model was defined [4], whose dynamic characteristics were calibrated
on the basis of experimental values obtained from the data recorded during the
seismic
events.
A good agreement with respect to the experimental values was found. Further, starting
from the information evaluated on damaged configurations (i.e. after both the May 20 and 29
shocks), the unknown dynamic properties of the as-built undamaged building (i.e. before May
20 shock) were also estimated. They are T1=0.37s and T2=0.33s for the E-W and N-S directions, respectively.
Therefore, going from the undamage configuration (as-built) to the damaged one (i.e. after
the May 20 event), the global stiffness reduction is about 30%, and it also increases to 40%
after the second event (i.e. the May 29 shock). Results confirm that infills have a remarkable
role in the lateral stiffness of the building under study.
3
3.1

SEISMIC ASSESSMENT
Building modelling and seismic analysis methods

Starting from the above-mentioned results for the undamaged building (i.e. before the May
20 event), a 3D elastic finite element model was defined by adopting beam-type finite elements. A reduction factor equal to 70% was assumed for the gross values of the beam inertial
moment in the undamaged structure to take into account cracking due to the effects of vertical
loads. In accordance with the Italian structural code [10], the concrete elastic modulus Ec was
evaluated as a function of the mean concrete strength (fcm), assumed equal to 28 MPa on the
basis of the original design specifications.
At each floor, a diaphragm constraint was imposed. Infill panels were modelled by using
an equivalent diagonal strut. Infill stiffness was evaluated considering an elastic modulus
equal to Ew =4,000MPa and a cross section area A= t w, where t is the thickness and w is the
width evaluated according to [11].
As already reported in [4], a reduced thickness of the infill panels has been assumed to account the external position with respect to the surrounding frame members.
The presence of large windows in the infills forced to reduce the axial stiffness of the equivalent struts by a reduction factor ρ, as follows:
5 Aopening
  (1  
)
(1)
3 A panels
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Figure 3: Model of "as-built" configuration of the C structural unit

This study is focused on the countermeasures that can be adopted for the upgrading of a
hospital building in the aftermath of a seismic event, accounting that damage was mainly related to non-structural elements. For this reason, it has been assumed as advisable using a linear analysis method like the linear dynamic analysis with response spectrum for both the
assessment and the upgrading phases. Moreover, linear analysis methods are most commonly
used in the practice by engineers through commercial software packages [12]. In fact, the approach of designers for the definition of an upgrading intervention is generally oriented to linear analysis because it provides directly the structural details, avoiding a double step
procedure: determining details with linear analysis and then assessing it suitability with nonlinear pushover analysis. This can save time in a real upgrading intervention design.
To this purpose, the elastic 5% damped spectra are reported in Fig. 4 along with the indication
of the vibration period of the first and second mode shapes.

Figure 4: NTC2018 response spectra for both Life safety (SLV), damage (SLD) and operation limit
states (SLO). Site of Mirandola, soil C, category T1, Class of use IV.
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3.2

Analysis results for serviceability limit states

Based on the previously described model, the serviceability limit states according to the
Italian seismic code [10] have been carried out, that are usability (SLO) and damage limit
states (SLD).
For SLD, different interstorey drift thresholds are considered as a function of the type of
infill panels. Specifically, “for buildings having non-structural elements of brittle materials
attached to the structure” design interstorey drift must be lower (or equal) than 0,005h (h is
the storey height). Regarding SLO, interstorey drift value equal to 2/3 of those indicated for
SLD is prescribed.
It should be noted that the prescribed threshold values are provided assuming that RC buildings are generally modelled as bare frames, i.e. without considering the contribution of masonry infills. As a consequence, when assessing existing buildings, NTC2018 Commentary
[13] requires that thresholds for both SLD and SLO limit states are suitably reduced if the
analysis model includes infills. Therefore, for the case study under examination, threshold
values are equal to 0.3% and 0.2% for SLD and SLO, respectively. In [14], the prescribed
threshold values of interstorey drift are compared with some available experimental results in
order to verify their effectiveness.

Figure 5: SLO results.

As can be seen from Figure 5, the SLO limit state is not satisfied. In particular, in some region
of the structure, and consequently for the corresponding infill panels, located in the perimeter
of the structure, far from the rigid staircase, drift values slightly exceed the drift threshold prescribed by the code (0.2%). As could be expected, these results have been evaluated at lowest
storeys where higher values of interstorey drift are generally experimented [8,9].
Similar results have been evaluated for SLD, as plotted in Figure 6. In fact, almost the
same areas of the building show points where the interstorey drift is slightly higher than the
code threshold (0.3%).
For a strategic structure like a hospital, it is important the continuity of functionality,
especially for medium-high intensity events. Due to this, it is also interesting to consider the
Mirandola earthquake occurred on May 29, 2012 (Ml=5.8) as a seismic input for the structure’s assessment at serviceability limit states. To this purpose, analyses have been carried out
by using the elastic response spectra (HN1 and HN2 in Fig. 7) obtained from the accelerometric records acquired during the surveys on the Mirandola hospital [4]. In Fig. 7, the elastic design spectrum for life safety limit state (SLV) according to the Italian seismic code [10] is
also plotted.
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Figure 6: SLD results.

Considering the vibration period of the structure, the pseudo-spectral acceleration provided by
HN2 record is almost the same as the SLV code spectrum. It can also be noted that, for lower
vibration periods related to higher modes, the pseudo-spectral accelerations are lower.
Both the HN1 and HN2 components of the recorded accelerations are far higher than the code
spectra for serviceability limit states (SLD, SLO). This means that the assessment under this
earthquake could be representative of the building response to earthquakes with intensity
higher than that provided by the code for serviceability limit states.
Figure 8 shows the results in terms of interstorey drift values under the May 29 Mirandola
earthquake. As can be noted, the maximum drift (equal to 0.65%) is achieved at the peripheral
area of the building plan opposite to the staircase (the stiffest zone of the building).
This is in accordance with the results of the survey that revealed the wide presence of damage
to non-structural components like partition and infills.

Figure 7: Response spectra of May 29 earthquake recorded and NTC elastic response spectra.
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Figure 8:Interstorey drift results using the May 29 Mirandola earthquake

4
4.1

UPGRADING STRATEGY
Design of seismic intervention

Given that the upgrading strategy to be selected for the building under study should be carried out in a post-earthquake emergency management condition, it makes sense to choose it
based on characteristics of rapidity and low invasiveness. These two properties are directly
related each other. In fact, similarly to what found for school buildings in the post-earthquake
emergency of Central Italy (2016) [1], the rapidity of intervention for public buildings (especially schools and hospitals) is a crucial issue of the recovery phase after a seismic event. Intervening only from outside saves most of the non-structural components, whose demolition
and reconstruction implies high costs and take usually more time than the structural interventions works.
Due to these aspects, the upgrading system is made of RC frames located along the perimeter of the existing structure [15,16] and rigidly connected to it (Figure 9).
This intervention strategy comprises works to be carried out only from the outside with a
strong reduction of demolitions and related reconstruction works. If the additional RC frame
(auxiliary) structure is prefabricated, the time needed to perform works as well as disturbance
to the occupancy are furtherly reduced.

Figure 9: Building model with the upgrading system (orange colored members).

Considering the irregular shape in-plan of the structure and the eccentric location of the
stairs and lift cases, auxiliary frames are placed along the perimeter excepted the staircase in
order to somehow reduce the eccentricity between centres of masses and stiffness. Further,
sizes of the new structural elements are limited by the aesthetic issues as well as by functional
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problems related to the indoor lighting. In fact, hospitals usually have large windows which
must not be excessively obstructed by new structural elements.
Keeping in mind these objectives, RC members of the auxiliary frames have been designed
gradually increasing their sizes in order to get a capacity/demand ratio at least equal to C/D=1
concerning the serviceability limit states.
New structural members are assumed to be made of concrete of class C28/35 and reinforcing steel of class B450C according to the Italian seismic code [1]. Column members have
cross-section 500x700 mm while beams 400x600 mm. The frames are provided of an RC
continuous foundation with square cross section 1000 x 1000 mm, anchored on RC circular
piles with 600 mm diameter, 12000 mm length and 1000 mm spacing.
4.2

Assessment of the upgraded structure

First of all, the insertion of the auxiliary frames caused the reduction of the fundamental
period from T1= 0.37s to T1 = 0.34sec. In terms of mode shapes, a reduced predominance of
rotational effects in the main modes has been noted.
Figure 10 displays the verification of the structure in the upgraded condition. For the SLO,
the maximum interstorey drift is achieved on the second floor almost in the same position as
happens for the as-built structure. In this case the maximum drift is
d r  0.0016  h  0.0020  h .
For the damage limit state (SLD) the maximum drift is d r  0.0021  h  0.0030  h . Therefore, both the serviceability limit states are satisfied.
Considering the Mirandola spectrum obtained from the acceleration record of May 29,
2012, the structural response is quite different. Indeed the max interstorey drift (Figure 11) is
d r  0.0047  h  0.0030  h . This means that damage of the structure cannot be excluded in
case a new earthquake (similar to that of May, 29) occurs again.

Figure 10: SLO results for the upgraded structure.
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Figure 11: Interstorey drift under the Mirandola earthquake of May 29, 2012.

As can be seen from Table 1, the proposed upgrading technique focused on serviceability
limit states, is able to obtain the full rehabilitation with respect to the code seismic input giving capacity/demand ratios higher than 1.0. The result is different considering the Mirandola
earthquake as seismic input, which provides significant interstorey drift values due to high
spectral pseudo-acceleration values which are similar to the life safety code seismic input.
In order to quantify the funds needed to carry out the seismic strengthening works, a cost
computation has been made with respect to official price listing for public works.
The seismic strengthening needs, for foundations and auxiliary frames, a total of € 370,000.
This amount is susceptible to different additional rates for VAT, security costs and general
costs (total increase +40%). The total cost for the seismic strengthening amounts to about €
520,000. Considering that the total surface of the building is about 2000 m2, a cost per unit
floor area is 185 €/m2 (only for seismic strengthening). Applying all the incremental rates, a
cost of 260 €/m2 is obtained.

SLO

SLD

INPUT

Drift (demand)

drift limit *

As-built

NTC

0.0022 h

0.90

As-built

Mirandola

0.0065 h

0.30

Upgraded

NTC

0.0015 h

Upgraded

Mirandola

0.0043 h

0.43

As-built

NTC

0.0033 h

0.90

As-built

Mirandola

0.0065 h

0.45

Upgraded

NTC

0.0021 h

Upgraded

Mirandola

0.0043 h

0.002 h

0.003 h

*The code drift limit s assumed as the structural capacity at serviceability limit states

Table 1: Summary of results regarding serviceability limit states (SLO, SLD).
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Applying to the Mirandola hospital a cost model referred to hospital buildings as reported
in [17], the total amount obtained for the seismic upgrading is equal to 580 €/m2. This value is
more than double compared to the previous one (260 €/m2).
A similar conclusion is reached considering the costs for the construction of the interventions on residential buildings reported in the "Libro Bianco" about the reconstruction after the
2009 Abruzzo earthquake [18] and analyzed in [19]. For RC buildings, unusable for the severe non-structural damage related, as in this case, to excessive interstorey drift values, the
average cost of intervention is about 446 €/m2. This value is about 70% higher than the cost
estimated for the Mirandola hospital building that is 260 €/m2.
5

CONCLUSIONS

A building included in the Santa Maria Bianca hospital complex, located in the town of
Mirandola stricken by the 2012 Emilia earthquake, has been subjected to seismic assessment
in accordance with the last version of the Italian seismic code. Particular attention has been
devoted to serviceability limit states, taking into account the importance of guaranteeing functionality of strategic buildings, like hospitals, in the aftermath of a natural disaster. As it could
be expected, the existing building does not match damage (SLD) and operational (SLO) limit
states, nor interstorey drift limit under the seismic actions experienced during the 2012 earthquake (with reference to the May, 29 event). For this reason, an upgrading intervention has
been designed, particularly addressed to overcome deformability limits. It consists of new RC
frames placed along the perimeter of the existing structure and rigidly connected to it, designed to increase the lateral stiffness of the building. This solution gives some advantages as
for example reduced demolition and reconstruction works on non-structural elements, like
infills, finishes, etc. It is even more important the possibility of strongly reducing the downtime of the building activities in a hospital building. Keeping this in mind, the proposed intervention, exploiting additional RC frames, has been designed and verified accounting for the
limits related to beam and column members’ sizes, which should not excessively reduce the
interior lighting.
The upgraded structure is able to fully match code seismic actions thanks to the proposed
intervention but could not able to keep sufficiently low the interstorey drift values under high
seismic actions like that recorded during the 2012 Emilia earthquake. Therefore, a deep discussion should be developed on design code criteria regarding strengthening interventions:
current serviceability limit states could not guarantee the functionality of strategic buildings
like hospitals after severe seismic events, that is exactly the situation asking for high
healthcare capacity especially in the immediate aftermath of the event.
Regarding the selected intervention technique, it is worth noting that the costs related to
this kind of intervention strategy (even neglecting the absence of downtime) are far lower
than other more traditional techniques involving invasive interventions also inside the building.
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Abstract
Main purpose of this study is to investigate residual seismic capacity of damaged buildings. An
evaluation method of residual seismic capacity (R-index) using contribution factors of structural components (Er) was proposed. In this method, Er is evaluated based on strength, displacement and energy dissipation, whereas a contribution factor used in the current Japanese
Post-earthquake Damage Evaluation Guideline is calculated only by strength. Then, modeling
methods of damaged buildings were discussed using SDOF models. Finally, applicability of
each method was discussed through dynamic analyses of beam-yielding RC frames with various
inter-story drift distribution. In result, it was shown that the proposed method can estimate Rindex appropriately for all kinds of buildings, whereas the current guideline method can only
for buildings with uniform inter-story drift distribution.
Keywords: Residual Seismic Capacity, Post-earthquake Damage Evaluation, Dynamic Analysis, Seismic Performance Deterioration Factor, Contribution Factor of Structural Component.
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1

INTRODUCTION

After an earthquake, it is important for company to know quantitative damage level of buildings to judge safety and business continuity and make an efficient recovery plan. For this purpose, a technical guideline for post-earthquake damage evaluation ([1]) has been developed in
Japan and applied to many buildings in recent huge earthquakes such as the 2011 Great East
Japan Earthquake. In the guideline, residual seismic capacity of damaged buildings is evaluated
by R-index which is defined as a ratio of residual seismic capacity to original capacity. For
buildings with beam yielding mechanism recommended in the current Japanese structural design, R-index is calculated based on seismic performance deterioration factors of structural
components (η) which are evaluated by observational survey and strength of each components
(Mu) as shown in Figure 1. Therefore, contribution of each component to the seismic capacity
of the whole building is evaluated only by relative strength (Mu/ΣMu). But actually, it is considered that displacement and damping (energy dissipation) in addition to strength of each component affect its contribution. And so, in this research, a contribution factor considering strength,
displacement and damping (Er) is proposed and the evaluation method is studied.
In this paper, at first, the basic concept of evaluation method for residual seismic capacity is
shown in Chapter 2. In Chapter 3, the evaluation method of contribution factor (Er) is proposed.
In Chapter 4, the accuracy verification method of contribution factor calculated by the current
guideline’s method (Mu/ΣMu) and the proposed method (Er) is described. In Chapter 5, modeling methods of damaged buildings used in the verification are discussed using SDOF models.
Finally, accuracy and applicability of each method is discussed through dynamic analyses of
beam yielding RC frames with various inter-story drift distribution in Chapter 6.
Mu5 …

Er5 …

Mu4 …

Er4 …

Mu3 …

Er3 …

Mu2…

Er2…

Mu1…

Er1…

strength
displacement
damping

strength

Proposed method
in this research

Current Japanese
guideline

Figure 1: General concept of residual seismic capacity (R) in the current Japanese guideline and in this research

2
2.1

BASIC CONCEPT OF RESIDUAL SEISMIC CAPACITY EVALUATION
METHOD
Method in the current Japanese guideline

In the current Japanese guideline ([1]), residual seismic capacity (R) is calculated by equation (1).
R

Σ

η
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Where, Muj: bending strength of a component, ηj: seismic performance deterioration factor
of a component given on the basis of damage level decided by observational survey (e.g. Table
1). η for each damage level in Table 1 is defined as conservative value in the guideline.
In the guideline’s method, relative strength (Mu/ΣMu) corresponds to a contribution factor
of a structural component and so, hereafter, Mu/ΣMu is called contribution factor as well as Er
in the proposed method.
Ductility Damage
factor(μ) level
0
～μcr
μcr～1
Ⅰ

Seismic performace
deterioration factor (η)
1
0.95

1～2
Ⅱ
2～3
Ⅲ
3～5
Ⅳ
5～
Ⅴ
※μcr：Cracking

0.75
0.5
0.2
0

Table 1: Example of damage level - seismic performance deterioration factor (η) relationship.

2.2

Proposed method in this research

In this research, residual seismic capacity (R) is calculated by equation (2) and the method
is aimed to be applied to automatic calculation right after earthquakes as shown in Figure 2.
R

Σ E

η

(2)

Where, Erj: contribution factor of a component to seismic capacity of the building evaluated considering strength, displacement and damping
In the calculation process, Er of each component is calculated by the method shown in Chapter 3 and the relationship between a ductility factor and η for each component (e.g. Figure 3) is
defined in advance. Then, when an earthquake happens, η of each component is calculated
based on the ductility factor estimated by dynamic analysis using an observed record of a sensor
set on the ground floor as input. With these two factors (Er and η), residual seismic capacity
can be calculated automatically right after earthquakes.
Automatic calculation right after earthquakes
Dynamic
analysis using
ground floor sensor
record as input

Pushover
analysis

Max. ductility
factor

Shear force
Inter-story drift
Damping factor

Seismic
performance
deterioration
factor of each
component (η)
Contribution
factor of each
component
to seismic
capacity of the
building
(Er)

Residual
seismic
capacity

R   Erj  η j 

Calculation
before
earthquakes

Figure 2: Calculation process of residual seismic capacity (R) in this research
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0 Ⅰ

My

Damage
level
Ⅱ
Ⅲ
Ⅳ

Ⅴ

Mcr
μcr 1

2

3

（Cracking）

5
Ductility
factor

Figure 3: Example of ductility factor - damage level relationship

3

EVALUATION METHOD OF CONTRIBUTION FACTOR

A contribution factor of a structural component (Er) is defined as a factor which represents
contribution of seismic performance deterioration of the component to residual seismic capacity
of the whole structure. Er is evaluated based on seismic performance index ([2]) calculated by
pushover analysis and seismic response spectrum, and the basic concept of calculation of Er is
shown in [3] and [4].
Basic model
Design
model

Safety limit

Q
Pushover analysis

【At safety limit】
Shear force(ΣQi) δ
Inter-story drift (δi)
Damping factor(h)
Partly pinned model
Imaginary
model

Pushover analysis
【At safety limit】
Shear force(ΣQi‘)
Inter-story drift (δi‘)
Damping factor(h‘)

【At safety limit】
Response acc.(Sa)
Response disp.(Sd )
Damping factor(h )

Seismic
performance
index (α)

Seismic
performance index
(α’)

Decrease ratio
of α (Dr)

【At safety limit】
Response acc.(Sa‘)
Response disp.(Sd‘ )
Damping factor(h‘ )

Contribution
factor of each
component (Er)

Pin
Calculation repeated as many times as hinge numbers

Figure 4: Calculation process of contribution factor (Er) in this research

Detailed calculation process of Er is shown in Figure 4 and as follows:
At first, pushover analysis is carried out for a normal building model (basic model). The
model is generally created in structural design of the building and can be used for evaluation of
Er as it is. Next, an imaginary model in which one component of plastic hinges is pinned (partly
pinned model) is prepared to examine the effect of damage of the part on the seismic capacity
of the whole building (Figure 5). Obtained story shear - drift curves are reduced to equivalent
single-degree-of-freedom systems (Sa - Sd curves) for both models. Seismic performance indexes for the basic model (α) and for the partly pinned model (α’) are calculated based on
response acceleration (Sa), response displacement (Sd) and damping factor (h) at safety limit
state according to the AIJ’s Guidelines for Performance Evaluation of Earthquake Resistant
Reinforced Concrete Buildings ([2]) as shown in Figure 6. Seismic capacity index (α) is defined
as a ratio of intensity of response for safety limit state to demanded seismic response in the
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guideline. In this research, safety limit is defined as a state when the maximum inter-story drift
angle reaches 2%.
Because of the damage, α’ is lower than α, and the deterioration ratio is calculated by equation (3).
D

1

α′⁄α

(3)

Dr for each component (plastic hinge) is calculated and a contribution factor (Er) is given by
equation (4), normalized by the sum of Dr in all components.
E

D ⁄ΣD

(4)

In this method, Er can be evaluated considering the effect on strength, displacement and
damping of a building by the damage of the component comprehensively because seismic performance indexes (α, α’) are calculated on the basis of response acceleration (Sa), response
displacement (Sd) and damping factor (h) at safety limit state.

Partly pinned model
(Imaginary model)

Basic model

Pin

Figure 5: Basic model and partly pinned model

Response acc. (Sa)

S

Spectrum for safety limit (αS)
Demand Spectrum (S=1200gal×Fh )
Response reduction ratio
Fh 

Safety
limit state

1 .5
1  10h

Basic model
Response displacement (Sd)

Spectrum for safety limit (α’S)
αS’
Demand Spectrum (S’)
S’
Safety
limit state

Response acc. (Sa’)

αS

Partly pinned model
Response displacement (Sd’)

Figure 6: Calculation method of seismic performance index (α, α’)

4
4.1

VERIFICACITON METHOD OF EVALUATION ACCURACY FOR
CONTRIBUTION FACTOR
Basic concept of the verification method

To check whether the method in the current Japanese guideline and the proposed method in
this research evaluate contribution factors of structural components (Mu/ΣMu or Er) and residual
seismic capacity (R) of damaged buildings appropriately on the safe side using the contribution
factors and verify applicability of each method, R calculated by equation (1)(2) based on contribution factors (Mu/ΣMu, Er) and seismic performance deterioration factors (η) and Rdyn calculated by equation (5) based on results of dynamic analyses are compared for RC building
models with beam yielding mechanism.
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R

A ⁄A

(5)

Where, A1: Input magnification of the seismic wave making a new building (undamaged
building) model reach safety limit state (defined as a state when the maximum inter-story drift
angle reaches 2%) by first input, A2: Input magnification of the seismic wave making the
damaged building model reach safety limit state by second input.
Considering that A1 represents seismic capacity of a new building when it is originally built
and A2 represents seismic capacity after damaged, Rdyn matches the definition of residual seismic capacity, a ratio of seismic capacity after damaged to original seismic capacity. Therefore,
if R by equation (1)(2) is almost equals and not more than Rdyn, it is proved that residual seismic
capacity can be evaluated appropriately on the safe side by the current Japanese guideline’s
method or the proposed method and the result shows that the method can evaluate contribution
factors (Mu/ΣMu, Er) adequately.
4.2

Calculation process of residual seismic capacity R and Rdyn

(1) Calculation process of residual seismic capacity R with contribution factors by the
Japanese guideline’s method and the proposed method
The calculation process is shown in Figure 7 and as follows:
1) Contribution factors of each component (Mu/ΣMu, Er) are calculated by the method
shown in Chapter 2 and 3.
2) On the assumption that a building is damaged by an earthquake, a dynamic analysis for
a new building model (undamaged normal frame model) is performed with a seismic
wave and the maximum ductility factors of plastic hinge parts are calculated.
3) Seismic performance deterioration factors (η) of each part in the damaged building are
calculated by the ductility factors on the basis of the relationship shown in Table 1 and
Figure 3.
4) Residual seismic capacity (R) is evaluated by equation (1)(2) with the contribution factors (Mu/ΣMu, Er) and the seismic performance deterioration factors (η).
Dynamic
analysis (B)

Ductility
factor (μ)
μ5

…

μ4

New building

Contribution
factor of each
component
(Mu/ΣMu, Er)

Seismic
performance
deterioration
factor (η)
η4

…

Mu4,Er4

…

μ3

…

η3

…

Mu3,Er3

…

μ2

…

η2

…

Mu2,Er2

…

μ1

…

η1

…

Mu1,Er1

…

Damaged
building R
R

Σ

M
ΣM

Σ E

η
η

Figure 7: Calculation process of residual seismic capacity (R) based on contribution factor (Mu/ΣMu, Er)
(for evaluation right after earthquakes)

(2) Calculation process of residual seismic capacity Rdyn by dynamic analyses
The calculation process is shown in Figure 8 and as follows:

907

Kota Miura and Masaki Maeda

1) For a new building model, repetitive dynamic analyses by a seismic wave compatible
with the Japanese standard response spectrum (standard seismic wave) with various input magnifications are performed and the input magnification A1 making the building
model reach safety limit state is obtained.
2) On the assumption that a building is damaged by an earthquake, a dynamic analysis for
the new building model (analysis B) is performed with an arbitrary seismic wave and
the maximum ductility factors of plastic hinge parts are calculated.
3) Seismic performance deterioration factors (η) of each part in the damaged building are
calculated by the ductility factors on the basis of the relationship shown in Table 1 and
Figure 3.
4) Based on the result of 3), the damaged building model is defined as a model in which
seismic capacity (energy absorption capacity) of each part (member) is reduced to η. As
several methods that make energy absorption capacity of members η times are possible,
study on the method is conducted in Chapter 5.
5) Repetitive dynamic analyses with various input magnifications of the standard seismic
wave for the damaged building model are performed and the input magnification A2
making the building model reach safety limit state is obtained.
6) Residual seismic capacity Rdyn is calculated by equation (5) with the input magnifications (A1 and A2).
Seismic capacity of
the building after the
earthquake(A2)
Rdyn＝
Seismic capacity of
a new building (A1)

Dynamic
analysis (A1)

Input magnification of the seismic
wave making the damaged building
reach safety limit state (at 2nd input)
Input magnification of the seismic
wave making the new building
reach safety limit state (at 1st input)

Dynamic
analysis (B)

Obtain input
magnification
(A1) making the
building reach
safety limit state

New building

Ductility
factor (μ)
μ5 …

Seismic
performance
deterioration
factor (η)

μ4 …
μ3 …

η4 …
η3 …

μ2 …

η2 …

μ1 …

η1 …

Dynamic
analysis (A2)
Obtain input
magnification
(A2) making the
building reach
safety limit state

Damaged building
(Energy absorption capacity of
each part is reduced to η)

New building

Figure 8: Calculation process of residual seismic capacity (Rdyn) based on dynamic analyses (detailed
method for accuracy verification)

5

DAMAGED BUIDING MODEL IN WHICH ENERGY ABSORPTION CAPACITY
OF EACH MEMBER IS REDUCED TO η

The purpose of study conducted according to the method shown in 4.2 is verification of
evaluation accuracy for contribution factors (Mu/ΣMu, Er) of the guideline’s method and the
proposed method. But, evaluation of residual seismic capacity (R, Rdyn) by the method shown
in 4.2(1)(2) is affected by seismic performance deterioration factors (η). And so, in this chapter,
values of η of Table 1 used in the method (1) and actual seismic performance deterioration
ratios when restoring force characteristics of members of a damaged model used in dynamic
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analyses of the method (2) are designed based on the values are compared, and the relationship
between the theoretical seismic performance deterioration ratios (η) and the actual seismic performance deterioration ratios is grasped quantitatively. As several methods that give restoring
force characteristics of members based on the value of η are possible, comparison between the
theoretical seismic performance deterioration ratios (η) and the actual seismic performance deterioration ratios is carried out for each method and the most appropriate method is decided.
5.1

Design method of restoring force characteristics of members in damaged model

In the field of Japanese post-earthquake damage level evaluation of buildings, it has been a
general principle to evaluate seismic capacity of buildings and members on the safe side and
the values of η in Table 1 used in this research are given in [1] to evaluate residual seismic
capacity of members in a damaged building appropriately on the safe side. Because seismic
performance deterioration factor (η) is defined based on energy absorption capacity as shown
in Figure 9 from [1], energy absorption capacity to reach ultimate deformation in a damaged
building model should be η times as large as that in a new building model. To make energy
absorption capacity theoretically η times, three kinds of method are possible as shown in Figure
10 and the following.
a) Strength and stiffness are reduced to η times.
b) Deformation capacity is reduced.
c) Damping performance is reduced. (Hysteresis loop area is reduced to η times by using
a slip hysteresis model)
In the next section, whether the three methods can evaluate seismic capacity of damaged
members appropriately on the safe side is studied through dynamic analyses of SDOF models.
Load
0 Ⅰ

Damage level
Ⅱ

Ⅲ

Ⅳ

Residual
energy
absorption
capacity (Pr)
Consumed energy (Pd)

Ⅴ

Seismic performance
deterioration factor

η

Pr
Pd  Pr

Deformation

Ultimate

Figure 9: Concept of seismic performance deterioration factor (η)
Mu

New
E

Mu

Damaged

New

Damaged

ηMu

ηE

ηE
θy’=θy
Yielding
deformation

θu'=θu
Ultimate
deformation

(a) Deterioration of
strength and stiffness

E

Damaged New
E
-θu'=-θu
ηE
θu'=θu

θy’=θy θu'
θu
Ultimate
Yielding
deformation deformation

(b) Deterioration of
deformation capacity

(c) Deterioration of
damping performance

Figure 10: Evaluation methods for restoring force characteristics of members in a damaged building
model
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5.2

Study by dynamic analyses of SDOF models

(1) Method of study
The method of study is shown in Figure 11 and as follows:
1) SDOF models of a new building and a damaged building where energy absorption capacity to safety limit state is reduced to theoretically η times by each method shown in
Figure10 are designed. Safety limit of a building corresponds ultimate deformation of
members. In damaged building models, seismic capacity of each member is assumed to
decrease to η times equally.
2) For each model, repetitive dynamic analyses with various input magnifications of a
standard seismic wave are performed and the input magnifications (A, Ad) making the
building model reach safety limit state are obtained.
3) Residual seismic capacity Rdyn is calculated by equation (6) with the input magnifications and it can represent the actual seismic performance deterioration ratio of the damaged building evaluated based on dynamic analyses.
A ⁄A

R

(6)

Where, A: Input magnification of the seismic wave making a new building model reach
safety limit state, Ad: Input magnification of the seismic wave making the damaged
building model reach safety limit state.
Because all members of a building are integrated into one component in a SDOF model,
Rdyn calculated by equation (6) represents an actual seismic performance deterioration
ratio of each member.
4) The validity of evaluation methods for restoring force characteristics of members in a
damaged building is studied through comparison between Rdyn and theoretical seismic
performance deterioration ratio (η).

η ：Theoretical seismic capacity ratio of a damaged building to a new
building calculated by energy absorption capacity (Fig.10)
Investigate correspondence and decide the best method to reduce
seismic performance of members in damaged building models
Rdyn: Actual seismic capacity Seismic capacity of the damaged building(A )
d
ratio of the damaged
＝
Seismic capacity of the new building (A)
building to the new building
Dynamic analysis (Ad)

Dynamic analysis (A)
Obtain input
magnification (A) making
the building reach safety
limit state

Obtain input
magnification (Ad)
making the building
reach safety limit state
Damaged building
(Energy absorption capacity is reduced
to η in three kinds of method in Fig.10)

New building

Figure 11: Process to decide the best method to reduce seismic performance of members in damaged
building models base on dynamic analyses of SDOF models
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(2) Building model and input seismic wave
(a) New building model
New building models were SDOF models for RC frames with 3, 5, 7 or 10 stories shown
in Figure 12 and restoring characteristics of members were designed as shown in Figure 13.
Where, me: effective mass of the first mode of a building [= 0.8 × total mass of the building],
He: effective height [ = 0.8 × height of the building (H)], H: height of a building (m) [= 3.5 ×
story number of the building], δ: representative displacement of a building, θ: representative
drift angle of a building [ =δ/He], Qu: yield strength [=0.3 × W], W: weight of a building, Qc:
cracking strength [ =1/3 × Qu].
Takeda model as a hysteresis model and stiffness proportional damping are selected. The
damping ratio for the first mode is 5%.
δ
me

me




θ

He

He

Figure 12: Outline of a SDOF model
Load

0.001K

Qu
Qc

K

1/1500 1/150
δc
δy
Crack Yielding

Drift
angle (θ)
1/50
Disp. (δ)
δu
Safety limit state
(Ultimate deformation
of members)

Figure 13: Backbone curve of a SDOF model

(b) Damaged building model
Damaged building models were designed by making their theoretical energy absorption
capacity (η) decrease to 0.95 to 0.2 times (0.95, 0.9 ,0.85, 0.8, 0.75, 0.7, 0.6, 0.5, 0.4, 0.3 and
0.2) as large as that of the new building model using the methods shown in Figure 10. In this
study, Takeda slip model was adopted as a method of reducing hysteresis damping of the damaged building model shown in Figure 10(c). When using Takeda slip model, the hysteresis loop
area at steady state of a damaged building model can vary between only about 1 to 0.6 times
that of a new building model and so for the method (c), the study was conducted only for the
case in which η is 0.95 to 0.6.
(c) Input seismic wave
Artificial earthquake waves compatible with the Japanese standard response spectrum were
used as input. The response spectrum corresponds to the demand spectrum in Figure 6.
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(3) Result of analyses

Actual seismic performance
deterioration ratio (Rdyn)

The relationship between theoretical seismic performance deterioration ratios (η) and actual
seismic performance deterioration ratios calculated by equation (5) (Rdyn) were shown in Figure
14. In case of the method (c) reducing hysteresis damping, Rdyn was much larger than η on the
whole, while in case of the method (a) reducing strength and stiffness and the method (b) reducing deformation capacity, η matched a lower limit of Rdyn. The result of case (a)(b) is consistent with the concept of seismic performance deterioration factor η that it should evaluate
residual seismic capacity appropriately on the safe side, therefore, a damaged building can be
modeled compatible with the idea of [1] by the methods.
When using the method (b), restoring force characteristics within ultimate deformation in
a damaged model are the same with that in a new building model. Therefore, seismic capacity
of members whose response doesn’t reach ultimate deformation in a damaged model is not
reduced if the method (b) is applied to a frame model. While, the method (a) can simply reduce
seismic capacity of members in a damaged model regardless of response level. That is why the
method (a) is applied to study in Chapter 6 as a method of designing a damaged building model.
1.2

1.2

1.2

1.0

1.0

1.0

0.8

0.8

0.8

0.6

0.6

0.6

0.4

0.4

0.4

0.2

0.2

0.2

0.0
0.0
0.0
0.0 0.2 0.4 0.6 0.8 1.0 1.2
0.0 0.2 0.4 0.6 0.8 1.0 1.2
0.0 0.2 0.4 0.6 0.8 1.0 1.2

Theoretical seismic performance
deterioration ratio (η)

(a) Deterioration of
strength and stiffness

Theoretical seismic performance
deterioration ratio (η)

(b) Deterioration of
deformation capacity

Theoretical seismic performance
deterioration ratio (η)

(c) Deterioration of

damping performance

Figure 14: Theoretical seismic performance deterioration ratio (η) - actual seismic performance deterioration ratio (Rdyn) relationship

6
6.1

RESULT OF VERIFICATION OF EVALUATION ACCURACY FOR
CONTRIBUTION FACTOR
Building model and input wave

RC frame models of beam yielding mechanism with different number of stories (3, 5, 7 or
10) shown in Figure 15 were employed in the study. Three kinds of model were designed for
each story. One was with uniform inter-story drift distribution (E model), another was with
larger displacement in the lower stories (B model) and the other was with larger displacement
in the upper stories (T model). And so, the total number of model was 12. Inter-story distribution at safety limit state of each model calculated by pushover analysis was shown in Figure 16
and an example of member list was shown in Table 2. In Figure 16, the names of models indicate the story number and the type of inter-story drift distribution.
Artificial earthquake waves compatible with the Japanese standard response spectrum were
used as input (which corresponds to seismic waves in dynamic analysis B shown in Figure 7
and 8) to simulate damage of buildings. Input magnifications varied 0.2 to 1.3 in several steps.
Stiffness proportional damping was selected and the damping ratio for the first mode was 5%.
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6000

6000

Figure 15: RC building model with beam yielding mechanism
Floor
1
2
3
R

Column
Beam
Column
Beam
Column
Beam

Size
(mm)

Main bar
(SD345)

Hoop
(SD295)

650×650
400×600
600×600
400×600
600×600
400×600

20-D22
5-D19
20-D22
5-D19
20-D22
5-D19

2-D10@100
2-D10@100
2-D10@100
2-D10@100
2-D10@100
2-D10@100

Table 2: Example of member list (3-E).
3

5

3 story

5 story

2

Story

Story

4
3-E
3-B
3-T

1
0
7

0.01

7-E
7-B
7-T

1
0

0

0.01

0.02

10
9 10 story
8
7
6
10-E
5
4
10-B
3
10-T
2
1
0
0.01
0.02
Inter-story drift angle (rad.)

Story

Story

5

2

1

0.02

7 story

3

5-E
5-B
5-T

2

6

4

3

0.01
0.02
Inter-story drift angle (rad.)

Figure 16: Inter-story drift angle at safety limit state calculated by pushover analysis.

6.2

Result of verification

Comparison of residual seismic capacity (R) calculated by equation (1)(2) with contribution
factors (Mu/ΣMu, Er) to residual seismic capacity (Rdyn) calculated by equation (5) based on
results of dynamic analyses were shown in Figure 17. In the figure, the ratios of cases in which
Rdyn was smaller than R (R was evaluated on the dangerous side) were shown. In this study,
because seismic performance deterioration factor (η) was designed on the safe side as shown in
Figure 14, contribution factor was supposed to be evaluated on the quite dangerous side in the
cases where R calculated with η and contribution factor was larger than Rdyn.
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0.

20. 40. 60. 80. 100.
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(b)Proposed method

Figure 17: Residual seismic capacity calculated by contribution factor (R) - that by dynamic analysis (Rdyn) relationship

When using the current guideline’s method in evaluation for contribution factors, residual
seismic capacity (R) was evaluated appropriately on the safe side for E models with uniform
inter-story drift distribution. But for B models and T models with non-uniform inter-story drift
distribution, R tended to be overestimated on the dangerous side.
To reveal the reason, damage level of members (components) in damaged buildings (calculated by dynamic analysis B in Figure 7 and 8) and inter-story drift distribution at safety limit
state (calculated by dynamic analysis A1, A2 in Figure 8) were shown in Figure 18 and 19 for
model 5-E, 5-B and 7-T. In 5-E, there was almost no difference of the inter-story drift distribution between the new building model to the damaged model because damage level of each
component was almost even and bias of the inter-story drift distribution which brings about
deterioration of the deformation capacity Sd (and deterioration of the damping performance according to that) didn’t occur in the damaged model. Therefore, the current guideline’s method
which ignore the effect of displacement and damping is reasonable for the building with uniform inter-story drift distribution. Whereas, in 5-B, bias of the inter-story drift distribution in
the damaged model increased from the new building model because of the damage concentration of components on the lower stories as shown in Figure 18 and it brought about deterioration
of the deformation capacity Sd as shown in Figure 19. It means that damage of components in
the lower stories induced severe deterioration of seismic capacity of the building and so contribution factors of the components should have been larger. Moreover, a similar result was shown
in 7-T and it supported the above conclusion.
On the other hand, when using the proposed method in evaluation for contribution factors,
residual seismic capacity (R) was evaluated appropriately on the safe side for all models as
shown in Figure 17. It was because the proposed method could estimate contribution factors
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(Er) of components of the lower stories in B models (the upper stories in T models) to be larger
by considering displacement and damping as well as strength as shown in Figure 20.
Therefore, for low and medium-rise RC buildings with beam yielding mechanism, the current guideline’s method is applicable only to frames with uniform inter-story drift distribution,
whereas the proposed method is applicable to all kinds of frames regardless of drift distribution.
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Figure 18: Damage level of members in building models
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Figure 19: Inter-story drift angle at safety limit state of new and damaged building models calculated by dynamic
analysis

CE：Exterior column base
CI：Interior column base
GE：Exterior beam end
GI：Interior beam end

(c) 7-T

Figure 20: Contribution factor calculated by the current guideline’s method and the proposed method
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7

CONCLUSION

An evaluation method of residual seismic capacity (R) of damaged buildings using contribution factors (Er) of structural components was developed. In this method, Er is evaluated
based on strength, displacement and damping, whereas contribution factors in the current Japanese guideline are calculated only by strength.
It was shown that the proposed method can give good prediction of contribution factors and
residual seismic capacity for RC buildings, whereas the current guideline’s method cannot for
buildings with non-uniform inter-story drift distribution through dynamic analyses of various
RC frames with beam yielding mechanism.
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Abstract
In the framework of seismic vulnerability assessment, the displacement-based analytical approaches allow the investigation of the non-linear response of structures with accuracy and
low computational effort. This paper deals with a recently-proposed displacement-based analytical pushover addressed to the seismic performance assessment of multi-span continuousdeck straight bridges. The method consists in the static analysis of a simplified mechanical
model for increased displacements (pseudo pushover) and allows to obtain an “adaptive”
force-displacement curve. This procedure is applied to a set of 36 short bridge configurations
representing typical Italian typologies (2 to 6 bays, with two deck configurations and different
height of the piers). This work aims to test the method for different hazard intensities, also
discussing the influence of bridge regularity in the predicted seismic performance. The accuracy of the DBA procedure is evaluated comparing it with more refined pushover and nonlinear time history analyses. Three different suites of 10 natural ground motions, scaled to different intensity levels, are adopted. The results are discussed in terms of capacity/demand
checks and predicted deformed shape, proving that the DB pseudo pushover provides approximately the same level of accuracy expected for standard non-linear static analyses.

Keywords: Seismic Assessment, Displacement-based Assessment, Pushover analysis, Timehistory analysis, Simplified Mechanical Model, RC continuous-deck bridges.
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1

INTRODUCTION

In seismic-prone countries, the performance of bridges and viaducts under earthquake condition assumes a key role for the robustness of the transportation network, and it influences the
resilience of entire populated areas. Since most of these structures were built without effective
seismic criteria, their seismic performance assessment is essential. For this goal, non-linear time
history analysis or non-linear static analysis methods can be effectively adopted. These are considered reliable to investigate the performance of bridges subjected to ground motions, although
they require a considerable computational effort, a skill-demanding modelling phase and effort
in interpreting the results.
In the last two decades, Displacement-Based Assessment (DBA) procedures were proposed
as an innovative assessment method, joining simplicity and reliability. Firstly, Priestley proposed DBA procedures [1] focusing on SDoF systems and multi-storey buildings. Recently,
Şadan developed a DBA strategy for the transverse response of bridges [2] based on the effective modal analysis (EMS) previously proposed by Kowalsky for the direct displacement-based
design of bridges [3]. This approach is addressed only to single-column bridge with pinned
deck-abutment connections and proves a satisfactory accuracy compared to classical forcebased assessment approaches. Moreover, Cardone [4] provided performance displacement profiles corresponding to the Ultimate Limit State (ULS) of different bridge components, comprising abutments, bearings and shear keys. Advances in the issue have been also proposed
accounting for soil-structure interaction [5].
In this paper, a DB pseudo-pushover procedure recently-proposed by Gentile et al. [6] is
discussed, which allows obtaining the full force-displacement capacity curve of continuous
deck straight bridges in a displacement-based fashion, with low computational effort. A static
and a modal analysis-based versions of this DB pseudo-pushover were proposed and tested on
a set of short RC bridges, and successfully compared to numerical pushover and time-history
analyses. The authors proved the accuracy of these approaches considering severe hazard conditions, providing similar results in terms of predicted performance, if compared to a standard
(first mode loading) pushover analysis.
In this paper, the static analysis based-DB approach is firstly described and then applied on
a dataset of 36 typical Italian bridges configurations having different deck typology, height of
the (mono)piers and number of spans. The applicability of the analytical DB pseudo pushover
is investigated for three different ground motion intensity levels, considering three different
suites of 10 natural scaled ground motions. To this aim, the procedure is compared to more
refined numerical pushover and time history analyses. A relatively-simple analytical model is
needed, and therefore the procedure can be implemented in a spreadsheet. However, for this
work the procedure is implemented in a simple MATLAB [7] function, proving the low computational effort required.
2

DESCRIPTION OF THE PROPOSED DISPLACEMENT-BASED PROCEDURE

In this section, the Displacement-Based Pseudo-Pushover procedure (DBPP) is described.
The procedure is developed for analysing the transverse seismic response of RC multi-span
continuous deck bridges, which are one of the most widespread bridge typologies in the Italian
context, together with RC multi-span simply supported bridges. This latter less-complex typology is not considered in this work, although more research effort is needed to validate the DBPP
in this context. In fact, the seismic response of such typology can be analysed with one or more
SDoF systems related to each pier [8], [9]. The DBPP, described in Fig.1, is able to provide a
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Figure 1 : Flowchart of the static analysis-based DB pseudo-pushover

full force-displacement curve of the investigated bridge. The basic concept can be referred to
the pseudo-pushover technique, reported in international guidelines [10], that comprises many
linear static analysis, performed increasing the magnitude of the acting inertia force profile and
updating the secant stiffness of the members according to their ductility demand.
The DBPP is performed through repeated static analyses of a simplified bridge model to
derive the deck displacement profile associated to the (increasing) target displacement of a predetermined control node. The model is defined as an elastic continuous beam (deck) on inelastic
supports (piers and abutments) (Fig.1 step 4) [11]. The supports are characterised with the secant stiffness of the corresponding member in target displacement condition. To this aim, a
force-displacement relation should be associated to piers and abutments. Other members such
as shear keys and bearings are not explicitly considered in the model. Instead, their displacement capacity should be used in the post-processing phase to limit the global capacity.
The mechanical characterisation of the substructure members is needed. For this reason, accurate surveys, construction drawings and/or simulated design are generally needed. The nonlinear force-displacement law for single-column piers can be obtained based on Moment-Curvature relationships, calculated by a software such as KSU_RC [12], Cumbia [13], [14] or with
analytical surrogate metamodels requiring few input data [15], [16]. In this calculation, the
degree of fixity at the column top (and the torsional stiffness of the deck) should be considered,
since this influences the stiffness and the displacement capacity of the pier. The effect of degrading shear strength, buckling of the bars and second-order effects [17]–[20] can be considered with appropriate modifications of the force-displacement laws. For simplicity, only
flexure-prone piers are considered. The deck-abutment constraint condition should be modelled
with appropriate force-displacement relations. In this work, a perfectly elastic behaviour with
very high stiffness is assigned to pinned deck-abutment connections.
The DB-procedure provides the target displacement profile of the deck through the static analysis based-iterative calculations reported in Fig. 1, steps 1 to 4. An arbitrary control node is
chosen (step 1) and a corresponding target displacement
is set. Such choice does not influence the final capacity curve. A tentative deformed (normalized) shape of the deck is initially
guessed. If the first transverse mode is supposed to be dominant and the deck is reasonably
restrained at the abutments, a sinusoidal or parabolic displacement shape is suggested to reduce
the needed iterations. Useful formulation to choose the tentative deformed shape are reported
in the work by Cardone [4]. Then, the displacement
is obtained for each member, scaling
the shape such that the control node reaches . Using the force-displacement relations, the
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secant stiffness
in target displacement condition is calculated for the piers and the abutments, and it is assigned to the supports of the simple beam model (step 2).
A static analysis is performed (step 3 - 4) assuming the distribution of inertia forces calculated
with Eq. 1, in which is the total base shear. Consequently, a new displacement profile (
is obtained and compared to the initial guess ( ). Until convergence is achieved, the displacement profile is updated, and the process is repeated. Usually, three or four iterations are needed
if a tolerance of 0,001 m is adopted.
𝐹𝑖 = 𝑉𝑏 (𝑚𝑖 ∆𝑖 ⁄∑ 𝑚𝑖 ∆𝑖 )

(1)

𝑖

Given the stabilised target displacement profile, the final step (step 5) provides the calculation of the equivalent SDoF displacement
(Eq. 2) and the associated total base shear ,
that define a point on the pseudo-pushover capacity curve. Other equivalent SDoF proprieties,
as effective mass
(Eq. 3) can be calculated with reference to the formulations proposed
by Priestley [1].
∆𝑒𝑓𝑓 = ∑ 𝑚𝑖 ∆2𝑖 ⁄∑ 𝑚𝑖 ∆𝑖
𝑖

(2)

𝑖

𝑚𝑒𝑓𝑓 = ∑ 𝑚𝑖 ∆𝑖 ⁄∆𝑒𝑓𝑓

(3)

𝑖

The pseudo-pushover curve is obtained repeating such calculations while increasing the control node target displacement (step 6), until one or more critical members reach their ultimate
capacity. At the end of the process, a base shear vs effective displacement
curve is
provided, which can be called “pseudo-capacity” curve since each point refers to a specific
equivalent SDoF system k having different effective mass
and effective damping
.
It is worth noting that the analysis is performed in an adaptive fashion [21], since for each step,
a redistribution of inertia forces consistent with the actual stiffness of the members is considered.
Finally, the seismic performance assessment can be performed according to a capacity spectrum-based assessment approach. In this work, the Adaptive Capacity Spectrum Method
(ACSM) proposed by Casarotti and Pinho [22] is used. In order to be compared with the demand,
expressed as an Acceleration Displacement Response Spectrum (ADRS), the capacity curve
should be converted in a capacity spectrum dividing the base shear
associated to each SDoF
system for the corresponding effective mass
. Once the Performance Point (PP) is calculated, it is compared to the capacity of the equivalent SDoF system. Moreover, the displacement/force of each substructure member can be obtained reading the results in the analysis
database, and a local comparison between demand and capacity can be performed, if preferred.
It is worth noting that, if the user is not interested in obtaining the full-force displacement
curve, a quick DBA of a bridge in any limit state condition can be performed through step 1 to
5. This short version of the procedure requires the identification of the critical node that characterises the investigated limit state. The deck target displacement of the SDoF system is calculated and the assessment can be performed with a displacement response spectrum approach
as proposed by Priestley [1].
The above-mentioned concepts can be adapted for the longitudinal seismic response of the
bridge, using a simplified model in which all supports/piers equipped with secant stiffness are
forced to the same target displacement, reasonably assuming a rigid behaviour for the deck.
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3

PARAMETRIC ANALYSIS

The DB pseudo pushover is applied to investigate the seismic response of a set of 36 case
study bridges having different structural regularity features. The accuracy of the procedure is
evaluated, through a comparison with numerical pushover and time history analyses. The performance of the bridges is studied for three different levels of seismic intensity and, in turn,
different ductility demand for the piers.
3.1 Case study bridges
The database is composed of 36 straight RC-bridges having pinned deck-pier connections.
Those are meant to represent typical Italian bridge configurations. The case studies are chosen
with different structural regularity features. Pioneering literature work [11] defines the regularity of a bridge according to the ratio of the transverse stiffness of the deck to the total lateral
stiffness of the piers. Moreover, an irregular seismic response is registered in presence of piers
of particularly-different stiffness along the deck [23]. To study this aspect, the case studies in
this work are defined varying the deck transverse moment of inertia and the longitudinal distribution of piers having different heights, as indicated in Fig. 2.
Two deck configurations are chosen. The first (J50) is composed of three precast 1.80mhigh girders connected through a 0.3m-thick, 11.50 m-wide slab, for which the transverse moment of inertia is equal to 52.5 m4. The second configuration (J100) has a moment of inertia
for transverse flexure equal to 104.9 m4, since it is composed of four girders connected through
a 14 m-wide slab. A specific type of pier cap is assigned to each deck configuration (Fig. 2).
The total dead load (seismic condition) is equal to 185 kN/m and 230 kN/m for the J50 and
J100 configurations, respectively. Moreover, 8-, 15- and 20 m-high piers are defined, having a

Figure 2: Selected case studies (Gentile et al. [6]).
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3 m-diameter circular section with 63 longitudinal bars Φ26 and 100 mm-spaced Φ10 hoops.
The considered strength for unconfined concrete ( ) and steel yielding stress ( ) are
and
, respectively. The span length is constant and equal to 35 m for all the cases.
Each bridge is identified by some digits that define the number and the heights of its piers. For
example, B132 refers to a 4-bays bridge with the height of the piers respectively equal to 8 m,
20 m and 15 m.
3.2 Modelling strategy and analysis assumptions
The analytical DB-procedure is implemented in a MATLAB [7] function to perform the
analysis, provide the pseudo-capacity curve and carry out the assessment. The force-displacement laws of the piers are calculated using a bi-linear Moment-Curvature relationship associated to the base-section. To this aim, the software CUMBIA [13] with the graphical user
interface proposed by Gentile [14] is used. The model by Mander [24] is considered for the
confined concrete and the model by King [25] is adopted for the steel reinforcements. The seismic masses are lumped in the main nodes of the superstructure and are calculated as the sum of
the tributary deck mass, the mass of the pier cap, plus a third of the total pier mass. For simplicity, no strength degradation is considered beyond the ULS of the bridge.
Numerical models are created using the 3D software RUAUMOKO [26]. A lumped-plasticity
model is used (Fig. 3): the piers are modelled as mono-dimensional elements with plastic hinges
at the base section and secant stiffness at yielding. A revised Takeda “thin” law is used to consider the cyclic response. The deck is an elastic frame element equipped with uncracked stiffness with pinned connections at the piers and abutments. The abutments are modelled by elastic
springs with very high lateral stiffness in transverse directions. The time-history analyses are
carried out with natural scaled ground motions (section 3.3). The pushover analyses are performed in displacement-control with a first mode shape force profile. Further details about the
modelling strategy are listed in Gentile et al. [6]. It is worth specifying that the numerical pushover results are plotted in base shear vs effective displacement
format to be compared
with the DBPP procedure. The effective displacement is calculated adopting the effective mass
consistent with each step and the corresponding performance points are computed with the
ACSM.

Figure 3: Modelling strategy
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3.3 Seismic demand
According to the Italian code [27], 5%-damped demand spectra are chosen corresponding to
three locations prone to high, medium and low hazard conditions (Fig. 4). The spectra are defined for a return period equal to 475 years and soil type C corresponding to 180-360 m/s shear
wave velocity condition. The Peak-Ground Accelerations (PGA) adopted corresponds to 0,44g,
0,31g and 0,21g. For each seismic demand level, a set of 10 scaled natural ground motions is
selected using the software REXEL [28], from the European Strong Motions Database (ESD)
and the Selected Input Motions for displacement- Based Assessment and Design (SIMBAD)
database. The selected accelerograms are linearly-scaled in amplitude to meet the spectrumcompatibility criteria prescribed by the Italian Code. The compatibility is ensured in a 0,1-2 s
period matching bandwidth that includes the first mode periods of the entire database of case
studies.
3.4 Definition of CDR and BI
Given the wide results dataset, two simple indexes are calculated for each bridge and each
seismic demand level: the Capacity Demand Ratio and the Bridge Index. In the post-processing
of results, it is assumed that the ULS of a bridge is reached when one of the piers achieves its
ultimate displacement capacity
. Consequently, the Capacity Demand Ratio (CDR) informs about the seismic performance of each case and is calculated for both the Non-linear
Static Procedures, DBPP and pushover, (NSP in the following), with Eq. 4, in which
is
the displacement demand of the pier i at the performance point for seismic demand j. For the
time-history analysis, the CDR is calculated with
that is the average response of the 10
ground motions of the considered seismic intensity level j.
𝑁𝑆𝑃/𝑇𝐻
𝐶𝐷𝑅𝑗

= min (

∆𝑈
𝑝𝑖𝑒𝑟,𝑖
𝑃𝑃/𝑇𝐻,𝑗

∆𝑝𝑖𝑒𝑟,𝑖

)

(4)

It is worth noting that the CDR considers only the capacity and the demand displacement of
the critical pier. To easily compare the reliability of the NSPs to the TH, the parameter

Figure 4: Code and mean elastic spectra of the selected ground motions
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𝑒𝑟𝑟𝐶𝐷𝑅 𝑁𝑆𝑃 is introduced expressing the relative error between the CDR calculated for the TH
and analogous value of the NSP (Eq. 5). The CDRs for the entire dataset are reported in Fig. 7.
𝑒𝑟𝑟𝐶𝐷𝑅𝑗𝑁𝑆𝑃 =

𝐶𝐷𝑅𝑗𝑇𝐻 − 𝐶𝐷𝑅𝑗𝑁𝑆𝑃
𝐶𝐷𝑅𝑗𝑇𝐻

× 100

(5)

The second index used is the Bridge Index (BI), proposed by Pinho [29] and modified by
Kohrangi [30]. It is adapted in this work to discuss the accuracy to predict the shape (normalized)
of the target displacement profile of the NSPs with reference to the more refined time-history.
The BI is calculated with Eq. 6 as the mean of the ratios between the coefficients 𝛿𝑖𝑃𝑃 and 𝛿𝑖𝑇𝐻 ,
which are respectively the normalized NSPs target displacement and the average TH normalized displacement. Moreover, the range of the BI, including the
is used to
discuss the results. BIs are reported in Fig. 8.
𝑃𝑃𝑗

𝐵𝐼𝑗𝑁𝑆𝑃
4

= 𝑚𝑒𝑎𝑛 (

𝛿𝑖

𝑇𝐻𝑗

𝛿𝑖

)

(6)

PARAMETRIC STUDY RESULTS

In this section, the results of the DBPP approach are compared with a standard numerical
pushover analysis (including CSM), and more refined non-linear time history analyses. It is
worth specifying that a preliminary modal analysis, performed with the refined numerical models, shows that the participating mass of the first mode exceeds the 70% in all the cases. This
makes the case studies suitable to be analysed with a first mode-based pushover and the proposed DBPP, excluding meaningful higher mode contributions. Firstly, the results about selected sample cases are discussed, then considerations about the entire dataset are provided.
4.1 Results of regular and irregular sample cases
To help the reader interpreting the wide set of results represented systematically with BIs
and errCDRs, the results of the J100-B222 (Fig. 5) and J50-B211 (Fig. 6) bridges are discussed
in detail. These cases are representative of regular and irregular configurations, respectively.

Figure 5: Capacity curve and target displacement profiles for J100-B222 case
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Figure 6: Capacity curves and target displacement profiles for the J50-B211 case

Regardless of the regularity, the DBPP capacity curve is consistent with the numerical pushover,
proving the accuracy of the proposed method.
In the J100-B222, the differences between the adaptive DBPP and pushover performance
displacement profiles are negligible, and displacement profile of the deck is basically invariant
(parabolic shape for all demand levels). This proves that the spatial distribution of stiffness of
the piers and their degradation do not influence the bridge regular seismic behaviour. For every
intensity level, the BI assume unitary values (with negligible dispersion) providing that the deformed shape is well-predicted. Such a regular response is due to the high stiffness of the deck
J100 compared to the (low) lateral stiffness of the 15m-high piers. Consequently, the PPs derived by the investigated NSPs are consistent, regardless of the seismic demand level. Indeed,
the DBPP-based CDR is practically equal to the pushover-based one obtained, while the maximum errCDR (with respect to the TH) is equal to 14,46% and 15,07% for DBPP and pushover,
respectively (considering the mid-intensity set).
The J50-B211 bridge is characterised by a low stiffness of the deck and an asymmetric shape
with short piers that strongly influence its dynamic response. Although the force-displacement
curves are particularly similar, some differences between the DBPP and the pushover analyses
emerge. Analysing the performance displacement profiles for the low seismic demand levels,
it is evident that, when one of the short piers reaches its yield displacement, the displacement
shape changes compared to the elastic phase. Since an invariant, first-mode force profile is used
in the pushover, it fails to predict the performance point displacement profile with respect to
the time history analysis. With reference to the deformed shapes, for all the demand levels, the
pushover overestimates the displacement of the more deformable pier of the bridge, underestimating it for the stiffer one(s). For this reason, the corresponding BI is approximately equal to
one but exhibits a wide dispersion. The DBPP succeeds in better-predicting the displacement
shape with respect to the TH, since it is “adaptive”. The BI is practically equal to one and a
negligible dispersion for low seismic demand is registered. For the highest seismic demand, a
higher error is registered for the DBPP-based BI, proved by its higher dispersion. This indicates
the lower accuracy of the DBPP for high intensity and particularly-irregular bridges, although
in many cases it outperforms the numerical pushover. Further research is needed to investigate
the adaptive properties of the DBPP.
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4.2 Results for the entire set of case studies
The DBPP is particularly accurate for the 2-bays subset, since it provides extremely similar
errCDRs compared to the pushover, regardless of the typology of the deck and the piers. For
all the demand levels, the 2-bays bridges respond elastically, since the high stiffness of the
superstructure governs the seismic behaviour, transferring the majority of the base shear to the
abutments. Regarding the 4-bays subset, the main differences between the pushover- and
DBPP-based CDRs are detected for B121, B123, B132 for the low seismic demand. In these
cases, the target displacement profiles of the NSPs differs considerably since if the shortest pier
is the only one yielding, the DBPP modifies the force profile, while the pushover is unable to
do so. The corresponding BI dispersion shows that the adaptive DBPP outperforms the pushover in predicting the deformed shape for low seismic intensity. In most 6-bays cases, the BIs
indicate that the DBPP outperforms the pushover in predicting the target deformed shape,

Figure 7: errCDR for the entire set of case studies

Figure 8: BI for the entire set of case studies
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regardless of the seismic intensity. It is worth noting that, for 6-bays bridges, the differences
detected between DBPP and pushover compared to the average TH are higher than for the other
subsets. In these cases, the accuracy of the pushover decreases because, given that the lower
regularity of the bridge, an invariant method is insufficient.
Comparing the CDRs and BIs of the J50 and J100 subset, increasing the deck stiffness and
consequently the regularity of the bridge, the differences between DBPP and pushover decreases. This is because the influence of the piers on the deck seismic behaviour decreases (the
deck governs) and the shape of the target displacement profiles is almost invariant regardless
of the increasing ductility demand (depending on the seismic intensity).
Generally, with reference to the Tab. 1, it can be claimed that the proposed DBPP is a fairly
accurate procedure. The mean of the absolute errCDRs of the various subsets indicate that the
DBPP provides a comparable accuracy than the pushover.
Set
2bays
J50
J100
4bays
J50
J100
6bays
J50
J100

PGA=0,21 g
errCDRpush errCDRDBPP
24,26
24,63
10,34
11,12
8,37
6,06
11,01
10,71
6,12
6,57
7,33
5,96

PGA=0,31 g
errCDRpush errCDRDBPP
13,98
14,22
20,46
21,14
11,37
10,06
11,66
11,68
8,49
7,70
5,03
5,15

PGA=0,44 g
errCDRpush errCDRDBPP
24,85
25,06
16,94
17,60
9,09
8,87
8,53
8,17
8,63
9,56
5,70
8,04

Table 1: Average of errCDR for 2, 4 and 6-bays subset

5

CONCLUSION

This work deals with the parametric validation of a displacement-based pseudo-pushover
(DBPP) procedure to investigate of the seismic performance of straight, continuous deck RC
bridges, recently proposed by Gentile et al. [6]. It allows to have the full force-displacement
relation expressed in terms of equivalent SDoF proprieties. The simplicity of the procedure is
evident, since it is based on a simplified mechanical model of the bridge and linear static analyses with secant stiffness related to increasing displacements. Coupled with a capacity spectrum
based-assessment method, the procedure allows the seismic performance assessment of the
bridge for a given level of the seismic intensity.
The DBPP is compared with pushover analyses and refined time-history analyses carried out
with 3 suites of 10 natural ground motions scaled according to three different levels of the
seismic intensity. The procedure is herein applied on 36 bridge case studies having different
structural regularity features, deck configurations, number of bays and height of the piers. The
results are discussed in detail for two selected case studies and then systematically illustrated
for the entire dataset, adopting parameters such as the Capacity Demand Ratio and the Bridge
Index.
The results show that the DBPP and the pushover provide particularly similar results, with
similar bias if compared to the time-history analyses. Given its adaptive fashion, for the more
irregular case studies, the DBPP succeeds in better predictions of the target deformed shape
compared to standard pushover analyses. This parametric analysis demonstrated that the DBPP
can represent a suitable tool for practitioners, at least for bridges similar to the analysed ones.
Moreover, this work demonstrates that DBPP can be performed using quick implementations
in spreadsheets or code functions that require low computational effort. Provided that extensions are developed to consider other bridge typologies, DBPP could result particularly suitable
for mechanics-based regional-scale investigations on large portfolio of bridges, especially if
implemented in a GIS environment.
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Abstract
Damage level classification is essential just after a damaging earthquake for decision of appropriate and necessary action in order to prevent from repeated damage due to after-shocks
and future major earthquake, and to support well-organized recovery. Therefore, accurate and
practical post-earthquake damage evaluation method has been studied and developed in Japan.
This paper overviews state-of-the-art of post-earthquake damage and residual seismic capacity for reinforced concrete buildings in Japan. Japanese Damage Evaluation Guideline was
originally issued in 1990 and revised in 2000 and 2015. Evaluation of residual seismic capacity of whole building was introduced in the 2000 revision, in which deterioration of each
structural component is evaluated based on damage level considering residual crack, crush of
concrete and so on. Total collapse mechanism and damage in non-structural concrete wall
were taken into the scope in the 2015 revision. Recently, residual seismic capacity evalua-tion
based on response spectrum method is studied by authors. Basic concept of these method and
application example are presented.
Keywords: Post Earthquake Damage Evaluation, Residual Seismic Capacity, Reinforced
Concrete, Building Structures
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1

INTRODUCTION

To restore an earthquake-damaged community as quickly as possible, a well-prepared reconstruction strategy is essential. When an earthquake strikes a community and destructive
damage to buildings occurs, immediate damage inspections are needed to identify which buildings are safe and which are not to aftershocks following the main event. However, since such
quick inspections are performed within a restricted short period of time, the results may be
inevitably coarse. Furthermore, it is not generally easy to identify the residual seismic capacities
quantitatively from quick inspections. In the next stage following the quick inspections, a damage assessment should be more precisely and quantitatively performed, and then technically
and economically sound solutions should be applied to damaged buildings, if rehabilitation is
needed. To this end, a technical guide that may help engineers find appropriate actions required
for a damaged building is needed.
In Japan, the Guideline for Post-Earthquake Damage Evaluation and Rehabilitation [1,2]
(subsequently referred to as Damage Evaluation Guideline) was originally developed in 1991
and was revised in 2001 and 2015 considering damaging earthquake experiences in Japan. The
main objective of the Damage Evaluation Guideline is to serve as a technical basis and to provide rational criteria when an engineer needs to identify and rate building damage quantitatively,
determine necessary actions required for the building and provide technically sound solutions
to restore the damaged building. It describes a damage evaluation basis and rehabilitation techniques for three typical structural systems in Japan, i.e., reinforced concrete, steel, and wooden
buildings. This paper discusses the outline and the basic concept of the guideline for reinforced
concrete buildings, primarily focusing on (1) the damage rating procedure based on the residual
seismic capacity index that is consistent with the Japanese Standard for Seismic Evaluation of
Existing RC Buildings [3], subsequently referred to as Seismic Evaluation Standard), (2) the
main points in the Guideline revision in 2015, and (3) its validity through calibration with observed damage due to the recent major earthquake.
2

GENERAL FLOW OF DAMAGE EVALUATION AND REHABILITATION

Damage evaluation of a building is performed on the foundation system and superstructure
system, respectively, and the damage rating of each building is made in a combination form for
each system such as “no damage in foundation and moderate damage in superstructure”. Rehabilitation actions necessary for the building are then determined considering identified damage.
Figure 1 shows the general flow of damage evaluation and subsequent rehabilitation.
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*1 Damage evaluation fundamentally includes buildings after quick inspection since the inspection results do not necessarily provide sufficient information related to the residual seismic capacity which is most essential for
continued long-term use of buildings.
*2 Economic as well as technical issues should be considered.

Figure 1: General Flow of Damage Evaluation and Rehabilitation in the Guideline [1].

932

Masaki Maeda, Hamood Al-washali, and Kazuto Matsukawa

3
3.1

DAMAGE EVALUATION FOR BUILDING STRUCTURE
Basic concept of residual seismic capacity ratio R

The structural damage state of RC buildings is identified using the residual seismic capacity
ratio, R index, in the Damage Evaluation Guideline [1]. The R index is defined as the ratio of
post-earthquake seismic capacity, DIs index, to original capacity, Is index, and is given by Equation 1 in the Guideline.

R

Is
100
Is

D

(1)

where Is and DIs represent the seismic performance index of the structure before and after
earthquake damage, respectively.
The Is index, which is defined in the Seismic Evaluation Standard [3], is widely applied to
seismic evaluation of existing RC building structures in Japan. The Is index is evaluated based
on the ultimate lateral strength index (C index) and ductility index (F index) of each lateralload resisting member.
3.2

Evaluation of post-earthquake seismic capacity

Similarly, the post-earthquake seismic capacity DIs index is evaluated based on the C and F
indices. However, both indices are calculated using seismic capacity reduction factors ( factors), which are described in detail later, to consider the deterioration of lateral strength and
ductility corresponding to the damage state of each lateral-load resisting member.
(1) Damage class of structural elements
In the Damage Evaluation Guideline [1], the state of damage of each structural member is
first classified into one of the five classes listed in Table 1. The relationship between each damage class given in Table 1 and the lateral force-displacement curve is approximated as shown
in Figure 2(a) and (b). Examples of damage class for columns and walls are shown in Photo 1.
In Figure2(a), a ductile member deforms up to a maximum lateral strength level after yielding. Furthermore, after reaching the maximum strength, the reduction of strength is relatively
small. If the maximum deformation during an earthquake does not reach deformation at yielding point, extensive damage would not occur. This state corresponds to damage class I, between
the cracking and yield points. If the maximum deformation does not exceed the maximum
strength, damage to cover concrete is limited and most of the lateral and vertical strengths remains in the flexural member. This state corresponds to damage class II and damage class III.
If the maximum response exceeds the maximum lateral strength point, deterioration in lateral
strengths with spalling of cover concrete would be observed. The vertical strength may remain
if the buckling and/or fracture of reinforcing bars and crush of core concrete, etc., do not occur.
This state corresponds to damage class IV. If buckling and/or fracture of reinforcing bars and
crush of core concrete occur, both the lateral and vertical load carrying capacities will be lost
(damage class V).
The degree of damage in a brittle member, as shown in Figure 2(b), is similar to that of a
ductile member up to the maximum strength, although diagonal or X-shape cracks may also be
visible (damage classes I, II and III). After the maximum strength is reached, a significant reduction in both lateral and vertical strength may occur (damage class IV). Finally, X-shape
shear cracks widen and both lateral and vertical load carrying capacity will be lost suddenly
(damage class V)
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Damage Class
I
II
III
IV

Observed Damage on Structural Members
Some cracks are found. Crack width is smaller than 0.2 mm.
Cracks of 0.2 - 1 mm wide are found.
Heavy cracks of 1 - 2 mm wide are found. Some spalling of concrete is observed.
Many heavy cracks are found. Crack width is larger than 2 mm. Reinforcing bars are
exposed due to spalling of the covering concrete.

V
Buckling of reinforcement, crushing of concrete and vertical deformation of
columns and/or shear walls are found. Side-sway, subsidence of upper
floors, and/or fracture of reinforcing bars are observed in some cases.
Table 1: Definition of Damage Classes of Structural Members [1].

Lateral Load

Remained

Vertical Load

Remained

Ⅰ

Load Carrying
Capacity

Damage Class

Deteriorated

Lost
Lost

Ⅱ

Ⅲ

Ⅳ

Ⅴ

Compression failure
Yielding of

of concrete starts

tensile rebars

concrete
Buckling of rebars and

Cracking

falling of covering concrete

Deflection
(a) Ductile member
Lateral Load

Remained

Deteriorated

Lost

Vertical Load

Remained

Deteriorated

Lost

Ⅰ

Ⅱ

Ⅲ

Ⅳ

Ⅴ
Falling of covering concrete

Load Carrying
Capacity

Damage class

Expansion of shear cracks

Buckling and/or
fracture of

Cracking

rebars
Crushing Deflection
of

(b) Brittle member concrete, etc
Figure 2: Idealized lateral force-displacement relationships and damage class [1].
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Damage class III: (left) Cracks with a width of about 2mm on structural concrete
(right) Spalling concrete cover and slightly exposed rebars

Damage class IV: Exposed rebars without buckling or fracture

Damage class V:
Photo 1: Damage class examples.
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(2) Reduction factor
In the Seismic Evaluation Standard [3], the most fundamental component for the Is index is
the E0 index, which is calculated from the product of the strength index (C index) and the ductility index (F index) (see Appendix). Accordingly, the E0 index corresponds to the energy dissipation capacity in a structural member. Figure 3 shows a conceptual diagram illustrating the
lateral force-displacement curve and a definition of the  factors. When the maximum response
reaches point A during an earthquake and residual displacement (point B) occurs, the area of
Ed and Er is assumed to be the dissipated energy during the earthquake and the residual energy
dissipation capacity after the earthquake, respectively. The  factor is defined as the ratio of
residual energy dissipation capacity, Er, to original energy dissipation capacity, Et (= Ed + Er),
and can be calculated by Equation 2.



Er
Et

(2)

where, E d = dissipated energy; E r = residual energy dissipation capacity; Et = original energy dissipation capacity ( Et  Ed  Er ).
The seismic capacity reduction factors, i.e.  factors for structural members corresponding
to the damage classes, are listed in Table 2. The values for  factors are determined from the
residual crack width and the overall damage state of RC columns observed in the first author’s
experiments [4] and analytical studies [5,6]. The post-earthquake seismic capacity, DIs index,
of the overall building after earthquake damage can be calculated based on the E0 index reduced
by the  factor corresponding to the observed damage class of each structural member.
The values of  factors for brittle columns were applied to shear walls in the previous Guideline [1], and no recommendation for beams, because experimental data focused on residual
seismic capacity was quite limited. Therefore, the values of  factors were enhanced through
examination of experimental data [7,8] in the 2015 revision. A new category of “Quasi-ductile
columns” was introduced in addition to ductile and brittle columns in the previous Guideline.
The values of  factors were re-evaluated based on conservative estimation of experimental
data are shown in Figure 4. Moreover,  factors for beams and walls were given independently
as shown in Table 2.
Damage class

Ⅰ

Ⅱ

Ⅳ

Ⅴ

Reduction factor
Max. Deflection

Load

Dissipated energy
Ed

Ⅲ



Absorbable Energy
Er

Residual Deflection

Ultimate Deflection

Figure 3: Seismic capacity reduction factor 
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Column
Ductile
0.95
0.75
0.5
0.2
0

Damage class
I
II
III
IV
V

Beam
Quasi-ductile Brittle Ductile
0.95
0.95
0.95
0.7
0.6
0.75
0.4
0.3
0.5
0.1
0
0.2
0
0
0

Shear Wall
Brittle Ductile Brittle
0.95
0.95
0.95
0.7
0.7
0.6
0.4
0.4
0.3
0.1
0.1
0
0
0
0

耐震性能低減係数η
reduction factor 

Table 2: Seismic capacity reduction factor 
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Figure 4: Experimental data of Seismic capacity reduction factor 

3.3

Practical approximation of R-index

The post-earthquake seismic capacity DIs index is evaluated based on the C and F indices.
Both indices are calculated using seismic capacity reduction factors ( factors), which are described in detail later, to consider the deterioration of lateral strength and ductility corresponding to the damage state of each lateral-load resisting member. Figure 5 shows typical collapse
mechanism of frame structures. As was revealed in past damaging earthquakes in Japan, typical
life-threatening damage is generally found in vertical members, and story collapse mechanism,
as shown in Figure 5(a) and Photo 2, is formed. Therefore, the Guideline is essentially designed
to identify and classify damage in columns and walls rather than in beams, and residual seismic
capacity, R-index, can be evaluated based on story shear by Equation 3 assuming ductility index
(F index) is uniform in all the vertical elements in the story.
 Qui

 i 
R  
 Q

ui



(3)

Where, Qui=lateral strength of vertical structural member, i.e. columns and walls; i= seismic capacity reduction factor of each member.
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Although story collapse is the most popular failure mechanism, other relatively ductile failure patterns, total collapse mechanism, were observed in reinforced concrete buildings damage
by recent earthquakes such as the 2011 East Japan Earthquake. Beam yielding total collapse
mechanism (Figure 4(b)), which is recommended in the current seismic code and guidelines,
was found in some relatively new middle or high rise buildings designed according to current
seismic codes. Therefore, the evaluation method for total collapse mechanism, proposed by the
first author et al [9] is introduced into the Guideline and the scope of application was widened.
R-index for total collapse mechanism is evaluated by Equation 4. Equation 4 gives a ratio of
internal work at all the plastic hinges in virtual work method before and after an earthquake.

 M ui
i 
R  

 M
ui



(4)

plastic hinge
: shear failure

○:
×

Qu1

Qu2

Qu3

Qu2

Qu1

(a) Story collapse mechanism

Qu3

(b) Total collapse mechanism

Figure 4: Typical collapse mechanism of frame structures.

(a) 1978 Miyagi-ken-oki Earthquake

(b) 1995 Kobe Earthquake

Photo 2: Story collapse of reinforced concrete buildings due to past earthquakes.
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4

APPLICATION TO BUILDINGS DAMAGED DUE TO RECENT
EARTHQUAKES IN JAPAN

The proposed damage evaluation method was applied to reinforced concrete buildings damaged due to the 1995 Hyogo-Ken-Nambu (Kobe) Earthquake and the 2011 East Japan Earthquake. The residual seismic capacity ratio, R-index, of about 140 reinforced concrete buildings
damaged due to the Kobe Earthquake and about 70 buildings due to the East Japan Earthquake
are shown in Figure 5(a) and (b) together with the observed damage levels from field surveys
by experts such as professors. The horizontal lines in Figure 5(a) and (b) are the boundaries
between damage levels employed in the Damage Evaluation Guideline in 2001.
[slight damage]
R  95 %
[minor damage]
80  R  95 %
[moderate damage]
60  R  80 %
[severe damage]
R  60 %
[collapse]
R0
The boundary lines between damage levels were examined in the 2001 Guideline revision
for the buildings in Figure 5(a), of which failure mechanism is story collapse. The boundary
line between slight and minor damage was set to R = 95% to harmonize “slight damage” to the
serviceability limit state in which the building is functional without repair. Almost all severely
damaged buildings and approximately 1/3 of moderately damaged buildings were demolished
and rebuilt after the earthquake according to a report of the Hyogo Prefectural Government
(1998). If the boundary between moderate and severe damage was set to R = 60%, “moderate
damage” may correspond to the repairability limit state.
As shown in Figure 5(b), the damage levels based on the R-index generally agree with those
classified by investigators for the buildings suffered from the 2011 East Japan Earthquake,
which include buildings with total collapse mechanism. Photo 3(a) shows overall view and
damages to a residential buildings suffered from the 2011 East Japan Earthquake. The building
was a 11-storied steel reinforced concrete structure constructed in 1979. Structural drawing of
an outside frame was shown in Figure 6 together with crack maps. Damage to non-structural
walls are severe, in particular, in lower stories and shear failure was found as shown in Photo
3(b) and (c). On the other hand, damage to structural frame was limited. The frame formed total
collapse mechanism with plastic hinges at beam ends by flexural yielding (Photo 3(d)). Major
damage class of beams were III for lower stories and I or II for middle and higher stories.
Assuming story collapse mechanism, R-index is evaluated story by story ranging from 69% in
the 2nd story to 95% in 8th story and as a result damage level is classified as “moderate”.
However, calculation method for total collapse mechanism gives one R-index of 87% in the
sense of an average of whole structure. As a result, damage level is rated as “minor damage”,
which seems to be relatively reasonable estimation considering
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(a) 1995 Kobe Earthquake
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Figure 5: Residual seismic capacity index R and observed damage levels due to the 1995 Kobe Earthquake and
2011 East Japan Earthquake

(a) Overall view

(b) Shear failure of non-structural wall

(c) Shear failure of non-structural wall

(d) Crush of concrete at plastic hinge region of a beam end

Photo 3: Damage to a residential building with total collapse mechanism of beam yielding type
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Figure 6: Elevation of a frame with crack map of a residential building damaged due to the 2011 East Japan
Earthquake

5

CONCLUSION

An evaluation method of residual seismic capacity (R) of damaged buildings using contribution factors (Er) of structural components was developed. In this method, Er is evaluated
based on strength, displacement and damping, whereas contribution factors in the current Japanese guideline are calculated only by strength.
It was shown that the proposed method can give good prediction of contribution factors and
residual seismic capacity for RC buildings, whereas the current guideline’s method cannot for
buildings with non-uniform inter-story drift distribution through dynamic analyses of various
RC frames with beam yielding mechanism.
6
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APPENDIX
- BASIC CONCEPT OF JAPANESE STANDARD FOR SEISMIC
EVALUATION OF EXISTING RC BUILDINGS-

The Standard consists of three procedures of different levels, i.e., first, second and third level
procedures. The first level procedure is the simplest but most conservative since only the sectional areas of columns and walls and concrete strength are considered to calculate the strength,
and the inelastic deformability is neglected. In the second and third level procedures, the ultimate lateral load carrying capacity of vertical members or frames is evaluated using material
and sectional properties together with reinforcing details based on field inspections and structural drawings.
In the Standard, the seismic performance index of a building is expressed by the Is index for
each story and each direction, as shown in Eq. (A1)

Is  E0  S D  T

(A1)

where, E0 : basic structural seismic capacity index calculated from the product of
strength index (C), ductility index (F), and story index (  ) at each story and each direction when a story or building reaches the ultimate limit state due to lateral force, i.e.,
E0    C  F .
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Strength index C: index of story lateral strength, calculated from the ultimate story shear
in terms of story shear coefficient.
Ductility index F: index of ductility, calculated from the ultimate deformation capacity
normalized by the story drift of 1/250 when a standard size column is assumed to fail in
shear. F is dependent on the failure mode of the structural members and their sectional
properties such as bar arrangement, shear-span-to-depth ratio, shear-to-flexural-strength
ratio, etc. In the standard, F is assumed to vary from 1.27 to 3.2 for ductile columns, 1.0
for brittle columns and 0.8 for extremely brittle short columns (shear-span-to-depth ratio
less than 2).
 : index of story shear distribution during earthquake, estimated by the inverse of design story shear coefficient distribution normalized by base shear coefficient. A simple
formula of  

n 1
is basically employed for the i-th story level of an n-storied building
ni

by assuming inverted triangular shaped deformation distribution and uniform mass distribution.
SD: factor to modify E0-Index due to stiffness discontinuity along stories, eccentric distribution of stiffness in plan, irregularity and/or complexity of structural configuration,
basically ranging from 0.4 to1.0
T: reduction factor to allow for the deterioration of strength and ductility due to age after
construction, fire and/or uneven settlement of foundation, ranging from 0.5 to 1.0.
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Abstract
This paper applies the Performance-Base Earthquake Engineering (PBEE) framework to estimate the risk of a urban district recently hit by a earthquake, in order to compare model prediction with effective damage observed after the event.
For this purpose, the reinforced concrete buildings of the Vallicelle district of Camerino, are
considered. This district consists of different typologies of structures (Low, Middle and High
rise) built at different times conforming to different seismic codes. After the “Central Italy
2016” earthquake, a detailed survey of damage was carried out, as well as studies about the
seismic hazard of this area, subjected to seismic wave amplification.
In the PBEE framework, the seismic response of the structures is described by means of fragility
curves proposed in literature according with the typologies of buildings present in the area and
a loss analysis in terms of expected annual losses is carried out. Finally, a comparison with the
observed damage experienced after the seismic sequence is provided.
Keywords: RC buildings, PBEE framework, Seismic Hazard, Fragility Curves, Loss Analysis, Expected Annual Loss.
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1

INTRODUCTION

A proper quantification of the losses plays an important role to develop resilient and sustainable communities especially in areas hit by frequent seismic sequences. Prediction of potential
economic losses and, more generally, consequences due to hazardous events, is a key point for
prevention planning and emergency organization. To this aim, it is necessary to define reliable
models for event predictions, building response and consequences evaluation.
The Performance Based Engineering framework (PBEE) presented by the Pacific Earthquake Engineering (PEER) is a robust methodology to evaluate the structural performance in a
rigorous probabilistic manner without relying on expert opinion, considering the uncertainty in
the seismic hazard, structural response, potential damage and economic losses.
The PBEE involves four different stages: hazard analysis, structural analysis, damage analysis and loss analysis [1, 2] in order to quantify the decision variables. These latter identify the
seismic performance assessment in terms of direct interests of various stakeholders such as
fatalities, economic losses and downtimes [3]. A complete methodology of loss estimation is
presented in Hazus [4] and Risk-UE [5] as well, where all the aspects of the PBEE framework
are investigated [6, 7, 8].
This paper analyzes the capacity of the PBEE framework to estimate the expected losses at
level of urban district. For this purpose, the Reinforced Concrete (RC) buildings of the Vallicelle district of Camerino are considered. This district is composed by different typologies of
RC structure (Low, Middle and High-rise) built at different times designed considering the
seismic actions provided by early versions of seismic Italian code. Furthermore, the area of
Vallicelle district experienced the seismic sequence of Central Italy 2016, which includes many
events with similar magnitude. The sequence started from August 24th with an event of magnitude Mw= 6.1 followed by other two events characterized by Mw= 5.9 and Mw= 6.5 in October
26th and 30th [9], respectively. After these seismic events, most of structures of the district exhibit different level of damage.
The seismic behavior of the structures, necessary to perform the PBEE framework, is defined
starting from the fragility curves available in literature. In particular the Syner-G documents
[10, 11] provides groups of fragility curves for different typologies classified on the type of
structure (masonry and reinforced concrete), the height of buildings (three classes depending
on the number of floors), the design level of seismic load (High-Code, Moderate-Code, LowCode, Pre-Code) and the use of the constructions (residential, commercial etc.).
The seismic hazard of the area is evaluated based on the Italian standard definition, providing
the expected Peak Ground Acceleration (PGA) in terms of the mean annual frequency of exceedance rate . In addition, specific studies on the seismic wave amplification phenomena due
to the geological and geotechnical local site condition have bees recently developed and they
are considered in the analysis.
Losses are evaluated in terms of Expected Annual Loss [EAL] considering the replacement
costs available in the Hazus documents [12]. Furthermore, the registered damage after seismic
sequence of Central Italy 2016 is finally compared with the EAL furnished by the PBEE framework.
2

DESCRIPTION OF THE SEISMIC SEQUENCE OF CENTRAL ITALY 2016

The first mainshock of the seismic sequence that struck Central Italy Regions occurred on
August 24th of 2016; this event generated about 300 causalities and important damages to buildings with great economic losses. This mainshock was characterized by a magnitude Mw=6.1
with epicenter at 1 km W of Accumoli, and the Peak Ground Accelerations (PGAs) recorded
nearby the epicenter was about 0.45g. After this mainshock other two events characterized by
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Mw=5.9 and Mw=6.5 in October 26th and 30th were occurred in the Region; these last events
were characterized by a location of the epicenter 3 km S away from Visso and 4 km NE from
Norcia respectively. During the last mainshock, the maximum PGA recorded nearby the epicenter was about 0.48g. The area was interested by about 6500 aftershocks with magnitude Mw
ranging from 2.3 to 5.5, occurred between August 2016 and January 2017. Figure 1 shows the
locations of the mainshock epicenters superimposed to the envelope of shake maps in terms of
PGA of main events. The shake map has been obtained by post processing the shake data provided by the Italian National Institute of Geophysics and Volcanology [13] through the QGIS
opensource GIS software [14]. The value of PGA processed by INGV is referred to the stiff
soil characterized by shear wave velocity higher than 800 m/s and it is estimated by means of
empirical attenuation laws starting from the shaking recorded in the accelerometric stations
distributed along the territory. It should be emphasized that the PGA estimated by INGV do not
consider the possibility of the local shaking amplification due to the geological condition.
Table 1 reports the values of the PGA estimated in the Vallicelle district by means the INGV
data processing after the mainshocks; the event of 30 October produced a maximum value of
PGA in the area.
CAMERINO
PGA (g)
Epicenter of
main events

< 0.04

October 30th, 2016
(Mw 6.5)
October 26th, 2016
(Mw 5.9)
August 24th, 2016
(Mw 6.1)

0.20
0.40
0.60
> 0.70

0

10

20 km

Figure 1: Envelope of maximum PGA registered after the three mainshocks of the 2016 seismic sequence.

Event
August 24th, 2016
October 26th, 2016
October 30th, 2016

Estimated PGA
0.055g
0.126g
0.168g

Table 1: Estimated PGA in Vallicelle district after the mainshocks.

3

VALLICELLE DISTRICT

Camerino is a Municipality of the Marche Region (Central Italy) and Vallicelle is one of the
most populated district of the small town of Camerino and it is located on the southern area
near the historical center (Figure 2). This district mainly consists of residential buildings, including some commercial activities.
The area was built mainly after the 1980, and the most recent buildings were risen few years
ago. This area experienced a higher level of damage after the seismic sequence of 2016, due to
the proximity of the second and third mainshock (October 26th and 30th) epicenters and due to
the geology of the area.

946

Canuti C., Dall’Asta A., Leoni G. and Morici M.

Camerino historical center

Camerino

District of Vallicelle

Figure 2: Location of Camerino city and Vallicelle district.

3.1 Buildings General Information
Most of buildings of Vallicelle district are made by Reinforce Concrete (RC) structures designed according to early versions of the seismic Italian design code, which defines the seismic
structural response by linear static analysis, without considering the damage control at low intensities and specific checks in terms of ductile and fragile mechanisms provided in the last
version of code. In addition, the possible amplification of the seismic input due to the local site
effect was considered in a simplified and inadequate manner.
In order to evaluate the seismic response of buildings in the context of a district-oriented risk
assessment, it is necessary to classify the structures into typologies collecting buildings with
similar structural behavior. Consistently with the level of the building knowledge, the subdivision in typologies based on the number of floors, represents a satisfactory approach. Based on
this strategy, it is possible to group the RC buildings in three classes: Low Rise (LR) characterized by 1-3 floors, Middle Rise MR by 4-7 floors and Hight Rise (HR) constituted by 8-19
floors. Moreover, it is possible to associate the range of possible first elastic periods of vibration
T1 to each typologies of buildings. In particular, the range [0.1s, 0.5s] can be associated to LR
structures, the range [0.4s, 0.8s] to MR structures and the range [0.7s, 1.1s] to HR structures.
Figure 3 shows the distribution over the Vallicelle district the building typology; in particular
27 buildings fall in the LR typology, 21 buildings in MR typology and only one building falls
in HR typology.
4

SEISMIC RISK ASSESSMENT

Analytical loss estimation can be determined by following a direct method, where the annual
rate of exceedance of a loss value is determined by considering all the uncertainties in a unitary
way and by assuming probabilistic models for all of them [15,16]. As an alternative approach,
the problem can be separated in blocks, as proposed in the PEER frameworks [17,18], by exploiting some advantages coming from the conditional evaluation of rare events [15]. In the
following, the latter approach has been considered, by determining the annual rate of exceedance of costs by the equation:

C  c    GC  c | d  f D  d | i  dd I'  i  di

(1)

In this study, “loss” is referring to the random variable C providing the cost required to
repair/replace the facilities after an earthquake, the random variable D describes the building
damage and I is a random variable measuring the ground motion intensity. Notation G X  x 
indicates the complementary distribution function of the argument x, and f X  x   GX'  x  denotes the related probability density function and apex denotes derivative.
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Building classes
RC-LR
RC-MR
RC-HR
Masonry
Not Analized

Figure 3: Buildings typology distribution of Vallicelle district.

In the following, the results are presented and discussed with reference to the EAL per year,
provided by the integral

EAL   c C'  c  dc

(2)

4.1 Seismic hazard assessment
Taking into account the potential seismogenic sources, Italian standard [19] defines the seismic hazard over the territory, providing the expected PGA for a discrete number of mean annual
frequency of exceedance rate  in the interval between 0.004 - 0.033.
Generally, the relationship between annual rate of exceedance and ground-motion intensity
is well fitted by a power law expression [20, 21], and it is possible to define a closed form
expression providing a reasonable estimation of the hazard

I  i   k 0  i 

k

(3)

where k 0 and k are empirical constants. In this study, the seismic intensity i is measured by
PGA and the parameters of the power law expression are estimated considering two earthquake
intensity levels corresponding to 63% and 5% probabilities of exceedance in 50 years. The
former is associated to   0.02 and it is suggested for checks related to the Damage Limit
State (DLS) and the latter is associated to   0.001 and it is suggested for checks related to
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Collapse Limit State (CLS). Adopting this strategy, k and k 0 assume the values -2.726 and
2.257E-5 respectively. Figure 4 shows the hazard curve adopted in the analysis.
In addition, in the evaluation of the seismic hazard, the local amplification phenomena due
to the geological and geotechnical local site condition are considered. The Vallicelle area is
characterized by a large wave amplification caused by local site effects. Studies of Seismic
Microzonation (SM), performed by the Italian Center of Microzonation [22], provide a general
overview of the spatial distribution of amplification factors (Figure 5a). These effects were
evaluated considering three ranges of periods for the superstructure, [0.1s, 0.5s], [0.4s, 0.8s],
[0.7s, 1.1s], providing for each range the corresponding Amplification Factor (FA). These
ranges of period are coherent with the buildings typologies mentioned above (LR, MR and HR).
The SM of Vallicelle district identifies two sub areas characterized by a high (Area 1) and low
(Area 2 and Area 3) amplification effect. Figure 5b reports for each range of period the relevant
FA. In particular, Area 1 is characterized by FA between 1.5 (LR buildings) and 2.8 (for MR
buildings), while for the Area 2 and Area 3 the maximum value of FA is 1.4 (LR buildings).
Figure 6 illustrates the extrapolated seismic hazard of Camerino according to the Equation
(3) (red line) with respect to the hazard evaluation derived considering the site amplifications
effects (blue line).
Finally, Table 2 reports for each building the relative area of amplification considered in the
following analyses.
4.2 Loss estimation
The loss estimation can be evaluated by damage functions GC c | d  , which described the
probability of exceedance of the loss value c , given the damage level d . Generally, the damage level is described by a discrete variable; in this case d k ( k  0,1,.., N D ) denotes the damage
level within a finite number N D  1 of ordered possible damage states and the functions

GD dk | i  ( k  0,1,.., N D  1) describe the probability that the damage state is larger than d k ,
given the seismic intensity i . The most common way to define earthquake consequences is a

classification based on qualitative approach (0 = no damage; 1 = slight/negligible; 2 = moderate;
3 = heavy; 4 = very heavy, 5 = destruction) [23], which requires a description of each damage
state.
The fragility curves are often efficiently approximated by a closed form expression based on
a lognormal probability distribution function:

 ln i   k 
GD d k | i    

 k


(4)

where, i is the intensity measure expressed in PGA and k and k are the parameters associated
with the response of the structure.
The probability f D  d k | i  of structure being in the k-th damage state given intensity i, derives from previous equation (4) and can be evaluated by:

1  G  d | i 
k 0
D
0

f D  d k | i   GD  d k | i   GD  d k 1 | i  k  1, 2,.., N D  1

k  ND
GD d N D 1 | i
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100
Approximated hazard curve

λ
10-1

DLS
10-2

CLS

10-3

10-4
10-2

10-1

PGA (g)

100

Figure 4: Exceedance rates for seismic hazard intensity parameter at bedrock site.
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Figure 5: Vallicelle geology: (a) soil stratigraphy and (b) FA for each homogeneous sub-area.
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Low Rise (T = 0.1s-0.5s)

Mid Rise (T = 0.4s-0.8s)

High Rise (T = 0.7s-1.1s)

100
λ
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10-5
FA= 2.80
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100
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Reference hazard
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Amplified hazard
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10-1

PGA (g)
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Figure 6: Seismic hazard considering the site effect amplification.

Buildings
A, B, C, D, E, F, G,
H, I, L, M and O
N
K, and J

Amplification
Area
Area 1
Area 2
Area 3

Table 2: Buildings grouped by amplification area.

The Syner-G documents [10, 11] collected an inventory of fragility functions grouping the
structures in classes, characterized by a similar response to earthquake (with respect to material,
geometry, design code level). In particular, the classification of the buildings are made considering the type of structure (masonry and reinforced concrete) height of buildings (three classes
depending on the number of floors), the design level of seismic load (High-Code, ModerateCode, Low-Code, Pre-Code) and the use of the constructions (residential, commercial etc.).
In this work, three classes of RC buildings have been considered, Low Rise (LR), Mid Rise
(MR) and High Rise (HR) respectively, designed for a moderate intensity earthquake
(PGA = 0.1-0.3g). Furthermore, three level of damage state d k (with k  0,1, 2 ) has been considered and connected with a particular Limit State of the structure provided by the Italian
standard code, which provides the boundary between two different damage conditions defining
a damage thresholds. In particular, the structure is considered damaged with level d 0 (undamaged), if the LS of DLS has not been reached, the structure is damaged with level d 2 if the LS
of CLS is exceeded. Finally, the structure is damaged with level d1 if only the DLS is exceeded.
Figure 7 reports the fragility curves adopted for each class of structure assuming the parameter
of curve k and k collected in Table 3 [10] and describing the mean values of parameters
relevant to fragility curves observed within each class.
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(a)

(b)

1.0

(c)

LR

MR

HR

DLS
CLS

DLS
CLS

DLS
CLS

0.8
0.6
0.4
0.2
0
0

0.2

0.4

0.6

PGA (g) 1.0

0.2

0.4

0.6

PGA (g) 1.0

0.2

0.4

0.6

PGA (g) 1.0

Figure 7: Fragility curves adopted in the analyses: (a) LR buildings; (b) MR buildings and (c) HR buildings.

LR
DLS
CLS
k(g)
k
k(g)
k
0.16 0.43 0.84 0.26

MR
DLS
CLS
k(g)
k
k(g)
k
0.16 0.43 0.77 0.46

HR
DLS
CLS
k(g)
k k(g) k
0.16 0.43 0.78 0.46

Table 3: Parameters adopted in the analyses

With respect to the set of damage states previously discussed and referred to EMS98 [23],
in the reduced set used here the damage state d 0 include both the case of no damage and
slight/minor damage, the damage state d1 include both moderate and heavy damage and the
damage state d 2 concerns heavy damage and collapse.
The economic implication of damage state is specified in terms of loss ratio c defined as
ratio between repair costs and the total replacement cost rc (value of the facility), and
GC c | d k  represents the probability of exceedance of the cost connected to the level of damage

d k . Based on the Hazus study [12], a deterministic relation is assumed between damage level
and costs. The values c0 =1%, c1 =26%, and c2 =100% have been associated to the damage states

d 0 , d1 , and d 2 respectively, and GC c | d k  can be reduced to the Heaviside function

H  c  ck | d k  . Thus, the Equation (1) assumes the simplified form:

C  c     H  c  ck | d k  f D  d k | i  I'  i  di

(6)

k

where f D varies class by class of structures and  I varies according to the shake local amplification phenomena of the site.
5

RESULTS

In this chapter, results of the seismic risk assessment of Vallicelle district, reported in Figure
8, are presented and commented.
Figure 8a reports the distribution of the EAL over Vallicelle district, measured by the ratio
between the repair costs and the replacement costs. The values of EAL observed in buildings
located in Area 1 are generally larger than EAL of buildings in Area 3 and 2, despite different
typologies are present in both the areas. Therefore, in this case study, the FA is the main parameter influencing EAL.
In Area 1 the EAL values vary from 2.50% to 3.24% and the highest values regards the MR
typology. In Area 2 the EAL value is 0.38% due to the presence of only one class of buildings.
Finally, Area 3 shows the lowest values of EAL, varying from 0.25% to 0.36%
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Figure 8b reports the distribution of the EAL over Vallicelle district in terms of total repair
cost per year. The total replacement cost rc is evaluated considering a unitary cost 1500 €/m2
[24] multiplied by the area and the number of floors of each facility. The maximum value of
EAL (212k €/year) is obtained for the building group L, while the value of 4.7k €/year is related
to the building group N and K due to their low risk area.
EAL (€/year)

EAL (% rc/year)
0.25%
0.36%
0.38%
2.50%
3.24%
Not
Considered

≤ 10k
10k÷50k
50k÷100k
100k÷150k
150k ÷ 200k
≥ 200k

(a)

(b)

Figure 8: Estimated EAL expressed as: (a) percentage of replacement costs; (b) total replacement costs.

6

OBSERVED DAMAGE AFTER THE SEISMIC SEQUENCE OF 2016

This section reports the damage suffered by the buildings after the Central Italy seismic sequence of 2016 and compares this with the expected damage evaluated starting from the fragility curves adopted in the analysis. The damage assessment is based on visual inspections [25],
and it is classified following the EMS98 scale [23], considering six levels of damage (D0-D5).
In details, Table 4 reports for each damage level the classification of the RC buildings damage
according with the observational approach adopted as follow.
Damage Level
D0
D1
D2
D3
D4
D5

Description
No damage
Negligible damage (no structural damage, slight non-structural
damage)
Moderate damage (slight structural damage, moderate non-structural damage)
Substantial to heavy damage (moderate structural damage, heavy
non-structural damage)
Very heavy damage (heavy structural damage, very heavy nonstructural damage)
Destruction (very heavy structural damage)

Table 4: Classification of damage to buildings of reinforced concrete.

Figure 9 shows the damage distribution recorded in the Vallicelle district; it can be observed
that the main damages were registered in the buildings A-F falling in the Area 1 characterized
by a higher values of FA according to the MS study. In particular the building B suffered a
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serious structural damage (D4) probably due to the irregularity in the structural and non-structural systems (pilotis floor, ribbon window at the ground floor, eccentric staircase). However,
the building groups L, and M are fully operative, while a level damage D1 was registered in the
buildings E and G. Finally, the buildings J and K falling in the Area 3 experienced a level of
damage D2 and D1 respectively, while all the buildings in the Area 2 are fully operative.

Damage classes:
D0
D1
D2
D3
D4
Not Considered

Figure 9: Observed damage after the Central Italy 2016 seismic sequence

The expected damage scenario is evaluated with reference to the October 30th event characterized by a magnitude Mw of 6.5 and epicentral distance relevant to Vallicelle district of about
30 km. The estimated PGA for the considered event, over the rigid soil (soil type A) in the area
is imax = 0.168g. The frequency distributions of expected damage state, conditioned by the event

with intensity imax , is described by the discrete function f D  d k | imax  introduced in Equation 5.
According to reduced set of damage state previously introduced and discussed, the damage d 0

is related to damages D0-D1, the damage state d1 is related to damages D2-D3, and d 2 is related to damages D4-D5 expected by the EMS98 scale.
Table 5 and 6 report the frequency distributions of the expected damage after the event of
October 30th for the building following in the Area 1 and Area 2 and 3.Figure 10 reports the
distribution of probability of damage over the Vallicelle district. The damage level d1 (equivalent to D2-D3 in EMS98 scale) results to be the most probable damage with a probability greater
than 67 % in all cases. The major probability of having a damage level d 2 (D4-D5 in EMS98)
is expected for the MR building falling in the Area 1 and it is in agree with the registered damage. Indeed the greatest damage is registered in the Area 1 for the buildings A, D, C, F, H, and
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I. Moreover, it can be observed that the distribution of relative frequency is quite dispersed in
many cases and this justifies the deviation from predicted damage mode and observed damage.

f D  d 0 | imax 

f D  d1 | imax 

0.49%
0.81%
14.03%

93.44%
84.14%
84.85%

LR
MR
HR

f D  d 2 | imax 

Buildings groups

6.08%
M, E, O
15.05% A,B,C,D,F,G,H,I
1.12%
-

Table 5: Frequency distribution of damage for the buildings fallen in Area 1 after the event of October 30th.

f D  d 0 | imax 

f D  d1 | imax 

f D  d 2 | imax 

18.89%
36.65%
32.32%

81.10%
63.18%
67.52%

0.01%
0.17%
0.17%

LR
MR
HR

Buildings groups

N
K
J

Table 6: Frequency distribution of damage for the buildings fallen in Area 2 and 3 after the event of October
30th.
Building classes
RC-LR
RC-MR
RC-HR
Masonry
Not Analysed

Damage classes:
D0-D1
D2-D3
D4-D5

Figure 10: Distribution of damage probability of given by the October 30 th event.

7

CONCLUSIONS

This paper applies the capacity of PBEE framework to evaluate the EAL at territorial scale.
To this end, the RC buildings of Vallicelle district of Camerino struck by the seismic sequence
of Central Italy 2016 are analyzed, showing a diversified damage scenario. Various typologies
of RC buildings characterize the district in accordance with specific criteria such as the height
of the building (Low Rise, Mid Rise, High Rise), the code used for the seismic design, the
construction period. Moreover, the seismic hazard is assessed considering the geological and
geotechnical condition of the soil, useful for the evaluation of the shake amplification.
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The structural response is defined based on the fragility curves proposed in Syner-G document and the loss analysis is outlined with EAL considering the replacement costs contained in
the Hazus technical manual. Finally, a comparison with the observed damage is provided.
The main results of the study are the following:
 Considering the Area 1, buildings classified as MR have a largest value of EAL if compared with the LR that presented the same factor of shake amplification.
 Buildings fallen in Area 2 and 3 present lower values of EAL, in accordance with minor
values of FA.
 The expected most probable damage evaluated for the event of October 30th is generally
larger than the damage registered after the Central Italy seismic sequence.
 The most probable expected damage of Area 1 is in agreement with the experienced damage after the Central Italy seismic sequence of 2016, excepted for buildings L, M, and O
that are undamaged.
 For Area 2 the experienced damage is the lower than the most probable, while for Area 3
the damage is in accordance with the observed one.
 The differences between the most probable damage and the observed damage are perhaps
due to the large variability presents in the classes of fragility curves chosen from the literature and valid for groups of buildings with similar structural response.
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Abstract
After catastrophic seismic events, the definition of reconstruction process strategies is a crucial aspect to accelerate the recovery process. Decisions on repair, type of strengthening, or
demolition and reconstruction of damaged buildings are key choices to evaluate housing recovery programs and financing process. In such context, the use of tools to define building
reparability by the estimation of expected performance loss (PL) and associated costs for repair as well as by means of simplified expressions to assess demolition probability as a function of buildings main characteristics may strongly help decision makers for establishing
reconstruction policies.
The paper presents an application for rapid evaluation of reparability or demolition for RC
existing building typologies in several municipalities of Irpinia area, Campania region, Italy.
In particular, the inventory for RC building typologies is assembled starting from the information reported in census returns integrated with the information provided by the interviewbased Cartis form compiled for several municipalities in Campania. It allows gathering information on a greater number of building features that are relevant for the seismic behavior.
The analysis allows evaluating the difference provided by a more detailed inventory for RC
buildings in reparability decisions as well as, for a given earthquake scenario, defining the
demolition probability and rough assessment of expected associated losses.

Keywords: Reconstruction policies, Repairability, RC building inventory, Demolition probability, Expected losses.
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1

INTRODUCTION

The evaluation of building reparability after damaging earthquakes is a complex issue and
decisions on alternatives such as repair, strengthening, or demolition and reconstruction of
damaged buildings are often delayed due to the lack of clear repair standards and criteria for
re-occupancy. Several studies dealt with the issues related to building repairability and postearthquake decisions, e.g. [1]-[3]. In addition to the damage state and economic convenience,
several other factors can influence the decisions on reparability, such as building’s residual
capacity and post-earthquake safety [4]-[5], initial performance level with respect to design
earthquake and repair and retrofit costs. In [6] several factors influencing demolition decisions
for Reinforced Concrete (RC) buildings after L’Aquila earthquake were evaluated and a logistic regression was performed to estimate the probability of demolition pdem for severely
damaged building of RC typologies.
This paper applies the model proposed in [6] for rapid evaluation of reparability or demolition for RC existing building typologies in several municipalities in Campania region, Italy.
The inventory for RC building typologies in the considered municipalities is assembled starting from the information reported in census returns integrated with the information provided
by the interview-based Cartis form. The damaging scenario of Irpinia 1980 earthquake is considered to estimate expected number of severely damaged buildings and subsequent evaluation of the number of buildings that would be demolished according to the model. Moreover,
considering the damage distribution and based on the earthquake loss model proposed in [7],
the expected direct economic losses are calculated suitably accounting for damaged and demolished buildings.
2

OUTLINE OF THE PROCEDURE

This section briefly resumes the methodology to evaluate the expected number of buildings
to demolish as introduced in [6]. The reader is referred to the original article for complete description of the method.
In [6], analyzing the database of severely damaged RC buildings after L’Aquila 2009
earthquake, collecting information of repair and retrofit costs as well as the final decision on
reparability, the influence of different factors on reparability decisions was studied and a logistic regression was performed to evaluate the probability of demolition pdem as a function of
relevant parameters. The considered parameters are building age, storey number Ns, footprint
area AreaFP, pre-earthquake safety level with respect to new building standard (%NBS) and
repair costs CR. Two regression models were studied considering either (a) only predictors
available in peace time, i.e. before the earthquake occurs (e.g. age or AreaFP) either (b) the
whole set of predictors; the latter were considered singularly or combined. It was found that
starting from the parameters that are available in peace time (case (a)), the best model depends only on one variable, namely construction age, while for case (b) the best regression
model depends on three variables, namely age, %NBS and CR. The expected demolition probability pdem is calculated with Eq. (1) for model (a) and with Eq. (2) for model (b):
pdem (x1 ) =
pdem (x1 , x 4 , x 5 ) =

1
1 + e− ( −1.09−0.72x1 )
1
1+ e

− ( −0.49 x1 − 0.57 x 4 + 4.66 x 5 )

(1)
(2)

In Eqs (1) and (2) xj are the standardized values of the parameters age (j=1), %NBS (j=4)
and CR (j=5) according to the following Eq. (3)
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xj =

X j − (X j,max + X j,min ) / 2

(3)

(X j,max − X j,min ) / 2

Xj,max and Xj,min represent the higher and lower values, respectively, of the jth variable, estimated from the original database and reported in Table 1.
Variable

Xj,min

Xj,max

X1= age

1953.5

2005.5

X4= % NBS

0.30

0.59

X5= CR (€/m2)

85.4

1810.9

Table 1: Minimum and maximum values of variables for standardization.

While the application of model (a) only the construction age is needed, that is a parameter that can be quite easily inferred for a building population (e.g. from census returns), for
model (b) also %NBS and CR should be determined. Repair costs are linked to the earthquake
scenario. In order to evaluate CR the approach proposed in [8] is applied. In such method CR,
that depends on the earthquake scenario, is calculated for RC building typologies defined in
terms of storey number (Ns from 2 to 7) and construction age (age intervals: 1946-1961;
1962-1971; 1972-1981;1982-1991; >1991); for each building class a simplified capacity
curve CC is given [8]. CR is determined as a function of building’s performance loss PL via
Eq. (4); PL represents the reduction of lateral seismic capacity due to damage. Given the generic building typology and the expected intensity input (in terms of peak ground acceleration
PGA, e.g. retrieved from a shake-map in case of post seismic event or from a design spectrum
for pre-event scenarios), the corresponding CC is used to determine the expected ductility
demand  with a spectral approach (e.g. via the capacity spectrum method [9]). Correspondingly, the PL can be derived from the PL- curves of the same class (also available in [8]).

CR (PL)=0.21+1.25  PL

(4)

%NBS is defined as the ratio of PGAc, i.e. the peak ground acceleration such as to
determine a seismic demand equal to the capacity, versus the anchoring peak ground
acceleration related to the design acceleration spectrum PGAd. Given the spectral shape,
PGAc may be easily determined scaling the spectral acceleration capacity S a,c (i.e. the spectral
acceleration evaluated on the elastic spectrum in correspondence of the attainment of the
equivalent SDOF capacity) by the spectral amplification factor f for the elastic period Teq of
the equivalent SDOF: PGAc= Sa,c/f(Teq). The equivalent SDOF is uniquely assigned once the
CC is available. Note that in [2] the CC were revised to account for brittle failures in columns
or joints, that may be relevant for existing buildings ([10]-[11]).
It should be emphasized that pdem is evaluated starting from a set of severely damaged
RC buildings. Hence, given an earthquake scenario hitting a considered region of interest, if
one wants to determine the number of RC buildings that are expected to be demolished, according to the proposed procedure, the number of severely damaged buildings should be evaluated first and then the pdem can be evaluated for such damaged building sample.
Figure 1 resumes the procedure for evaluation of expected number of buildings to demolish within each considered RC building class. Given the building inventory according to
the considered classification, i.e. the number of buildings belonging to each class defined in
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terms of age and story number (age, Ns), the number of “severely damaged” buildings SDi for
each class i is firstly derived for the earthquake scenario considered. To this end, relevant
seismic fragility curves for the considered building classes can be applied. In [6] the severely
damaged buildings were considered those exceeding damage level D2 of the EMS98 scale.
Next, the proposed models (a) or (b) are applied.
RC building
inventory
(age, Ns)

Assign EQj input (elastic
spectrum) for scenario

1
2
3
4

1
2

Intensity input

3
4

1

1

2

2

3

3

4

4

For each class i (i=1,…M)

SDi, number of buildings
with Severe Damage in
class i

Fragility curves

Model (a)

Model (b)
CR

age

• Standardization
of
X1,i (age)
according to limits in Table 1 → x1,i
• Evaluation of pdem,i (x1,i ) with eq. (1)
• Evaluation of expected number of
buildings
for
demolition
ndem,i =pdem,i∙SDi

%NBS

• Evaluation of capacity curves for • Adjustment of CCi for brittle failures
the class CCi [6]
[2]
• Calculation  dem,i with CSM
• Evaluation of PGAC,i and of %NBSi =
• Evaluation of PLi and CR,i [6]
PGAC,i / PGAd
• Standardization
of
X5,i(CR) • Standardization
of
X4,i(%NBS)
according to limits in Table 1 → x5,i
according to limits in Table 1 → x4,i

• Evaluation of pdem,i (x1,i , x4,i , x5,i ) with eq. (2)
• Evaluation of expected number of
buildings for demolition ndem,i =pdem,i∙SDi

• Sum over classes to calculate total
expected number of buildings for
demolition

• Sum over classes to calculate total
expected number of buildings for
demolition
M

M

N dem (model(a)) =  n dem,i

N dem (model(b)) =  n dem,i

i =1

i =1

Figure 1: Procedure for evaluation of expected number of buildings to demolish.

For the application of model (a) the construction age is needed. Construction age is
available from building inventory, and its standardized value x1 (with X1,max and X1,min from
Table 1) can be directly evaluated for computation of pdem (model (a)). Evaluating pdem and
considering the number of damaged buildings belonging to each building age class (SDi, that
depend on the earthquake scenario) the expected number of buildings to be demolished according to model (a) is determined. For model (b), the %NBS and CR are calculated with the
approach briefly explained above (more details in [6]). The obtained CR and %NBS are then
standardized to x5, x4 and, together with x1, used to calculate the probability of demolition
pdem,i with Eq. (2) for each class. Finally, multiplying the pdem,I, obtained for the generic building class, by the number of severely damaged buildings in each class SDi and next summing,
the total expected number of buildings to be demolished Ndem can be evaluated.
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3

APPLICATION FOR SEVERAL TOWNS IN CAMPANIA REGION

In this paper the procedure explained in section 2 is applied to evaluate the expected number of buildings to be demolished Ndem for several towns in Campania region; the earthquake
input for the scenario is retrieved from the shake-map of the 1980 Irpinia earthquake in terms
of PGA [12]. Figure 2 shows the shake-map as well as the considered towns.

Figure 2: The PGA shake-map of I980 Irpinia earthquake [12] and the considered towns in Campania region
(PGA values in units of g)

3.1

The building inventory

Building inventory depends on the adopted vulnerability model. In this paper we adopt the
RISK-UE model [13], that applies the macro-seismic method, using a vulnerability index (V)
to represent the seismic vulnerability of building typologies. The building classification is initially derived from the classes defined in EMS98 [14], i.e. it is based on the construction material and basic information on the structural system (masonry type, e.g. simple stone, massive
stone etc., RC frame or RC walls and level of earthquake resistant design, ERD, etc.). Then,
classification refinement is possible considering sub-typologies defined by additional vulnerability factors VF. Referring to moment resisting RC frames, the most relevant VFs are height
ranges and the level of Earthquake resisting design (depending on the seismic zone and classification). This type of information is generally available in census databases on population
and buildings [15]. For example, Figure 3 shows distributions of RC typologies, defined in
terms of construction age and storey number, in 4 of the considered towns; the latter belong to
different class of populations Cpop (as defined in section 3.2). The vulnerability characterization of building typologies can be further improved if information on other vulnerability factors is available. For example, additional VFs such as e.g. regularity in plan or elevation, can
be explicitly considered to modify the building vulnerability for RC buildings [16], with the
limitation Vmin/max=±0.08. Information on these latter kinds of VFs is not generally available
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in large scale databases. However, a recent improvement for regional scale inventories is provided by the Cartis approach [17], implemented in Italy within “Territorial themes” Reluis
project, financed by Civil Protection Department. The interview-based Cartis survey form allows to collect data on building typologies referring to Town Compartments, that are zones in
the town characterized by homogeneity of the building stock in terms of construction age and
construction techniques and/or structural types. The information collected on building typologies with Cartis form include much more data with respect to census returns and allow to use
more refined vulnerability models. Concerning RC buildings, for example, the form specifies
the percentage of buildings, within each considered typology, that are irregular in plan or in
elevation, or the disposition of infills along the height, including possible soft storey. Polese
et al. [18] presented an integrative approach to enrich the census-based inventory with information provided by Cartis form. The procedure performs a first categorization of buildings in
height-age typologies according to the census-based data. Next, considering the town compartments in which the town is subdivided, evaluates the occurrence probability of other relevant VFs within each typology. Employing the approach proposed in [18], the building
inventory was assembled for 26 towns in Campania region, where in addition to census-based
data (available for all the towns in Italy) also the Cartis survey form was compiled.
Liveri - 112 RC buildings

Bacoli - 1102 RC buildings

19-45

19-45

46-61

20%

46-61

20%

62-71
72-81

10%

72-81

10%

82-91
>91

0%

62-71
82-91
>91

0%

1 2 3 4 5 6 7 8

1 2 3 4 5 6 7 8

(a)

(b)

Gragnano - 1240 RC buildings

Aversa - 1795 RC buildings
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46-61

20%

46-61
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62-71
72-81

10%

72-81

10%

82-91
>91

0%

62-71
82-91
>91

0%

1 2 3 4 5 6 7 8

1 2 3 4 5 6 7 8

(c)

(d)

Figure 3: Distribution of RC typologies, defined in terms of construction age and storey number, in (a) Liveri
(Cpop 2); (b) Bacoli (Cpop 5); (c) Gragnano (Cpop 5); (d) Aversa (Cpop 6)

To have a synthetic representation of building’s vulnerability for each town, the final obtained vulnerability indices for each town can be grouped in vulnerability classes according to
the proposal from [13]. In particular, the V ranges corresponding to classes (A, B, C, D) are
(0.82÷1.02; 0.66÷0.82; 0.5÷0.66; 0.34÷0.5) respectively. Figure 4 shows the distribution of
RC buildings in vulnerability classes for the same towns considered in Fig. 3; the inventory is
represented considering that either only the census-based CE database is available (red bars in
Figure) either additional data from Cartis are used to obtain a more refined CC (Cen-
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sus+Cartis) inventory (blue bars in Figure 4). It can be noted that considering additional VFs
(e.g. building irregularity in plan) the distribution of vulnerability classes can strongly change.
For the example for Aversa (Fig. 4 (d)), the classification of RC buildings considering only
census based data assigns nearly 100% of the buildings to class C, while accounting for irregularity in plan and/or elevation (CC inventory) nearly 50% of the buildings are re-classified
and are assigned to class B. Figure 4 shows examples of towns where it is evident the reclassification due to additional VFs. However, it can happen that no additional VFs are present in a town and in this case the inventory does not change from CE to CC.
Bacoli - 1103 RC buildings

Liveri - 112 RC buildings
100%

100%
80%

CE

80%

CC
60%

60%

40%

40%

20%

20%
0%
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D

(a)

B

C

D

(b)
Aversa - 1795 RC buildings

Gragnano - 1240 RC buildings
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20%

0%

0%
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B

C

A

D

(c)

B

C

D

(d)

Figure 4: Vulnerability classes distribution (RC buildings) in (a) Liveri (Cpop 2); (b) Bacoli (Cpop 5); (c) Gragnano (Cpop 5); (d) Aversa (Cpop 6)

3.2

Severely damaged buildings

The first step for the evaluation of the number of expected buildings for demolition is the
estimation of the number of severely damaged SD buildings. The damage distribution due to
the Irpinia scenario for each town is evaluated according to the RISK-UE vulnerability model
[13]. Next, following the proposal from [6], the SDi for each class are obtained summing the
buildings having D2 to D5 damage levels. It has to be noted that the damage distribution can
vary depending on the inventory. Figure 5 (a) shows the % SD (total number of SD buildings
versus the total number of RC buildings in each town) for either the CE or the CC inventory
varying the PGA (see Figure 2 for PGA distribution). The relatively low values of % SD even
at higher PGA depend on the adopted vulnerability model, that do not explicitly account for
the effect of infills in the damage distribution, as proposed, e.g. in [19]. Because the vulnerability distribution according to CC inventory is more penalizing (when additional VF are present the vulnerability is worst) the (%SD)CC is greater or equal than (%SD)CE. Figure 5 (b)
shows the variation of the ratio (%SD)CC/(%SD)CE with the population class Cpop of the town;
Cpop intervals are (<500, Cpop = 1; 501-2000, Cpop = 2; 2001-5000, Cpop = 3; 5001-10000, Cpop
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= 4; 10001-50000, Cpop = 5; 50001-250000, Cpop = 6; >250000, Cpop = 7) for the population
class varying from 1 to 7. It can be noted that the ratio is generally higher for towns with
smaller Cpop.
100 %
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(% SD)CC / (% SD)CE
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Figure 5: Severely damaged buildings. (a) % SD for either the CE or the CC inventory varying the PGA; (b)
variation of the ratio(%SD)CC/(%SD)CE with the population class Cpop

3.3

Expected number of buildings to demolish

Once SDi is available, the number of expected buildings to be demolished according to
model (a) or model (b) (pdem from Eq. (1) or (2), respectively) can be calculated for each class
and the total Ndem evaluated for all the RC building stock in each town. To apply model (a) it
is simply necessary to know the building construction age. To apply model (b) the simplified
approach explained in section 2 is applied to determine %NBS and CR in addition to the age.
Figure 6 (a) shows %Ndem, that is the ratio of expected buildings to demolish Ndem versus total
number of RC buildings for each town, as a function of the PGA of the Irpinia scenario; results for both the models (a) and (b) are represented. Results are shown directly for the integrated CC inventory, that accounts for the effect of available additional information for the
towns surveyed with Cartis form.
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% NdemCC
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0.12

0.16
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Figure 6: Variation of %Ndem,CC (a) and of (Ldem/L)CC (b), based on the CC inventory, as a function of PGA
for both probability demolition models (mod (a) and mod (b))

It can be noted that, in general, the model (a) is more conservative with respect to model (b),
predicting a higher percentage of Ndem. This is consistent with the lower level of information
given by the model (a) with respect to model (b).
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3.4

Estimation of losses

Total direct economic losses L are evaluated based on loss parameters that are related to
damage repair and considering the building inventory data. According to the proposal reported in [7], the following Eq. (5) is used to calculate the direct economic losses:

 n 5

L=CU   Aj p j ,k ck 
 j =1 k =1


(5)

with n = number of building classes; CU = Unit cost (Euro/m2) including technical expenses
and VAT; Aj = the built area of the jth RC building class; pj,k = the probability for the jth RC
building class to experience structural damage state k; ck = percentage cost of repair or replacement (with respect to CU) for each structural damage state k. The cost parameters adopted in Eq. (5) are calibrated based on the actual repair costs that were monitored in the
reconstruction process following recent Italian earthquakes [20]-[21], see Table 2.
CU
(Euro/m2)

c1 (%)

c2 (%)

c3 (%)

c4 (%)

c5 (%)

1350

2

10

30

60

100

Table 2: Cost parameters used for computation of direct economic losses.

When accounting for buildings that are expected to be demolished, the total losses change and
a new value Ldem is evaluated according to Eq. (6):
4
4
n


Ldem =CU  Aj  p j ,1c1 + p j ,5c5 +  ( p j ,k − pdem, j ,k )ck +  pdem, j ,k  
k =2
k =2

 j =1 

(6)

with pdem,j,k the percentage of buildings to demolish for damage state k.
Expectedly, Ldem>L; Figure 6 (b) shows the variation of the ratio (Ldem/L)CC for each town as
a function of PGA and, again, considering both the demolition models (a) and (b) and CCbased inventory. It can be noted that the ratio Ldem/L is generally lower for lower PGA, where
demolitions have a lower incidence; a general increase of the ratio Ldem/L wityh PGA is observed for both models (a) and (b) due to the increase of % SD buildings with earthquake intensity.
4

CONCLUSIONS

An application for evaluating the expected number of buildings to demolish and of expected losses for a number of towns in Campania region was presented, considering a scenario earthquake reproducing the 1980 Irpinia event.
The building inventory was obtained applying an integrative approach, that allows to enrich the simpler census-based inventory (CE) with information provided by an interviewbased Cartis form gathering information for relevant building typologies in a town, obtaining
an integrated CC inventory. It was shown that, considering the presence of possible additional
vulnerability factors available through the interview-based form, the classification of building
in vulnerability classes may change. Therefore, the estimated damage distribution after an
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earthquake may vary, as well as expected buildings to demolish and related losses. As expected, the percentage of severely damaged buildings %SD in each town increases with the
intensity (PGA) of the seismic input. Moreover, it is observed that the ratio
(%SD)CC/(%SD)CE varies with the population class Cpop of the town and is generally higher
for towns with smaller Cpop. This means that adopting an enhanced building inventory as CC,
that allows to account for more information on building characteristics and possible vulnerability factors, the estimated percentage of severely damaged buildings in smaller towns, having lower population class Cpop, is generally higher with respect to the one that would be
obtained starting from a simpler, census-based CE inventory.
Two different models for estimating demolition probability are applied. It is seen that first
model, considering only construction age as a variable, is more conservative with respect to
the second one, depending also on the expected reconstruction costs CR and on the % of new
building standard %NBS for each building class; indeed, the former model generally predicts
a higher percentage of buildings to demolish Ndem.
Concerning the expected losses, they increase when accounting for buildings that are expected to be demolished, and a general increase of the ratio Ldem/L with PGA is observed for
both demolition models due to the increase of %SD buildings with earthquake intensity.
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Abstract
Incremental dynamic analysis (IDA) is the most frequently used non-linear dynamic analysis
procedure for seismic fragility assessment. Nevertheless, its implementation involves complications such as heavy computational burden and potential bias in the results due to excessive
scaling of the ground motion records. Cloud Analysis is an alternative nonlinear dynamic
analysis procedure based on the structural response to as-recorded ground motions. Cloud
Analysis does not suffer from the above-mentioned complications for IDA; however, it may
lead to results that reveal too much sensitivity to the choice of the ground motion records. A
novel hybrid nonlinear dynamic analysis procedure referred to as “Cloud to IDA” exploits
the predictive capacity provided by Cloud Analysis to perform Incremental Dynamic Analysis
(IDA) in a very efficient manner and with very little amount of scaling --without any loss of
accuracy with respect to IDA. The procedure adopts as a systemic damage measure the critical demand to capacity ratio (DCR). This facilitates to a great extent identification of the intensity values at the onset of the limit state (where DCR is equal to unity by definition) and
thereby the implementation of the IDA procedure. Cloud to IDA procedure is applied to the
transverse perimeter frame of an older seven-storey reinforced concrete building in Van
Nuys, US. This frame is modeled in OpenSees with fiber sections considering flexural-shearaxial interactions and bar slip due to fixed-end rotations. The proposed Cloud to IDA leads to
results that are identical to IDA, when the same set of records are used. All of this is possible
with a number of analyses that is sensibly lower with respect to IDA.
Keywords: Cloud Analysis, Incremental dynamic analysis (IDA), nonlinear dynamic analyses, performance-based earthquake engineering, seismic fragility.
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1

INTRODUCTION

Many existing reinforced concrete (RC) moment-resisting frame buildings in regions with
high seismicity are particularly vulnerable to seismic excitation. Identifying accurately the
level of performance can facilitate efficient seismic assessment of these buildings [1]. Analytic structural fragility assessment is one of the fundamental steps in the modern performancebased engineering [2]. There are alternative procedures available in the literature for characterizing the relationship between Engineering Demand Parameters (EDPs) and Intensity
Measures (IMs) and performing fragility calculations based on recorded ground motions, such
as, the Incremental Dynamic Analysis (IDA, [3, 4]), the Multiple-Stripe Analysis (MSA, see
[5, 6]) and the Cloud Analysis (CA, [7-14]). The IDA is arguably the most frequently used
non-linear dynamic analysis procedure. However, the application of IDA can be quite computationally demanding as the non-linear dynamic analyses are going to be repeated by scaling
the ground motions to increasing levels of IM. It can be particularly useful to reduce both the
computational effort within the IDA procedure while keeping almost the same level of accuracy. In such context, different approximate methods have emerged. These methods usually
encompass schemes to perform nonlinear dynamic analyses of an equivalent simple SDOF
model [15-16]. In addition, Vamvatsikos and Cornell [5, 6] have proposed the hunt & fill algorithm, that ensures the record scaling levels to be appropriately selected to minimize the
number of required runs. A progressive IDA procedure has been proposed for optimal selection of records from an ensemble of ground-motions in order to predict the median IDA curve
[17, 18]. Dhakal et al. [19] strived to identify in advance those ground motion records that are
the best representatives for the prediction of a median seismic response. On the other hand,
[20, 21] suggest that excessive scaling of records within the IDA procedure may lead to
ground motion wave-forms whose frequency content and duration might not represent the
corresponding intensity level. This might manifest itself in terms of a bias [22] in the IDAbased fragility curve with respect to fragility curves obtained based on no scaling or spectralshape-compatible scaling [23-25].
Adopting an IM (intensity measure)-based fragility definition facilitates the implementation of the IDA analysis, which is usually carried out by adopting the maximum inter-story
drift ratio as the structural response parameter. That is, the structural fragility can be also interpreted as the Cumulative Distribution Function (CDF) for the intensity values corresponding to the onset of the prescribed limit state. The main advantage of adopting this definition,
in the context of IDA, is that one can stop the upward scaling of a record after the first excursion of the limit state. Liberally inspired from the code-based definition of demand to capacity
ratios evaluated at the local level [26] for safety-checking purposes, the critical demand to capacity ratio, denoted as DCRLS, that takes the structure closest to the onset of a prescribed limit state LS is adopted as the performance variable herein. This performance variable has been
proposed as an effective and rigorous way of mapping the local structural behavior to the
global level [36]. It has been shown [9-10, 27-31] that adopting DCRLS as structural damage
measure/performance variable facilitates the determination of the onset of a given limit state.
DCRLS is --by definition-- equal to unity at the onset of the limit state. Thus, adopting DCRLS
as the performance variable and plotting the IDA curves in terms of such variable facilitates
the identification of intensity values corresponding to the onset of limit state as the intensity
values corresponding to a DCRLS equal to unity through the IDA curves. Adopting DCRLS as
the performance variable, an IDA curve can be obtained with only two data points consisting
of pairs of intensity versus critical DCRLS. It is most desirable that the interval of values covered by the two points includes the demand to capacity ratio equal to one --to avoid extrapolation for estimating the intensity level corresponding to the onset of the limit state. Based on
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such a premise, an efficient solution for performing IDA is presented herein in which the intensity levels to scale to are chosen strategically to perform the minimum number of analyzes
and minimum amount of scaling strictly necessary. To this end, one can exploit the simple
linear (logarithmic) regression predictions made based on the results of the structural analysis
to the un-scaled registered records to identify the range of intensity values near DCRLS equal
to unity. This procedure, which is coined herein as “Cloud to IDA”, delivers IM-based fragility curves by exploiting IDA curves constructed with minimum amount of scaling and minimum number of analyses strictly necessary. These fragility curves are shown later to be
remarkably close to those obtained based on the IDA procedure.
This paper uses, as the numerical example, the transverse frame of a seven-story existing
RC building in Van Nuys, CA. The frame is modeled in Opensees [32] by considering the
flexural-shear-axial interactions in the columns. Being an older reinforced concrete frame, the
column members are potentially sensitive to shear failure during earthquakes. Hence, a nonlinear model is used to predict the envelope of the cyclic shear response [33, 34]. In addition,
the fixed-end rotations due to bar slip are also considered in the estimation of the total lateral
displacement of the members. The first-mode spectral acceleration denoted as Sa(T1) is adopted as the intensity measure in this work.
2
2.1

METHODOLOGY
The structural performance variable

The critical demand to capacity ratio for a prescribed limit state [10-11, 14, 27] and denoted as DCRLS, has been adopted as a proxy for the structural performance variable (DV). This
DV is going to be convoluted directly with the intensity measure (IM) to estimate the seismic
risk in the performance-based earthquake engineering framework. DCRLS is defined as the
demand to capacity ratio for the component or mechanism that brings the system closer to the
onset of limit state LS (herein, the near-collapse limit state). DCRLS, which is always equal to
unity at the onset of limit state, is defined as:
D jl
(1)
DCRLS = max lNmech min Nj l
C jl ( LS )
where Nmech is the number of considered potential failure mechanisms; Nl the number of
components taking part in the lth mechanism; Djl is the demand evaluated for the jth component of the lth mechanism; Cjl (LS) is the limit state capacity for the jth component of the lth
mechanism. In this work, the critical demand to capacity ratio is going to be evaluated for the
near-collapse limit state of the European Code [35]. The component demand to capacity ratios
are expressed in terms of the maximum component chord rotation. This leads to a deformation-based DCRLS. The maximum chord rotation demand Djl for the jth component of the
lth mechanism is obtained based on the results of the nonlinear dynamic analysis. The component chord rotation capacity Cjl (LS) for the jth component of the lth mechanism corresponds to the component capacity for the designated limit state regarding the specific failure
mechanism. For the near-collapse limit state, it is defined as the point on the softening branch
of the backbone curve in term of force-deformation of the component, where a 20% reduction
in the maximum strength takes place. Moreover, it is to note that, when predicting non-linear
response of structures for an ultimate limit state, it is common to encounter a few records
leading to global “Collapse”; i.e., very high global displacement-based demands or nonconvergence problems in the analyzing software. Obviously, DCRLS>1 for the near-collapse
limit state does not necessarily imply the occurrence of global Collapse. Herein, the global
Collapse of the structure is identified as presented in [28].
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2.2

Record selection criteria

Record selection for fragility analysis should reflect the dominant ground motion source
mechanisms and the site conditions (see e.g. [36]). With respect to CA, there are a few relatively simple criteria to consider for selecting records for CA when adopting DCRLS as the
performance variable (see [9, 10] for more details). In the first place, the selected records
should cover a vast range of intensity values. This helps in reducing the error in the estimation
of the regression slope. It is also quite important to make sure that a significant portion of the
records (there is no specific rule, say more than 30%) have DCRLS values greater than unity.
This recommendation aims at providing enough data points in the region of interest (i.e., vicinity of DCRLS equal to unity). Finally, it is important to avoid selecting too many records
(say more than 10% of total number of records) from the same earthquake.
As far as it regards the record-selection criteria for IDA procedure, as highlighted in [3],
the number of records should be sufficient to capture the record-to-record variability in structural response. Previous studies [4] have assumed that for mid-rise buildings, 20 to 30 records
are usually enough to provide sufficient accuracy in the estimation of seismic demands, for an
IM like first-mode spectral acceleration, Sa(T1). Furthermore, a careful selection of ground
motion records could be avoided if the adopted IM was sufficient (e.g., [20]). On the other
hand, if the adopted IM was not sufficient (see [37-39] for alternative definitions/interpretations of sufficiency), the selected records at any given ground motion intensity
level should ideally reflect the expected dominant ground motion characteristics. The record
selection for IDA procedure can also be done so that it represents a dominant earthquake scenario identified by a magnitude and distance bin (see e.g., [4, 6]). It is to keep in mind that the
accuracy of IDA procedure somehow depends on avoiding excessive scaling. Current literature [20, 21] suggests making sure that the frequency content of the scaled records is still
(roughly) representative of the intensity to which they are scaled. This criterion might not be
satisfied for records selected based on criteria recommended for CA –as it is desirable that
they cover a wide range of intensity levels. The Cloud to IDA procedure can benefit from the
information provided by the CA to ensure that the records are not scaled excessively. The
procedure can avoid the potential scaling bias [22] sometimes attributed to IDA results.
2.3

Structural fragility assessment

Fragility estimation based on Cloud to IDA is compared with alternative non-linear dynamic analysis procedures such as Cloud Analysis considering the collapse cases ([11, 13-14],
herein called Modified Cloud Analysis, MCA) and IDA. This section describes briefly fragility assessment based on these alternative methods.
The Cloud data encompasses pairs of ground motion IM, herein Sa(T1) (referred to as Sa for
brevity), and its corresponding structural performance variable DCRLS for a set of groundmotion records. For ultimate limit states, a portion of the records may induce collapse. Let the
Cloud data be partitioned into two parts: (a) NoC data which correspond to that portion of the
suite of records for which the structure does not experience “Collapse”, (b) C corresponding
to the “Collapse”-inducing records. The structural fragility for a prescribed limit state LS can
be expanded with respect to NoC and C sets using Total Probability Theorem [6, 40]:
(2)
P ( DCRLS >=
1 S a ) P ( DCRLS > 1 S a , NoC ) ⋅ (1 − P (C S a ) ) + P ( DCRLS > 1 S a , C ) ⋅ P ( C S a )
where P(DCRLS>1|Sa,NoC) is the conditional probability that DCRLS>1, given that “Collapse” has not taken place (NoC) and can be described by a Lognormal distribution [6, 11]:
 ln η DCRLS |Sa , NoC 
 ln(a ⋅ S a b ) 
(3)
P ( DCRLS > 1 S a , NoC ) =
Φ
Φ
=

 β DCR |S , NoC 
 β DCR |S , NoC 
LS a
LS a
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where
and
are conditional median and standard deviation
(dispersion) of the natural logarithm of DCRLS for NoC portion of the data (calculated as per
Eqs 2 and 3 applied to the NoC portion of the collapse data, respectively). For the rest of this
manuscript, the conditioning on Noc is dropped for brevity and they are referred to as
and
. The term P(DCRLS>1|Sa,C) is the conditional probability of that DCRLS is greater
than unity given “Collapse”. This term is equal to unity, i.e., in the cases of “Collapse”, the
limit state LS (herein, near-Collapse) is certainly exceeded. Finally, P(C|Sa) in Eq. 2 is the
probability of collapse, which can be predicted by a logistic regression model (a.k.a., logit) as
a function of Sa (see also [11, 13]), and expressed as follows:
1
(4)
P ( C Sa ) =
− (α 0 +α 1 ⋅ln Sa )
1+ e
where αo and α1 are the parameters of the logistic regression.
The structural fragility based on IDA, instead, is expressed, in an IM-based manner, as the
cumulative distribution function for the IM values that mark the limit state threshold. Taking
advantage of the IM-based fragility definition and assuming that the critical spectral acceleration values at the onset of the limit state denoted by SaDCR=1 are Lognormally distributed, the
structural fragility based on IDA analysis can be calculated as:
 ln S a − ln η S

(5)

Φ
P ( DCRLS > 1| Sa ) =
P ( S a DCR =1 < S a ) =


βS


a

a

DCR =1

DCR =1

where
and
are the median and (logarithmic) standard deviation of SaDCR=1.
Finally, to compare the fragility curves obtained based on alternative non-linear analysis
procedures and suites of ground motion records of different sizes, it is desirable to find a way
for quantifying the uncertainty in the evaluation of structural fragility. This is done herein by
employing the concept of Robust Fragility to define a prescribed confidence interval for the
estimated fragility curve. The Robust Fragility [10-11] is defined as the expected value for a
prescribed fragility model considering the joint probability distribution for the (fragility)
model parameters χ. The Robust Fragility, by using Total Probability Theorem, is written as:
P ( DCRLS > 1 S a , =
D ) ∫ P ( DCRLS > 1 S a , χ ) f (χ D)=
dχ Eχ  P ( DCRLS > 1 S a , D , χ )  (6)
Ωχ

where χ is the vector of fragility model parameters and Ωχ is its domain; f(χ|D) is the joint
probability distribution for fragility model parameters given the vector of data D. The term
P(DCRLS>1|Sa,χ) is the fragility model given that the vector χ is known. Note that it has been
assumed that the vector χ is sufficient to describe the data. Eχ(∙) is the expected value over the
vector of fragility parameters χ. Based on the definition represented in Eq. 6, the variance σ2
in fragility estimation can be calculated as:
2
σ 2  P ( DCRLS > 1 Sa , D, χ )  = ∫ P ( DCRLS > 1 Sa , χ ) f (χ D)dχ − E2χ  P ( DCRLS > 1 Sa , D, χ )  (7)
Ωχ

2.4

Cloud to IDA procedure

The Cloud to IDA procedure derives IDA-based fragility curves by obtaining the Sa values
corresponding to unity denoted as SaDCR=1. This is done with efficiency by obtaining IDA
curves with few points. The flowchart in Fig. 1 provides a step-by-step guide to Cloud to IDA:
1- Establish an original record selection for MCA. One might choose records based on criteria
suggested specifically for MCA as in [11]. Otherwise one can use an established set of records such as the ones proposed by FEMA [41].
2- Perform structural analysis, obtaining Cloud data points. Identify NoC and C data.
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3- (Optional) Scale down the C data and merge them together with the NoC data.
4- Fit a linear regression in the logarithmic scale to the non-collapse portion of the Cloud data
(that may include scaled down C data). Identify
as the spectral acceleration corresponding to DCRLS=1 by the regression prediction.
5- Define prescribed confidence intervals around
and DCRLS =1. This leads to the
identification of box-shaped area. The records that lie within this area can be selected as
the records suitable for next steps of the Cloud to IDA procedure.
6- Scale all the records thus-obtained to (a value slightly larger or smaller than) the spectral
acceleration value
. For those records, that are to the right of the regression prediction, the spectral acceleration value to scale to is going to be slightly smaller than
and vice versa. This step provides the second point of IDA curve for all the records.
7- Connect the two points in order to obtain the IDA lines. Find the projected SaDCR=1 values
as the intersection of the IDA lines (or their extension to the left or right) with DCRLS=1.
8- Scale all the records to SaDCR=1 values to obtain the third data point on the IDA curves.
9- Check if the value DCRLS=1 falls within one of the IDA line segments and obtain the corresponding SaDCR=1 value through interpolation.
10- Repeat steps 8 and 9 for those records in which the value DCRLS=1 falls completely to one
side of the IDA line segments obtained so far.

Figure 1. Flowchart for Cloud to IDA procedure.
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3
3.1

NUMERICAL APPLICATION
Building description and modeling

A perimeter transverse frame of the seven-story hotel building in Van Nuys, California, is
modeled and analyzed in this study (see [14] for the geometrical details of the frame). The
building is located in the San Fernando Valley of Los Angeles County (34.221° north latitude,
118.471° west longitude). The frame building was designed in 1965 according to the 1964
Los Angeles City Building Code, and constructed in 1966. The building was severely damaged in the M6.7 1994 Northridge earthquake. All the column and beam reinforcement and
mechanical material properties details are provided in [11, 14, 30, 42-44]. The axial/flexural
behavior in beam-column elements is modeled based on distributed plasticity using different
integration techniques. The shear behavior is modeled as a zero-length element in column end
aggregated in series with the flexural element. The estimation of shear backbone is described
comprehensively in [33] (see also [30] for more details). Moreover, the rigid-end rotation due
to bar slip is modeled as two zero-length elements at the ends of the columns (see [45] for the
calculation of slip force displacement backbone). The total lateral response of a RC column is,
then, modeled using a set of springs in series in OpenSees (the flexural spring is the fiber section element). The flexure, shear and bar slip deformation models are modeled by springs in
series. The three deformation components are added together to predict the total response up
to the peak strength of the column. Rules are established for the post-peak behavior of the
springs based on a comparison of the shear strength Vn, the yield strength Vy, and the flexural
strength Vp. By comparing Vn, Vy, and Vp, the columns are classified into different categories
[33], to determinate if they are shear critical, shear-flexural critical or flexural critical. Most of
the columns of the case-study frame are classified as shear critical. However, the explicit
modeling of the behavior of the masonry infills present in three spans in the ground story of
the modeled frame is herein neglected [46].
3.2

Modified Cloud Analysis (MCA)

First of all, it is to note that the set of records presented in FEMA P695 [41] is used for the
MCA and IDA. The FEMA set [14] includes twenty-two far-field records and twenty-eight
near-field records. With reference to the twenty-eight near-field records, fourteen records are
identified as “pulse-like”. Only one horizontal component of each record has been selected.
The FEMA suite of records covers a range of magnitudes between 6.5 and 7.9, and closest
distance-to-ruptured area (denoted as RRUP) up to around 30 km.
Fig. 2a shows the scatter plots for Cloud data based on the ground motion records listed in
the FEMA record set (colored squares). The cyan-colored squares represent the NoC data,
while only one record out of fifty ground motions causes collapse or global dynamic instability (C data) as shown with a red-colored square. The MCA regression model (i.e., regression
prediction, the estimated regression parameters, and the standard error of regression as described in Section 2) fitted to the NoC data is shown on the figure. The black solid line represents the regression prediction
which can be interpreted as the 50th percentile (a.k.a.,
median) DCRLS given spectral acceleration conditioned on NoC. The line DCRLS=1 corresponding to the onset of near-collapse limit state is shown with red-dashed line. It can be seen
that the MCA data not only covers a vast range of spectral acceleration values, but also provides numerous data points in the vicinity of DCRLS=1. The horizontal black dash-dotted line
=(1/a)1/b corresponding to DCRLS=1 based on the reindicates the spectral acceleration
gression prediction. Fig. 2b shows the fragility curves based on MCA (cyan dashed line) and
the Robust Fragility with its two standard deviation confidence interval (plotted as black solid
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line and the shaded area, based on MCA as described in Section 2). The figure also illustrates
the conditional probability of collapse given intensity P(C|Sa) as in Eq. 4 and reports the logistic (α0 and α1) regression model parameters.
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Figure 2: (a) Cloud data and regression, and (b) the fragility curves.

3.3

IDA Analysis

The IDA is performed for the suite of fifty FEMA ground-motion. The IDA curves are
plotted in thin grey lines in Fig. 3a. Each curve shows the variation in the performance variable DCRLS for a given ground-motion record as a function of Sa while the record’s amplitude
is linearly scaled-up. The grey dot at the end of each IDA curve denotes the ultimate Sa level
before numerical non-convergence or global collapse is encountered (based on the criteria defined in Section 2). The Sa values on the IDA curves corresponding to DCRLS=1 and denoted
as SaDCRLS =1 (i.e., the intensity levels marking the onset of the limit state) are shown as red
stars. The histogram of SaDCRLS =1 values together with the fitted (Lognormal) probability density function (PDF), plotted as a black solid line, are shown in Fig. 3a. The horizontal thin
and
black dash-dotted line represents the median of SaDCRLS=1, which is denoted as
known as median spectral acceleration capacity. Fig. 3b shows the comparison between the
Robust Fragilities and their plus/minus two standard deviation confidence intervals based on
MCA (black solid line and the corresponding shaded area) and IDA (blue dotted line and the
small blue dotted lines for identifying the confidence interval), as described in Sections 2. The
difference between Cloud- and IDA-based fragilities is contained within a 2 standard deviation confidence band for both methods; with the IDA-based fragilities being on the more conservative side.
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3.4

Cloud to IDA procedure

The step-by-step Cloud to IDA procedure as described in the methodology section (see the
flowchart in Fig. 1) is applied herein considering two reduced record sets obtained with the
objective of limiting the scaling of ground motion records (Reduced set 1 and Reduced set 2
as described in the next paragraphs).
 The first step of the procedure is accomplished by choosing the FEMA record set as the
original record selection for MCA.
 The second step is to perform structural analysis and to identify the collapse-inducing records (C and NoC data, only one case of collapse is identified herein).
 The step three of the procedure has been skipped (only one collapse case was identified).
 In the next step, a linear regression in the logarithmic scale is performed on the noncollapse portion of the Cloud data (Fig. 2a). At this point, the spectral acceleration at
DCRLS=1, i.e.
, and the constant conditional logarithmic standard deviation of
DCRLS given Sa denoted as

, as shown in Fig. 2a are calculated.

 The next step involves defining prescribed confidence intervals around

and

DCRLS=1 in order to identify the records that are going to be subjected to least amount of
scaling (as predicted by the regression). Two suites of reduced record sets are selected
from the pool of FEMA records:
 Reduced set 1: N=10 records that lie within the box defined by the plus/minus one
and DCRLS=1 (see Fig. 4a).
(logarithmic) standard deviation stripes away from
Reduced set 2: N=19 records that lie within the box defined by the plus/minus one
(logarithmic) standard deviations away from
and plus/minus 1.5 (logarithmic)



standard deviations away from DCRLS=1 (see Fig. 4b).
1.2

1.2
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Figure 4: Box shape areas defining (a) Reduced set 1, and (b) Reduced set 2.

The Cloud to IDA procedure is described hereafter for the Reduced set 2 (N=19, however
the procedure is carried out for both record sets and the results are reported at the end of
this section).
 In the next step, all the records within the rectangular area are scaled to (a value slightly
larger or smaller than the) the spectral acceleration value
. In case the scaled records
become collapse-inducing, the spectral acceleration to scale to should be adjusted accordingly so that the scaled record does not lead to collapse (this might require some iteration).
At the end of this step, IDA line segments for all the records can be obtained by connecting the two points.
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 At this point a visual survey of whether the DCRLS=1 falls within the IDA lines or outside
is performed. Fig. 5a shows the intersection/projection of the IDA lines and the value
DCRLS=1 denoted as “projected” SaDCR=1 for each record.
 The last step is to scale all the records to the “projected” SaDCR=1 in order to obtain the
third data point on the IDA curves. Note that the records can be scaled to a value slightly
larger or smaller than the “projected” SaDCR=1 (Fig. 5a). The obvious advantage of scaling
the records to the projected intersection with unity is that it will lead to a third point on the
IDA curve close to a DCRLS=1. At this point, most probably, as in the case study in Fig.
5b, the SaDCR=1 values can be calculated by interpolation for all the records (i.e., for all of
the records a gray dashed line segment can be found). Finally, the fragility curve can be
obtained based on the statistics of SaDCR=1 values. In case there are still records for which
the DCRLS=1 falls totally to the left or the right of the three points obtained so far, the previous step can be repeated until an IDA line segment including DCRLS=1 can be identified. In the case study, the SaDCR=1 values are obtained for all the records based on only
three IDA points.
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Figure 5. Cloud to IDA procedure: (a) the “projected” SaDCR=1 values; (b) The resulting SaDCR=1 values used to
develop the Cloud to IDA fragility curve.

3.5

Results and discussions

Fig. 6a reported below shows the Robust Fragility curves and their plus/minus one standard deviation interval obtained by employing the Cloud to IDA procedure for Reduced sets 1
and 2, in red dashed lines of different thickness (thicker for Reduced set 2 which is the larger
set) and the corresponding confidence intervals are marked by thin red dashed lines of the different color shades (darker for Reduced set 2 which is the larger set). Note that the Robust
Fragility calculation for Cloud to IDA is the same as IDA as described in detail in [47-48].
The confidence band is clearly wider for the smaller record set (with only N=10 records).
Moreover, it can be seen that the Robust Fragility curves obtained based on the two sets of
records are in close agreement (contained within the plus/minus one standard deviation interval of each other). Fig. 6b demonstrates the Robust Fragility curve and its plus/minus one
standard deviations confidence interval based on the MCA in solid black line and a gray shaded area together with the Robust Fragility curves obtained through the Cloud to IDA procedure based on Reduced sets 1 and 2 (red dashed lines of different thickness to reflect the size
of the set). These two fragility curves are entirely contained inside the plus/minus one standard deviation of the Robust Fragility curve based on the MCA. Fig. 7 shows the comparison
between the IDA and Cloud to IDA procedures for all the three record sets (Reduced set 1,
and 2, and Complete; the line types for each procedure are distinguished by their thickness:
the larger the set of records the thicker the line). For each given record set, the fragility curves
obtained based on IDA and Cloud to IDA procedures are almost identical. In the context of
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this study, the Cloud to IDA procedure demonstrates its capability of improving the computational efficiency significantly without sacrificing the accuracy with respect to the original
IDA method.
Table 1 shows the statistical parameters for the fragility curves, where η is the median value of the fragility curve and β is its logarithmic standard deviation. It also shows the number
of analyses required for each of the alternative non-linear dynamic analysis procedures.
Moreover, the table illustrates the mean annual frequencies of exceeding the near-Collapse
limit state (i.e., risk) denoted by λLS corresponding to the Robust Fragility and the Robust
Fragility plus/minus two standard deviations. denotes the risk obtained by integrating Robust Fragility and site-specific hazard; ±2σχ denotes risk calculated by integrating Robust
Fragility plus/minus its two-standard deviation and the site-specific hazard. The number of
analyses required for implementing IDA procedure is equal to the product of the number of
the records and the number of the intensity levels (50×17). As far as it regards the computational effort related to the implementation of Cloud to IDA procedure, the number of analyses
required is not fixed. Herein, it is equal to the number of records required for MCA (i.e., 50)
plus two times the number of the selected records (10×2 and 19×2 for Reduced sets 1 and 2,
respectively). It is to be mentioned that the IDA analysis herein has been done based on the
same pool of original records as MCA and Cloud to IDA. Nevertheless, the IDA can be employed with a smaller pool of records than the one employed herein and the total number levels can be lower than the 17 levels employed herein (e.g., as low as 10). Overall, the Cloud to
IDA fragilities with limited scaling (Reduced sets 1 and 2) provide very reasonable results
with a sensibly lower analysis effort compared to IDA. However, the prize for the lowest
number of analyses without any scaling goes to MCA.
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Figure 6: (a) Robust Fragility curves and their plus/minus one standard deviation intervals for Reduced sets 1 and
2; (b) MCA (Cloud Analysis considering the collapse cases) and its plus/minus two standard deviations confidence
interval and Robust Fragility curves for the Cloud to IDA procedure and based on the two sets Reduced sets 1 and 2.
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Figure 7: Comparison between IDA and Cloud to IDA for Reduced sets 1 and 2, and complete set (FEMA).
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Table 1. Statistical parameters for fragility curves, number of analyses and mean annual frequencies of
exceeding the limit state for the alternative nonlinear dynamic procedures
λLS using the Robust Fragility
Number of
Methodology
η [g] β
analyses
-2σχ
+2σχ
-3
-3
MCA (Complete set)
0.63
0.20
50
1.9×10
2.5×10
3.1×10-3
-3
-3
Cloud to IDA Reduced set 1
0.62
0.21
50+10×2=70 1.8×10
2.6×10
3.5×10-3
Cloud to IDA Reduced set 2
0.63
0.20
50+19×2=88 1.8×10-3
2.4×10-3
3.1×10-3
IDA (Complete set)
0.59
0.21
50×17=850
2.4×10-3
2.9×10-3
3.4×10-3
-3
-3
Cloud to IDA (Complete set)
0.59
0.21
50×3+1=151 2.4×10
2.9×10
3.4×10-3

4

CONCLUSIONS

Cloud to IDA is proposed as an efficient procedure with limited scaling of ground motion
records that exploits the results of a simple MCA for carrying out incremental dynamic analysis (IDA). The procedure is applicable when the adopted EDP is expressed in terms of a critical demand to capacity ratio that is equal to unity at the onset of the limit state. There is
indeed a natural link between Cloud and IDA procedures. The Cloud data can be viewed as
the first points on the various IDA curves. On the other hand, an IDA curve can be obtained
theoretically with only two data points, consisted of pairs of intensity versus critical demand
to capacity values, if the interval of values covered by the two points covers the demand to
capacity ratio equal to one. In the Cloud to IDA procedure, the intensity levels to scale to are
chosen strategically with the aim of performing the minimum number of analyzes and minimum amount of scaling necessary. To this end, one can exploit the simple linear (logarithmic)
regression predictions made based on the results of the structural analysis to the un-scaled
registered records to choose landmark IM levels for scaling. Those records that are going to
be potentially scaled up/down by a factor close to unity are identified from the pool of original records in order to avoid excessive scaling of the records. The results indicate that the fragility and risk estimates obtained based on the Reduced Sets 1 and 2 are very close to those
obtained based on the MCA. This is while the IDA-based fragility reveals a slight shift to the
left compared to the other more “scaling-conscious” methods. Nevertheless, the proposed
Cloud to IDA leads to results that are identical to IDA, when the same set of records are used.
All of this is possible with a number of analyses that is sensibly lower (almost an order of
magnitude) with respect to IDA. It is worth emphasizing that the use of a performance variable in the demand to capacity ratio format (i.e., it is equal to unity at the onset of the prescribed limit state) as the performance variable directly is indispensable for the proposed
Cloud to IDA procedure. For instance, the procedure can be applied even when the maximum
inter-story drift is employed as the EDP. In such case, the adopted DM is equal to the ratio of
the maximum inter-storey drift ratio demand to the maximum inters-storey drift ratio capacity
for the desired limit state.
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Abstract
In the framework of disaster management cycle, the post-earthquake Structures Safety Check
(SSC) constitutes a fundamental tool to organize, in a short time, the post event phases
(emergency, restoration and recovery), by technical and economic analyses. SSC constitutes a
temporary and prompt assessment of the seismic damage on the buildings, based on expert
judgment and performed in limited time, by simple visual analysis and collecting information
easily accessible. Therefore, it is not a static suitability check and it does not require numerical or test analyses nor it replaces the static and usability test certificates. The SSC aims to
verify that the security conditions of the buildings before the earthquake have not been substantially altered due to the damage caused by the earthquake.
In this paper, a prototype of standardized procedure able to assess the post-earthquakes SSC
on the base of collapse mechanisms analyses is proposed. It is founded on a logic addressed
to estimate possible relationships between the typological vulnerability factors and the potential collapse mechanisms induced by earthquakes.
The procedure is illustrated with reference to the results obtained by the MEDEA ([1], [2]), a
tool for damage interpretation in the follow described, and developed analyzing the damage
observed on typical Italian buildings by past earthquakes occurred since 1980. In order to
show the effectiveness of the approach, the case study of L'Aquila (Italy) is shown.
The procedure constitutes an educational tool to be used for the training of technicians in
charge of emergency checks during the emergency phase (oriented towards the definition of
standard evaluation criteria) and / or macroseismic surveys. The results can be easily
adapted to different countries, with reference to the most recurrent buildings typologies and
materials of the area.
Keywords: Collapse mechanisms, Seismic structures safety check, Post event phases, Medea.
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1

INTRODUCTION

Post earthquake structure safety check (SSC) constitutes the first essential step to adopt after a major earthquake to manage the disaster. The aim of these activities is to quickly inspect
and assess the constructions in order to identify which buildings are safe for immediate use
mainly in case of subsequent aftershocks, with the aim to inform the habitants about the
safety of their houses as soon as possible to prevent secondary disasters. The result of quick
inspection provides the basic information to estimate the number of temporary houses and
refuge centres necessary for the displaced people.
When a strong earthquake occurs, thousands of buildings may result damaged however
new shocks can still occur. Furthermore, the area affected by heavy damage can be so extended that expert engineers are insufficient to make all building safety evaluations within a
limited timeframe. Therefore the success of the inspection depends upon the manner it has
been designed and planned in advance.
Indifferent countries, several procedures, able to assess judgments concerning the postearthquakes structures safety, exist. In the majority of the approaches (Japan, Colombia, USA,
New Zealand, Greece), the usability judgement is dependent only on the observed damage,
evaluated according to different surveys levels (rapid and detailed). In other countries, instead,
the evaluation is correlated with the vulnerability of the building analyzed (i.e., Italy), on the
base of structural- typological characteristics, in addition to the observed damage ([3], [4], [5],
[6], [7], [8], [9], [10], [11], [12], [13]).
A variety of post-earthquake building inspections are required following an earthquake.
Three types are generally considered: the rapid and detailed evaluations, in the earthquake
emergency phase, and the engineering evaluations, in the recovering phase [14].
This paper introduces a methodology for post earthquake quick risk inspection of buildings
in the emergency phase founded on the collapse mechanisms analyses. It is focused on the
identification of criteria and methods able to guarantee an objective evaluation of the damage
due to a seismic event on buildings, in order to find out the best correlation between the parameters measuring the seismic action and the impact.
The methodology is inspired by the logic defined by Italian MEDEA tool (Manual for
Earthquake Damage Evaluation and safety Assessment), which aims to estimate possible relationships between the typological vulnerability factors and the potential collapse mechanisms
induced by earthquakes on masonry and reinforced concrete structures [15].
The logic here described, though a guided path, aims to reduce the level of uncertainty
connected to damage definition and the identification the safety assessment during the survey,
in the perspective to guarantee the uniqueness of the judgment.
2

THE STANDARDIZED PROCEDURE

The standardized procedure here illustrated, inspired by MEDEA tool, constitutes a useful
protocol for the post-earthquakes structures safety check on the base of collapse mechanisms
analyses. It can be easily customized for different countries on the base of the analyses of
damage induced by past earthquakes.
The procedure is structured so that the user can have a gradual understanding way. In fact,
the different sections represent a guided training path able to create in the users, step by step,
a sensibility either to understand the typological characteristics of the buildings or to evaluate
the damage, which are both very important aspects of the final judgement of safety.
The sections of the procedure concerns the four main aspects described below:
 structural-typological features of ordinary buildings;
 main damage induced by past earthquakes;
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 form and the training paths;
 post- earthquakes structures safety check by the safety index (IS).
2.1

The structural-typological features of ordinary buildings

The first section of the procedure concerns a detailed dictionary of the main terms frequently used in technical and scientific field. The glossary represents a crucial step to define
an unified terminology either for the reciprocals comprehension among the technicians or to
improve the homogeneity in the structural-typological elements classification and in the damage measuring. Every term of the dictionary is associated to some pictures and graphics, to a
descriptive text, and links to other terms in the glossary (Figure 1). Moreover a search of
terms alphabetically or by category is possible. The terms are organized into five different
categories: a) building and its structural elements; b) structural seismic damage; c) site
equipment in the emergency; d) provisional interventions; e) environment.
The second section of the procedure is an archive containing a rich anthology of pictures
showing different structural typologies and different levels and types of damages (Figure 2).
The picture archive aims to give an essential basic knowledge of the observed damages and
typologies in order to improve the capability of interpretation and judgment that the technicians must have during the post-event inspections that will be tested then in the following sections of the tool. A set of information is joined to every picture of the archive; moreover query
either on single information field or on combined ones are possible. This option allows selecting picture subset with specific characteristics, which could result quite useful, for example,
in macroseismic survey.

Figure 1: Glossary (every term of the dictionary is associated to some pictures and graphics, to a descriptive text,
and links to other terms in the glossary).
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Figure 2: Archive containing a rich anthology of pictures showing different structural typologies and different
levels and types of damages.

2.2

The main damage induced by past earthquakes

The most important section of the procedure is constituted by a detailed multimedia catalogue of the main damages on structural and no structural elements of buildings. It represents
a further step of fundamental importance in the training of the technicians involved in the
safety check in the post event phase. In fact, it supplies to the user a guided path among the
basic criteria of the structure behaviour in order to develop interpretation skill on the observed
damages.
The damages classification of the vertical structures classes (masonry, reinforced concrete,
timber, steel, etc.) is aided by their interpretation as possible collapse mechanisms. Therefore
the catalogue is organised on the base of logic rules to address at the most probable mechanism identification.
This section is constituted by three subsections: Collapse Mechanisms Abacus; Damages
Abacus; Interactive Training Table. The Collapse Mechanisms Abacus is an accurate work of
synthesis, where the authors try to classify the main recognisable collapse mechanisms for a
standard structure. These mechanisms are firstly classified, for each vertical structures class,
as:
 Global mechanisms: mechanisms involving the structures as a whole and then related to
the evolution of the cracks in a sufficient number of elements such that a total compromising of the static and dynamic equilibrium of the structural system is achieved.
 Local mechanisms: mechanisms concerned to marginal parts of the structure; their evolution, even if determines the collapse of a single element, generally does not involve the
whole structural equilibrium.
For example, MEDEA tool examines the main Italian buildings typologies, made of masonry and reinforced concrete ([1], [2]).
For masonry structures, the "global mechanisms" have been subdivided as follows (Figure
3a):
 in plane: these mechanisms occur when the walls of the masonry box, excited by in plan
actions in both versus, respond by showing the classical diagonal X cracks, consequent to
the formation of diagonal compressive beams. This mechanisms are due to poor tensile
strength of the masonry material;
 out of plane: damage mechanisms that appear through an out of plane kinematism of one
or more walls of the masonry box that, under seismic actions, loses his own original
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toothing connection between the walls of the facade and the orthogonal ones, possibly
aided by the action of thrusting floors and roofs;
 other mechanisms: in this category are classified those mechanisms that couldn’t directly be recognized as in plane or out of plane, nevertheless are able to involve the
building as a whole, generating the total collapse of the structure (i.e. floor and roof beam
unthreading, irregularity between adjacent structures, etc.);
Instead, the "local mechanisms" have been classified as:
 localized dislocation: these mechanisms are those, for example, that arise for arch or architrave failure, or in part of the structure characterized by different irregularities, often
connected to significant stiffness variations (i.e. non appropriate retrofitting such as R.C.
intervention in masonry structure, etc.). The phenomenon generally determines the
crumbling and the expulsion of the material in the neighbourhood of the involved part;
 thrusting elements: these mechanisms are determined by the action of single elements
that produce horizontal thrust on the supporting structures; good examples are the thrusting lements of a roof or the vaults, the thrust action of which is not sufficiently balanced
by suitable devices.
For reinforced concrete structures, the "global mechanisms" have been subdivided as follows (Figure 3b):
 strong beam – weak column: these mechanisms occurs in buildings characterized by
high strength beams against columns with appreciable lower resistance, in terms of their
relative ratio compared to the seismic action demand. This causes the arising of plastic
hinges in the columns (weaker) instead of the beams (stronger), with the subsequent concentration of inelastic deformation in the pillars. The mechanisms could involve all or
several storeys, leading to ruinous collapses as “pancake type”.
 weak beam – strong column: these mechanisms occurs in buildings characterized by
low strength beams against columns with appreciable higher resistance, in terms of their
relative ratio compared to the seismic action demand. The development of plastic hinges
in the beams (weaker) prevents from the arising of hinges in the pillars (stronger), therefore the inelastic deformation gather in the beams. The mechanisms could occur for
bending in the beams (more ductile), shear in the beams (less ductile) or iron bars unthreading;
 weak nodes: these mechanisms occur when the structural frame is characterized by less
resistant nodes compared to the actions transferred by beams and columns. The mechanism starts with the arising of diagonal cracks in the junctions up to notable sliding between beam and column. The collapse of more junctions causes the frame lability, the
loss of the equilibrium and the subsequent collapse of the whole structure.
 weak storey: these mechanisms occurs in buildings with a storey less strength than the
others, namely with a demand/resistance ratio significantly different at one level respect
to the others. It usually is due to the lack, at that level, of elements (i.e. infill panels) able
to give more strength against the horizontal actions. In these cases, seismic energy is
mainly dissipated through the rupture mechanism at that floor;
 foundation subsidence: these mechanism occurs when seismic actions involve the foundation level causing a vertical subsidence effects; in these cases the structures show one
direction diagonal cracks in the infill panels, tacking out of horizontal alignment in the
beams and cracks at the ends, or increasing vertical cracks along the height of the build-
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ing. In some cases, characterized by high stiffness structural frame and widespread subsidence extension causing, the building could show a rigid rotation or sliding movements.

a)
Figure 3: Global mechanisms for: a) masonry buildings; b) reinforced concrete buildings

Instead, the "local mechanisms" have been classified as:
 structural elements: in this category are classified those mechanism caused by structural
elements producing a localized action in a part of the structure, as the hammering between adjacent buildings, the strut action at the column ends by the infill panels, the floor
collapse caused by a large displacements at a junction seat; usually these circumstances
are due to a structural deficiency;
 infill panels or partitions: these mechanisms are similar to the ones occurring to masonry structures, connected to the poor tensile strength of the material; they could produce in plane or out of plane ruptures,
 roof collapse: these mechanisms occurs for the collapse of weak masonry wall supporting the roof or for the thrusting effect in sloping roof.
For R.C. structures, in addition to the previous ones, mechanisms for R.C. walls are classified, taking into account the differences among different structural typologies: single walls
(solid or with various openings), double walls, walls/frame.
The collapse mechanisms are summarized in a Damage Abacus, which provides, for each
single element (vertical structures, horizontal structures, stairs, non structural elements), a
classification of the main damages that may be found by an observed survey.
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Every damage type is described by a specific form containing notes, iconographic review
showing different damage levels following a predefined scale (Figure 4). The basic idea is to
create a tool to assist macroseismic assessment and the surveyors to better compile the sections of the safety form concerning a synthetic evaluation of the damage level for the structural component analyzed.

Figure 4: Abacus of structural damage.

2.3

The form and the training paths

The procedure contains a training section, in which, by some examples on damaged buildings, the user can perform training paths designed for safety analyses and therefore to express
evaluations on different aspects, such as:
 the constructive typology (horizontal and vertical structures), which a vulnerability class
can be associated to;
 the damage level expressed both for every single constructive element and for the whole
building;
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 the safety assessment of the building;
 the possible provisional interventions to be adopted.
Moreover, the tool allows control on the judgement capability achieved by the surveyor.
The procedure furnishes an hypothesis of possible links to other damages on the same examined elements or on those elements of the structure, that could be recognized as compatible
with respect to a specific collapse mechanism. This aspect, though it doesn’t pretend to be exhaustive and strictly irrefutable, it gives a lecture key of the single damage in global terms respect to the response of the whole structural system. This is performed through the analysis in
diagnostics key of the whole cracking frame, characterised by different damages, all compatible with respect to a single mechanism. Therefore, the aim is to offer a tool able to drive the
analysis of the structure through a step by step process of associations among the exiting
damages, in order to recognize them as congruent to a possible global structural behaviour.
In this direction, the interactive training table is developed (Figure 5), where all mechanisms and all vertical and horizontal damages of the catalogue with their own codes are listed.
The interactive table, for every damage selected by the user, shows the possible mechanisms
congruent to the chosen damage. Therefore, the user could choose a mechanism to investigate
and then he can select in multi-choice mode the compatible damage typologies; the tool allows verifying in progress the congruence between these damage typologies and the chosen
mechanism.

Figure 5: Interactive training table for masonry buildings.

2.4

The post-earthquakes structures safety check by the safety index

The procedure proposes a post-earthquakes structures safety check based on the evaluation,
for each building analyzed, of an ad hoc index, called 'safety index' IS, as the normalization
on the maximum possible level of damage associated to the main collapse mechanism of the
structure.

993

G. Zuccaro, D. De Gregorio, F. L. Perelli and F. Papa

The procedure is founded on 'compatibility matrices' that link each possible mechanisms of
collapse Mi with each possible damage to the vertical structures Vi. In Table 1, the compatibility matrix for masonry buildings developed in MEDEA [2] is shown.
M1
M2
M3
M4
M5
M6
M7
M8
M9
M10
M11
M12
M13
M14
M15
M16

V1

V2

V3

V4

V5

V6

V7

V8

V9

V10

V11

V12

V13

V14

V15

V16

V17

V18

V19

V20

V21

V22

V23

1
0
0
0
0
1
0
0
0
0
0
1
0
0
0
0

0
1
0
0
0
1
0
0
0
0
0
0
0
0
0
0

1
0
0
0
0
0
1
0
0
0
0
0
0
0
0
0

0
1
0
0
0
0
0
0
0
0
0
0
0
1
0
0

0
0
0
0
0
0
0
1
0
0
0
0
0
0
0
0

0
0
0
1
0
0
1
0
0
0
1
1
0
1
1
0

1
0
0
0
0
0
0
0
0
0
0
0
0
0
0
0

1
1
0
0
0
0
0
0
0
0
0
0
0
0
0
0

0
0
1
1
0
1
0
0
0
1
0
0
0
0
0
0

1
1
1
1
0
0
0
0
0
0
0
0
0
0
0
0

1
1
1
1
0
1
0
0
0
1
0
0
0
0
0
0

0
0
0
0
0
0
0
0
0
0
0
0
1
0
0
0

0
0
0
1
0
0
0
0
0
0
1
1
0
1
1
0

0
0
1
1
0

1
1
0
0
0
0
0
0
0
0
0
0
0
0
0
0

1
0
0
0
0
0
0
0
0
0
0
1
0
0
0
1

0
0
0
0
0
0
0
0
1
0
0
1
0
0
0
0

0
0
0
0
0
0
0
0
1
0
0
1
0
0
0
0

0
0
0
0
1
0
0
0
0
1
0
0
1
0
1
0

0
0
0
0
1
1
0
0
0
0
0
0
0
0
0
0

0
0
1
1
0
0
0
0
0
0
0
0
0
0
0
1

0
0
0
0
0
0
0
1
0
0
0
0
0
0
0
0

0
0
0
0
0
0
0
1
0
0
0
0
0
0
0
0

1
0
0
0
0
0
0
0
0
0

Table 1: Compatibility matrix for masonry buildings between the collapse mechanisms Mi indicated in Figure 3a
(M16: Other) and the damage to vertical structures Vi (i.e., V1 Diagonal trend lesions in the wall; V2 Diagonal
trend lesions at the upper levels in the wall; V3 Diagonal trend lesions at the cantonal walls; etc) ([1], [2]).

For each building, the collapse mechanisms are detected, and a score is associated to each
compatible damage, in the range [0; 3].
The medium level of damage associated to each collapse mechanism i is estimated as:
(1)
in which:
 Ldij is the level of damage (from 0 to 3) of the damage j in respect to the mechanism i;
 n is the total number of possible collapse mechanisms;
 ki is the number of the observed damages compatible with the mechanism i.
An appropriate calibration of the value is also done exploiting the maximum value of the
scores associated to the compatibilities damage of mechanism i, so the level of damage associated to the mechanism i is:
(2)
in which Ldmax = Max(Ldi).
To each mechanism of collapse is associated a coefficient of importance CI which is proportional to the potentiality of the mechanism to a rapid generation of the collapse of the
building. Aim of its definition is to distinguish local collapse to the global collapse.
So the Pi index, which represents the level of the activation of the mechanism i, is defined
as:
(3)
in which CI is the coefficient of importance of the mechanism (Table 2).
M1
0.50

M2
0.50

M3
1.0

M4
1.0

M5
1.0

M6
1.0

M7
0.50

M8
0.50

M9
0.50

M10
0.50

M11
0.25

M12
0.25

M13
0.25

M14
0.25

M15
0.25

Table 2: Coefficient of importance CI concerning the collapse mechanisms for masonry buildings.
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M16
0.25

The main mechanism of the building is recognized in that which has the greater value of Pi.
The safety index IS is, at the end, defined as the normalization on the maximum possible level
of damage of Pimax:
(4)
3

2009 L'AQUILA EARTHQUAKE CASE STUDY

An application of the procedure is following described. The analyses are based on the survey activities developed by Plinivs Study Centre (University of Naples, Italy) after 2009
L'Aquila earthquake (Italy), on about 250 buildings, located in the historical centre of
L'Aquila city.
With the aim to evaluate the reliability of the procedure, the survey activities in situ have
been performed collecting two forms:
 MEDEA ([1], [2]);
 and AEDES [3], which is the form adopted by Italian Civil Protection, in the postearthquakes structures safety check.
Knowing the mechanisms of collapse and the level of damage of each structure from the
MEDEA forms, the safety index IS is evaluated (Section 2.4) and a comparison with the outcome of safety of AEDES [3] form is done.
The results coming from the procedure are expressed as an on/off information, in which
the possibilities for each buildings are 'safe' or 'unsafe' depending on the value of the index IS.
The graduated information of the AEDES form from A to E is synthesized assigning 'safe' to
judgements 'A' (building safe) and 'B' (building temporarily not safe but safe with emergency
measures) and 'unsafe' to judgments 'C' (building partially not safe), 'D' (building temporarily
not safe – to deepen) and 'E' (building not safe).
The limit value of Is used to define the safety and unsafety of a building was calibrated
from the comparison of the results coming from the AEDES, and in particular it is assumed
equal to 0,40. To support this decision, the Gaussian distribution of the buildings for each
level of damage (Figure 6) shows that assuming this value to separate the outcomes all buildings with a not structural level of damage (D1) are considered 'safe', and on the contrary all
collapsed buildings (D4-D5) are considered 'unsafe'. The outcomes of structures with level of
damage equal to D2 and D3 are variable, but in more that the 50% of the cases are 'unsafe'.
The maps with the results are represented in the Figure 7 and a summary is reported in Table 3.
In the Table 3, the correspondence between the two analyses is shown. The procedures
MEDEA and AEDES furnish the same judgment ('safe') for 211 buildings on 250 (equivalent
to the 85% of the total).
Further results about the analyses on MEDEA’s data are reported in the Figure 8, in which
is represented the buildings distribution and the trend of the average of the IS on the global
level of damage. It’s shown that the greater number of building has a level of damage equal to
D3, and that a smaller number of damage are on D1 and D5. It is also evident that IS grows up
with the level of damage, and that the limit value for the safety is a bit smaller of the average
of Is of the first level representative of the structural damage D2.
The proposed procedure represents a good tool to evaluate the safety of a building. It
evaluates the outcome starting from the cracking patterns of the structures and so goes beyond
a simple quantitative analyses done in AEDES. The differences in the results surely have to
been deepen. They could be depend on the necessity of a better calibration of the limit value
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of IS for the proposed procedure, or on the necessity of attributing more weight to the mechanisms in the AEDES evaluation. It’s also opportune to point out that a technician appointed,
through a simple quantitative procedure of the AEDES form, to declare the safety of a building in doubt tends, for precautionary purposes and in the absence of exhaustive information,
to choose a declaration of unsafety.

Figure 6: Gaussian distribution of the buildings for each level of damage.

Figure 7: 2009 L'Aquila seism. Post-earthquakes structures safety check: comparison between MEDEA and
AEDES procedures.
TOTAL
BUILDINGS
250

SAFE
(A - B)
11

AEDES
UNSAFE
(C - D - E)
239

MEDEA

CORRESPONDANCE

SAFE

UNSAFE

Y

N

28

222

211

39

Table 3: 2009 L'Aquila seism. Post-earthquakes structures safety check: comparison between MEDEA and
AEDES procedures.
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Figure 8: Buildings distribution and the trend of the average of the IS on the global level of damage.

4

CONCLUSIONS

The procedure here illustrated, founded on the logic of MEDEA, constitutes an useful tool
either in the post-event phase, to perform, on the basis of the cracking path and of the potential collapse mechanisms about to be activated, the safety check of the buildings or in “peace
time” the vulnerability assessments, to identify vulnerability factors responsible of potential
activation of collapse mechanisms and to evaluate possible interventions of improvement and
upgrading of the structure response as mitigation measure to reduce the effects of the vulnerability factors, in order to parameterise the expected service life.
The procedure can be also adopted to evaluate the opportunity of maintenance or strengthening interventions according to the damage and vulnerability parameters identified.
Possible correlation between the safety condition of the building and its expectation of life
are derivable either considering standard functions of resistance decay due to lack of maintenance or by seismic intensity return period and expectation of damages for specific building
classes.
Nevertheless, the structure of the procedure allows making also different kind of analyses,
such as the possibility of defining the expected service life of building structures, in order to
integrate LCA (Life Cycle Assessment) and LCC (Life Cycle Costs) studies.
According to this specific point of view, the analysis of observed damages due to past destructive events or potential damages due to vulnerability factors identified are both linked to
the need of reliable information about the expectation of life of structural components in case
of retrofit or refurbishment intervention.
The results can be easily adapted to all countries, with reference to the most recurrent
buildings typologies and materials of the area.
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Abstract
Masonry churches hit by 2016-17 Central Italy seismic sequence confirmed their intrinsic
seismic vulnerability. A detailed report of the damage data collected during the in situ surveys carried out during the emergency phases is presented. The data were recorded by filling
the II level post-earthquake survey form (A-DC) with reference to masonry churches (990
cases). These inspections were coordinated by the Italian Department of Civil Protection
(DPC), the Cultural Heritage Ministry (MiBACT) and the Italian Laboratories University
Network of Seismic Engineering (ReLUIS). The paper is mainly aimed at: a) providing an
overview of the occurred events, b) presenting and discussing the collected database, c) developing Damage Probability Matrices (DPM) for the examined churches, useful for vulnerability analyses.
Keywords: Masonry Churches, Seismic Vulnerability, Risk Mitigation, Cultural Heritage,
Damage Probability Matrix.
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1

INTRODUCTION

Masonry churches represent a wide portion of the Italian cultural heritage. These structures
have proven to be highly vulnerable to dynamic actions. Recent Italian earthquakes, indeed,
emphasized the significant intrinsic vulnerability of such structures, which resulted highly
damaged even for low-intensity earthquakes [1]-[5].
The latest seismic sequence that hit Central Italy produced widespread damages all over
the affected regions (i.e. Lazio, Abruzzo, Umbria and Marche) [6]-[8]. Inspections on buildings located in these regions were carried out immediately after the earthquake in order to perform usability checks. The inspections were conducted under the joint coordination of the
Department of Civil Protection (DPC), the Italian Laboratories University Network of Seismic Engineering (ReLUIS), and the Ministry of Cultural Heritage (MiBACT). Within the inspected damaged buildings, this paper focuses attention on the damages suffered by masonry
churches. It is worth noting, indeed, that only few testimonies on damage observed on
churches after Central Italy seismic sequence can be found in the literature [9]-[12][11] and
that damage classifications are generally based on observations referred to ordinary concrete
and masonry buildings.
A proper form [13] was adopted by the Italian Department of Civil Protection and the Ministry for Cultural Heritage and Activities for damage assessment during the post-earthquake
emergency management. The form considers the possibility of 28 mechanisms to be activated
in a number of macro-elements and a specific level of damage dk, ranging from 0 (no damage)
to 5 (total collapse), can be assigned. The damage registered on churches after 2016-17 seismic sequence was assessed by this form which is, indeed, based on past studies on churches
[1][5]. These studies evidenced the possibility of subdividing the church into macro-elements,
i.e. the façade, the lateral walls, the colonnade, the vaults, the apse, the transept, the dome and
the bell tower. Figure 1 shows examples of the most frequently detected damage mechanisms
on old masonry churches in Central Italy.

a)

b)

c)

d)
e)
f)
Figure 1: Frequently detected damage mechanisms: a) overturning of the façade; b) shear mechanism in the façade; c) transversal vibration of the nave; d) overturning of the apses; e) shear mechanism on the nave lateral walls; f) bell gable damage.
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This paper presents the statistical analysis of data collected in the post-earthquake emergency phases on 990 churches, in order to have useful tools for implementing vulnerability
analyses on churches. The main objective is to identify a representative subset of recurring
typologies of churches found in Central Italy, and to compute Damage Probability Matrices
(DPMs).
2

DESCRIPTION OF THE SEISMIC SEQUENCE AND MACRO-SEISMIC
SURVEYS

2.1

Central Italy seismic sequence

On August 24th 2016 a Mw=6.0 earthquake struck Central Italy causing casualties and significant damages. Its epicentre was located close to the city of Amatrice (lat. 42.70° lon.
13.23°). Successively, numerous shocks were recorded in the surrounding area. The most significant shocks occurred are: Mw=5.9 on October 26th, Mw=6.5 on October 30th and additional
Mw=5.4÷5.5 events that hit this territory on January 18th 2017 in the Campotosto area.
A brief summary of the main events of the central Italy seismic sequence is reported in Table 1.
Seismic Event

Date

Time (UTC)

Lat

Long

MW

[-]

[HH:MM:SS]
01:36:32

[°]
42.70

[°]
13.23

[-]
6.0

2016-2017

1 shock

[YYYY-MM-DD]
2016-08-24

Central Italy

2nd shock

2016-10-26

17:10:36

42.88

13.13

5.4

3 shock

2016-10-26

19:18:05

42.91

13.13

5.9

4th shock

2016-10-30

05:40:17

42.84

13.11

6.5

5 shock

2017-01-18

09:14:09

42.53

13.28

5.5

6th shock

2017-01-18

09:25:23

42.49

13.31

5.4

EQ

st

rd

th

th

Table 1: Main shocks of the Central Italy seismic sequence since August 24 2016 (Data from INGV http://terremoti.ingv.it).

2.2

Macro-seismic surveys

Following each seismic event, macro-seismic field surveys were performed in order to
identify macro-seismic intensity values. The surveys were conducted by the DPC, CNRIGAG and INGV working group [14][16], according to MCS [17] and EMS98 [18] macroseismic intensity scales. The aim of this kind of surveys is to find the different effects in terms
of damages observed on various building classes. Surveys were performed after every main
shock of the seismic sequence (August 2016, October 2016 and January 2017). This means
that the surveys done after 18th January 2017 implicitly took into account the cumulative
damage effects on the examined buildings [[16][17]. Due to the wide extension of the territory
hit by the seismic sequence, several structural typologies were encountered during the inspections, as explained in the following sections.
Based on the technical reports [14][16], a macro-seismic intensity was assigned to each examined church according to both MCS [17] and EMS98 [18] scales. In particular, the maximum macro-seismic intensity registered during the whole seismic sequence prior to the
inspection date of the specific church was considered. Since the intensities assigned to each
church according to the different scales were very alike, in the following the MCS intensity
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scale [17] was chosen as a reference [9]. In Figure 2, the MCS intensity scale map after the
October 30th earthquake is reported.

Figure 2: MCS intensity scale map after the October 30th earthquake (4th shock) [16].

3

COLLECTED DATABASE

A detailed database made of 990 churches inspected by the University of Padova, together
with the University of Naples Federico II and the University of Naples ‘Parthenope’ was constructed. The inspections were located over 14 provinces and 207 municipalities among
Abruzzo (123), Marche (678), Lazio (68) and Umbria (121) regions. Out of the 990 inspections, 47 anomalies were found (ruins, churches already declared unsafe) and, thus, the remaining 943 surveys were considered for the following statistical analyses. These surveys do
not coincide exactly with the examined churches, since 30 churches were inspected twice. In
this framework, the first inspection was only considered, resulting in 913 different churches.
Finally, 24 supplementary inconsistencies were found (i.e., churches that suffered very severe
damages for extremely low value of PGA ≤ 0.1). Since these results are probably attributable
to different sources of damage rather than to the earthquakes, they were excluded from the
database and, thus, the final number of churches used for the following analyses is 889.
Figure 3a) shows the distribution of the churches within the regions. Most churches (68%)
were located in Marche region, which resulted to be the most shocked region during the seismic sequence. Figure 3b) reports the distribution of the churches for MCS [17] macro-seismic
intensity. Correlating the macro-seismic intensity to each church is very useful for subdividing the database in homogeneous areas in order to have a more consistent characterization of
the inspections.
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a)
b)
Figure 3: Distribution of inspected churches for a) regions and b) MCS macro-seismic intensity recorded
[14][16].

3.1

Damage observed

The inspections were performed through the filling of the A-DC survey form [13]. The
most relevant outcomes of the form are the usability outcomes and the damage index. Both
information are required for properly designing provisional interventions. The survey form
provides a formulation for evaluating a global damage index according to Equation (1):

1 k  1 d k
id 
5
n
n

(1)

where n is the number of activated mechanisms and dk is the level of damage recorded for
each mechanism, that varies between 0 and 5.
The damage index id can be transformed into a discrete variable according to the following
six damage levels individuated by the EMS scale [18], as reported in [9]:
D0: no damage
D1: slight damage
D2: moderate damage
D3: heavy damage
D4: very heavy damage
D5: collapse
The correlation between the damage index and the level of damage is reported in Table 2.
Level of damage dk
id

D0
0
0÷0.1

D1
1
0.1÷0.25

D2
2
0.25÷0.4

D3
3
0.4÷0.6

D4
4
0.6÷0.8

D5
5
0.8÷1

Table 2: Correlation between level of damage dk and damage index id.

Figure 4 shows the correlation between the damage index id, as representative of the damages suffered by each structures, transformed into a discrete variable through the correlation
of Table 2, and the macro-seismic intensity IMCS, registered at each church location. This is a
direct comparison between the damage observed and the seismic input. It can be noted that for
increasing values of macro-seismic intensity the damage increases. For IMCS ≥ VIII about 50%
of churches present damage index higher than 0.4.
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The A-DC survey form [13] also provides the possibility of assigning a usability outcome
to each examined structure. Figure 5 clearly highlights that for an increasing value of seismic
input (i.e. IMCS ≥ VII) there is a substantial increase of unsafe conditions (more than 70% of
the sample). Nevertheless, unsafe conditions were observed also for low values of macroseismic intensity (45% for IMCS = VI, 20% for IMCS ≤ V). This could be due to the fact that is
more complex to describe a proper correlation between the seismic input and the usability
outcome, depending on both the vulnerability of the building and the ground motion characteristics. It is worth noting that the vulnerability of the building could also be related to already existing maintenance problem not directly connected with the seismic event.

Figure 4: Correlation between the damage index and the macro-seismic intensity recorded.

Figure 5: Usability outcomes for different intervals of macro-seismic intensity.

A further study on the possible and activated mechanisms was carried out, as reported in
Figure 6. The considered mechanisms are the ones reported in the A-DC survey form.
Figure 6 shows that for the examined database of churches there is a very high possibility
of activation for the façade (M1-M2-M3), nave (M5-M6-M8) arches (M13), apses (M16M17-M18), roof (M19-M21), chapels (M25) and bell tower (M26-M27-M28). The possibility
of a mechanism to be activated depends on the presence of the macro-element in the church.
For this reason it is more useful to analyse the activated mechanisms, i.e. the mechanisms that
were characterized by damage level higher than 0. The highest probability of activation was
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encountered for the shear mechanisms of façade and nave lateral walls (M3 and M6). Those
macro-elements result to be the most vulnerable to the seismic actions. Conversely, the less
frequent mechanisms were porch and narthex (M4), vaults of the lateral naves (M9), transept
mechanisms (M10- M11- M12), collapse of the dome and the tiburio and of the lantern (M14 and M15)
and hammering and damage in the transept roof (M20). Figure 7 reports some of the most recur-

rent façade mechanisms found on central Italy churches.

Figure 6: Possible and activated local mechanisms of collapse for the inspected churches.

a)

b)

d)
c)
Figure 7: Façade mechanisms: a) façade overturning in Tempietto Monumentale dell’Assunta church (Ascoli
Piceno); b) gable overturning in San Flaviano and San Lorenzo church (Collespada, Accumoli); shear mecha-
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nism in the façade of c) SS Cosma and Damiano church (Mozzano, Ascoli Piceno) and d) San Lorenzo church
(Cesaventre, Accumoli).
Figure 8

shows further frequent mechanisms found in churches.

a)

b)

c)

d)

f)
e)
Figure 8: Transversal vibration of the nave and shear mechanism on the nave lateral walls in: a) San Bartolomeo
(Fonte del campo, Accumoli) and b) San Lorenzo (Cesaventre, Accumoli) churches; c) mechanism in the triumphal arches in Tempietto Monumentale dell’Assunta (Ascoli Piceno); d) shear failure of the apses and presbytery
walls in San Bartolomeo (Fonte del campo, Accumoli) church; overturning of the apses in e) San Lorenzo (Cesaventre, Accumoli) and f) San Bartolomeo (Fonte del campo, Accumoli) churches; global collapse of the bell
tower of San Bartolomeo (Fonte del campo, Accumoli) church.

3.2

Typological analysis

A detailed analysis on the church typologies was also performed in order to individuate the
most significant ad recurrent ones. The first subdivision of the database was made according
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to the plan shape of the churches. The seven types of plan shape reported in Table 3 were considered. Most churches from central Italy are characterized by one-nave, with or without apse
and/or transept (i.e. type 1, 2 and 3 which totally represent the 71.2% of the whole database).
Church typologies

1 Nave churches

3 Nave churches

Circular plan

1
2
3
4
5
6
7
Not available
Total

320
313
42
13
26
38
12
125
889

36%
35.2%
4.7%
1.5%
2.9%
4.3%
1.3%
14.1%
100%

Table 3: Plan shape distribution

The tower bell typology, the façade and the masonry type were also taken into account for
individuating the most recurrent typologies. Four types of façade were identified: triangular,
gabled, quadrangular/rectangular and polygonal. Most churches are characterized by a triangular façade (57.3%), as reported in Figure 9a),b). A gabled façade is reported in Figure 9c).

b)
c)
a)
Figure 9: Statistical distribution of a) façade type: b) San rocco church (San Severino Marche) triangular façade;
c) San Filippo neri church (Camerino) gabled façade.

About the bell tower, on almost a half of the inspected churches the presence of a bell gable was found (43%), while for the 51% of the database the bell tower was present and integrated in different parts of the church (Figure 10).
Finally, most churches were characterized by stone masonry (376 churches out of 889), as
shown in Figure 11.
It can be concluded the most common church in Central Italy is characterized by one-nave
(plan shape 1 or 2), with or without apse, a simple triangular façade, a bell gable and made of
stone masonry. The identification of a typical church allows the analysis of a more homoge-
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nous dataset, which provides more reliable vulnerability results. For this reason, the following
analysis will be presented for the subset made of one-nave churches (633 out of 889).

b)
c)
d)
a)
Figure 10: Statistical distribution of a) bell tower type: b) San Paolo church (Sefro) bell gable; b) San Lorenzo
church (Viterbo) isolated bell tower; c) San Francesco church (Ascoli Piceno) integrated bell tower.

b)
c)
a)
Figure 11: Statistical distribution of a) masonry type: a) Abbazia SS Benedetto and Mauro (Monsanpolo del
Tronto, AP) brick masonry church; c) Santa Maria Assunta (Frunti, AP) stone masonry church.

4

DAMAGE PROBABILITY MATRICES (DPMS)

Damage Probability Matrices (DPMs) were computed for the subset of one-nave churches.
DPMs are an efficient tool for performing reliable vulnerability analysis [19]-[23]. Through
the DPMs it is possible, indeed, to obtain a correlation between the seismic input and the
damage observed during the inspections. In order to have homogeneous categories of damaged churches, the database of 633 churches was divided according to four intervals of macroseismic intensity. The first group (IMCS ≤ V) counts 360 churches, the second group
(IMCS = VI) counts 112 churches, the third group (IMCS = VII) counts 41 churches while the
last group (IMCS ≥ VIII) counts 93 churches. The statistical elaboration about the observed
damage level dk allowed to obtain the DPMs reported in Figure 12, which shows the percentage of occurrence of a certain damage level for a fixed intensity value. The DPMs were also
compared to a binomial distribution, since past studies [9],[24]-[26] showed that it is representative of the distributions obtained from the statistical analysis of damages. The binomial
law is reported in Equation (2):
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pk 

5!
k
1  idm 5 k
idm
k ! 5  k !

(2)

where pk is the probability of having a k-level damage (k = 0, 1, 2, 3, 4, 5) and idm is the mean
damage index for each homogeneous group of macro-seismic intensity. According to Figure
12, the binomial law seems to be well representative of the damage distribution.
IMCS ≤ V

60%

IMCS =VI

45%

Data
Binomial law

Data

40%

Binomial law

50%

35%
30%

Churches

Churches

40%

30%

20%

25%
20%
15%
10%

10%

5%
0%
0

1

2

3

4

0%

5

0

1

2

Damage level

a)

4

5

b)
IMCS ≥ VIII

IMCS = VII

45%

3

Damage level

40%

Data

40%

Binomial law

Data
Binomial law

35%

35%

30%

30%

Churches

Churches

25%

25%
20%

20%
15%

15%

10%

10%

5%

5%

0%

0%
0

1

2

3

4

0

5

1

2

3

4

5

Damage level

Damage level

c)
d)
Figure 12: DPMs according to different intervals of MCS macro-seismic intensity.

It is important to note that churches characterized by a low macro-seismic intensity
(IMCS ≤ V), suffered low damage (damage level D1-D3). On the other hand, for higher macroseismic intensities, the percentage of more severe damage (D4-D5) significantly increases to
about 50% for churches with IMCS ≥ VIII.
5

CONCLUSIONS

The 2016-17 Central Italy seismic sequence caused numerous damages to the masonry
churches located in the four hit regions (Abruzzo, Lazio, Marche, and Umbria). This paper
presents some statistical analyses about the damage distribution in a collected database made
of 889 churches, which were inspected during the immediate emergency phases following
each earthquake.
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The seismic events causing damages were examined according to a quantitative approach
in terms of macro-seismic intensities based on the MCS scale. Damages were recorded by
means of the A-DC survey form and were synthesized by a global damage index. Both damage index and usability outcomes were analysed in function of the recorded macro-seismic
intensities. Despite some exceptions, the results showed that safe cases decrease for increasing seismic actions. Nevertheless, it is important also to take into account the previous building safety conditions for assessing the correct seismic vulnerability of the church.
The analysis of the mechanisms evidenced that the most activated ones are M3 and M6, referred to Figure 6.
Successively, a typological description of the inspected churches was performed with reference to: plan shape, tower bell typology, façade and masonry type. The statistic analysis
shows that the typical church of central Italy is characterized by one-nave plan, made of stone
masonry, with or without apse, a simple triangular façade, a bell gable. For a reduced database
only including one-nave churches, Damage Probability Matrices were also produced. The relationship between the observed damage and the seismic action in terms of macro-seismic intensity showed that churches characterized by a low macro-seismic intensity suffered low
damage (damage level D1-D3), while for higher macro-seismic intensities more severe damage (D4-D5) was observed.
The computation of DPMs is an essential tool for setting up fragility curves for a homogeneous class of churches, which will be further investigated, in order to define the best strategies for interventions.
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Abstract
Among natural hazards, earthquakes are certainly paramount due to the lack of possibility to
predict their occurrence, and due to their impact on civil structures in terms of social consequences, direct monetary losses, loss in functionality, and risk of casualties. The analysis of
damage data in literature highlights the key role played by damage to non-structural components, namely, infills and partitions, in Reinforced Concrete (RC) Moment Resisting Frames
(MRF). Therefore, the use of simplified methods leading to the definition of repair costs, fatalties, and repair time due to earthquake, reproducing the influence of infills on the global
behaviour of RC frames, is very attractive for insurance and risk management strategies.
Among them, recent proposals allow determining damage and losses to individual structural
and non-structural components by using fragility and consequence functions.
In present work, a simplified mechanical method – PushOver on Shear Type models (POST) –
for seismic vulnerability assessment of infilled RC buildings is used to determine repair costs
of a dataset of lightly damaged residential buildings subjected to the April 6th, 2009 L’Aquila
earthquake. To this end, the inter-story drift ratio (IDR) capacity at given damage states
(DSs) and the cost functions reported in the most recent literature for infill panels are used to
determine repair costs, starting from the nonlinear response history analyses of buildings
evaluated according to POST methodology.
The considered database is constituted by Moment Resisting Frame (MRF) residential RC
buildings located in the Abruzzi region that after the 2009 earthquake have been charged to
post-earthquake usability assessment procedure and characterized exclusively by damage to
infill panels. In such a way, the evaluation of repair costs can be made by neglecting the contribution due to repair activity to other structural components (namely vertical structures,
horizontal structures, stairs, roofs).
Keywords: RC buildings; Mechanical prediction; Seismic fragility; Damage States; Postearthquake Repair Costs.
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1

INTRODUCTION

Among natural hazards, earthquakes are certainly paramount due to the lack of possibility
to predict their occurrence, and due to their impact on civil structures in terms of social consequences, direct monetary losses, loss in functionality, and risk of casualties. Several studies
from literature in last years have been focused on applications based on the PerformanceBased Earthquake Engineering (PBEE) ([8], [9]) to develop tools and methodologies for
seismic performance assessment of buildings in case of seismic events. As well known, in
PBEE framework, seismic performance can be expressed as the probable values of key performance measures, such as casualties, repair costs, and occupancy loss [10], which can be
estimated through the application of the total probability theorem as in Eq. (1):
Performance=    P  PM|DS P  DS|EDP  P  EDP|IM  P IM  dDS  dEDP  dIM

(1)

where:
− PM is the value of a performance measure, e.g., repair cost, given the occurrence of a
particular damage state (DS);
− EDP, engineering demand parameter, is the value of a structural response quantity,
which may be a local or a global parameter, given an intensity measure (IM) of ground
motion;
− The hazard analysis term, P[IM], refers to the probability density of IM;
− The structural analysis term, P[EDP|IM], refers to the conditional probability density of
EDP given the event of IM=im;
− The damage analysis term, P[DS|EDP], refers to the conditional probability density of
DS given the event of EDP=edp - often represented by a set fragility functions for structural and non-structural components;
− Finally, the Loss Analysis term, P[PM|DS], refers to the conditional probability density
of PM given the event of DS=ds.
The structural analysis, the damage analysis and the loss analysis terms are the focus of
this study, specifically for infill components made up of hollow clay bricks in reinforced concrete (RC) frames. The analysis of damage data in [11] and [3] highlights the key role played
by damage to non-structural components, namely, infills and partitions, in Reinforced Concrete (RC) Moment Resisting Frames (MRF). Therefore, the seismic performance assessment
of infilled RC frames – a very widespread constructive solution, especially in Mediterranean
area – needs to take into account also infills to estimate expected seismic performance properly. The use of simplified methods leading to the definition of repair costs, fatalities, and repair
time due to earthquake, reproducing the influence of infills on the global behaviour of RC
frames, is very attractive for insurance and risk management strategies. Among them, the
ATC (2012) [1] simplified seismic performance assessment methodology has been developed
by the US Federal Emergency Management Agency (FEMA). This methodology, starting
from nonlinear response history analyses of buildings, allows determining damage and losses
to individual structural and non-structural components by means of fragility and consequence
functions for each structural and non-structural component of the building.
In this work, a simplified mechanical method – PushOver on Shear Type models (POST)
([2], [3], [4], [5]) – for seismic vulnerability assessment of infilled RC building is used to determine repair costs of a dataset of “lightly” damaged residential buildings subjected to the
April 6th, 2009 L’Aquila earthquake. More in details, “lightly” damaged buildings are defined
herein as those buildings where only damage to masonry infills occurred after L’Aquila earth-
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quake. To this end, the inter-story drift ratio (IDR) capacity at given damage states (DSs) and
the cost functions reported in Del Gaudio et al. [6] for infill panels are used to determine repair costs, starting from the nonlinear response history analyses of buildings evaluated according to “POST” methodology.
The considered database is constituted by Moment Resisting Frame (MRF) residential RC
buildings located in the Abruzzi region that after the 2009 earthquake have been charged to
post-earthquake usability assessment procedure [7] and characterized exclusively by damage
to infill panels. In such a way, the evaluation of repair costs can be made neglecting the contribution due to repair activity to other structural components (namely vertical structures, horizontal structures, stairs, roofs). Predicted costs are lastly compared with the costs obtained
from the “observed” damage scenario, as explained in the following Sections.
OBSERVED DAMAGE AFTER L’AQUILA 2009 EARTHQUAKE

2

In this work the attention is focused on the L’Aquila 2009 seismic event, whose main characteristic are briefly described in Section 2.1. More detailed information can be found in [5]
After this event, a very extensive post-earthquake survey was performed to evaluate the
produced damage to residential buildings and to judge about the usability of those buildings,
as recalled in Section 2.2. Thanks to this data collection, a subset of buildings has been investigated herein as explained in Section 2.2, to obtain an “observed” damage scenario (Section
2.3) allowing in the end to obtain the post-earthquake repair costs due to infills, the main aim
of this work.
2.1

Seismic input characterization

On April 6th, 2009, an earthquake of magnitude Mw = 6.3 struck the Abruzzo region, killing 308 people. The area near the epicentre, in the neighbourhood of L’Aquila Municipality,
was seriously damaged, resulting in a IX–X grade of MCS (Mercalli–Cancani–Sieberg) macro-seismic scale. The related ShakeMap in terms of Peak Ground Acceleration (PGA) and
spectral ordinates (PSA) (for periods of vibration, T, equal to 0.3, 1 and 3 sec) can be derived
by means of the Italian National Institute of Geophysics and Volcanology (INGV) procedure
[12]. The ShakeMap in terms of PGA is used in this work and shown in Figure 1. The map is
derived by means of the software package ShakeMap® using different Ground Motion Prediction Equations and the signals registered by Italian Strong Motion Network (Rete Accelerometrica Nazionale, RAN) and by the Italian National Seismic Network (RSN).

Figure 1: ShakeMap in terms of PGA derived by the Italian National Institute of Geophysics and Volcanology
(INGV)
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2.2

Analysed subset of lightly damaged buildings

The database of buildings investigated in this work is made up of Moment Resisting Frame
(MRF) residential RC buildings located in the Abruzzi region that after the 2009 earthquake
have been charged to post-earthquake usability assessment procedure. This post-earthquake
usability assessment procedure results in the collection of data related to Damage (D) severity
(“Null”; “D1: Slight”, “D2-D3: Medium-Severe”, “D4-D5: Very heavy”) and extent (<1/3,
1/3-2/3, >2/3) about a given building, reported in the so-called AeDES (Agibilità e Danno
nell’Emergenza Sismica, Usability and Damage in Post-Earthquake Emergency) form [7].
Considered damage could affect vertical structures, floors, stairs, roofs, infills, or can be preexisting damage. An extract of this form is reported in Figure 2.
More in details, only buildings characterized exclusively by damage to infill panels are
considered, since the aim of this work is the evaluation of repair costs due to infills in RC
buildings, neglecting the contribution due to repair activity to other structural components
(namely vertical structures, horizontal structures, stairs, roofs). Therefore, only buildings for
which the AeDES form reported damage to exterior infills and interior partitions and “Null”
damage to all the other structural components are considered for the following analyses (see
blue box in Figure 2). These buildings are defined herein as “lightly damaged buildings”. The
resulting database is composed by 5095 RC buildings. The related frequency distribution of
number of stories, year of construction, plan Area (A) and suffered PGA are reported in Figure 3.

✔
✔
✔
✔
✔
Figure 2: Damage description according to AeDES forms and analysed damage.

2.3

Observed damage

Based on data described in the previous section, the observed damage scenario is obtained
and shown in this Section. To obtain such a damage scenario some assumptions are necessary,
particularly related to the damage metric definition specifically for infill panels.
In the past years, some authors proposed the definitions of different Damage States (DSs)
through the observation about the extent and severity of cracking patterns on the panels or
about the failure of brick units. Some others also relate such damage levels to the attainment
of the peak strength of the infilled frame or the achievement of given strength decay thresholds. Typically, three or four DSs have been defined in literature, corresponding, respectively,
to (i) the onset of cracking and first detachment between infill panel and surrounding RC
frame, (ii) the widening of previous damage pattern, (iii) the crushing and spalling of a considerably portion of brick units and (iv) the partial/total collapse of the panel.
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Figure 3: Frequency distribution of number of stories, year of construction, plan area (A), and PGA suffered during L’Aquila 2009 earthquake for the analysed subset of buildings.

European Macroseismic Scale (EMS-98) [25], first, proposes three DSs specifically for infill panels in RC frames, as a function of a qualitative description of damage (see Table 1):
fine cracks (DS1), large cracks (DS1), collapse (DS3). DS4 and DS5 are also defined in the
EMS-98 scale, but they are basically related to damage suffered by RC members (for RC
buildings). Therefore, due to the scope of the present work, these two DSs will be neglected in
the following. Similarly to EMS-98, AeDES survey forms [7], defines three DSs reporting a
more accurate and detailed damage description with a quantitative indication of crack widening for each one. A certain degree of correlation can be found between these two damage
scales, thus assuming the correspondence synthetically reported in Table 1.
Starting from the damage metric reported in Table 1, the collected buildings with damage
to infills can be classified in DS1, DS2, or, DS3, depending on the information reported on
the related AeDES form. The resulting “observed” damage scenario is shown in Figure 4, reporting the number of buildings in each considered DS, where the DS of the whole building is
assumed as the maximum observed damage level identified in the AeDES form for that building. In summary, 2406 buildings present no damage to infills and partitions (and no damage
to vertical structures, roofs, stairs, etc.). A total of 1943 buildings fall down damage level DS1,
555 are in DS2, and a smaller portion (191 buildings) presents a damage level DS3.
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EMS-98

OBSERVED: AeDES form
D0 - Null Damage

DS0 No Damage
DS1

Negligible to
Slight damage: Fine cracks in partitions and infills.

DS2 Moderate damage: Cracks in partition and infill walls

DS3

Substantial to Heavy damage: Large cracks in partition and
infill walls, failure of individual infill panels

D1: Slight

D2-D3: Medium - Severe

D4-D5: Very Heavy

<1/3
1/3 – 2/3
>2/3
<1/3
1/3 – 2/3
>2/3
<1/3
1/3 – 2/3
>2/3

Table 1: Correspondence of damage level according to EMS-98 and AeDES form.

For each building, the maximum damage level shown in Figure 4 can be attained with different damage extent, as shown in Figure 2 and Table 1. Together with such a maximum
damage level, with its extent, a less severe damage - distributed in other parts/stories of the
buildings – can (co)exist. The information about this “co-existing damage” is shown in Figure
5, depending on the maximum achieved damage level with its extent. First, obviously, a given
the maximum achieved damage level DSj can co-exist only with DSi with i < j.
For all buildings with maximum DS1 (1943 buildings), different damage extent can be present; their complement to the unity is assumed to be in DS0. About buildings with maximum
damage level DS2 (555 buildings), a certain extent of a less severe damage (DS1) or not damaged portion of the whole building (DS0) can be present, as shown in Figure 5. Similarly, for
buildings with a maximum damage level equal to DS3, for which portion of the building with
a damage level DS0, DS1 or DS2 can be present. Such information should be considered for a
realistic repair cost estimation, as explained in Section 3.

Figure 4: Resulting “observed” damage scenario.
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Figure 5: “Coexisting” damage given the maximum damage level.

3

REPAIR COST ESTIMATION DUE TO INFILLS FROM OBSERVED DAMAGE

The repair cost estimation performed herein belongs to the “component-level” loss predictions [13]. Only repair costs due to infills are analysed and presented, to show their percentage
incidence on the total repair costs – generally assumed as predominant in literature – and to
provide a lower bound for the actual repair costs for infilled RC buildings. More in details, the
repair costs estimation provided in this section is directly derived from the “observed” damage scenario reported and commented in the previous section, as explained in the following.
First, a list of considered macro-activities has to be fixed, determining the main operations
in repairing a single infill panel damaged during a seismic event, as reported in Table 2.
Each group of activity – from a) to g) – is made of a list of elementary actions, established
on engineering judgement to restore the infill panel to its undamaged state, according to [6] in
which the corresponding unit cost, (cj), have been evaluated from the Price List of Public
Works in Abruzzi Region [14]. Then, summing up the product of the unit cost (cj) and the area of intervention (Aj,DSi) for all the activity groups, the total cost of restoration CTOT
DSi of an
infill panel damaged during a seismic event for a given damage state can be evaluated (see [6])
as reported in Eq. (1):
CTOT
DSi =

a,b,c,d,e,f,g



c j A j,DSi

(1)

j

Note that [6] reported the repair costs related to four conditions: the first was related to
light cracking damage pattern, the second to the extensive cracking damage pattern, the third
was assumed as the “economically convenience” limit to repair without demolish/reconstruct,
and the fourth as corresponding to the total infill collapse/failure condition. Therefore, the
cost related to the light cracking damage pattern has been used for DS1, that related to extensive cracking damage pattern for DS2, that related to the “economically convenience” limit to
repair without demolish/reconstruct is neglected in what follows, and the one related the total
infill collapse/failure condition has been used herein to determine the repair cost of buildings
characterized by the DS3 according to the definition of EMS-98 (see Table 1).
Hence, CTOT
DSi has been evaluated in [6] for three panel typologies (solid-, with window and
door opening-), following a Monte Carlo simulation technique, considering a number of
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N=1000 realization varying the length dimension of the infill panel, Lw, from 4.00m to 5.00m
and assuming the height equal to Hw=2.75m. It is assumed herein that the clay infill panel can
be realized by using a double leaf cavity masonry wall with (hollow + hollow) panel, constituted by (12×25×25)cm hollow clay brick (void percentage > 55%) for exterior leaf and
(8×25×25)cm hollow clay brick (void percentage > 55%) for interior leaf, with thermal insulation, generally widespread in L’Aquila region [15]. Openings are assumed as constituted by
wood frames with plan dimensions of (1.20×2.20)m2 or (0.90×1.50)m2, respectively, for door
or window opening. As a result, CTOT
DSi for each panel typology at DSi (i=1,…,3) are reported
in Table 3.
Note that values in Table 3 can be considered as expected (mean) values of economic losses for restoring a damaged infill partition after an earthquake. A dispersion value around them
may be considered due to variability related to different professional practices or to different
unit costs in different geographical areas or considering uncertainty in contractor pricing
strategies. However, this aspect is not investigated in the present work.
The above reported remarks, and resulting data reported in Table 2, are related to exterior
infill panels, namely to infills belonging to the external skin of the building. To obtain a realistic repair cost prediction for a whole building, also the interior partitions should be considered. Therefore, some hypotheses are assumed herein to evaluate the repair cost of interior
infill partition with cement mortar and (8×25×25)cm hollow clay bricks, starting from the
costs obtained for the corresponding (hollow+hollow) double leaf exterior infill panel. Such
assumptions and their results are summarized in Table 4, where the activities to be subtracted/added to the total cost of exterior infills are listed and quantified. Additionally, the equivalent length of interior infill panels (Lint,x and Lint,y) along the two main orthogonal directions
(x and y) is determined by assuming that the geometric percentage of interior infills (with
thickness sw,int) was equal to the 50% [4] of the geometric percentage of exterior infills (with
thickness sw,ext), as shown in Eq.s (2) and (3):
s w,int ( Lint,x ) =0.5 s w,ext (2L x )  → Lint,x =

(

)

s w,int Lint,y =0.5 s w,ext (2L y )  → Lint,y =

s w,ext
s w,int
s w,ext
s w,int

Lx

(2)

Ly

(3)

where s w,int =80mm and s w,ext is assumed to be 200 mm. As a consequence, the ratio between
Lint,x and Lint,y results coherent with the plan aspect ratio (PR = Lx/Ly).
The total repair cost estimation due to infills in a RC building obviously starts from the
above described repair costs related to a single infill panel, but additionally requires the definition of some Random Variables (RVs) to identify the complete configuration of the damaged infills throughout the whole building. The necessary RVs, assumed here with uniform
probability density functions, are listed below:
− Plan Area (A), assumed as a continuous RV within the ranges presented in Figure 3;
− Plan aspect Ratio (PR), assumed as a continuous RV within the range [1; 2.5] (according to [5]);
− Damage Extent (DE), assumed as a continuous RV within the ranges [0; 1/3[, [1/3; 2/3[,
[2/3; 1] (as in the AeDES form);
− Presence of Opening (OP), assumed as a discrete RV among the cases “no opening”,
“window”, “door”.
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Table 2. Unit cost and extension of repair areas for assumed elementary actions according to Price List for Public
Works in Abruzzi Region, Italy (2017) [14] – adapted from [6].
Activity
group
a) Preliminary
operations

b) Demolition
activities

c) Construction
activities

d) Finishings

e) Windows or
door frame
installation

f) Landfill

g) Technical
cost

Elementary actions
Install scaffolding with steel
scaffolding and multidirectional ringlock rosettes
[…].
1. Demolition of single leaf
masonry brick with mechanical equipment
2. Render or plaster removal
up to 5 cm thick (including
surface brushing of affected
area)
1. Construction of infill panels:
i. Construction of double
leaf cavity masonry wall
(12×25×25 hollow clay
brick for exterior leaf and
8×25×25hollow clay brick
for interior leaf)
2. Cavity thermal insulation
with Glass mineral wool
1. Coat rendering or plastering
(3 layers) with cement mortar
2. Water-based primer application
3. Coating painting (3 layers)
for each side with waterbased paints
1. Installation of new or old
window or door opening
i. Installation of new window or door opening with
solid wood frame with
douglas […]
ii. Installation of old window
or door opening with solid
wood frame, glazing and
rolling shutter
2. Removal of solid wood
frame, box and roller shutter
1. Landfill transportion

Unit

Unit
cost
(cj)

Aj,DS1

Aj,DS2

Aj,DS3

€/m2

25.72

(Hw×Lw)

(Hw×Lw)

(Hw×Lw)

€/m2

13.84

-

10%( Hw×Lw)

(Hw×Lw)

€/m2

8.58

(0.20m)×d

30%( Hw×Lw)

(Hw×Lw)

€/m2

72.58
-

10%( Hw×Lw)

(Hw×Lw)

€/m2

22.78

€/m2

23.86

(0.20m)×d

(30+10)%
(Hw×Lw)

(Hw×Lw)

€/m2

2.53

(Hw×Lw)

(Hw×Lw)

(Hw×Lw)

€/m2

13.19

(Hw×Lw)

(Hw×Lw)

(Hw×Lw)

€/m2

542.6

-

-

(Hop×Lop)*

€/m2

62.36

-

-

-

€/m2

34.12

-

-

(Hop×Lop)*

€/m

26.24
(0.20m) × d ×
(0.10m)

30%(Hw×Lw)
×(0.10m)
+
10%(Hw×Lw)
**
×(s +0.10m)

(Hw×Lw)×
(s+0.10m)

3

2. Landfill disposal*

€/t

15.18

Technical cost

%

8.00

a ,b ,c , d ,e, f 

a ,b,c ,d ,e, f 

a ,b,c ,d ,e, f 

j

j

j

 c j A j , DS1

 c j A j , DS 2

 c j A j , DS 4

*“Hop” and “Lop” are the height and length of the opening, respectively
** s = infill thickness

solid panel
panel with window
panel with door

CTOTDS1
(€/m2)
77.0
73.0
69.2

CTOTDS2
(€/m2)
105.3
101.3
97.4
TOT

Table 3: Repair costs ( CDSi ) for double leaf hollow clay bricks.
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CTOTDS3
(€/m2)
285.8
331.4
374.9
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add

subtract

(hollow + hollow) solid panel exterior infill
scaffolding with steel scaffolding and
multi-directional ringlock rosettes, with Fiberglass Monofilament Netting for
scaffolding enclosure
Demolition of single leaf masonry brick
with mechanical equipment
Construction of double leaf cavity masonry wall (12×25×25) cm hollow clay
brick for exterior leaf
and (8×25×25) cm hollow clay brick for interior leaf
Interior infill partition with cement mortar and
(8x25x25) cm hollow clay bricks

CTOTDS1
(€/m2)
77

CTOTDS2
(€/m2)
105.3

CTOTDS3
(€/m2)
285.8

25.7

25.7

25.7

-

1.4

13.8

-

7.3

72.6

-

2.6

26.3

Costs for interior partition with hollow clay brick
51.3
73.5
199.9
Table 4: Definition of the repair cost for interior infill partitions starting from the costs of exterior infills.

Therefore, for each building belonging to the collected database, starting from its own A
range and DE extent range from the related AeDES form, 1000 random samples are generated
in a Monte Carlo simulation approach, thus assuming Aj, PRj, DEj, OPj with j = 1,…,1000.
Then, the following cascading quantities can be defined for each sample j:
− Longitudinal (Lxj) and Transversal (Lyj) plan length: Lxj = Aj / PRj; Lyj = Aj / Lxj;
− Exposed infills area (S): Plan perimeter (P) × Building height (H) (the latter defined as
the number of stories (ns) multiplied by the inter-story height, h, assumed equal to 3
meters); namely, Sj = Pj × H = 2(Lxj + Lyj) × ns × 3m;
− Damaged infills area at DSi (SDSij): Exposed infills area × Damage extent at the damage
level DSi, namely, SDSij = Sj × DEij;
− Repair cost at a given DSi (RCDSij): Damaged infills area at DSi × Repair cost at that
DSi, namely, RCDSij = SDSij × CTOTDSi;
− Total repair cost TRC, as the sum of RCDSi, for i = 1,…,3 averaging among all the jth
simulations.
The result of this procedure is shown in Figure 6, in terms of TRC per plan area unit in Euro (€)/m2 and depending on the maximum observed DS. Median, 16th and 84th percentiles are
shown in Figure 6 for each maximum DS, and reported in Table 5. This repair cost estimation
obtained from observed damage will be compared with the predicted repair cost estimation
obtained from a mechanical-based predicted damage scenario, as explained in the following
sections.

Figure 6: Repair cost estimation due to infills from observed damage.
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TRC (€/m2)
DS1
DS2
DS3

4

Median
16th percentile
29.6
9.5
77.4
27.7
202.7
77.1
Table 5: Median, 16th and 84th percentiles for TRC.

84th percentile
61.3
139.2
378.5

DESCRIPTION OF THE “POST” METHODOLOGY

In this work, a component-based approach for the definition of repair costs due to earthquake starting from the pushover analysis performed trough the simplified mechanical method
POST (([2]-[5])) (PushOver on Shear Type models) is shown. The original POST methodology has already been presented in previous studies for urban-scale seismic vulnerability and
fragility assessments, both applied at single building level ([2]-[4], [16]) and at class-oriented
level [5]. The main assumption of this methodology is represented by the shear-type behaviour of the analysed building. On the other hand, this assumption allows obtaining a closedform pushover curve of the building, strongly reducing the computational burden required
when a high number of analyses is necessary, as for large-scale vulnerability assessment applications. The approach, used herein for a subset of 5095 RC buildings damaged only to infill panels/partitions after L’Aquila 2009 earthquake, allows to determine repair costs to nonstructural components from static non-linear response of buildings as a function of capacity
thresholds and loss functions derived specifically for infills made up of hollow clay bricks in
Del Gaudio et al. [6].
The POST methodology is firstly used to determine the structural model of the building
through a simulated design procedure in compliance with design code prescriptions and professional practice, considering both gravitational or seismic design procedure as a function of
the seismic classification of the site in force at that time (for further details see [17]). Then,
the first mode-proportional non-linear static response of the building via static pushover analysis is obtained in closed-form considering (i) a tri-linear behaviour curve for RC columns,
with two linear ascending branches up to yielding and perfectly plastic thereafter, and (ii) a
four branches behaviour curve for infills, with the first two linear ascending branches, one
linear descending and one residual plastic branches. The moment and chord rotation at yielding for RC columns are determined through the formulations proposed by [18]. On the other
hand, being the model proposed by [19] the most suitable to describe the experimental behaviour of infills with horizontal hollow clay bricks subjected to lateral loading [20], it is used to
describe the nonlinear envelope response curve of infill panels. The influence of the openings
on lateral force-displacement relationship, with different configurations, is also evaluated according to the modifying behaviour parameters reported in [21]. Finally, the Approximate Incremental Dynamic Analysis (IDA) curve of the multi-linearized capacity curve of the
equivalent Single-Degree-of-Freedom (SDoF) system is derived from the SPO2IDA tool [22].
A Monte Carlo simulation procedure is fulfilled, generating a “virtual population” of buildings with input parameters sampled from statistical distributions properly defined. In this
study, these “virtual population” are generated to represent a class of buildings, defined as a
function of number of storeys, and such that the remaining geometrical-typological parameters (plan surface and age of construction) are extracted from statistical distributions such to
reproduce the marginal distribution and the joint distribution with the number of storey collected from the surveys of the 5095 RC buildings making use of the “simulated annealing”
method [23].
The random variables considered in this study belong to the following types (for further
details see [5]):
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− Geometrical-typological characteristics: number of storeys, age of construction,
building area;
− Material properties: compressive strength of concrete, steel yield strength and infill
material characteristics;
− Modelling parameters: Uncertainties in modelling are taken into account for the
non-linear behaviour of both RC columns and infill panels.
− Displacement thresholds: The parameters of distribution functions for infill panels
and are evaluated according to the empirical capacity models of [6], as reported in
Table 6;
− Spectral shape: The uncertainty in spectral shape is analysed based on INGV
ShakeMap data, providing spectral pseudo-acceleration values at T = {0.0; 0.3; 1.0;
3.0}sec for the sites where each building is located. The associated Newmark–Hall
elastic pseudo-acceleration spectra are determined according to [24], as done in [4].
In such a way, 5095 elastic spectra are obtained; hence, for each run of the Monte
Carlo simulation procedure, a spectrum (defining a spectral shape) is sampled out
from this set.
− Record-to-record variability: Uncertainty related to seismic ground motion is considered according to [22], which allows determining—when approximate IDAs are
evaluated—also 16- and 84%-fractiles of the equivalent SDoF.
PREDICTED: “POST”
IDR  IDRDS1 = log n (  = −2.81,  = 0.9 )

EMS-98
DS0 No Damage
DS1

 IDRDS1 = log n (  = −2.81,  = 0.9 )

IDR 

 IDRDS 2 = log n (  = −1.11,  = 0.4 )

Negligible to Slight damage:
Fine cracks in partitions and infills.

DS2 Moderate damage: Cracks in partition and infill walls

DS3


 IDRDS 2 = log n (  = −1.11,  = 0.4 )
IDR 

 IDRDS 3 = log n (  = −0.50,  = 0.4 )

Substantial to Heavy damage: Large cracks in partition IDR  IDR
DS 3 = log n (  = −0.50,  = 0.4 )
and infill walls, failure of individual infill panels

Table 6: Correspondence of damage level according to EMS-98 and predicted damage by means of the “POST”methodology.

Therefore, the procedure adopted herein to determine the damage distribution along the
height of the building is constituted by the following steps for each jth run of Monte Carlo
procedure:
i. definition of a PGA value extracted for each considering buildings from the INGV
ShakeMap, considering also its uncertainty. Note that for each run the PGA value is
obtained as a function of the logarithmic mean and logarithmic standard deviation values obtained from the ShakeMap, and it depends also on the information about the location (latitude and longitude) of the building;
ii. definition of the spectral ordinate value from the elastic pseudo-acceleration spectra
(which is one of the considered random variables) anchored to the abovementioned
PGA value as a function of the effective period of the buildings;
iii. definition of the roof displacement value from the simplified IDA and IDR distribution along the height of the buildings from the pushover analysis. In the present study,
a class-oriented approach is adopted. Thus, unlike the PGA value specifically derived
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iv.

for each building, the pushover analysis for each direction and the corresponding IDA
curves are derived for classes of building’s height;
Definition of damage distribution by comparing the IDR value obtained from the
pushover analysis with the ones reported in Table 6. In such a way, together with the
maximum damage level, also the co-existing less severe damage levels can be evaluated. The former is used to detect damage distribution for the considered sample of
buildings (Figure 7), whereas the latter is essential to perform a realistic loss estimation, by summing up all the repair activities for the different damage levels to which
the infills are subjected.

Note that, similarly to what done in Section 3, an equivalent length of internal infills has
been evaluated by assuming that the latter results in a geometric percentage equal to 50% of
the external ones in each direction. Moreover, the TRC is evaluated also assuming the presence of opening as a discrete RV among the cases “no opening”, “window”, “door”.

(a)
(b)
Figure 7: Conceptual derivation of damage distribution: simplified IDA curve as a function of multi-linearized
pushover curve (a), distribution of IDR along the height of the building from the pushover analysis and comparison with the IDR threshold for each DS (b).

Figure 8 shows the damage distribution resulting from the application of the abovementioned procedure (steps i-iv) for all the 5095 RC buildings considered in this study. A quite
good agreement with observed damage scenario can be observed, both for what concern maximum damage (Table 7) and for co-existing damage (Figure 9). A slight underestimation (of
about 10%) of DS0 and DS1 and an overestimation of DS2 and DS3 (980 predicted-versus555 observed at DS2; 246 predicted-versus-191 observed at DS4) can be observed in the predicted damage scenario compared to the observed one. The predicted-versus-experimental
comparison in terms of “co-existing” damage is also shown in Figure 9.
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Figure 8: Resulting “predicted” damage scenario.

Observed
Predicted
Predicted/Observed
2406
2102
0.87
1943
1767
0.91
555
980
1.77
191
246
1.29
Table 7: Comparison between observed and predicted damage scenarios.

DS0
DS1
DS2
DS3

#Bui ldings

1800
1600

Observed

1400

Predict

max damage DS2

max damage DS3

DS1

1200
1000
800
600
400
200
0

Co-existing Damage

Figure 9: Comparison between observed and predicted co-existing damage.

5

REPAIR COSTS ESTIMATION DUE TO INFILLS FROM PREDICTED
DAMAGE ACCORDING TO “POST” METHODOLOGY

The predicted repair costs are estimated herein following a “component-level” approach
and considering only repair activities and corresponding elementary costs due to infills (see
Table 2). The predicted repair costs are then compared with the one obtained in Section 3.
The values of economic losses for restoring a damaged infill partition after an earthquake reported in Table 3 and in Table 4, respectively for external and internal infills, are adopted.
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Thus, in order to obtain the distribution of TRC, a further step, beyond i-iv reported in the
previous Section, has to be added in the Monte Carlo simulation technique starting from the
definition of the damage distribution related to the jth run:
v.
Evaluation of damaged infills area at DSi as the number of infills (ninfills) in which
IDRj from the pushover analysis is greater that IDRDSi of Table 6 both for longitudinal
and transversal direction, SDSij = ninfills(IDRj≥ IDRDSi) × Ainfills
vi.
Evaluation of Repair costs at a given DSi: Damaged infills area SDSij × Repair cost at
that DSi (from Table 3 and in Table 4, respectively for external and internal infills),
namely, RCDSij = SDSij × CDSi;
vii.
Evaluation of Total repair cost TRC, by summing up all the repair cost of the infills
(external and internal) of the building both in longitudinal and transversal direction.
The result of this procedure is shown in Figure 9, in terms of TRC per plan area unit in Euro (€)/m2 and depending on the maximum predicted DS. Median, 16th and 84th percentiles are
shown in Figure 9 for each maximum DS, and reported in Table 8.

Figure 10: Predicted versus observed loss estimation due to infills.
TRC (€/m2)
DS1
DS2
DS3

Median
16th percentile
84th percentile
55.6
22.3
130.5
102.0
51.2
192.2
198.8
123.4
321.7
Table 8: Median, 16th and 84th percentiles for predicted TRC.

It can be observed that predicted median TRC overestimates the observed one for what
concerns DS1 (55.6 versus 29.6 €/m2) and DS2 (102.0 versus 77.4 €/m2), whereas it is in very
good agreement for DS3 (198.8 versus 202.7 €/m2). Given the degree of approximation, necessary for large-scale analyses, the observed-versus-predicted comparisons can be judged as a
good promising result.
6

CONCLUSIONS

In present work, a component-based loss estimation approach for the definition of repair
costs due to infills after earthquakes was shown, starting from the pushover analysis performed trough the simplified mechanical method POST (PushOver on Shear Type models).
The results of pushover analysis were used to determine the distribution or interstorey displacement corresponding to the value of intensity measure (spectral ordinate) to which a given
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building was subjected during the earthquake. For each structural and non-structural components these interstorey displacements were directly compared to displacement thresholds, determining the corresponding distribution of damage and repair losses for the whole building,
by simply summing up the relative costs for the corresponding repairing activities. In this
work, only damage and repair cost to non-structural components, namely, infills and partitions, in Reinforced Concrete (RC) Moment Resisting Frames (MRF) are considered, due to
the key role highlighted by recent seismic events.
The considered database was constituted by 5095 MRF residential RC buildings located in
the Abruzzi region subjected to post-earthquake surveys after the 2009 L’Aquila Earthquake
and characterized only by damage to infill panels. In such a way, the evaluation of repair costs
was made by neglecting the contribution due to repair activity to other structural components
(namely vertical structures, horizontal structures, stairs, roofs).
The total cost of restoration considered in this study is obtained considering the unit costs
for a list of considered macro-activities relative to the main operations in repairing a single
infill panel damaged during a seismic event obtained from the Price List of Public Works in
Abruzzi Region for double leaf cavity masonry wall with (hollow + hollow) panels. The actual total repair cost is evaluated applying the aforementioned total cost of restoration from the
information on damage severity and extent acquired by post-earthquake AeDES survey forms
for the considered subset of buildings.
Similarly, predicted total repair cost was evaluated, applying the aforementioned total cost
of restoration starting from the information on damage severity and extent mechanically determined through the pushover analysis performed by means of POST methodology.
The comparison between observed and predicted damage scenario highlights a good
agreement both for maximum global damage and for what concerns the severity and extent of
damage locally evaluated for all the infill panels of buildings (co-existing damage). In addition, also the evaluation of average predicted total repair costs as a function of maximum observed DS detected in buildings result in good agreement with actual repair cost, highlighting
an overestimation for what concerns the slighter Damage States (DS1 and DS2) and a very
good agreement for the most severe Damage State (DS3).
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Abstract. This paper presents a methodology for rapid post-earthquake damage assessment of
a precast RC industrial building. It is based on data obtained from a continuous monitoring
system made of accelerometers and inclinometers integrated on top and at the bottom of some
of the buildings columns. Preliminarily, a Finite Element(FE) model of the structure is built
to simulate the response of the structure under a given seismic input characteristic of the site
of the construction. Several nonlinear static analyses (NLSA) and nonlinear dynamic analyses
(NLDA) are carried out in order to evaluate the seismic capacity of the building and to relate
the seismic intensity to the potential level of damage experienced by the structure. Results in
terms of top displacements for both NLSA and NLDA corresponding to the first plastic hinge
formation are statistically elaborated and used to establish alert intervals related to the specific
structure under investigation. Then, in operational conditions, continuous monitoring data are
used in conjunction with the pre-evaluated alert intervals in order to perform a real-time postearthquake diagnosis of the system.
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1

INTRODUCTION

Precast reinforced concrete technology is recognized as an efficient construction method,
mainly adopted for industrial and commercial buildings. Existing precast structures often reveal
a significant vulnerability and an insufficient safety level against seismic actions, also related
to the low level of hyperstaticity [1]. Hence the importance of the assessment of their seismic
behavior and the need of tracking their dynamic characteristics with time through structural
health monitoring techniques points out [2].
With this aim, vibration-based continuous monitoring systems, already applied successfully to
historical buildings, bridges and other types of structures, can also be adopted for precast RC
buildings, for their capability of highlighting if they have undergone permanent damage after
an earthquake or if they are accumulating damage during a seismic sequence [3].
In this framework, the research work is aimed at establishing a methodology for rapid postearthquake damage assessment of precast RC industrial buildings, based on continuous monitoring data. Preliminary nonlinear static and dynamic analyses are carried out on a Finite
Element Model of a precast RC structure in order to relate the response in terms of displacements to the level of damage experienced by the structure. The results are used to evaluate alert
intervals in terms of displacements. Monitoring data are continuously acquired and compared
to alert thresholds in order to perform real-time post-earthquake diagnosis of the system.
2

GENERAL METHODOLOGY

The aim of the proposed methodology is to provide a real-time post-earthquake diagnosis
of a precast RC structure, based on long-term dynamic monitoring data. Different alarm states
are defined, corresponding to prescribed probabilities of exceeding specific damage limit states.
The limit state relative to the first plastic hinge formation at the column base is considered, as
it is the main vulnerability in precast RC industrial buildings, where constraints at all elements’
ends are hinges, except joints at the base of the columns that are fixed. Nonetheless, other
types of limit states could be easily included in the procedure, like sliding of joints between
beams and the top ends of the columns or damage to nonstructural elements [4]. The proposed
methodology can be summarized as follows:
• Design of the continuous dynamic monitoring system (number and location of sensors).
Accelerometers and inclinometers are used to measure accelerations and estimate residual
displacements at the base and at the top of a column.
• Offline preliminary nonlinear static and dynamic seismic analyses on the FE model of the
structure.
– Build a FE model of the structure.
– Compute the design displacement spectrum representative of the seismic hazard at
the site of the construction, using current Standards.
– Perform nonlinear static analyses (NLSA). In order to account for the uncertainties
related to the characterization of the seismic action, analyses must be repeated for
the two principal building’s directions, for different distributions of lateral forces,
for different locations of the conventional accidental mass eccentricity and for a
different selection of the joint at which the force-deformation curve is monitored.
– Use results of NLSA to compute for each analysis case the values of the relative
displacement for which plastic hinges are activated. Use the results for computing
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the probability distribution of the displacements corresponding to elastic threshold
(first plastic hinge formation).
– Select a set of seismic accelerograms representative of the seismic hazard at the site
of the construction.
– Perform nonlinear dynamic analyses (NLDA) for each one of the selected accelerograms using multi-component seismic accelerograms.
– Use results of NLDA to compute for each analysis case the values of the relative
displacements for which plastic hinges are activated. Use the results for computing
the probability distribution of the top displacement corresponding to elastic threshold (first plastic hinge formation) and compare NLDA results with those obtained
with NLSA. Compute the corresponding alert confidence intervals.
• Real-time continuous data acquisition and post-earthquake evaluation of the alert state of
the structure, based on recorded data and preliminary analyses results.
For the sake of clarity, all the mentioned displacements should be considered as relative displacements.
In order to distinguish between different alert states, the probability distributions of displacements obtained from the analyses are considered (mean values µd ; standard deviations σd ). The
following alert Level are defined:
1. Alert Level 1: µd − 2σd
2. Alert Level 2: µd − 0.5σd
Consequently the following intervals are considered:
1. Low alert interval: below Alert Level 1.
2. Medium alert interval: between Alert Level 1 and Alert Level 2.
3. High alert interval: above Alert Level 2.
It is worth noticing that drift-dependent indication available in the European seismic prescriptions [5] refers to serviceability limit states, while for the purpose of this application the
limit state relative to the first plastic hinge formation at the column base is considered as representative of the structural integrity and usability.

3
3.1

THE CASE STUDY
Description of the structure

The considered precast RC industrial building is located in a seismic area about 20 km far
from Perugia, the main city in the Umbria region, in Italy.
The structure has a rectangular plan with dimensions B = 32.16 m and D = 18.00 m (Figure 1).
The structural scheme, which is typical for RC precast industrial structures, is constituted by a
grid of 8 columns located in the perimeter and connected by I-shaped beams in the longitudinal
direction of the building and by tiled roofing elements that ensure the rigid in-plane behaviour
(Fig. 1). The maximum height of the columns, measured from the top of the foundations, is
6.00 m, with a square cross-section of 0.5 m x 0.5 m. The foundation consists of plinths linked
by a reinforced concrete slab, as at the ground level there is a RC industrial floor.
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Figure 1: Plan view of the case study building.

3.2

The Finite Element Model

A FE model of the building is built and used to apply the methodology described in Section
2. Columns are beam elements having fixed joints at the base. Columns are connected through
hinge joints with the prestressed RC beams in the longitudinal direction. Additional masses are
applyed to the longitudinal beams in order to account for the presence of the external infills.
The first mode (FY1) is flexural in direction Y (transversal) with a small torsional component,
the second mode is purely flexural in direction X (FX1) and the third mode is torsional (T1).
Table 1 summarizes the main modal characteristics of the analyzed structure.
Mode no.
1
2
3

Natural Frequency
(Hz)
0.758
0.764
0.836

Mode shape
FY1
FX1
TZ1

Modal participating mass ratios
X
Y
RZ
0 0.922
0.077
1
0
0
0 0.077
0.922

Table 1: Main modal characteristics obtained from the FEM of the analyzed building.

In order to characterize the nonlinear behaviour of the structure, plastic hinges are assigned
at the base of each column, with elastoplastic curves for bending moments in agreement with
the nonlinear constitutive law suggested by Eurocode 8 [5]. Shear failures have been taken into
account by introducing plastic hinges with elastic-brittle with a limited ductility behavior.
4
4.1

APPLICATION OF THE PROPOSED METHODOLOGY
The continuous dynamic monitoring system

After analyzing the preliminary NLDA and NLSA results for different control points, the
most damage-sensitive area (alert area) of the precast structure can be identified. Consequently
bi-directional accelerometers and inclinometers can be integrated on top and at the bottom of
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one or more columns located in the alert area. Top-base accelerometers can be used to evaluate
by integration the relative dynamic displacement. Inclinometers can be used to evaluate residual
displacements, especially after a strong seismic event.
4.2

Results of nonlinear static analyses

The design displacement spectrum representative of the seismic hazard at the site of the
construction is evaluated according to provisions of Eurocode 8 [5]. In order to account for
the randomness of the seismic action, the NLSA are carried out considering all the possible
combinations of the following features, for a total of 32 analysis cases:
• two lateral forces distribution: proportional to the mass distribution and proportional to
the vibration mode;
• application of the load in the two principal directions of the building with positive and
negative sign of the load;
• two positions of the accidental mass eccentricity (+ and - 5% of the corresponding building’s side);
• two positions of the joint (control joint) at which the force-deformation curve is monitored
(elastic center of the roof and top of the column at the building’s corner).
The results of the NLSA are pushover curves representing the base shear as a function of the
displacement of the control joint. Due to the peculiar characteristics of the case study building,
the force-displacement diagram is linear elastic until the formation of the first plastic hinge
that marks the transition to the plastic branch of the curve. Since different control joints are
analyzed, Figures 2 a)-b) show the pushover curves obtained for the analysis in direction x
and y, when the control point is the the building’s corner, i.e., the extreme edge of the roof on
the right side (with reference to Figure 1). Despite the similar behavior of the pushover curves
depicted from Figures 2 a)-b), on the one hand in the x direction all the plastic hinges are formed
simultaneously at the base of the columns at step 6. On the other hand, in the y direction the
plastic hinges are coupled to the base of the two parallel columns starting from the right lateral
side and they develop from step 6 to 9. This last result demonstrates that, due to the different
mass distribution on the building, the right side of the structure can be considered as the most
damage-sensitive area.
4.3

Results of nonlinear dynamic analyses

To perform NLDA a set of 7 accelerograms with x and y components has to be selected.
For the specific case study, base acceleration time histories are taken using the software Rexel
[6] providing natural accelerograms compatible with Eurocode 8 [5] spectra for the site of the
construction. Figures 3a)-b) shows the 7 accelerograms and Figures 3a)-b) presents the corresponding spectra of the set of selected time histories in x and y direction.
The NLDA are repeated for a total of 70 analysis cases:
• for the 7 bicomponent accelerograms;
• reversing the direction of application of the first component of the accelerogram (in the x
direction and in the y direction);
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Figure 2: Pushover curves obtained for the analysis in direction x a) and in direction y b) when the control point is
the building’s corner on the right side (with reference to Figure 1).
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Figure 3: Time histories of the selected accelerograms: a) x direction, b) y direction.
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Figure 4: Spectra of the selected accelerograms: a) x direction, b) y direction.

• considering no eccentricity of the accidental mass (14 analyisis cases);
• considering four different positions of the accidental mass eccentricity; + and - 5% of the
corresponding building’s side in both X and Y directions (56 analysis cases).
For each analysis case the results of the NLDA are used to evaluate the value of the displacement at the top of the column corresponding to the activation of the plastic hinge. As
an example Figures 5 a)-b) show the time histories of the displacement at the top of the most
severely stressed column for accelerograms 3 and 5, with the indication of the time instant th
when the plastic hinge is formed.
4.4

Results comparison and definition of alarm thresholds

The mean value and standard deviation of the top displacements corresponding to the elastic
threshold obtained from NLSA are adopted to evaluate the corresponding gaussian probability
density function (PDF). Similarily, the results of the 70 NLDA are statistically elaborated in order to obtain the mean value and the standard deviation of the dynamic displacements for which
the first plastic hinge is activated. Figure 6 shows the two PDFs of displacement corresponding
to the elastic limit state exceedance and the corresponding alert levels. Table 2 summarizes the
mean values and the standard deviations of the two analyzed cases.
From Figure 6 can be highlighted that NLSA results are more in favor of safety then the NLDA
ones. However, the outcomes are consistent for both mean displacements and standard deviations with small variation in terms of alert levels. Moreover, small values of standard deviation
may be due to the fact that the structure is rather regular in plan and in height and, consequently,

1038

Laura Ierimonti, Ilaria Venanzi, Filippo Ubertini and Annibale L. Materazzi

a)

0.03
t h and corresponding maximum displacement

Displacement [m]

0.02
0.01
0
-0.01
-0.02
-0.03
-0.04
0

1

2

3

4

5

6

time [s]
b)

0.06
t h and corresponding maximum displacement

Displacement [m]

0.05
0.04
0.03
0.02
0.01
0
-0.01
-0.02
0

0.5

1

1.5

2

time [s]

Figure 5: time histories of the displacement at the top of the most severely stressed column with the indication of
th : a) accelerograms 3, b) accelerograms 5.
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Analysis
NLSA
NLDA

mean value
0.025
0.027

standard deviation
0.0016
0.0014

Table 2: Main modal characteristics obtained from the FEM of the analyzed building.

displacements at different control points do not significantly vary. A larger value of standard
deviations is probably expected in the case of more complex geometries and mass distribution.
5

CONCLUSIONS

This paper presents a general methodology for the rapid post-earthquake damage assessment
of precast monitored RC structures. It exploits data obtained from a continuous monitoring
system integrated in the structure in predetermined building’s areas. Preliminary NLSA and
NLDA results performed in a calibrated FE model of the structure are used to identify the most
damage-sensitive areas and the alert levels in a probabilistic manner.
The main advantages of the proposed methodology are: the possibility to perform a rapid
post-earthquake analysis of the structure using the maximum displacement, which is an easily
understandable judgment parameter for the owner; the use of a probabilistic approach with the
possibility of adaptation to different structure by taking into account the intrinsic uncertainties
which characterize the problem; the optimum positioning of the monitoring system by offering
specific minimum solutions that well fit the antithetical needs of benefits and costs.
The proposed methodology is general and can be easily implemented considering different
damage states and different alert thresholds.
It is worth noticing that the choice of the alert levels associated to different limit states requires a more accurate examination. Nevertheless, the numerical analyses and results highlight
the feasibility of the proposed approach for precast RC monitored structure, which was the main
objective of the study.
6
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Abstract
The safety of constructions is one of the major priorities of engineering globally. Many efforts
have been made to strengthen and repair RC structures using Fiber Reinforced Polymers
(FRP). A lot of studies have been done on Columns and beam or beam/columns join to enhance
the efficiency of FRP for seismic strengthening. But few research concern the join between wall
and slab. The aim of this study is to create a FE model able to predict the mechanical behavior
of RC wall/slab connections by using Carbon Fiber Reinforced Polymers. Chalot et al. [1]
investigate experimentally the mechanical behavior of 4 large scale specimens with a reference
join and 3 strengthened by FRP. The numerical analyses is conducted utilizing the FE software
ABAQUS. The 3D FEM model geometry reproduced the actual geometry of the experiments,
as well as the simulation used the same boundary conditions and loading as in the experimental
program. We focus our study on a set of systematic procedures for finite element model calibration and parametric evaluation that enable robust simulation of the RC wall/slab connections under monotonic loading with high fidelity using explicit time-stepping time-history
analysis methods. The obtained results reveal the overall mechanical behavior of the RC
wall/slab connections reinforced by using Carbon Fiber Reinforced Polymers.
Keywords: Finite element model, Joins, RC structures, FRP
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1

INTRODUCTION

The safety of constructions is one of the major priorities of engineering globally, as well as
the upgrade of the existing structures because of their deterioration, ageing, environmental induced degradation, a lack of maintenance, or the need to meet current design requirements. In
order to achieved these goals there are two main directions. The first one is by adding devices
that can increase the stiffness of the structure and to dissipate a large percentage of the seismic
energy without belonging to the supporting structure of the constructions [2-5]. The other direction is by strengthening the joints, with inclined steel reinforcement in shear-critical joins
[6-7] or by using Fiber Reinforced Polymers (FRP) [9-16].
In order to demonstrate the effectiveness of these strengthening solutions, there are either
the experimental researches or the numerical researches. Considering the numerical research,
two different approaches have been followed: (i) the macromodels, based on the physical understanding of each solution, and (ii) the micromodels, based on a finite element (FE) representation. FE models play a key-role in the ordinary design process of new structures and in the
assessment of existing ones [17]. The Finite Element Method (FEM) has become the most popular method in both research and industrial numerical simulations, as it takes into consideration
material laws, contact interface conditions and others parameters, which lead to the exact response of the strengthening solutions. Several algorithms, with different computational costs,
are implemented in the finite elements codes, such as ABAQUS [18], which is commonly used
software for finite element analysis.
In the present work attention is focused on the mechanical behavior of 4 large scale specimens with a reference join and 3 strengthened by FRP, proposed and investigated by Chalot et
al [1]. The aim of this study is to create a FE model able to predict the mechanical behavior of
RC wall/slab connections by using Carbon Fiber Reinforced Polymers. The numerical analyses
is conducted utilizing the FE software ABAQUS [18]. The 3D FEM model geometry reproduced the actual geometry of the experiments, as well as the simulation used the same boundary
conditions and loading as in the experimental program. We focus our study on a set of systematic procedures for finite element model calibration and parametric evaluation that enable robust simulation of the RC wall/slab connections under monotonic loading with high fidelity
using explicit time-stepping time-history analysis methods. The accuracy of the 3D model was
assessed against the experimental results [1] and the validated model was subsequently used to
generalize the experimental findings and to study the effects of various parameters.
2

SHORT DESCRIPTION OF THE INVESTIGATED CONNECTIONS

In the present section, a short description of 4 large scale specimens with a reference join
and 3 strengthened by FRP, proposed and investigated by Chalot et al [1], is given. This study
is conducted on wall/slab T connections. In a real structure, this part is the junction between
vertical side RC wall and RC floor. The specimens are composed of a wall element with a
thickness of 16 cm, a length of 100 cm and a width of 50 cm. The slab element is 9 cm thick
for a length of 100 cm and is clamped in the middle of the wall (Figure 1a). The longitudinal
reinforcement of the wall consists of 2x3 φ10 steel bars, and 2x8 ϕ10 steel bars in the transverse
direction. In the slab there are 2x9 ϕ6 steel bars in longitudinal direction and 2x7 ϕ6 steel bars
in the transverse direction. The first strengthening solution, mention as RC-FRP, is by FRP
strips of 60 mm wide and 600 mm long, glued on each side of the slab with spacing between
strips of 40 mm (Figure 1b). The next one, mention as RC-FRP-ALi-At, (Figure 1c) pick up the
same arrangement composite strips of the RC-FRP specimen and adds anchor wisps to the wallslab connection and anti-buckling anchor wisps with an angle of 20° in the join, while the last
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one, mention as RC-FRP-ALc-At, (Figure 1d) is similar to RC-FRP-ALi-At with the exception
that the anchor wisps are continuous to the right of the node.
The concrete is a C30/37 while the steel rebar has the grade of S500B. The reinforcement
used is an externally bounded Carbon fiber reinforced polymer, called Foreva® FRP marketed
by FREYSSINET. It consists of a bi-directional Carbon / Carbon textile with a 70/30 ratio, the
matrix is two-component epoxy glue.

1.00m

1.00m

(a)

(b)

(c)

(d)

Figure 1.The four RC wall/slab connections that proposed by Chalot et al [1].

3

EXPERIMENTAL STUDY

For the experimental tests, the junction specimens tested at a 90° rotation in order to avoid
a P-δ effect on the displacement of the wall and focus our attention only on the connections.
Figure 2 shows the experimental setup used for testing the four investigated connections. A
hydraulic actuator operating in displacement control mode with a speed of 2 mm/min (fixed to
a strong wall) was attached to the top of the slab using a specially designed clamping device.
The displacement at the top of the beam increased gradually until the stroke of the actuator was
reached or until clear connection failure was observed. The load cell incorporated in the actuator
was used to record the applied load at the top of the slab. The wall was held in a fixed position
relative to the strong floor with the help of fixing blocks in both the horizontal and vertical
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directions. Nine linear variable differential transformers (LVDT) were positioned on each specimen, and measured the corresponding displacement at different positions in the specimen (see
Figure 2b). Six strain gauges (nos. 1 to 6) measure the deformation values of the steel rebars
inside the join, while other three strain gauges (nos. 7 to 9) measure the deformations of the
CFRP reinforcement (for the strengthening connections). All data was recorded and stored in a
digital data system via a computer.

(a)

(b)
Figure 2. Details of the experimental setup. [1].

4

FINITE ELEMENT SIMULATION

The numerical analyses is conducted utilizing the FE software ABAQUS. The Finite Element Method (FEM) has become the most popular method in both research and industrial numerical simulations, as it takes into consideration material laws, contact interface conditions
and others parameters, which lead to the exact response of the strengthening solutions. The
majority of the research use the Finite element method in order to create a reliable tool for the
simulation of their study (devices/connections) to reduce the cost of the experiments in a parametric study [19-23] .
The FEM model geometry reproduced the actual geometry of the tests set-up of the RC
wall/slab connections. Figure 3 shows the FEM model together with its boundary conditions.
The slab is free to move along the axis y-y, while the wall is fixed (all degrees of freedom). The
geometry of the FE model was reproduced in full detail.
Several simulations were conducted to identify the best meshing. Wall and slab are meshed
using 3D reduced integration solid element C3D8R (eight-node bricks), for the steel rebars 3D
wire elements are used with “beam behavior” while the FRP sheets were idealized as planar
F.E. elements and their actual thickness was used as a section property. Normally, a higher
mesh density provides for higher accuracy but also increases the computational time without
improving substantially the accuracy of the results, therefore, a trade-off between time and accuracy becomes crucial [18]. The final mesh has 10244 elements for the RC model, 13424 for
the RC-FRP model, 15296 elements for the RC-FRP-ALi-At and 14628 elements for the RC-
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FRP-ALc-At and the numerical results were a solution that correlated with the experimental
results.

F, u

Uy=0
Ux=0
Figure 3. The FEM model used for the RC wall/slab connections.

The damaged plasticity model for concrete available in the ABAQUS material library was
adopted to model concrete response, since it has been shown to perform satisfactorily in similar
applications [19]. The values adopted for the relevant material parameters, namely the angle of
dilation h, the eccentricity, the ratio of equibiaxial to uniaxial compressive stress fb0/fc0, the
ratio of the second stress invariant on the tensile meridian to that on the compressive meridian
at initial yield Kc and the viscosity parameter were 40, 0.1, 1.16, 0.666 and 0 respectively and
were all within the range encountered in literature [24]. The CFRP sheets were assumed orthotropic under plane stress conditions and the material properties reported in Chalot et al paper
were adopted [1]. The uniaxial stress–strain correlation of the steel rebars are modeled as elastic
with Young’s modulus (Es) and Poisson’s ratio (v) at typical values of 200 GPa and 0.3, respectively. Plastic behavior is defined in a tabular form, including yield stress and corresponding plastic strain. The experimentally obtained stress (σnom)-strain (εnom) curves for the blades
was converted into the true stress (or Cauchy) (σtrue)- logarithic plastic strain (𝜀𝑝𝑙 ) format according to Eq. (1) and (2) and was further utilized in order to define the material response.
𝜎𝑡𝑟𝑢𝑒 = 𝜎𝑒𝑛𝑔 ∙ (1 + 𝜀𝑒𝑛𝑔 )
(1)
𝜎𝑡𝑟𝑢𝑒
𝜀𝑝𝑙 = 𝜀𝑡𝑟𝑢𝑒 − 𝐸
(2)
The surfaces in contact between the concrete wall/slab and the FRP are modeled as perfect
tie connection, as in the experimental results there was no detachment of the CFRP .
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5
5.1

RESULTS AND DISCUSSION
Load-displacement curves

The force-displacement diagram at the top of the slab (position of the LVDT no 9) for the
four investigated connection types, both numerical and experimental, is presented in Figure 4.
Continuous lines illustrate the numerical results, while dotted line the experimental results. The
FEM predicted values for the load and displacement are in very good agreement with the corresponding experimental ones. The comparisons between the FEM analyses and the experiments show that the proposed FEM model is capable of reproducing the inelastic response of
the RC wall/slab connection. Therefore, it is a reliable tool for the simulation of the hysteretic
behavior of the RC wall/slab connection and the strengthening solutions with FRP and can be
used in further studies in order to investigate the effect of various parameters.

Figure 4.Numerical vs experimental load displacement curves.

5.2

Failure mode

In Figure 5 the experimental failure mode and the numerical failure mode of specimen RC,
in the form of the active yield flag, are compared.

Figure 5. Experimental and numerical failure modes for specimen RC.
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5.3

Strain

In this section, the evolution of strain in steel rebars and FRP sheets in comparison with the
load curves, for both experimental and numerical results, is illustrated. The position of each
gauge is presented in the section 3 (see Figure 2). Figure 6a shows the deformation of the longitudinal rebars in the slab of the specimen RC, while Figure 6b the deformation of the longitudinal rebars in the wall of the specimen RC. Figure 7a shows the deformation of the
longitudinal rebars in the slab of the specimen RC-FRP-ALC-AT, Figure 7b the deformation
of the longitudinal rebars in the wall of the same specimen, while Figure 7c the deformation of
the FRP sheets. In addition, Figure 8a shows the deformation of the longitudinal rebars in the
slab of the specimen RC-FRP-ALi-AT, Figure 8b the deformation of the longitudinal rebars in
the wall of the same specimen, while Figure 8c the deformation of the FRP sheets. We can
notice that the FEM predicted values for the deformation are in very good agreement with the
corresponding experimental ones.
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Figure 6. Experimental and numerical strain for specimen RC.
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6

CONCLUSIONS

The aim of this study is to create a FE model able to predict the mechanical behavior of RC
wall/slab connections by using Carbon Fiber Reinforced Polymers. Chalot et al. (Chalot et al.
2018) investigate experimentally the mechanical behavior of 4 large scale specimens with a
reference join and 3 strengthened by FRP. The numerical analyses is conducted utilizing the
FE software ABAQUS. The 3D FEM model geometry reproduced the actual geometry of the
experiments, as well as the simulation used the same boundary conditions and loading as in the
experimental program.
The success of the deployed numerical simulation is fully demonstrated by comparing the
shape of the load–displacement curves, the failure mode and the deformation from a monotonic loading with the experimental ones. Therefore, it is a reliable tool for the simulation of
the hysteretic behavior of the RC wall/slab connections and can be used in further studies in
order to investigate the effect of various parameters.
7
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Abstract
One of the main applications of Fiber Reinforced Polymers (FRPs) in construction is in the confinement of reinforced concrete (RC) columns. The performance of FRP-confined concrete in circular columns has been extensively investigated and the efficiency of models available in
literature is nowadays considered to be satisfactory. However, the case of FRP-confinement of
rectangular RC sections is a more complex problem, the mechanism of which has not yet been
adequately described. The aim of this work is to try and simplify the problem by proposing an iterative procedure based on the outcome of 3D FEM analysis run by the authors. An interesting
outcome is that the so-called arching effect is never observed: indeed, the unconfined regions are
partially confined and provide a certain contribution to the overall strength of the rectangular RC
sections. Based on a system of “generalized springs”, well-known stress-strain laws and a failure
criterion, a simplified mechanical model that gives the stress-strain behaviour of a rectangular
RC section confined by FRPs under concentric load is proposed. The algorithm takes into account
all parameters available to designers, such as corner rounding radius, stiffness of the FRP and
concrete strength, while it can be easily understood and implemented. Its results are found to correlate adequately to recent experimental data yielded by large-scale tests on FRP-confined rectangular RC columns. Finally, in order to further evaluate the performance of this material
model, it was implemented in the simulation of a series of experimental tests of FRP-retrofitted
square RC columns under cyclic lateral loading simulating earthquake loads and simultaneous
constant axial compression, performed by Memon and Sheikh [1]. In particular, all specimens
were simulated using nonlinear fiber elements, in which the FRP-confined concrete was modelled
using the aforementioned material model. Comparison between the numerical and experimental
hysteresis of the column is indicative of the effectiveness of the implemented modelling.

Keywords: Confinement, FRP, Concrete, Rectangular, Model, Stress-Strain Behaviour.
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1

INTRODUCTION

The behaviour of fiber reinforced polymer (FRP) - confined concrete in circular columns
has been widely studied, and now the efforts of many researchers are directed towards the
comprehension of the case of FRP-confined rectangular columns. Here, concrete is nonuniformly confined and the confinement effectiveness is remarkably reduced. In the literature,
past approaches have concentrated on dividing the rectangular section in a confined and an
unconfined area, based on the idea of possible arching effect between corners. Then, the confined zone is considered to be in a state of uniform biaxial confinement, like in the circular
cross section, thus allowing the use of formulas derived for circular columns, while the unconfined zone is considered unaffected. This different behaviour is usually accounted for
through so-called effectiveness coefficients, mainly based on geometrical considerations on
the relative size of the two different zones. In this study, an alternative approach is attempted,
which recognizes, through an iterative procedure based on the outcome of 3D FEM analysis,
that the arching effect does not really exist. The unconfined regions are indeed partially confined and contribute, though to a lesser extent with respect to the core, to the total strength of
the rectangular sections.
2

NUMERICAL ANALYSIS (FEM)

In a paper of Campione and Miraglia [2] the picture below (Fig. 1a) is reported. The figure
is related to the cross-section of a short square column and shows the effective concrete core
after FRP failure at the corner. Uneven damage can be observed throughout the section and
two different regions can be identified having different confinement stress state. In order to
specify the path of the confining stresses and better examine the borders of those regions, a
3D FEM in SAP 2000 [3] (linear range) has been developed (Fig. 1b).

(a)

(b)

Fig. 1. Cross-section of a short square column: (a) experiment [2], (b) FEM model [4].

From the results obtained from the program, 3D plots were drawn to study the stress field.
The next four plots depict different stress fields in a quarter section (100x100 mm). Stresses
near the rounded corner are not shown since they represent local stress states. Firstly, the
normal stresses parallel to the diagonal are presented and then those in the perpendicular direction, so to better recognize the direction of the confining forces.
Fig. 2 illustrates the confining stresses in a quartile of a square section.
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Fig. 2. Confining stresses in a quartile of a square section 200×200mm: along diagonal (top) and orthogonal
(bottom) direction. The round corner stresses are not included.

Observing the plots above (Fig. 2), the following important remarks can be made:
• No unconfined concrete regions are observed, as assumed in many models. The central
parts near the sides are confined from forces coming from the corners and moving parallel to the sides.
• The confining forces near the perimeter have strong directionality (uniaxial confinement) and on the other hand near the center there is more uniformity (biaxial confinement)
Within some tolerance, the regions where a biaxial and a uniaxial confinement exist can
easily be identified, based on the ratio of the principal stresses of the two directions in the
joints of the FEM (ratio of confining stresses less than 15%). It has been observed that the
size of the biaxial stress state region is independent of the FRP stiffness; moreover, the radius
of the rounded corner is affecting more the diagonal dimension of this region, while parallel
to the sides the size remains the same. According to these results, the width of the uniaxially
confined peripheral region can be simply calculated as 1/8 of the corresponding side (Figure
3). The dimensions of the regions are easily then related and determined according to this size.
3

SIMPLIFIED MECHANICAL MODEL

A series of “generalized” springs (Fig. 3) is used to describe the following confining behaviour. Compressed concrete expands laterally according to its confinement state. Such expansion activates the confining device.
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The confining forces are applied at the section corners and directed along the diagonal (on
passing, the resultant is always at 45° angle, regardless of the section aspect ratio). The figure
below (Fig. 3) illustrates how the springs are modelling the vertical and the lateral behaviour
of the section. In the vertical behaviour, the springs are experiencing the same vertical displacements and their strength is added (parallel system). In the lateral behaviour, the springs
are experiencing the same force and their displacements are added (series system).

Uniaxial
Confinement
Biaxial
Confinement
Lateral Behaviour
Axial Behaviour
(Quartile of a rectangular section)
Fig. 3. FRP-confined rectangular concrete section modelling using ‘generalized’ springs.

For the constitutive law used to describe the behaviour of these “generalized springs”, the
model of Pantazopoulou and Mills [5], which relates volumetric strains εv to axial strains εc,
has been taken as a basis. In order to comply with the mechanical model of the “generalized”
springs and the differently confined regions, that model has been modified so to relate volumetric strains εv to axial stresses σc instead, according to the following equation (the same linear-parabolic behaviour of volumetric strains versus axial strains has been experimentally
observed between volumetric strains and axial stresses, as well):
V = −(1 − 3v) 10−4  c

 
V = −(1 − 3v )  10−4  b  f co  c
 b f co

  −  f co 

−  c
 b f co −  f co 

c





 c   f co

(1a)

 c   f co

(1b)

The above equations describe the following behaviour. Initially, volume change is of compaction and is almost linear up to the critical stress of α⋅fc0 (unconfined concrete strength,
usually with α = 0.7). Note that for this axial stress level the Poisson’s ratio ν remains in the
range of 0.15 - 0.25 (here, the initial Young’s modulus of concrete is usually determined, as
well). At this point, volume change is reversed resulting in a volumetric expansion, called
(near- or at-peak-strength) dilatancy. A point can be found where the compression rate of the
specimen equates the expansion rate, thus resulting in zero volumetric strain. This point is
considered to appear when the ultimate strength of the uniaxially confined region is reached
(biaxial stress state, b = 1.2). After the deterioration of this region, the expansion rate increases more than the compression rate (second order parabola, c = 2) due to less effective confinement. The expansion becomes unstable during the crushing phase beyond the peak
strength.
From volumetric strains, both area strain εA and side strains εa and εb can be easily calculated as follows (compressive axial strains are taken as negative, and a and b are the sides length,
related by: b/a = tanθ, with θ is the diagonal angle):
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(2)

 A = V − c
 =

 (a + a )  (b + b) − a  b (a + a  a )  (b + b  b) − a  b
=
=
= (1 + a )  (1 + b ) − 1

a b
a b

  cos   b
a  a b
=
= diag
= 1   side = a = b
b
a  b  diag  sin   a

  = (1 +  side )2 − 1 

(3)

(4)
(5)

 side =   + 1 − 1

By the usual no-slip assumption between FRP jacket and concrete, side strains εa, εb and
jacket strain can be equated. Thus, the diagonal force of the jacket applied from the corners to
the springs can be determined as:
Fdiag =
ke =

2  E j   side  t j  k e

(6)

R 1 
a
  1 + 
a 2 
b

(7)

where ke is an efficiency factor by Karam and Tabbara [6], which considers that confinement
effectiveness increases as the corner radius increases, and decreases as the aspect ratio of the
section changes from square. Having determined the diagonal force applied from the corners
to the lateral springs in series, the lateral pressures (assumed as uniform) for each region can
be determined (Fig. 4). Two regions are identified: one with a triaxial stress state and one with
a biaxial stress state. Note that no unconfined regions are to be found.
Based on the lateral pressures calculated above, the corresponding vertical stress can be
easily determined by the use of a biaxial or a triaxial stress-strain model corresponding to the
confinement stress state of each region. The stress-strain model by Mander et al. [7] is used to
describe the behaviour of the triaxial stress-state region. The model’s equation of maximum
vertical stress fcc is not used in this case due to the fact that it describes the performance of
uniform biaxial confining pressure. In order to comply with the above modelling of the triaxial stress-state region where the confining pressures are different in two directions (they are
equal only in square sections), the failure criterion by Ottosen [8] is applied. For the biaxial
stress-state region, the model for concrete under biaxial stress-state of Liu et al. [9] is used.
Finally, based on the areas of the different regions, the total averaged vertical stress of the
section is calculated.

Fig. 4. Confining pressures in the regions – Iterative procedure.
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An iterative procedure is proposed in Fig. 4, where an assumed value of axial stress σc corresponding to an imposed axial strain εc is brought to convergence. After convergence is
reached between the assumed axial stress and that calculated with the above considerations,
the resulting sides´ strain through the iterative procedure should be compared to the ultimate
rupture strain of the jacket. It has been observed from experimental results [10] that the average failure strains of the FRP wraps are of the order of 50% - 80% of the failure strain of the
tensile coupons made from the same material and tested before the application of the material.
The value of factor k (ranging between 50% - 80%) depends on the type of FRP used.
4

ASSESSMENT AGAINST EXPERIMENTAL RESULTS

Recent experimental data collected by large-scale tests on FRP-confined rectangular RC
columns [11] were used for the simulation of monotonic loading. Zeng et al. [11] presented
the test results of an experimental study consisting of nine large-scale rectangular RC columns
with a cross-section of 435mm in depth and 290mm in width, including eight FRP-confined
RC columns and one RC column without FRP jacketing as the control specimen, tested under
axial compression. The experimental program examined the sectional corner radius and the
FRP jacket thickness as the key test variables. The proposed algorithm was assessed against
three of these specimens, i.e. the specimens with corner radii 25mm or 45mm and one or two
layers of Carbon Fiber Reinforced Polymer (CFRP) wrap. The corner radius of 65mm was not
considered in the assessment, since in buildings designed using obsolete design codes the
concrete cover thickness is typically small. Hence, a cover of at least 65mm which would allow the formation of the round corners in such a column is highly unlikely to be found.
Fig. 5 shows the correlation of the proposed material model with these experimental results
and overall the numerical response can be characterized as satisfactory. It should be noted that
for this comparison the iterative procedure was terminated for FRP rupture strain equal to
50% of that of the experimentally tested tensile FRP coupons [11].

Fig. 5. Correlation of the proposed material model with experimental results of large-scale CFRP-confined rectangular RC columns under axial compression [11].

A further evaluation of the model’s performance under cyclic lateral loading which simulates earthquake loads and simultaneous constant axial compression was performed. This was
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achieved by comparison against the experimental tests of FRP-retrofitted square RC columns
performed by Memon and Sheikh [1]. This experimental study evaluates the effectiveness of
Glass Fiber Reinforced Polymer (GFRP) wraps in strengthening deficient and repairing damaged square RC columns. Each of the eight specimens tested, representing columns of buildings and bridges constructed before 1971, consisted of a 305×305×1473mm column
connected to a 508×762×813mm stub. Specimens were tested under constant axial compression and cyclic lateral displacement excursions simulating earthquake loads.
The modelling of these FRP-confined square RC columns has been performed using the
MatLab toolbox FEDEAS lab ‘Finite Elements for Design Evaluation and Analysis of Structures’ [12]. The experimental moment-curvature responses within the plastic hinge regions are
reported along with the numerical results in Fig. 6. The simulation of the cantilever columns
has been applied using a unique fiber beam-column element [13] with force formulation for
the entire column, in which the FRP-confined concrete was modelled using the proposed material model with degraded linear unloading/reloading stiffness according to the work of
Karsan and Jirsa [14] and no tensile strength. The constitutive model by Menegotto and Pinto
[15] is used to model the longitudinal steel behaviour. The moment-curvature response of the
most critical fiber section of the applied nonlinear fiber element was then reported. It can be
seen that the agreement is very close to the experimental one, with some deviation concentrated on the parts of reloading after reversal of the imposed displacement. This difference in response in terms of modelling can be explained based on the way the cracks on the concrete
surface are described in the level of the material model. Because the crack is described as a
two-event phenomenon (open or closed cracks), when the longitudinal steel reinforcement is
in compression and the crack is closing, the concrete contributes to the total strength of the
column, creating this deviation in the response. In reality, this is not the case due to imperfect
crack closure.
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Fig. 6. Correlation of the proposed material model with experimental results of large-scale GFRP-confined
square RC columns under cyclic excitation by Memon and Sheikh (2005) [1].

5

CONCLUSIONS

An iterative approach was proposed to model both the axial and lateral stress-strain response of axially loaded FRP-confined rectangular and square reinforced concrete columns.
In FRP-confined square or rectangular sections, no unconfined concrete regions are observed, as assumed in many models. These sectors along the sides between adjacent corners
are confined from forces coming from the corners and moving parallel to the sides. Therefore,
the areas where arching effect is assumed in the section are actually partially confined, so they
contribute to the column’s total strength until their maximum strength (which is lower than
the inner part of the section). Thus, two different regions with different confining stress-states
are identified.
The two regions are uniaxially and biaxially confined (biaxial and triaxial stress-state, respectively). Therefore, the contribution of each region to the total section strength can be
modelled as a system of parallel springs, whose axial stresses are added based on the corresponding constitutive law under biaxial or triaxial stress state.
The lateral behaviour develops along the diagonals of the section and can be represented
by a system of springs in series. It was shown that both sides’ lateral strains in the rectangular
sections are equal, regardless of their aspect ratio. The reacting force of the confining device
applied from the corners can be shared among the regions based on the defined path of the
confining forces and the geometry of the regions. The resulting lateral uniform pressures lead
to the corresponding axial strength of the regions.
The algorithm takes into account all parameters available to designers, such as corner
rounding radius, stiffness of the FRP and concrete strength, while it can be easily understood
and implemented. Its results are found to correlate adequately to recent experimental data
yielded by large-scale tests on FRP-confined rectangular RC columns. Finally, the performance of this material model was further investigated by its implementation to the simulation
of a series of experimental tests of FRP-retrofitted square RC columns under cyclic lateral
loading simulating earthquake loads and simultaneous constant axial compression. In particular, all specimens were simulated using nonlinear fiber elements, in which the FRP-confined
concrete was modelled using the developed material model. Comparison between the numerical and experimental hysteresis of the column is indicative of the effectiveness of the implemented modelling.
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Abstract
A large part of worldwide building heritage is composed by structures designed without any
seismic prevention measure. The promotion of innovative methodologies for seismic assessment and retrofit of existing buildings represents consequently a mandatory task for saving
human life and economic resources. This effort becomes even more relevant in developing
countries characterized by medium-to-high seismicity.
In the framework of a wider project aimed at improving the energy and structural efficiency
of public facilities in developing countries, the paper discusses the seismic assessment of eight
public facilities (educational and health sector facilities) in Kyrgyz Republic. A detailed approach for seismic assessment is hence described for reinforced concrete and masonry structures by using both simplified and detailed models. Non-linear static analysis are performed
for studying the global and local behaviour of the selected structures under seismic loads and
investigating their structural deficiencies. National and International codes were compared to
derive an efficient and comprehensive assessment methodology.
The results of the Initial Quantitative Seismic Assessment provided the basis for the conceptual design of the retrofit interventions with focus on both the structural and the nonstructural elements. The general objective of the conceptual retrofit design was the solution of
the structural deficiencies with respect to two performance levels: Life Safety and Immediate
Occupancy. The selection of alternative retrofitting scenarios was aimed to pursue a good
balance between the costs and the structural efficiency of the interventions. To this aim, simplified cost-benefit analysis is developed in order to define a prioritisation scheme for the interventions on the selected buildings.

Keywords: Seismic Assessment, Seismic Retrofit, Cost-benefit Analysis.
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1

INTRODUCTION

The World Bank (WB) hired a Consortium to conduct energy and seismic audits in selected buildings, and provide related technical assistance support. The World Bank has received
grant-financing support by the Government of Switzerland to support, inter alia, implementation readiness of Component 3 of the World Bank-supported Heat Supply Improvement Project (HSIP) demonstrating the benefits of energy efficiency (EE) improvements in public
buildings. The project was developed by conducting energy and seismic audits in a set of public buildings selected in accordance with the agreed criteria and processes under the HSIP.
Within this framework, the assignment was to assess the EE potential and need for seismic/structural reinforcement’s in eight public facilities (education and health sector facilities)
in different regions of the Kyrgyz Republic by conducting detailed energy and seismic audits.
The assessments will be the basis for the preparation of detailed designs and bid documents
for building retrofits to be financed under the HSIP.
The seismic assessment procedure was organized in two main phases: the Initial Estimation Procedure (IEP) and the Initial Seismic Assessment (ISA). The evaluation process started
with a preliminary phase of collection of the main relevant data for the structural and mechanical characterization of the buildings by means of available technical documents and visual
inspections of the buildings. Later the definition of the buildings seismic vulnerability and
structural criticalities was performed and assumed as starting configuration for the design of
the retrofit scenarios.
The ISA was then conducted by means of analytical models whose level of details was calibrated as a function of the available documentations and data for the buildings. Linear dynamic and static non-linear analyses were performed to study the seismic performance of each
building and identify the structural criticalities. The ISA started from the study of simplified
non-linear models for a preliminary estimation of the seismic performance of the existing
buildings. In particular, the study of the reinforced concrete (RC) frames involved innovative
approaches as the SLaMA method, included in the International State of the Art provided by
American [1] and New Zealand standards [2]. The SLaMA method involves the combination
of simple strength to deformation representations of identified mechanisms to determine the
strength to deformation (push-over) relationship for the building as a whole. This approach is
described in details in the “Seismic Assessment Guidelines of Existing Buildings” [2]. The
ISA process ended with the implementation of non-linear FEM models submitted to nonlinear static analysis to assess the reliability of the SLaMA approach.
Different retrofit scenarios were at last defined to improve the seismic performance of the
buildings up to the 100% of the structural safety with reference to the performance levels of
Life Safety (LS) and Immediate Occupancy (IO). The retrofit scenarios were tested by updating the analytical models defined in the ISA. Finally, simplified cost-benefit analyses provided indications for an optimization of the economic investment as a function of the effective
improvement in the seismic performances determined by the retrofit measures.
2

SEISMIC HAZARD DEFINITION

Kyrgyzstan is highly susceptible and vulnerable to natural disasters due to its geographic
location in a seismically active and mountainous region, with frequent incidence of earthquakes, flooding, mudslides, avalanches, snowstorms, and mountain lake spills. Among the
mentioned natural disasters, earthquakes represent the most relevant hazard, as demonstrated
by specific studies on the frequency of natural disasters occurred in the period from 1988 to
2007 [3]. The USGS catalogue [4] further confirms the relevance and high occurrence of
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strong earthquakes in Kyrgyz Republic, the map showed in Figure 1 (left) indicates the latest
seismic events with Mw ≥ 5 occurred in this area after 1990.
In this contest, the buildings sample included structures located in zones with medium to
high seismic hazard, as can be observed in Figure 1 that reports the superimposition of the
buildings locations with the probabilistic seismic hazard (PSH) map developed in [5] and indicating the peak ground acceleration with probability of 10% in 50 years.

Figure 1: Earthquake Catalogue in Kyrgyz Republic [4] and buildings locations on the PSH Map defined in [5].

The official seismic zoning of Kyrgyz Republic is reported in the Annex B of the local
seismic code SNiP 20/02/2009 [7] but it is currently under revision accounting for the recent
studies of seismic characterization [5] carried in the country.
In the present study, the characterization of the seismic input started from the values of the
accelerations at short period for bedrock provided by the PSHA defined in [5]. This reference
led to a PGA of about 0.15 – 0.20 g for the buildings included in the Talas region (buildings 2,
4 and 6 according to the numeration provided in section 3) and to a PGA of 0.30 g for the remaining buildings, located in the Bishkek area.
The accelerations at short period were amplified by means of short and long period site coefficients defined according to ASCE 7/16 [6] accounting for the soil types. Regarding to the
soil classification, a correspondence was established between the soil types defined by ASCE
7/16 and the ones defined by local standards (SNiP 20-02-2009 [7]) by accounting for the
seismic parameters assumed for the classification by both the standards. This allowed the use
of the short and long period site coefficients defined in ASCE 7/16 [6] and the construction of
the design response spectrum by following the indication included in the American reference.
The reference PGA was further amplified for the importance factor provided by the Kyrgyz seismic code [7] in order to account for the importance of the building functions. Importance factors ranging from 1.2 for schools to 1.5 for hospitals were assumed.
The performance objectives selected as criteria for the seismic assessment and retrofit design were the Immediate Occupancy (IO) and the Life Safety (LS). According to the indications provided by ASCE 7/16 [6], the IO corresponds to events with 20% probability in 50
years, while the LS corresponds to events with 10% probability in 50 years. Given that the
Kyrgyz seismic code [7] indicates only the PGA applicable for the Life Safety objective, the
PGA for the Immediate Occupancy is estimated starting from the hazard curve available in [5]
by applying the conversion criterion of Eq. (1). Figure 2 reports the response spectra of acceleration for all the selected buildings for both LS and IO limit states.
PGA20% 50yrs/ PGA10% 50yrs = 0.67
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Figure 2: Response Spectra of Accelerations for all the selected buildings: LS (left) and IO (right)

3

DESCRIPTION OF THE CASE STUDIES

The project involved eight public buildings located in the northern part of Kyrgyz Republic
and hosting educational and health sector facilities. The buildings are characterized by structural systems composed alternatively by RC moment resisting frames (MRF) or unreinforced
masonry (URM) bearing walls. Table 1 reports the main structural properties characterizing
the selected buildings.
Building

Use

Building 1

Construction N° of
Year
Floors
Hospital 1988
5

Building 2

Hospital 1975

2-3

Building 3

School

1958

1-2

Building 4

School

1971

2

Building 5

School

1998

1

Building 6

School

1975

2

Building 7

School

1979

2

Building 8

School

1985

2

Structural System
RC frames and precast
concrete floor panels
URM walls and precast RC
floor panels
URM walls and wooden
ceilings
URM walls and precast RC
floor panels
URM walls and cast in situ
RC slabs
URM walls and precast RC
floor panels
RC frames and precast
concrete floor panels
RC frame with URM infills
and precast RC floor panels

Table 1: Buildings main structural features

The seismic assessment of the selected buildings assumes a relevant importance if related
to their strategic use. As indicated by the Sendai Framework for Disaster Risk Reduction [8],
the buildings included in the present work are all essential facilities. To this regards, the selected case studies can be included in the categories III and IV as per definition of the American Code ASCE 7/16 [6], since they represent relevant hazard to human life in case of failure
both for their sensitive use and for the high concentration of occupants.
Considering the year of construction of the selected buildings and the seismic regulations
development in Kyrgyz Republic, it is possible to see that all the buildings were built after the
introduction of seismic standards. To this regards, it is important to recognise that since the
1957, the Kyrgyz Norms, defined in accordance with the Soviet Norms, included the concept
of the response spectrum for the definition of the seismic forces as applicable, with some
modifications, also in the modern seismic codes. Anyway, the technologies adopted for their
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design are obsolete and a general lack of proper seismic details and strength can be recognized in all the selected buildings.
With reference to RC buildings, the majority of buildings’ structural systems are MRFs
composed with RC precast columns and “T-shape” precast beams connected to each other by
cast in situ concrete joints. The adopted structural system is also known as “Soviet Building
Series 111”, as reported in [9] and in [10], and its seismic performance during Armenia’s
earthquake (1988) is well described in [11]. The main structural criticalities, showed in particular by buildings with more than 4 storeys, was related to the connection between the precast elements. As described also in [12], the low seismic resistance of these buildings is due to
the low strength and ductility of the joints.
In the case of the URM buildings, brick masonry walls compose the vertical bearing walls
with thickness ranging from 38 cm for internal walls to 51 cm for perimeter walls. Isolated
RC portal frames are also present in substitution of the shear walls as supporting elements of
limited portion of the slabs.
Precast hollow core floor panels compose the slab ceiling of almost all the selected buildings, both in the case of URM and RC structural systems. The panels have a standard span of
6 m and a thickness of 22 cm. No concrete topping is present on the slabs so the effective
stiffness of the slab system needs a careful check.
Relevant seismic hazard is associated to non-structural components as in particular partition walls and precast façade panels. In many of the selected buildings, very heavy panels
compose the façade finishing. The high mass associated to these elements and the low
strength of the connections represent strong seismic criticalities.
4

SEISMIC ASSESSMENT PROCEDURE

The seismic assessment procedure followed a series of consequential steps that can be
grouped in two main phases: the Initial Estimation Procedure (IEP) and the Initial Seismic
Assessment (ISA). The process flow started with a preliminary phase of data collection and
visual inspections of the buildings. Later the definition of the buildings seismic vulnerability
and structural criticalities was performed and assumed as starting configuration for the design
of the retrofit scenarios. Finally, simplified cost-benefit analyses provided a criterion for
comparing the technical and economic efficiency of each retrofit scenario.
4.1

Initial Estimation Procedure

The IEP allowed the collection of the main relevant data for the structural and mechanical
characterization of the buildings. Original design documents and technical passports provided
information about geometrical configuration, structural material properties, soil properties and
details of structural and non-structural elements.
A rapid visual screening was also performed for each building with the aim to verify the
documental data and identify potential seismic weakness. The collected data were resumed in
a checklist defined in accordance with FEMA P-154 [13] indications. This phase led to a
qualitative assessment of the buildings seismic performances allowing the identification of the
key deficiencies and the seismic scoring, the latter based on the inspection methodologies described in FEMA P-154 [13] and P-155 [14] (Figure 3). The seismic score was essentially
function of the building type and accounted for the structural regularity and the soil type, by
means increasing or decreasing factors. The final seismic score provided a preliminary estimation of the probability of building collapse in case of rare earthquakes and, consequently,
indicated the need for a more detailed seismic assessment.
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6

BASIC SCORE, MODIFIERS, AND FINAL LEVEL 1 SCORE, SL1
W1 W1A W2
FEMA BUILDING TYPE

DNK

S2

S3

S4

MRF BR

S1

LM

RC URM MRF SW URM TV

S5

C1

C2

SW INF
Basic Score

3.6

3.2

2.9

2.1

2.0

2.6

2.0

1.7

C3 PC1 PC2 RM1 RM2 URM MH
FD

RD

1.7

1.7

INF
1.5

2.0

1.2

1.6

1.4

1.0

1.5

Severe Vertical Irregularity, V L1

-1.2 -1.2 -1.2 -1.0 -1.0 -1.1 -1.0 -0.8 -0.9 -1.0 -0.7 -1.0 -0.9 -0.9 -0.9 -0.7 NA

Moderate Vertical Irregularity, V L1

-0.7 -0.7 -0.7 -0.6 -0.6 -0.7 -0.6 -0.5 -0.5 -0.6 -0.4 -0.6 -0.5 -0.5 -0.5 -0.4 NA

Plan Irregularity, PL1

-1.1 -1.0 -1.0 -0.8 -0.7 -0.9 -0.7 -0.6 -0.6 -0.8 -0.5 -0.7 -0.6 -0.7 -0.7 -0.4 NA

Pre-Code

-1.1 -1.0 -0.9 -0.6 -0.6 -0.8 -0.6 -0.2 -0.4 -0.7 -0.1 -0.5 -0.3 -0.5 -0.5 0.0 -0.1

Post-Benchmark

1.6

1.9

2.2

1.4

1.4

1.1

1.9 NA

1.9

2.1 NA

2.0

2.4

2.1

2.1 NA

1.2

Soil Type IA

0.1

0.3

0.5

0.4

0.6

0.1

0.6

0.4

0.5

0.6

0.4

0.5

0.5

0.3

Soil Type III ( 1-3 stories )

0.2

0.2

0.1 -0.2 -0.4 0.2 -0.1 -0.4 0.0

Soil Type III ( > stories )

-0.3 -0.6 -0.9 -0.6 -0.6 NA -0.6 -0.4 -0.5 -0.7 -0.3 NA -0.4 -0.5 -0.6 -0.2 NA

Minimum Score, SMIN

1.1

0.9

0.7

0.5

0.5

0.6

0.5

0.5

0.5

0.3

0.3

0.6

0.0 -0.2 -0.3 -0.1 -0.1 -0.1 -0.2 -0.4
0.3

0.3

0.2

0.2

0.3

0.3

0.2

1.0

FINAL LEVEL 1 SCORE, SL1≥SMIN

Figure 3: Seismic scoring table [13].

The qualitative assessment accounted also for the indications of the local Kyrgyz standards.
To this regards, the code SNiP 22-01-1998 [15] suggests a vulnerability classification for the
seismic assessment and retrofit of existing buildings. The code identifies four different vulnerability categories and assigns them to existing building as a function of the technologies
adopted for their structural system. The majority of the buildings included in the analysed
sample were vulnerable or highly vulnerable structures, this corresponds to non-seismic resistant constructive schemes, as per definition of the SNiP 22-01-1998 [15].
Recurrent structural deficiencies, among those identified in the IEP, regarded connection
details and diaphragms stiffness. Inadequate connections between slabs and vertical bearing
elements, deformable slabs for roof and intermediate ceilings and inefficient beam-to-column
connections characterized, in fact, the majority of buildings included in the selected sample.
Potential seismic pounding between adjacent blocks was also a critical aspect for almost all
the selected buildings.
4.2

Initial Seismic Assessment

The ISA involved analytical models whose level of details was calibrated as a function of
the available documentations and data for the buildings. Linear dynamic and static non-linear
analyses were performed to study the seismic performance of each building of the sample and
identify the structural criticalities. Three different approaches were applied for the study of
RC buildings seismic performances:
 Dynamic analysis with response spectrum approach (RSA);
 Simplified static non-linear analysis with the Simple Lateral Mechanism Analysis
(SLaMA method);
 Static non-linear analysis with the FE model (Pushover analysis).
The dynamic analysis with RSA provided a preliminary estimation of the dynamic behaviour of the buildings in terms of period of vibrations, higher modes effect and torsional response. The RSA provided also reference values in terms of seismic base shear and seismic
displacements, at the same time this simplified approach simulated the behaviour of the building considering the method currently used in the Kyrgyz Republic for the design of new
buildings [7].
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The RSA was developed with the software SAP2000 [16], the numerical models were
submitted to the design response spectra defined in accordance to the criteria described in section 2. As usual considered for existing buildings, a behavior factor of 1.5 was considered in
order to take into account the energy dissipation due to a minor level of damages accepted for
the LS limit state.
When applicable, the ISA assumed simplified non-linear models for a preliminary estimation of the seismic performance as the SLaMA method, included in the International State of
the Art provided by American [1] and New Zealand standards [2]. The SLaMA approach is
basically a Displacement-based method in which the displacement profile of the building is
defined considering the deformation capacity of each element and predicting the expected
failure mechanisms. The global nonlinear pushover capacity curve of an existing structure is
hence derived as summation of simplified representations of the capacities of the individual
structure components. This approach is described in details in the “Seismic Assessment
Guidelines of Existing Buildings” recently issued by the New Zealand Society for Earthquake
Engineering [2].
The application of the SLaMA method needs the identification of the probable plastic
hinge for all the beams and columns members. The plastic hinges, in the form of simplified
bi-linear monotonic diagrams, were defined starting from the mechanical properties of the
sections and considering the limits (Table 2) for the different performance levels as prescribed
in [17] and [18].
Material
Concrete

IO
Limit state

LS
Limit state

0.004
=volumetric transverse reinforcement ratio
=steel tensile strength
=steel ultimate strain
=concrete confined compression strength

Steel
0.015
Non- Structural elements Rotation limit = 1%

0.6
N.A.

Table 2: Safety limits for the different performance levels

Once defined the plastic hinges diagrams, the global expected failure mechanism of the
building was identified by determining the Sway Index (SI) as the ratio between the beams
over strength flexural capacity and the probable column flexural capacity at the beam-column
joint. The SI were summed for all the joints in the same line at a specific floor level. Values of
SI greater than 1 corresponds to a more probable column sway mechanism, while values lower than 1 corresponds to a more probable beam sway mechanism (Figure 4).
The identification of the most probable global failure mechanism allowed the estimation of
the base shear and the relative displacement capacity for the multi-degree of freedom system
(MDOF). The definition of the corresponding expected displacement profile lead to the definition of the equivalent single degree of freedom system (SDOF). The conversion of the
MDOF capacity curve, directly derived by the definition of the structure capacity in terms of
strength and displacement, in the corresponding SDOF curve allowed the final assessment of
the building. The SDOF capacity curve can be, in fact, compared with the seismic demand,
reduced with the appropriate ductility factor based on the equivalent viscous damping, in the
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Acceleration Displacement Response Spectrum (ADRS), as reported in Figure 5. The final
seismic risk index derived, at last, by the following equations expressed in terms of displacement or PGA, respectively:

(2)

(3)
being: PGAC,LS,I the peak ground acceleration corresponding to the attainment of the i-th
limit state and PGAD,LS,I the peak ground acceleration corresponding to the demand associated to the i-th limit state.

Figure 4: Possible mechanisms of post-elastic deformation of MRFs as described in [2].

Figure 5: Nonlinear static pushover assessment using the ADRS plot as described in [2].

For RC frames, the ISA process ended with the implementation of non-linear FEM models
submitted to non-linear static analysis to assess the reliability of the SLaMA approach. The
models were defined with the software SAP2000 [16] by applying the plastic hinges, already
defined in the SLaMA approach, in all the structural components with a lumped plasticity approach. The loads applied followed two different patterns: proportional to the first mode of
vibration and proportional to the mass.
The ISA for the unreinforced masonry buildings was carried out by performing static nonlinear analysis of macro-element models implemented with the software TREMURI. The
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software is based on the equivalent frame modelling (EFM) approach developed by S. Lagomarsino, A. Penna, A. Galasco and S. Cattari [19] [20]. TREMURI allows performing nonlinear static and dynamic analyses of complete 3D building models with an optimal compromise
between accuracy and computational burden, also providing a clear understanding of the results. The EFM approach is based on the discretization of each bearing wall into a set of masonry panels (piers and spandrels) connected to each other by rigid areas (nodes). Masonry
non-linearity is essentially concentrated in pier and spandrel panels whose behaviour is described by non-linear constitutive laws associated to the most recurrent failure mechanisms.
Table 3 reports the minimum risk indexes obtained for each building with reference to their
existing configurations and for both the performance levels of LS and IO. As it is possible to
observe by the comparison of the results, the highest vulnerability characterizes the masonry
buildings characterized by a high n° of floors and a very old construction year (Building 2 and
3). A low vulnerability characterized also building 1 which is the highest structure among the
RC buildings. All the results are perfectly compatible with the seismic vulnerability identified
at the end of IEP and the ones underlined by previous scientific studies [9], [10], [11], [12]
Building

Structural System

Building 1
Building 2
Building 3
Building 4
Building 5
Building 6
Building 7
Building 8

RC frames
URM walls
URM walls
URM walls
URM walls
URM walls
RC frames
RC frames

RILS
Existing Configuration
0.55
0.39
0.32
0.80
1.19
0.80
0.72
1.69

RIIO
Existing Configuration
0.68
0.34
0.50
0.99
1.02
0.99
0.72
1.14

Table 3: Minimum seismic risk indexes in the existing configurations for LS and IO limit states

4.3

Design of retrofit scenarios

Starting from the results of the seismic assessment related to the existing configuration,
different conceptual retrofit options were defined and compared. The general objective of the
retrofit option was to obtain the minimum safety level required by the code for both the Life
Safety and the Immediate Occupancy limit state. In conjunction to this objective, the goal was
to limit the cost of the interventions, to limit the service disruption during the interventions
and the disturbance of the occupants. The efficiency of each retrofit scenario was then defined
by accounting for the reduction of seismic vulnerability produced, the associated cost and the
pros and cons in terms of constructability and influence on the building activities.
Each retrofit scenario was defined by accounting for the structural criticalities identified at
the end of the seismic assessment procedure. The objective was to improve both static and
seismic performance, local and global deficiencies of structural and non-structural buildings
components. The investigated retrofitting strategies were aimed at achieving a proper balance
between the increase of the initial structure strength and ductility.
With reference to RC structures the investigated retrofitting strategies moved from traditional strategies, such as the reinforced concrete jacketing of the structural components and
the insertion of additional structural seismic resisting elements (steel bracings or r.c. shear
walls), to more innovative ones, such as the seismic isolation of the structure by insertion of
elastomeric dissipative devices.
The possibility to add base isolation devices was investigated also for URM buildings by
referring to recent study on the application of this retrofit measures to existing masonry build-
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ings are available in bibliography [28] [29]. The absence of specific standards in Kyrgyz Republic and the high costs associated to the introduction in the country of materials and constructive knowledge for the application of seismic isolators slightly limited the economic
convenience of this retrofit scenario. Anyway the benefit associated to this retrofitting approach could justify the introduction of this technology and represent an opportunity for the
improvement of the local technologies. Alternative retrofit scenarios included the insertion of
new steel braced frame adjacent to the existing load bearing walls, the increase of the walls
bearing capacity by jacketing with concrete plaster reinforced with steel grid.
Table 4 reports the minimum risk indexes obtained for each building for both the performance levels of LS and IO with reference to the best retrofit scenario.
Building

Retrofit Scenario

Building 1

Columns concrete
jacketing
Walls reinforced
concrete plaster

Building 2
Building 3
Building 4
Building 6
Building 7

RILS
Retrofit Configuration
1.31
1.10
1.18
1.14

Walls reinforced
concrete plaster
Walls reinforced
concrete plaster
Columns concrete
jacketing

1.14
1.26

RIIO
Retrofit Configuration
1.45
1.00
1.23
1.40
1.40
1.28

Table 4: Minimum seismic risk indexes in the retrofit configurations for LS and IO limit states

4.4

Cost-Benefit Analysis of retrofit scenarios

Once completed the ISA for the existing configuration and defined alternative retrofit scenarios, simplified cost-benefit analyses allowed the selection of the most convenient retrofit
scenario. The aim was to identify the retrofit scenario that guarantees the best balance between structural efficiency and economic costs.
A cost estimation was initially defined for each retrofit scenario by using Kyrgyz local
prices based on established knowledge of material cost and labour work. The overall costs
were further checked with international references [21], [22], [23], [24], [25] regarding decisional tools for seismic retrofit of existing structures.
Later the efficiency of the retrofit measure were expressed by means of loss curves referred
to both the existing and the retrofit configurations. The derivation of loss curves followed the
criteria provided by the Italian Decree for the Seismic Classification [26] and specific studies
on displacement-based loss assessment of RC frame buildings [27]. More specifically, the
loss curves allowed the estimation of the Expected Annual Losses (EAL) defined as the area
under the loss curve. The latter represents the relationship between the mean annual frequency
of exceedance of a specific limit state, defined with reference to the PGA of structure capacity
for each limit state, and the repair costs associated to the damages induced by seismic events
occurred during the building life, measured as percentage of the cost of building replacement.
The comparison of the loss curves, for existing and retrofitted configurations, provided indication about the efficiency of each retrofit scenario in terms of reduction of the economic
losses associated to the building damage repair and the initial retrofit costs. After the definition of the loss curves and the EAL for each retrofit scenario, the benefit cost ratio derived by
the application of the following relationship:
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(3)
where: NPV is the net present value, EAL is the expected annual loss, r is the discount rate,
t is the building life assumed here equal to 50 years and Costretrofit is the cost estimation for the
retrofit option.
Figure 6 reports a summary of the loss curves obtained for six of the analysed buildings,
the ones for which retrofitting interventions were required. It is possible to observe that the
bigger benefit in terms of EAL is obtained for the buildings 2 and 3 that have the bigger seismic vulnerability in the existing conditions.

Building 1

Building 2

Building 3

Building 4

Building 6

Building 7

Figure 6: Comparison of Loss Curves for Existing and Retrofitted configurations

5

CONCLUSIONS

In the context of a region highly susceptible and vulnerable to seismic events, the paper
presents a practical application of a complete and innovative procedure for the evaluation of
seismic vulnerability and the design of retrofit interventions. The assessment methodology
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was applied to a sample of eight public facilities (education and health sector facilities) located in zones with medium to high seismic hazard in Kyrgyz Republic. The project, financed by
World Bank (WB) with the support of the Government of Switzerland, aimed at the assessment of the EE potential and need for seismic/structural reinforcement in public facilities of
Kyrgyz Republic by conducting detailed energy and seismic audits.
The seismic assessment methodology involved a series of consequential steps that can be
grouped in two main phases: the Initial Estimation Procedure (IEP) and the Initial Seismic
Assessment (ISA). In the first phase, the complete knowledge of the structures peculiarities
was performed by collecting the main relevant data by original design documents and technical passports and with rapid visual screening. The collected data were resumed in a checklist defined in accordance with FEMA P-154 [13] indications. Final objective of the IEP was
the identification of the key deficiencies and the seismic scoring of the buildings for achieving
a preliminary qualitative assessment of the buildings seismic performance.
The ISA was then conducted by means of analytical models whose level of details was calibrated as a function of the available documentations and data for the buildings. An assessment method involving numerical models and analysis methods with increasing level of
details is here discussed. The evaluation of the buildings seismic vulnerability started from the
application of innovative simplified assessment models, as the SLaMA method [1][2]. The
results were further checked by means of more refined non-linear models. The ISA led to a
quantitative estimation of the seismic vulnerability assumed as starting configuration for the
design of the retrofit scenarios. Finally, simplified cost-benefit analyses provided a criterion
for comparing the technical and economic efficiency of each retrofit scenario.
The approach here discussed allowed the comparison of different retrofit measures having
as objective the improvement of the buildings seismic performance up to the 100% of the
structural safety. The combination of innovative tools for structural analysis and modelling
with final decision criteria based on simplified cost-benefit analyses led to the definition of a
complete procedure that can be easily applied and generalized to whatever structure. The application of this assessment method to existing facilities in high seismic hazard regions allowed to investigate the main relevant structural deficiencies of existing structures. At the
same time, the comparison between innovative an traditional retrofit measures provided indications about the practical difficulties of their applicability to facilities in use and the importance to reach a good balance between the retrofit costs and the structural efficiency.
Finally, the procedure adopted within this project, can help the decision makers in the process
of the seismic prioritisation of the economic resources to be distributed among different facilities at the regional scale.
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Abstract
Existing RC buildings may suffer of brittle failure due to the limited shear capacity of nonconforming columns. To reduce the vulnerability of such members, several retrofit techniques
based on composite materials can be successfully adopted for enhancing the shear capacity of
RC columns. The use of Fiber Reinforced Cement Composite (FRCC) jacketing has been recently recognized as an effective solution for improving the durability of RC members and
some experimental tests have been carried out for investigating the role of FRCC jacketing on
the shear capacity of RC members. However, poor indications are available regarding the
modelling of strengthened members capacity and the design of the strengthening solution. In
this work, an in deep analysis about the available analytical models for assessing the shear
capacity of members is reported and then different methods are proposed for assessing the
shear capacity of RC members with FRCC jacketing.

Keywords: shear capacity, RC members, FRCC, jacketing.

1076

1

INTRODUCTION

Existing RC members suffer of several problems related both to the aging, but also to the
reduced capacity with respect to external loading solicitations [1-3].
Fiber Reinforced Cement Composite (FRCC) material has been largely adopted during the
last decades for improving the capacity and durability of deficient RC members. This is because of the low water/binder ratio that makes this material almost waterproof and then more
durable than conventional Fiber Reinforced Concrete (FRC) [4].
FRCC is characterized by a high compression capacity, usually greater than 100 MPa, and
a good tensile behavior which mainly depends from the volume of fibers embedded in the
cement matrix. According to CNR-DT 204 (2006) [5], when the volume of fiber is less than
2% the FRCC has a tensile strain-softening behavior; conversely, for greater fibers volume
fractions the material (named High Performance FRCC, HPFRCC) has a tensile strainhardening behavior developing multiple cracks before the failure.
Large applications can be found for the strengthening of RC slabs [6], when a thin layer of
HPFRCC is applied on the upper or lower part of the slab. In the case of RC members (i.e.
beams, columns), this material can be used as a strengthening solution in the form of an external jacketing that can be applied over the original member, leading to a slight cross-section
enlargement, or in replacement of the original concrete cover. Several applications can be in
literature about the use of HPFRCC for the jacketing of RC beams [7-9] and column or bridge
piers [10-13], for avoiding corrosion problems, lap-splice failure or shear failure. Few studies
investigated on the reliability of using strain-softening FRCC for the external jacketing [1416].
Even though the recent diffusion of FRCC jacketing interventions on existing RC members
(i.e. slabs, beams, bridge piers, etc.), current codes do not provide any indication about the
design of such strengthening solution or about the assessment methods to be used for predicting their capacity. Based on existing models available for FRCC members opportunely modified, some studies computed the shear capacity of HPFRCC jacketed RC beams with a good
reliability [8, 9]. However, due to the absence of experimental tests on shear critical columns,
these models have never been developed for such members with strain-softening FRCC jacketing.
Thus, in the following, different analytical methods for predicting the shear capacity of
FRCC jacketed RC columns are proposed based on existing shear models opportunely modified for this scope and an applicative case-study is reported to show the variability of results.
This study provides easy-format formulations to be used in current practice.
2

SHEAR CAPACITY MODELS FOR FRCC JACKETED MEMBERS

According to current codes and standards, the nominal shear capacity at the ultimate limit
state, Vn, of RC members strengthened in shear with externally bonded (i.e. EB) composite
materials (such as Fiber Reinforced Polymers, FRP, or Fiber Reinforced Cement Mortar,
FRCM) is generally computed with analytical models based on the truss analogy. According
to this approach, the shear contribution of the EB composite materials, Vj, is simply added to
the contribution of the internal steel shear reinforcement, Vs, in the computation of the overall
shear capacity of the strengthened members, according to Eq. 1 or Eq. 2:
Vn = V0 + V j

(1)

Vn = min(Vc ;Vs + V j )

(2)
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In particular, Eq. 1 is based on the truss analogy model as provided by ACI 318 [17]; the
overall contribution is simply given by adding the shear capacity of the bare member, V0, to
that of the EB composite material. This approach is also suggested by ACI 440 (2008) [18],
fib bulletin 14 (2001) [19] and EC8-3 (2004) [20] for FRP systems and by ACI 549.4-R13
(2013) [21] in the case of FRCM systems. Conversely, Eq. 2 is based on the variable truss approach [22] and the overall shear capacity is given by the minimum value between the concrete contribution and the reinforcement (internal and external) one, as suggested by the
Italian guidelines CNR-DT 200 R1/2013 [23] for FRP systems and CNR-DT 215 (2018) [24]
for FRCM systems.
For the case of FRP and FRCM systems, the contribution of the externally bonded composite material to the overall shear capacity is conventionally computed following the concept of
equivalent transverse reinforcement, as reported in Eq. 3:
V j − FRP / FRCM = 0.9bd  f  f ,eff cot 

(3)

where ρf is the external reinforcement ratio, b and d are the cross-section base and depth,
respectively, σf,eff the effective stress of the composite material and θ is the inclination of
compressive strut.
Given the absence of specific formulations for the case of strengthening with FRCC jacketing, the approaches conventionally used for other strengthening techniques have been opportunely extended for predicting the shear capacity of jacketed RC members.
2.1

Shear contribution of bare column

The assessment of columns shear capacity is a challenging task, even in the case of RC
bare members. Several models are provided by codes and standards for the assessment or the
design of RC columns shear capacity, V0, and their accuracy has been evaluated in [25] on a
database of 180 non-conforming RC columns that failed in shear, as reported in Fig. 1. Models for bare frame are divided in three categories: models based on truss analogy, models
based on the Simplified Modified Compression Field Theory (SMCFT) and degrading models
as a function of the ductility demand. In this study, it was found that the shear model suggested by EC8-3 [20] gave the most accurate results with respect to other shear capacity models.
Thus, for the application of Eq. 1, the use of EC8-3 capacity model for the evaluation of V0
can be preferable in the case of columns. Conversely, the variable truss approach suggested
for the design of new members and adopted in Eq. 2 can give less accurate predictions with
respect to other models, often underestimating the shear capacity for the specimens of collected database. This result is strictly related to the case of non-conforming columns with a low
amount of transverse reinforcement.

Figure 1: Accuracy of shear models for bare RC columns from [24].
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2.2

Shear contribution of FRCC jacket

The prediction of FRCC jacket contribution is an open problem, due to the absence of specific guidelines for the use of such material for strengthening purposes. Conversely, several
international codes, such as CNR-DT 204 (2006) [5], Model Code 2010 [26] and ACI 544.1R
(1996) [27], provide a regulation for the design of Fibre Reinforced Concrete members. In
particular, shear capacity models are suggested for FRC members with steel transverse reinforcement, following the truss analogy model (i.e. the steel transverse reinforcement contribution is just added to the FRC member shear capacity) [5].
The Japanese standard JSCE (2006) [28] also provides a shear model for HPFRCC members (i.e. with strain hardening behavior), explicitly accounting for the fibers contribution to
shear capacity.
In the following, the shear models provided by codes and standards for FRC and HPFRCC
are analyzed and modified for the case of FRCC jacketing. The shear model developed by
Dinh (2009) [29] for FRC beams is also reported. Furthermore, a formulation based on the
equivalent transverse reinforcement concept is proposed.
-

JSCE (2006)

According to semi-empirical model proposed by the JSCE for HPFRCC members, the
shear contribution of the concrete matrix and that of the short steel fibers are calculated independently and then summed to provide the overall shear capacity, according to Eq. 4:
V j1− JSCE = 0.18 f c Aj
V j 2− JSCE = ft ,resbz cot 

(4)

with fc the HPFRC compressive strength, z the internal lever arm (suggested equal to d/1.15),
ft,res the post-peak tensile strength over the shear crack and Aj is the effective area of HPFRC
(i.e. bd for full HPFRC members).
This model has been adopted for predicting the shear contribution of HPFRCC layer on
two RC beams by Zhang et al. (2015) [8] with very good accuracy.
-

CNR-DT 204 (2006) and ModelCode 2010

According to CNR-DT 204 and ModelCode 2010, the shear capacity of the FRC member
can be calculated as reported in Eq. 5, that is basically based on the empirical shear capacity
model for RC members without transverse reinforcement provided by Eurocode 2 with slight
modifications:
V j1−CNR

1/3
 0.18 

ft ,res  

=
k 100 l 1 + 7.5
 f c  + 0.15 cp  Aj
ft  

  c 


(5)

where γc is a material partial safety factor, k is a factor accounting for the scale effect
(k=1+(200/d)0.5), ρl is the steel longitudinal reinforcement ratio, ft and ft,res are the peak and
post-peak tensile strength of FRC respectively, fc is the FRC compressive strength and Aj is
the effective area of FRC (i.e. bd for full FRC members).
This semi-empirical model, being based on RC members without shear reinforcement or
fibers, implicitly neglects the fibers contribution in the post-cracking phase. Furthermore, in
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the case of external jacketing, being the jacket difficulty directly loaded by the gravity loads,
the axial stress σcp due to the external axial load should be neglected.
-

ACI 544 (1997)

The American standards ACI 544 provides an empirical-based formulation for calculating
the average shear stress in FRC beams, derived from experimental tests with different fibers
typologies and quantity. The FRC shear contribution is then calculated as reported in Eq. 6:

V j1− ACI

2 d 
= ft  
3  Ls 

0.25

Aj

(6)

with LS the shear length of the member. Similarly to what observed for the previous model,
also this approach is able to predict the shear contribution of the FRC up to the development
of significant cracks and neglects the fibers contribution in the post-crack phase.
-

Dinh (2009)

A mechanical model was developed by Dinh (2009) [29] for FRC beams without shear reinforcement, based on the force in the compression region and on the fibers’ contribution in
the tension region of the cross-section. The overall shear capacity is computed as the sum of
the two contributions, calculated as follows:

V j1− Dinh = 0.11 f c  xb
V j 2− Dinh = ft b(d − x) cot 

(7)

where x is the neutral axis depth and β is a stress-block coefficient for reducing the neutral
axis depth (assumed 0.85).
This model has been used with opportune modifications for predicting the shear capacity
of four RC beams jacketed with HPFRCC in [9] with very satisfactory results.
-

Equivalent transverse reinforcement (ETR) method

For evaluating the shear contribution of the FRCC jacket after the formation of the first
crack, a possible approach can be represented by the equivalent transverse reinforcement (i.e.
ETR) concept already adopted for other strengthening solutions (i.e. Eq. 3 for FRP and
FRCM). According to this concept, the post-cracking FRCC jacket shear contribution can be
calculated as follows:
V j 2 = 0.9d 2tf t ,res cot 

(8)

where t is the jacket thickness. This formulation is valid when the jacket is extended for the
entire member’ length. In the proposed formulation, the tensile capacity of the jacket in the
shear direction is assumed equal to the residual tensile strength of the FRCC. This is because,
after the formation of the shear crack in the jacket, the fibres are main responsible of the resisting mechanism due to their “bridging” action along the crack. However, due to the random
orientation of the fibres inside the matrix, the residual tensile strength along the shear crack
can be very variable and more research is needed for relating this mechanical property to the
quantity and orientation of fibres along the crack.
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This model was also adopted in [9] for predicting the the shear capacity of four RC beams
jacketed with HPFRCC. In this case, due to the strain-hardening behavior of the material, the
ultimate tensile stress of HPFRCC was adopted, leading to a slight overestimation of the results.
All these methods were developed for members fully casted with FRC and their use in the
case of composite cross-sections, where the core is represented by the original RC column and
the external layer is made with FRCC, need to be assessed. In the presence of steel transverse
reinforcement, the shear behavior of the composite FRCC-RC column can be still modelled
with the truss analogy and the contribution of the FRCC jacket to the truss mechanism can be
calculated according to the previous models, by considering the FRCC matrix as an independent beam, as reported in Fig.1. In this proposal it is assumed that the shear contribution of the
upper and lower FRCC areas is almost negligible.

Figure 2: Modelling of FRCC jacketed RC columns.

Thus, based on the analysis of available shear models, the shear contribution of the strainsoftening FRCC jacket to be used in Eq. 1-2 for evaluating the shear capacity of FRCC jacketed members can be calculated by adding the post-crack contribution of steel fibres to that of
the FRCC before the cracking, as follows:
V j = V j1 + V j 2

(9)

It should be noted that this model is based on the assumption of perfect bond between
FRCC jacket and the concrete substrate. Indeed, if the surface of the existing RC member is
not rough enough, the delamination of the FRCC jacket can occur [7], leading to a premature
failure. In this case, specific studies should be carried out for defining minimum roughness
requirements that ensures a good bond between FRCC jacket and concrete.
3

APPLICATION

In this section, the shear models previously presented are adopted for predicting the shear
capacity of an existing RC column non-conforming to current standards, select as case-study.
The main geometrical properties of the selected case-study are herein summarized: square
cross-section 300x300 mm2, concrete cover c=20mm, shear length LS=900mm, steel longitudinal ratio ρl=4% (i.e. 5+5 ϕ22), shear reinforcement ϕ8 spaced at 300mm. The concrete compressive strength is 20 MPa and steel yielding strength is 500 MPa.
The column has a bending capacity MRd= 268 kNm, corresponding to a shear force F0=
298 kN. The shear capacity calculated according to EC8-3 is equal to V0=172 kN. Thus, the
column has a brittle behavior governed by the shear before the achievement of the flexural
yielding.
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For the shear strengthening, it is assumed that the concrete cover of the column is completely removed and replaced with a 30mm thick layer of strain-softening FRCC. Thus, the
overall dimensions of the jacketed cross-section will be 320x320 mm2 The mechanical properties of the FRCC are reported in Fig. 3.

Figure 3: Idealized FRCC tensile behavior and mechanical properties.

The previously presented models have been adopted for predicting the shear contribution
of the FRCC jacketing, Vj, to the overall shear capacity of the column and the results are reported in Table 1. The inclination of the compressive strut, equal to the inclination of the
shear crack, is assumed equal to 30° in the calculations.
The results for the FRCC matrix shear contribution, Vj1, are quite stable for the CNR-DT
204, ACI 544 and Dinh models, ranging between 65kN and 75kN (mean 70kN, CoV 6%).
Conversely, the JSCE model provided a lower value for Vj1 with respect to the other models
and this is probably related to the database of calibration of this formulation.
About the fibers contribution to shear capacity in the post-cracking phase, Vj2, both JSCE
and ETR provided very similar values, 83kN and 86kN, being based on the same mechanical
model. Conversely, the Dinh approach being based on a different mechanical model gave a
different result that is more conservative with respect to the ETR mechanism.
Thus, the total contributions of the FRCC jacketing according to different models, computed according to Eq. 9, are 119kN (JSCE), 161kN (CNR-DT 204 + ETR), 151kN (ACI 544 +
ETR) and 132kN (Dinh), with a mean of 141kN and CoV=13%.
JSCE
Vj1
36kN

Vj2
83kN

CNR-DT 204

ACI 544

Vj1
75kN

Vj1
65kN

Dinh
Vj1
69kN

Vj2
63kN

ETR
Vj2
86kN

Table 1: Theoretical shear capacity of FRCC jacket.

4

CONCLUSIONS

The present research work is focused on the definition of analytical models for assessing
the shear capacity of existing RC columns strengthened with an FRCC jacketing, due to the
lack of codes formulations for this kind of composite members. The following conclusive remarks can be drawn:
• Practical analytical models for predicting the shear contribution of the FRCC jacket are
presented, based on the modification of currently available models developed for FRC
and HPFRCC members.
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• Some of these models were already used for predicting the shear capacity of strainhardening HPFRCC jacketed RC beams with satisfactory results and their formulation
was herein extended to the case of columns fully jacketed with strain-softening FRCC.
• The results for a selected case-study showed that the presented models provide very similar results, with a CoV of 13%. The JSCE model resulted the more conservative among
the other models for predicting the FRCC matrix contribution to shear capacity; conversely, the Dinh model is the more conservative for evaluating the shear contribution of
short fibres in tension.
• More experimental research on shear critical RC columns jacketed with FRCC should be
carried out for assessing the accuracy of such models, due to the lack of experimental
tests on such members.
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Abstract
The holistic renovation of the existing building stock is now recognized as a priority in order
to reach the European targets in terms of sustainability, safety, and resilience. Nevertheless,
the average European renovation rate of the building stock is only 1.5%. The Building Performance Institute Europe identified as major barriers to the renovation of the existing buildings the need to relocate the inhabitants, the extended downtime required during the
construction works, the high cost of the interventions and the lack of adequate business models fostering the renovation. This is particularly true for buildings located in seismic prone
areas, which require extensive structural works to be combined with energy upgrading
measures.
To overcome these barriers, especially those connected to the relocation of the building
functions, retrofit solutions carried out from the outside of the building are generally preferred. In this work, design spectra for the preliminary design of elastic seismic retrofit solutions carried out from the outside are derived for reinforced concrete (RC) buildings typical
of the post-WWII building stock. A parametric evaluation of the retrofitted structure is conducted considering a simplified 2 DOF system, and a set of design spectra are defined in order to simplify the design procedure and to derive the optimal retrofit parameters. Finally, a
reference case study representative of a typical RC building is developed to asses and validate the procedure.
Keywords: Renovation, from outside, retrofit, design spectra.
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1

INTRODUCTION

It has been recognized that a deep and systematic intervention on the built environment has
to be undertaken to reach the ambitious European targets fostering environmental, economic
and social sustainability. The actual average European construction rate is only 1.5% [1];
therefore, the sole construction of new high-performance buildings will not entail meeting the
targets of the European roadmaps. Sustainability in the construction sector can only be pursued by substantially renovating the existing building stock, which is obsolete, massively energy consuming, and vulnerable to natural and man-induced disasters [2, 3]. Two options may
thus be envisioned to account for the multiple deficiencies of the existing building stock:
demolition and reconstruction, and an integrated deep renovation fostering safety, resilience
and sustainability; the latter solution should always be preferred over demolition and reconstruction [4].
In spite of this severe scenario, nowadays, the average European renovation rate of the reinforced concrete (RC) buildings is very low (1.0% according with BPIE [1]). The Building
Performance Institute Europe (BPIE) identified, as major barriers to the renovation of the existing buildings, the need to relocate the inhabitants, the extended downtime required during
the construction works, the high cost of the interventions and the lack of adequate business
models fostering renovation [5, 6]. This is particularly true for buildings located in seismic
prone areas, which require extensive structural works to be combined with energy upgrading
measures.
To overcome some of these barriers, especially those connected to the relocation of the inhabitants’ and the building functions, retrofit solution carried out from the outside of the
building are generally preferred.
Starting from the consideration made for bracing system by Ciampi et al. [7], in this work,
design spectra for the preliminary design of elastic seismic retrofit solutions carried out from
the outside are derived for RC buildings typical of the post-WWII building stock that represents about 60% of the existing buildings. A parametric evaluation of the retrofitted structure
is conducted considering a simplified 2 DOF system, and a set of design spectra are defined in
order to simplify the design procedure and to derive the optimal retrofit parameters. Finally, a
reference case study representative of a typical RC building is developed to asses and validate
the procedure by means of non-linear time history analyses.
2

SENSITIVITY ANALYSIS OF THE STRUCTURAL RESPONSE OF THE
RETRPFOTTED SYSTEM: DEFINITION OF THE DESIGN SPECTRA

The interaction between the retrofit (carried out from the outside) and the existing building
is here evaluated through a simplified 2 Degrees of Freedom (2DOF) system.
Design spectra are derived for the definition of the stiffness of the retrofit structure required to limit and control the displacement of the existing structure when subjected to the
design earthquake. (the objective of the retrofit intervention is to avoid excessive damage and,
consequently, the long-term disruption of the building activities, the relocation of its inhabitants, and minimizing the costs after a seismic event.).
2.1

Simplified model of the retrofitted structure

The 2DOF model representative of the retrofitted system is reported in Figure 1, in which
the existing building and the retrofit solution responses are described by the degree of freedom u1 (DOF1) and u2 (DOF2), respectively.
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Figure 1 Simplified 2DOF model. a) Simplified 2DOF system; b) Response curve of the retrofitted structure with
2 degrees of freedom (2DOF) working in parallel.

The structural response of the existing building (DOF1) is described by: the fundamental period (T1), the effective mass (m1), the initial elastic stiffness (k1), the damping coefficient (c1),
and the yielding force (Fy,1).
Given the elastic stiffness (k1) and the yielding force (Fy,1), the yielding displacement (y,1)
Fy ,1
can be derived (  y ,1 
).
k1
For the DOF2, the elastic stiffness (k2) is defined as a function of k1. Feroldi [8] demonstrated that the simplification of the whole system into a 2DOF is acceptable if the ratio between the elastic stiffness of the retrofitting system (k2) and the stiffness of the existing
building (k1) ranges between 0 and 12. The mass of the retrofit solution (m2) is assumed in
first approximation as equal to 1/10÷1/20 of the mass of the existing building (m1) [9].
As shown in Figure 1, the two masses are connected through a general link modelling the
connection between the existing structure and the exoskeleton system with elastic stiffness
(k12), and damping coefficient (c12). The damping coefficient is supposed constant, while the
influence of the stiffness is investigated in this work.
The structural response is analyzed with reference to a set of parameters:
 represents the yielding strength of the existing building, adimensionalized with respect
to the mass (m1) multiplied by the ground acceleration Sa(T1) as in (1).



Fy ,1
[ m1  Sa(T1 )]

(1)

It is worth noting that, the adimensionalization of the strength parameter  allows to
avoid the dependence of the spectra on the values of the maximum ground acceleration
( X g ).
 The damage on the existing building is evaluated through the parameter that represents
the “ductility demand” of the existing building after the retrofit. is defined as the ratio
between the maximum displacement (MAX) experienced by the DOF 1 during a seismic
event and the yielding displacement (y,1) of the DOF1 (Figure 1b).



 MAX
 y ,1

(2)
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 Another fundamental parameter required to derive the optimal retrofit solution is the
stiffness parameter which represents the ratio between the elastic stiffness of the retrofit (k2) and the stiffness of the existing building (k1) (Figure 1).
k
 2
(3)
k1
2.2

Equations of motion

The free-body model of the 2DOF system is represented in Figure 2. By enforcing balance
to horizontal translation to DOF1 and DOF2, it yields:
k2u2
k12(u1-u2)
k1u1
m1
c1u1

m2
c12(u1-u2)

c2u2

Figure 2 Free-body diagrams of the 2DOF system

From which the equations of motion of the 2DOF can be derived:
xG  u1 )  k1u1  c1u1  k12 (u2  u1 )  c12 (u2  u1 )
 m1 ( 

xG  u2 )  k2u 2  c2u2  k12 (u2  u1 )  c12 (u2  u1 )  0
 m2 ( 
In matrix form the equations can be re-written as:
c12   u1   k1  k12
 k12   u1    m1 
 m1 0   u1   c1  c12
  
   Xg  
 0 m  u    c

c2  c12  u 2   k12
k2  k12  u2 
2   2
12


 m2 
and in a compact form:
M u  C u  K u   F 

(4)

(5)
(6)

in which, M is the mass matrix, K the stiffness matrix, C the damping matrix, and the vecF  M   Xg represents the seismic action on the simplified system.
tor
2.3

Simplification to a SDOF system

In order to better understand the behavior of the whole elastic system, the frequency response of the two connected masses is investigated by using transfer functions. In the case of
MDOF system, the transfer functions can be compacted into a transfer matrix T in which each
component of the Transfer Matrix (T(i,j)) provides information about the response of the system at the DOF i due to a unit force at the DOF j. In order to evaluate the frequency response
of the DOF1 the transfer functions of the 2DOF system represented in Figure 1 are developed;
the whole procedure is reported in Appendix 1.
In this particular application, among all the transfer functions (T(i,j)) of the transfer matrix
T(), the component T(1,1) is the most significant to analyze, considering that it represents
the response of the DOF1 due to a unit force in the DOF1.
The steady-state vibration amplitudes for the 2DOF system by varying the mass (m2), the
stiffness of the DOF2 (k2), and the stiffness of the connections (k12) were investigated. To
generalize the results, the varying parameters were normalized over reference values of m1
and k1. In particular, the properties of the second mass are varied within the following ranges
of interest: m2= [1/20, 1/8, 1/4, 1/2, 1]m1, and k2=[10, 8, 4, 2, 1]k1, where: m2=1/20m1 and
k2=10k1 are reasonable values of mass and stiffness of the retrofit system [9], while m2=m1
and k2=k1 are introduced to emphasize the effect of the DOF2 on the response of the DOF1.
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As concern the connections between the two systems, the steady-state vibration amplitude
was evaluated by increasing the stiffness of the connection (k12) within the range of interest:
k12= [1, 5, 10, 50]k1 in order to evaluate the response of the system when they are considered
as rigid. It is important to note that: (a) the damping coefficients are assumed as constant, (b)
negative amplitudes corresponding to some masses have been ignored, (c) as expected, when
the forcing frequency is close to one of the natural frequencies of the system, resonance phenomenon occurs, (d) for comparable values of mass and stiffness of the 2DOF system, in the
point of antiresonance, the amplitude of the vibration is equal to zero.
In Figure 3a, m2 is assumed to be equal to m1, the stiffness k2 is supposed equal to k1, while the
stiffness of the connection (k12) increases from k1 to 50k1; in Figure 3b, m2 is assumed to be
equal to m1, while the stiffness of the DOF2 increases from k1 to 10k1; in Figure 3c, the stiffness k2 is supposed equal to k1; m2, instead, decreases from m1 to 0.05m1. Some relevant conclusions can be drawn from these results: first of all, when rigid connections are considered,
the amplitude of the lowest resonance frequency is generally much greater than the highest
frequency modes. For this reason, in this case, it is often sufficient to consider only the lowest
frequency mode in the design calculations. The same consideration can be drawn in a damped
system in which k2 is significantly higher that k1, and the mass ratio m2/m1 is lower than 1/10.
It is worth noting that, to apply this simplification when the connection is not rigid, the hypothesis of equal displacement of the 2DOF system becomes essential. Consequently, this
simplification is considered acceptable only when rigid elastic connections are considered.

Figure 3 In-frequency response of the 2DOF system for a) m2=m1, k2=k1, for varying the retrofit stiffness k2; b)
m2=m1, for varying the retrofit stiffness k2; c) k2=k1, for varying the mass (m2) of the retrofit system.

In this work the connections are considered as rigid, the mass of the retrofit can be considered negligible, while the stiffness is significantly higher than that of the existing building; for
these reasons, the system can be idealized as just a Single DOF system (SDOF).
The simplified model is reported in Figure 4a, in which the total mass m=m1+m2 is considered.
It is worth noting that because m2 can be considered negligible, in many cases m can be considered equal to m1.
u1

u1

xg

a)

m
c1

k

k1

k12 k2

k1

xg

c12 c2

m
c1

c

b)

Figure 4 a) Simplified SDOF system; b) Simplified SDOF system with equivalent spring and damping.

In Figure 4b, the equivalent stiffness and damping of the retrofit solution are introduced,
where:
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kk
k  2 12
k2  k12

and,

(7)
c2c12
c2  c12
If the connections are considered as rigid, the equivalent stiffness (k) can be considered as
equal to the stiffness of the retrofit.
It is worth noting that when considering the equivalent system in Figure 4b, the response parameters  (3) must be re-defined as follows:
k
 
(8)
k1
where  represents the ratio between the equivalent elastic stiffnesses of the retrofit (k) and
the elastic stiffness of existing building (k1).
2.4

c 

Parametric analyses on the simplified SDOF system

Adopting this new simplified SDOF system, sensitivity analyses for the evaluation of the
retrofit properties were carried out.
In particular, given a target maximum displacement for the existing building -DOF1- (and
consequently a target maximum ductility), the spectral displacement ( S d ) can be calculated as
show in (9);
S d (T )   MAX     y ,1
(9)
Through the displacement spectra, the elastic period ( T ) and the pseudo acceleration
( S a (T ) ) of the structure can be derived as shown in Figure 5.

Sa [g]

Sd [m]

S a (T )

Sd

a)

T

T [s]

b)

T

T [s]

Figure 5 a) design displacement spectrum; b) design acceleration spectrum

The elastic stiffness and the total base shear of the retrofitted system can be calculated as
follow:
4    m*
kˆ 
T2
(10)
*
ˆ
V  m  S a (T )
The total base shear on the retrofitted building ( Vˆ ) is thus distributed as a function of the
elastic stiffnesses of the 2 DOFs while imposing the limit capacity of the DOF1 as equal to
Fy,1 (11).
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Vˆ
if V1  ˆ  k1  Fy ,1  V2  Vˆ  V1

k
(11)

if V  Vˆ  k  F  V  Vˆ  F
1
1
y ,1
2
y ,1

kˆ
Given the base shear ( Vˆ ) and the total displacement (  MAX ) of the retrofitted system, the
stiffness of the retrofit solution ( k2 ) and the stiffness ratio λ can be derived.
V
k2  k  2

 MAX

(12)
k2
k1
In Figure 6, design spectra for the preliminary design of retrofit solution carried out from
the outside are reported, where the ductility demand μ is plotted as a function of the stiffness
ratio for given values of the initial period T1 and strength parameter η.
The considered parameters and the range in which they are varied are summarized in Table
1. As concern the DOF1, the inputs parameters were selected to be representative of the ordinary post Second World War RC buildings according to [10] while the equivalent stiffness of
the retrofit k is varied in the interval 0÷6k1, in which k=0 represents the As-Is condition (ante
retrofit =0), and k=6k1 is a reasonable value of equivalent retrofit stiffness [8]. As for the
yielding force, different values of η were considered to represent weak (η=0.30), medium
(η=0.50-0.60) and strong (η=0.85) buildings.



Parameter
Elastic period
Effective mass
Elastic stiffness
Strength parameter

Symbol
T1
m1
k1
Η

Range
0.5-2.5
451-800-1000
7.5-13-24
0.30-0.50-0.60-0.85

Table 1: Example of the construction of one table.
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Figure 6 Design spectra
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3

APPLICATION TO A REFERENCE CASE

In order to evaluate the effectiveness of the design method, the procedure was applied to a
reference building. The reference structure is a post-World War II reinforced concrete building. Main features and structural details of the reference building are described in Feroldi [8]
and Passoni [9]. The structure is a five-story rectangular building (24.00mx10.64m) featuring
three one-way longitudinal frames and two infilled lateral frames. The inter-story height is
3.15m, and the structural system is made of RC frames in the longest direction designed to
withstand static loads only.
Floors are made of a composite RC beam and clay block system featuring a 2.5 cm RC
overlay. On the basis of previous studies, it has been assumed that floors can withstand horizontal loads (i.e. they behave like floor diaphragms) by developing an in-plane tied-arch resistant mechanism up to their ultimate capacity [8, 9]. The staircase core is not designed to
withstand seismic loads; accordingly, the staircase walls are not considered RC seismic walls,
but rather stiff walls with low ductility. Geometry and materials of the main frame are reported in Figure 7.

Figure 7 Geometry and materials of the reference building main frame. Characteristics and features are representative of ordinary RC buildings.

3.1

Existing building model

The finite element model was developed with the software MidasGen 2018. In the existing
building model, attention has been paid to the correct representation of both structural and
non-structural components. Non-linear static analyses were performed in order to evaluate the
structural performance of the reference building in the As-Is conditions. Structural elements
such as beams, floors, columns and staircase core were modeled like beam elements with
lumped plasticity in accordance with the European Building Code [11]. In particular, the
beam flexural plastic hinge has been considered by tri-linear Takeda constitutive law [12].
The floors are modeled as rigid diaphragms.
About columns, both shear and bending behavior have been considered by introducing
Takeda Tetra linear plastic hinges [12]. In particular, the shear behavior has been assumed to
be elastic up to the ultimate capacity of the element and then decays very quickly in order to
represent an extremely fragile collapse. Columns are fixed at the base.
Staircase walls are not designed to withstand the horizontal loads and they have been considered stiff walls with low ductility; in the finite element model, the non-linear behavior of
staircase walls was modeled with lumped plastic hinges on each floor of the building. It is
worth noting that in this case a rotational spring was introduced at the base of each wall in
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order to simulate a grade beam. Properties of the rotational hinge were determined by evaluating the maximum bending moment and stiffness of the foundation system [8].
As for the non-structural elements, infilled walls were modeled as two non-linear equivalent trusses converging in the beam-column joints. Cracking and peak forces were evaluated
according to Decanini et al. [13], while the selected cracking and peak drifts are in accordance to the traditional values of 0.5% drift for moderate damage and 1.5% drift for the infill
collapse [14]. As a result, the equivalent truss dimensions are 1.37m x 0.13m for the shorter
and 1.40m x 0.13m for the longer infill walls.
Nonlinear static analyses were performed. The reference building was supposed to be located in L’Aquila, with C soil category and T1 topography. The capacity curve of the reference building and the displacement demands are plotted in Figure 8 and the parameters of the
equivalent SDOF system used for the vulnerability analysis are reported in Table 2.
Equivalent SDOF (NTC, 2018)
750
11.5
760
66
1.44
260
0.50

*

m
K
Fy1
dy1
Γ
dSLV
Η

[kN/g]
[kN/mm]
[kN]
[mm]
[-]
[mm]
[-]

Table 2: Equivalent SDOF system parameters.
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3 4

Base shear [kN]

1000

5

2

800
1

600

Life Safety Limit State

400
200
0
0

50

100
150
200
250
TOP Displacement [mm]

300

350

Figure 8 Capacity curve of the existing building: 1. Infill Cracking; 2. Infill Failure; 3. Stair core limit strength;
4. Plastic hinges in the lateral columns; 5. Plastic hinges at the base of all columns. Dot line: the displacement
demands at the Life Safety Limit State; Red line: effective stiffness of the existing building in correspondence of
the infill failure.

As shown in Figure 8, the existing building does not satisfy L’Aquila displacement demands [15], and, for this reason, the renovation of the existing building is required.
3.2

Retrofit solution: application of the design spectra

For the application of the design spectra, the characteristics of the equivalent SDOF system
of the existing building and the target displacement for the retrofit solution are required.
As concern the existing building, the properties of the equivalent SDOF system have already been calculated (Table 1). For the target displacement, a maximum inter-story drift
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equal to 0.5% to avoid the failure of the non-structural components at the LSLS was considered. From the spectra, considering the elastic stiffness of the existing building (k1) equal to
11.50 [kN/mm], in correspondence of a ductility factor () of 0.82 and considering η equal to
0.50, the stiffness ratio between the retrofit structure and the existing building () is equal to
4.80 (Figure 6). In this work a generic elastic retrofit solution was considered to validate the
effectiveness of the design spectra; this additional stiffness may be obtained, for example, by
means of external shear walls or diagrid exoskeletons.
3.2.1. Non-linear analysis and results: Time history analyses
In order to validate the design procedure for shear-type buildings, 7 nonlinear Time History analyses were carried out.
Accelerograms compatible with the code spectrum were determined by adopting the software Rexel 2.2beta [16]. A maximum scale factor equal to 2 and upper and lower tolerance
equal to 10% and 15%, respectively, were imposed. It is worth noting that for the selected accelerograms the lower tolerance limit imposed by the Eurocode [11] is not met. However,
such a requirement is not always satisfied in the case of high seismicity areas and, for this reason, a lower tolerance limit was obtained by increasing the Eurocode limit value (10%) by 5%
until a compatible set was identified [16] Figure 9.

Figure 9 Selected combination of compatible accelerograms used for the time history analyses (Iervolino, et al.,
2010).

Time History results, expressed in terms of total base shear, base shear at the base of the
retrofit, and top displacement are reported in Table 2.
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Accelerograms
000133_xa
000335_ya
000592_xa
000600_xa
000879_ya
001726_xa
001726_ya
Avg.

VMAX[kN]
6767.623
9236.477
4929.553
8986.49
7501.01
10243.19
12078.51
8534.693

V’MAX[kN]
6211.1
8562.9
4266.6
7863.2
6691.7
9323
10841.8
7680.043

DTOP[m]
0.061
0.082
0.038
0.081
0.064
0.093
0.11
0.076

Table 3 Time history analyses results: VMAX[kN]: Total base shear; V’MAX[kN]: Base shear at the base of the
retrofit (no ex Building); DTOP[m]: Top displacement.

Results show that both the limit top displacement target of 0.0785 (m) and the maximum
inter-story drift target are met (Figure 10b and Table 3 Time history analyses results:
VMAX[kN]: Total base shear; V’MAX[kN]: Base shear at the base of the retrofit (no ex Building); DTOP[m]: Top displacement..
Furthermore, as concerns the inter-story shear, the adopted limit value is exceeded and
therefore external diaphragms should be introduced, as shown in Figure 10a.
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Figure 10 a) Floor shear along the building’s height for different accelerograms, b) inter-story drift and story
displacement.

4

CONCLUSIONS

This work is part of ongoing research on the holistic renovation of the post-WWII RC
buildings. In particular, this paper proposed design spectra for the definition of the minimum
stiffness for retrofit solutions carried out from outside the building. The retrofit-existing
building interaction has been investigated with a 2 degree of freedom system (2 DOF) and the
parametric curves obtained could be adopted to evaluate the minimum stiffness required and
to satisfy a fixed target. It is worth noting that other specific considerations depending on the
retrofit solution have to be made as, for example, the strength limits of the elements of the retrofit itself. Finally, the effectiveness of the method has been assessed through the application
of this procedure to a reference building.
In future research, a much wider range of buildings, with different characteristics and features, will be examined and a sensitivity analysis will be carried out in order to generalize the
whole procedure. Moreover, the connection between the retrofit and the existing building will
be taken into account.
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APPENDIX 1
Starting from the equations of motion (4), the transfer matrix (T()) of the system described in Figure 1 is derived. The solution of the equations of motion, (4), can be expressed
as:
u  X  ei t
(A1)

i t

u

i

t

X

e


i t
2
u    X  e
By substituting (A1) in (6), it yields:
[ 2 M  i C  K ]  X  ei t  F  ei
By defining the Impedance Matrix Z(ω) as:

(A2)

t

Z ()  [ 2M  i C  K ]

(A3)

and, combining (A1) and (A2), it yields:
Z ( )  X  F

(A4)

The transfer matrix is the inverse of the impedance matrix Z ( )  T ( ) ,
 Z 22  Z12 
Z
Z11   t11 t12 
1

21
Z 


det | Z |
t21 t22 
where,
1

(A5)

det | Z | Z 11 Z 22  Z12 2

The solution can be expressed as:
(A6)
 x1   t11 t12   F1 
 
 

 x2  t21 t22   F2 
or in the compact form:
(A7)
X  [ Z ( )]1F  T ( )  F
where T() is the transfer matrix and represents the behavior of the masses per unit input
force as a function of the frequency.
By applying the described procedure to the reference system Figure 1, the frequency response
of the system when subjected to a harmonic load can be evaluated. The equations T(i,j) of the
transfer function that compose the transfer matrix T(ω) of the 2 DOF system are:
(A8)
k 2  k12  i  (c2  c12 )    m2   2
T (1,1) 

 (  k12  i  c12   ) 2  ( k1  k12  i  (c1  c12 )    m1 2 )  ( k 2  k12  i  ( c2  c12 )    m2 2 )

T (1, 2) 

k12  i  c12  
(  k12  i  c12   )  (k1  k12  i  (c1  c12 )    m1 2 )  ( k2  k12  i  (c2  c12 )    m2 2 )

(A9)

T (2,1) 

k12  i  c12  
(  k12  i  c12   )  (k1  k12  i  (c1  c12 )    m1 2 )  ( k2  k12  i  (c2  c12 )    m2 2 )

(A10)

T (2, 2) 

k1  k12  i  (c1  c12 )    m1   2
 i  c12   ) 2  ( k1  k12  i  ( c1  c12 )    m1 2 )  ( k 2  k12  i  ( c2  c12 )    m2 2 )

(A11)

2

2

 (  k12
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Abstract
Models able to assess the effects of composite strengthening on masonry structures are worthy of further developments. This is also evident in modern design codes and guidelines
where, for the masonry, there is lack of well-established approaches. In fact, most of the
strengthening applications on masonry structures are designed based on suggestions by the
manufacturers, missing strict and clear calculations. Such an approach leads, very often, to
the execution of large and therefore economically demanding strengthening systems, also not
encouraging their diffusion. Furthermore, the use of excessive strengthening often involves an
excessive, and above all involuntary, reduction of ductility capacity. It needs also further investigation the impact of peculiar behaviors of composites (e.g. up to trilinear stress strain
behavior for FRCM) on the flexural response of masonry. In this paper the behavior of
strengthened masonry members is analyzed accounting for the variability of mechanical
characteristics of both masonry and the strengthening systems. The behavior of the members
is analyzed in terms of the moment-curvature relationships. This approach allows to evaluate
both the flexural capacity and the ductility capacity of the strengthened masonry sections. In
fact, the ductility is a key aspect in the retrofit of masonry structures. Finally, the process of
adimensionalization, allows to extend the results to any case, providing a useful tool not only
for verification but also for the design of interventions.

Keywords: Masonry, composite, ductility, strengthening, adimensionalizzation.
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1

INTRODUCTION

In recent years, especially after recent earthquakes [1], significant progress has been made
in the understanding of structural behavior [2-3] and in the development of effective intervention strategies for the seismic risk mitigation of existing structures [4]. The effectiveness of
innovative reinforcement techniques has been demonstrated in many scientific studies [6] by
means of laboratory tests [7-8] and in real applications. However, while structural engineering
can rely on reliable techniques and theories for the retrofit of existing reinforced concrete
structures, the same are not available for masonry structures [9, 10]. This is a key issue nowadays, because a large part of the built heritage of the Mediterranean basin and abroad consists
of masonry structures.
Intervention strategies were performed in many engineering applications, according to
manufacturer suggestions or by means of simplified approaches. Simplified approaches incentive an excessive amount of strengthening systems reducing both the efficiency [11, 12] and
the ductility capacity [3]. Under dynamic loads to increase the flexural capacity could not be
one of the best strategies [13, 14]. In particular for brittle materials (e.g masonry) the
strengthening strategy must be performed improving also the ductility capacity [3]. However,
many of the available models both in the literature and in the building codes are not able to
accurately account for the behavior of strengthening systems on the capacity of strengthened
elements [15]. In particular, they provide reliable results for composite based on organic matrix (i.e. resin). For these strengthening systems, matrix contribution can be neglected [16,17].
For strengthening systems based on inorganic matrix (i.e. cementitious or lime-mortar) the
stiffness and strength of the matrix provides a non-negligible effects on ultimate behavior of
strengthened elements [18]. These effects are often deleterious on the ductility of strengthened
elements [11]. Furthermore, for masonry heritage value, it can be important to safeguard the
masonry using a composite more compatible with the mechanical properties of the substrate
[19].
Therefore, a generalized approach to assess the impact of the mechanical properties of constituents on the ultimate behavior of the strengthened masonry element represents a key aspect.
In this paper a generalized approach is proposed to assess the flexural behavior of masonry
sections strengthened with composites. The impact both of the mechanical parameters of masonry and of the strengthening system have been evaluated. In particular, the impact of several constitutive relationships of composites (linear, bilinear, or trilinear) has been evaluated in
terms of ductility capacity of the strengthened masonry elements.

2
2.1

MECHANICAL MODELS OF MATERIALS
Mechanical model of masonry

Several stress–strain relationships to model the masonry are available in the scientific literature [20,21]. Experimental tests have shown the stress-strain relationship of masonry to be
non-linear in compression and tension already under low load levels. Furthermore, it results
strongly influenced by the constituents. Therefore, in the analysis of masonry buildings, also
the nonlinear behavior must be assessed [22]. However, this threshold is very low so that in
many applications, zero tensile strength is assumed [23, 24].The tensile strength is usually
lower than 10% of the compressive strength as experimentally observed [25]. Furthermore,
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many experimental tests [24] have shown the collapse of masonry structure to occur at very
low axial load levels compared to the axial capacity.
For this work, no tension was assumed. When the strengthening system is included, the effect of the tensile strength of masonry on flexural capacity becomes certainly negligible [26].
In compression, the model suggested by the Eurocode, EC6, was used, [27]. In this model the
post-peak softening (figure 1 (a) is neglected, idealizing the behavior after peak as perfectly
plastic).
2.2

Mechanical model of composite

Strengthened systems are made of materials characterized by different mechanical properties. These materials can be modelled by using several approaches [31]. In this paper, three
strategies were used to model the strengthened system. The multilinear stress-strain relationship appears to be the favorite approach to model an experimental stress-strain curve. However, the experimental results [18] support also the use of simplified approaches according to
linear, bilinear, or trilinear stress-strain relationships.
For strengthening systems made of inorganic matrix and basalt fiber, the experimental results confirm the linear and the bi-linear trends [15, 18]. Instead, when natural hemp fiber replaces the synthetic fiber, the experimental results confirm the bi-linear and tri-linear trends
[28, 29]. For composite systems made with organic matrix, the experimental tests confirm a
linear trend [15] as accepted in the modern building codes and guidelines. The stress-strain
constitutive relationship can be easily homogenized [11], meaning that the global behavior of
two constituents of the composite is attributed to fibers only, by using equivalent properties.
The entire stress-strain relationship can be homogenized to the fiber constituent. In particular,
the tensile stress achieved by the strengthening system homogenized to the dry fibers can be
written as follow:
σ A + σ f Af
σ= m m
(1)
Af
where:
σm is the tensile stress achieved by the mortar;
Am is the area of the mortar;
σf is the tensile stress achieved by the fiber;
Af is the area of the fiber.
Experimental tests provide the ultimate strain εu,m and the tensile strength σf of composite.
Typical failure modes of composites are due to the achievement of the maximum strain εf and
the tensile strength σf of fiber or its debonding. The modulus of elasticity of the fiber can be
calculated as Ef = σf /εu,m. The tensile strength of mortar σm,CR provides the stress level at the
cracking threshold. The associated strain level, εm,CR, provides the cracking strain of composite assuming a perfect bond between fiber and matrix. The modulus of elasticity of the matrix
can be calculated as Em = σm,CR/εm,CR. These values are sufficient to calculate the homogenized
stress-strain relationship of composite as shown in figure 1 (b), (c) and (d), (i.e. modules E1,
E2, E3 and the homogenized cracking stress σ*CR) [26].
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Figure 1: Stress-strain relationships: a) masonry, b), c) and d) linear, bilinear and trilinear stress-strain relationships of strengthening system respectively.

The behavior in compression of the strengthening system has been neglected. This assumption is due to the low thickness of the matrix and usually accepted in design codes and guidelines [27, 30].
2.3

Adimensionalization approach

The numerical results have been generalized by using an adimensionalization process discussed in [26], providing extremely useful results for the engineering applications. In fact, the
adimensionalizzation allows to provide generalizable results for any geometrical and mechanical parameter. Therefore, the proposed model, allows to extend the results to different structural contexts. The proposed formulation is partly based on the same theory used for the
Reinforced Concrete (RC) cross sections. For a generic cross section, the following adimensionalized p and m parameters can be introduced:
M
P
; m=
p=
(2)
B ⋅ H 2 ⋅ fc
B ⋅ H ⋅ fc
where:
p is the adimensionalized axial load;
m is the adimensionalized bending moment;
B and H represent the depth and height of the masonry cross section;
fc is the compressive strength of the masonry;
P is the axial load;
M is the bending moment.
The adimensionalization has been performed to the ultimate strength of the dry fiber. Under a perfect bound assumption between the strengthening systems and neglecting the thickness of the mortar, the strain of matrix, ε m can be supposed equal to the strain of the
composite system, ε f . Under these assumptions, the equation (1) can be rewritten introducing
the ratio between the mortar matrix and the fiber cross section, ρm as follow:
σ = ε ⋅ Em ⋅ ρ m + ε ⋅ E f
where:
ε is the strain value at the interface masonry-composite ( ε=
ε=
ε );
f
m
Em is the modulus of elasticity of mortar;
Ef is the modulus of elasticity of the dry fiber.

1104

(3)

G. Ramaglia, F. Fabbrocino, G.P. Lignola and A. Prota

According to the mechanical model used for the constituents, the elastic properties can be
adimensionalized to the tensile strength of the dry fiber, ff: In particular, the modules of elasticity, E i can be calculated as follow:
E1 =

Em ⋅ ρ m + E f

(4)

ff

 σ − σ CR
E2 =  f
 ε −ε
CR
 uf
E
E3 = f
ff


 f f


(5)
(6)

These values provide the stress-strain relationships of the composite in adimensionalized
form and homogenized to the dry fiber.

σ f= ε ⋅E f

for

0 ≤ ε ≤ ε fu

(linear assumption)

(7)

ε ⋅ E1
σf =
ε ⋅ E 2

for

ε CR ≤ ε ≤ 0
ε < ε CR

(bilinear assumption)

(8)

ε ⋅ E1

σ f = σ CR

ε ⋅ E f

for

ε CR ≤ ε ≤ 0
ε 2 < ε < ε CR
ε < ε2

(trilinear assumption)

(9)

Previous equations show the composite system to be described by few normalized parameters: E1 , E 2 , E f , σ CR and ρ m . The equilibrium equations both at the translation and at the
rotation can be expressed in adimensionalized form. The depth of the neutral axis, x, can be
adimensionalized to cross section height, ξ = x/H, and the horizontal equilibrium equation can
be written as follow:
p = ψ ⋅ ξ + ω ⋅σ f

(10)

where:
ψ is the factor (dimensionless value) that correlate the actual nonlinear stress distribution
resultant to the stress block resultant [31] as shown in Figure 2;
ω is the mechanical fiber reinforcement ratio defined as:
A ⋅f
ω= f f
(11)
B ⋅ H ⋅ fm
Similar approach can be performed for the bending moment value, as follows:
m = ψ ⋅ ξ ⋅ bm − ω ⋅ σ f ⋅ b f

→

m =−6 (1 − λ )ψ ⋅ ξ 2 + 6 ⋅ψ ⋅ ξ − 3 p
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where:
bm is the lever arm of masonry resultant normalized to H/6:

bm =
−6 (1 − λ ) ξ + 3

(13)

bf is the lever arm of the composite resultant (i.e. H/2) normalized to H/6, hence it is
equal to 3;
λ is the factor (dimensionless value) that correlates the actual distance of the centroid of
nonlinear stress distribution to the neutral axis depth [31]. Hence, it is confirmed that Equations (10) and (12) are functions only of the outlined normalized parameters.

Figure 2: Equilibrium of the masonry cross section strengthened with composite.

3

PARAMETRICAL ANALYSIS

The proposed model has been adopted to perform a parametrical analysis. The work focuses on the ductility assessment of masonry cross section strengthened with composite. The
proposed model provides generalizable results given in the adimensionalized form. The ductility capacity of the strengthened masonry has been assessed starting from the bending moment-curvature relationship, once it is bilinearized according to the available approaches [32].
Many of the bilinearizzation approaches are based on energetic criteria guaranteeing the same
area between the original real curve and the bilinearized curve. The bilinearization of the
bending moment-curvature relationship is necessary to assess the ductility capacity. For the
parametrical analysis the ductility capacity has been evaluated according to safe side criteria.
In particular, the maximum bending moment was fixed and the stiffness of the initial linear
curve (i.e., elastic-linear behavior) was changed to match the two areas under the curves. This
bi-linearized curve provides the minimum ductility capacity. It is the best approach if the interest focuses on the ductility estimation, but could provide low estimates of the initial stiffness.
The parametrical analysis has been performed ranging the main parameters between a minimum and a maximum values. The choice of the mechanical and geometrical parameters has
been chosen based on a large database of fibers and mortars commercially available (table 1).
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Parameter
Masonry strength, fc
Modulus of elasticity of the masonry, Ec
Dry fiber thickness, tf
Dry fiber strength, ff
Modulus of elasticity of the fry fiber, Ef
Mortar matrix thickness, tm
Mortar matrix strength, ftm
Modulus of elasticity of the mortar matrix, Em

Minimum
1 MPa
1 GPa
0.1 mm
500 MPa
50 GPa
5 mm
0.5 MPa
5 GPa

Maximum
10 MPa
5 GPa
1 mm
3000 MPa
250 GPa
20 mm
20 MPa
22 GPa

Table 1: Range of the parameters for the parametrical analysis.

The range of variability of the composite systems has been identified starting from the values reported in table 1. In this way different stress–strain relationships have been chosen according to the adimensionalized approach previously discussed. The ranges provided a
normalized stiffness of the dry fiber ranging from E f = 33 up to E f = 500 . The two linear
constitutive relationships provide a bilinear relationship for a value of the first cracking normalized stress of the mortar, σ CR equal to 0.5. The same approach has been repeated for the
trilinear stress–strain constitutive relationship.

3.1

Numerical results

The ductility capacity has been assessed ranging the normalized axial load, ν = P Pu between, 0 and, 0.3. It is evaluated as the ratio between the actual axial load, P and the axial capacity, Pu. Experimental tests performed on masonry structures [7, 24] have shown that the
axial load is much lower than the axial capacity of masonry. For this reason, the maximum
value of the axial load has been fixed at the 30% of the maximum value. The ductility capacity has been assessed in terms of curvature values:

µ=

χu
χy

(14)

where:
χ u is the ultimate curvature due to the failure of the masonry or the composite. It depends
on the method adopted for the bilinearizzation of the bending moment-curvature diagram;
χ y is the yielding curvature assessed according to the bilinearizzation approach.
The numerical results have been restricted to some results. In particular, the comparison
has been performed between linear, bilinear and trilinear stress-strain relationship as shown in
figure 3, neglecting other possible combinations.
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Figure 3: Stress-strain constitutive relationships of the composite.

The figure 4 and figure 5 show the bilinearized bending moment-curvature diagram for a
linear model with E f = 33 and E f = 500 , respectively. The diagrams have been reported
changing the normalized axial load, ν and the mechanical fiber reinforcement ratio, ω . The
diagram has been reported in adimensionalized form, m − χ ⋅ H .
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Figure 4: Bilinearized bending moment-curvature diagram for a linear ( E = 33 ) stress-strain constitutive relationship of composite.
f

It is interesting to note that only for low mechanical fiber reinforcement ratios, ω , the
maximum bending moment increases with the axial load. In fact for high mechanical fiber
reinforcement ratios, ω , the maximum value of the bending moment is achieved for a zero
axial load. It is due to an alteration of the p-m domain [11]. Furthermore, the ductility capacity presents a strong reduction already for small increments of the mechanical fiber reinforcement ratio, ω . It is interesting to observe the stabilization of the ductility capacity once the
mechanical fiber reinforcement ratio, ω becomes higher than 1.

Figure 5: Bilinearized bending moment-curvature diagram for a linear ( E = 500 ) stress-strain constitutive relationship of composite.
f

Increasing the modulus of elasticity of the dry fiber, the ductility capacity appears to depend on the mechanical fiber reinforcement ratio, ω . For this system (e.g. synthetic fibers and
resins) the ductility capacity of the masonry is really restricted.
The same analysis has been performed for the bilinear (dashed red line of figure 3) and trilinear (yellow line of figure 3) stress-strain constitutive relationships of the composite as
shown in figure 6 and 7 respectively.
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Figure 6: Bilinearized bending moment-curvature diagram for a bilinear stress-strain constitutive relationship of
composite.

It is interesting to note that, for specific values of the mechanical fiber reinforcement ratios,

ω , the maximum value of the bending moment appears to depend on the normalized axial

load, ν. This aspect is due to the particular shape of the p-m domain for some strengthening
systems [13]. In fact, for particular combinations, the trend of the p-m domain results almost
constant for low values of the axial load, p. This particularity provides a negligible impact of
the axial load value on the ultimate strength of the strengthened masonry elements.
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Figure 7: Bilinearized bending moment-curvature diagram for a trilinear stress-strain constitutive relationship of
composite.

The same considerations previously done can be repeated also for the trilinear model. It is
clear that the model adopted for the composite is crucial both on the strength and on the ductility capacity of a strengthened masonry element.
In order to clarify the previous conclusion, it is interesting to assess the ductility capacity at
changing of both the modelling approach used for the composite and the mechanical fiber reinforcement ratio, ω (figure 8). For low values of the mechanical fiber reinforcement ratio,
ω , the adoption of a model for the composite represents a crucial aspect. It is a key aspect for
strengthening systems more compatible (i.e. in lower amount) with the masonry substrate. At
increasing the mechanical fiber reinforcement ratio, ω , the model adopted for the composite
assumes a negligible impact on the ultimate behavior of the strengthened masonry. Furthermore, also the normalized axial load, ν, provides a negligible impact on the ultimate behavior
of the strengthened masonry if the mechanical fiber reinforcement ratio, ω , is higher than 1.

Figure 8: Comparison of the ductility capacity while changing the fiber reinforcement ratio, ω and the model
of composite (linear, bilinear and trilinear).
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4

CONCLUSIONS
• For strengthening systems more compatible (i.e. in lower amounts) with the masonry
substrate, the form of the composite stress–strain relationship becomes a key aspect.
• For such cases, the modeling of the reinforcement plays a fundamental role and the form
of the relationship is strongly correlated to the type of reinforcement selected, e.g., organic versus inorganic matrix.
• The numerical investigation involved the estimation of the curvature ductility according
to safe side criteria for bilinearization.
• The numerical results showed that the stress-strain curves used to model the strengthening system are crucial in the numerical analysis, but the impact reduces when the mechanical fiber reinforcement ratio, ω , increases.
• The increasing of the fiber reinforcement ratio, ω , reduces the ductility capacity. Furthermore, for high values of the fiber reinforcement ratio, ω , the bending momentcurvature diagrams become overlapped.
• The numerical results shown in this work provide the basis for the development of normalized capacity models. They provide key information on the nonlinear assessment and
design of masonry elements strengthened with composites.
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Abstract
The uncertainties related to the material properties may significantly affect the seismic performance of structural components. In this study, the influence of each material property on the
global response of reinforced concrete substandard beam-column joints is evaluated by means
of a sensitivity analysis. An experimentally validated finite element model (FEM) is used for
probabilistic numerical simulations. The material properties defined as random variables are
generated by Latin Hypercube Sampling (LHS). The existing correlation among the material
parameters is also considered by the simulated annealing approach in generating the random
samples. A set of load-displacement curves is obtained by the numerical simulations with the
randomized material parameters. The investigated outcomes (i.e., response variables) are the
joint shear strength at the first cracking, the joint peak strength, and joint strength and crack
width at serviceability limit state, which is considered as a repairability threshold value. The
basic statistics of the response variables together with the probability distribution functions
(PDF) are calculated at different drift levels. The partial correlation coefficient between material parameters and response variables is also evaluated to outline the parameters which
mainly contribute to the joint global response. The reparability level of the joint is also identified stochastically by the crack width distribution corresponding to the serviceability limit state.

Keywords: Sensitivity, numerical model, substandard, stochastic assessment, uncertainty
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1

INTRODUCTION

Existing reinforced concrete buildings designed and constructed with details non-conforming to current seismic codes are vulnerable to seismic actions. Structural deficiencies mainly
arising from the use of low strength concrete, lack of transverse reinforcement in the joint panel
and improper anchor length/detail may result in devastating brittle failure of the substandard
joints even under moderate seismic actions. Moreover, they suffer from poor energy dissipation
and a sudden strength and stiffness degradation. Such an unfavorable seismic behavior obviously compromises the structural integrity of the whole system. Therefore, the experimental
performance of the deficient joints has attracted considerable research interest [1–5]. Recent
studies also take advantage of current development in the computer-aided nonlinear analysis
which accurately reproduces the response of beam-column joints under multiaxial complex
stress field [6–10]. However, further developments are still needed for improving the accuracy
of the assessment procedures. To achieve this objective, refined and validated numerical models
can be combined with the stochastic approach. Indeed, reproducing the nonlinear behavior of
substandard joint itself in the Finite Element Method (FEM) environment is quite challenging
due to a combination of different nonlinear effects (e.g., shear failure of the joint panel, slip of
longitudinal reinforcements, flexure-shear interaction in the members framing into the joint).
Difficulties arise even more in evolving the nonlinear FEM model to stochastic level as it requires a solution with randomized material properties.
Depending on the damage level, RC buildings with moderate to severe structural damage
after the earthquakes should be demolished or repaired. However, high repair cost of drift sensitive members [11], and massive reconstruction and intrusive repair procedures [12] are among
limitations of the joint repair. Moreover, assessment of threshold value for the limit joint crack
and measuring the sensitivity to material properties on the joint crack are quite challenging. The
current study aims at investigating the influence of material uncertainties on the global response
of a substandard RC joint. The influence of each material property (i.e., input variables) on the
response parameters (e.g., joint cracking, strength, and capacity and cracking at serviceability
limit state) is examined by the sensitivity analysis. The threshold value for repairing the joint is
obtained for the drift ratio corresponding serviceability limit state of a structure. Thus, the reparability level of the joint is investigated by monitoring the crack width corresponding to the
serviceability limit state. The basic statistical characteristics (e.g., probability density function
(PDF), mean, and standard deviation) of crack width the corresponding serviceability limit state
are also obtained. The sensitivity of material properties on the crack width and its limit value
for the given probability of exceedance are also provided as a threshold for the joint reparability.
2

STOCHASTIC STUDY

2.1 Selected test program
The refined numerical models, which were generated in ATENA Science [13] finite element
method (FEM) software, are implemented to observe the progress of crack developments, its
patterns, and global hysteretic response. The reliability of the proposed deterministic numerical
model and its validation was recently discussed by the authors [10]. The modeling approach,
the constitutive law of the materials and its parameters suitable for application to substandard
beam-column joint, modeling accuracy and effectiveness in reproducing the experimental behavior, modeling advantages-disadvantages, difficulties in the modeling of substandard joints
were discussed in detail in Yurdakul et al. [10]. More detailed information about the experimental response of the tested specimen (i.e. T_C3) can be found in Del Vecchio et al. [2], while
the numerical response is presented in Yurdakul et al. [10].
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2.2 Methodology
The randomness at material level can be simulated by computational stochastic mechanics.
For this purpose, the mechanical properties of concrete and reinforcing steel were described as
random variables to consider the variability in material properties. After generating the deterministic numerical model with the mean values of the material parameters listed in Table 1, the
samples from the statistical analyses were the input parameters to the nonlinear FEM model.
Thus, the deterministic numerical model was evolved to stochastic level. After simulating the
numerical models with randomized material parameters, an uncertainty analysis was performed
to identify the basic statistics of response variables (e.g., mean value, standard deviation, and
PDFs corresponding to defined limit states). Then, the Spearman rank-order correlation coefficient between the randomized material parameters (input variables) and response variables was
found. The input variables, which have a higher correlation coefficient, influences the global
response more than the variables having a correlation coefficient close to zero [14]. The abovementioned procedure is summarized in Figure 1.
Random samples considering the random variables with the given distribution functions
were generated by a stratified sampling technique named Latin Hypercube Sampling (LHS),
which has an advantage of reducing the number of simulations in the sampling process, saving
considerable computational time and effort [15]. The statistical correlation among prominent
material parameters presented in Table 2 was defined by the optimization technique in FReET
software, which is the simulated annealing method [16,17]. The basic statistical characteristics
of the random parameters and their distribution together with correlations among them are
based on experimental observations, Pukl et al. [17], fib Bulletin No.22 [18], and JCSS [19].
Parameter

Mean Value, µ

Coefficient of
variation (COV)*

Distribution *

Concrete
Elastic Modulus, Ec (MPa)

4700√fc [20]

0.10

Lognormal (2 Parameter)

Tensile strength, fct (MPa)

0.30fc2/3 [21]

0.30

Lognormal (2 Parameter)

Compressive Strength, fc (MPa)

16.50

0.15

Lognormal (2 Parameter)

Fracture Energy, Gf (N/m)

73fct0.18 [21]

0.25

Weibull (2 Parameter)

Compressive Strain, εco (mm/mm)

fc/E [22]

0.15

Lognormal (2 Parameter)

Plastic Displacement, wd (m)

Linear [23]

0.10

Lognormal (2 Parameter)

Reinforcing Steel
Elastic Modulus, Es (GPa)

196

0.07

Lognormal (2 Parameter)

Yield Strength, fy (MPa)

470

0.07

Lognormal (2 Parameter)

Peak Strength, fu (MPa)

600

0.07

Lognormal (2 Parameter)

Ultimate Strain, εu (mm/mm)

0.20

0.07

Normal

Table 1. Material properties as random parameters and their statistical distributions
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Concrete*
Ec

Ec

fc

fct

Gf

εco

1

0.70

0.60

0.40

0.90

Es

1

0.70

0.50

0.90

fy

1

0.80

0.60

fu

1

0.50

εu

fc
fct
Gf

Steel*

SYM

εco

Es

fy

fu

εu

1

0

0

0

1

0.75

0.45

1

0.60

SYM

1

1

* COV values, distribution functions, and correlations are based on experimental observations, Pukl et al. [17], fib Bulletin No.22
[18] and JCSS [19]

Table 2. Correlation coefficients among the random parameters

Figure 1: Flow-chart of uncertainty analysis
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3

RESULTS AND DISCUSSION

3.1 Analysis of results
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4

5

Lateral Load (kN)

Lateral Load (kN)

The comparison with experimental results outlined that the deterministic numerical model
well captures the experimental response in terms of initial stiffness and peak load [10]. The
randomized parameters did not influence the initial stiffness of the specimen significantly, but
remarkably affected the nonlinear response of the RC joint. Moreover, although the elastic
modulus of the concrete and steel was randomized, the variability in the initial stiffness was
relatively low. The effect of concrete strength (tensile or compressive) on the nonlinear response is more remarkable. This is mainly related to the coefficient of variation which is 0.10
for the elastic modulus of concrete, and 0.30 for the tensile strength of concrete (see Table 1).
In the deterministic numerical model, the pinching effect, especially at large drift demand, does
not match well with the experimental result (Figure 2a). This, of course, results in higher energy
dissipation. The randomized solution could not eliminate such a major drawback of the model
totally, thus the response of the models at the last imposed drift (i.e. 3%) is not considered in
this study. The other response quantities (i.e., initial stiffness, strength at different limit states,
and cracking response) of the experimental results match well with the numerical response until
2% drift. Figure 2a and b show the range of load–displacement curves for the 30 (N1–N30)
generated samples of joints with randomized material properties. The stochastic approach also
provided the possible ranges of load–displacement curves which can be better interpreted by
the envelope curves in Figure 2b.

20
-5

-4

-3

-2

1

2

3

4

5

-40

-40

-60

-60

Drift Ratio (%)

Drift Ratio (%)
Stochastic

0
-1
0
-20

Deterministic

Stochastic

T_C3

(a)

Deterministic

T_C3

(b)

Figure 2: (a) Hysteric response (b) Envelope curve of hysteresis loops

The probability density function (PDF) corresponding the ultimate loads of peak strength
together with the mean, COV, and standard deviation, σr, was also determined from the loaddisplacement curve. In negative loading direction, 2σr-band around the mean value (i.e., prominent range of the stochastic model) covered the experimental results while it was very close to
the lower boundary of 2σr-band in the positive loading direction (Table 3). It is worth to mention
that a relatively low dispersion in the peak strength was found. This clearly shows that the
randomness in the material properties has less impact on global response.
The PDF of loads and their statistical characteristics corresponding to the drift level where
the inelastic response started in the numerical solutions (i.e., first joint cracking) were also calculated (Table 3). As per peak strength, a lower scatter in the global response is observed. The
experimental response lies between 2σr-band.
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TEC2007 [24] defines a drift ratio of 1.00% as a serviceability limit state for a structure.
This approach can be implemented at a member level as well. It is then assumed that the structural member (i.e., beam-column joint in this study) cannot be fully serviceable after reaching
its serviceability limit state. Therefore, the repairability threshold value is set as a serviceability
limit drift ratio. In other words, a repair solution is required when the joint reaches the drift ratio
corresponding to the serviceability limit. The statistical characteristics of response variables
corresponding to the serviceability limit are therefore obtained. Not only capacity but also the
crack width distribution together with basic statistical characteristics corresponding to the serviceability limit state were calculated (Table 3 and Table 4). The dispersion in the capacity is
rather low, on the other hand, the statistical characteristics of crack width corresponding to
serviceability limit state indicated a high scatter. It clearly shows that the uncertainties in the
material parameters have a high impact on cracking response than the capacity.
Capacity (kN)
Stochastic
Experiment
Mean
(Vmax)
(Vmean)
First Joint
Cracking

COV
(%)

Standard
Deviation
(σr)

+

32.71

36.47

6.98

2.55

-

25.74

29.63

5.97

1.77

42.63

47.14

7.02

3.31

36.46

38.15

5.12

1.98

+

43.93

47.43

7.00

3.32

-

37.03

38.47

5.67

2.18

Repairability
threshold (drift +
corresponding
serviceability limit state-1.00%)

Vmean±1σr
(2σr)
33.9239.02
27.8631.40
43.8350.45
36.1740.13
44.1150.75
36.2940.65

Peak Strength

PDF
Lognormal
Gumbel Max.
Rayleigh
Negative
Rayleigh
Weibull
(3 parameter)
Normal

Table 3. Capacity comparison for specific limit states
Crack Width (mm)
Stochastic Mean
(cmean)

COV
(%)

Standard Deviation
(σr)

Vmean±1σ
(2σr)

PDF

4.86

30.5

1.48

3.38-6.34

Rayleigh

6.33

30.8

1.95

4.38-8.28

Weibull
(3 parameter)

Repairability
+
threshold (drift
corresponding
serviceability
limit state- 1.00%)

Table 4. Crack width comparison at serviceability limit state

3.2 Sensitivity analysis
The partial correlation coefficients (i.e., Spearman rank-order correlation) was determined
between the correlation of the material properties and the stochastic capacity corresponding to
each drift ratio. The contribution of concrete tensile strength (fct) on the global response is the
most significant as the highest correlation coefficient is calculated for the negative and positive
loading direction of each cycle (Figure 3a and b). While a medium correlation in the early stage
of the loading is monitored for the concrete compressive strength (fc), its relative impact increased rapidly after a certain level of drift level. It can be attributed to the development of the
diagonal strut mechanism perpendicular to the tension tie at the joint panel. Even though fct
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plays a crucial role during the whole loading history, the compressive behavior of concrete (i.e.,
crushing properties) becomes critical in the subsequent drift levels. Thus, especially for large
drift demands, the applied repair or retrofit strategy should consider upgrading and improving
the tensile and compressive strength of concrete. The remaining material parameters have an
insignificant impact on the global response in terms of lateral load capacity.

Ec

0.8

Es

0.6

fu

0.4

fy
Gf

0.2

fc

0.0

-0.2

0.2

fct
0.5

0.8

1.0

1.3
Drift Ratio (%)

1.5

1.0
Correlation Coefficient

Correlation Coefficient

1.0

Ec

0.8

Es

0.6

fu

0.4

fy
Gf

0.2

fc

0.0
-0.2

-0.2 -0.5
-0.8

2.4

fct
-1.0

-1.3
Drift Ratio (%)

(a)

-1.5

-2.4

(b)

Figure 3: Sensitivity measures of the material properties on the lateral load capacity (a) Positive loading direction (b) Negative loading direction

The sensitivity of material properties on the specific response quantities used for the assessment of the joint (e.g., first joint cracking, serviceability limit state -1.00% drift ratio- and peak
strength) is also presented in Figure 4a-c. The most influential material property for the capacity
corresponding to joint cracking was the tensile strength of concrete whereas a medium correlation was found for the compressive behavior. Unlike first joint cracking, the relative impact of
compressive behavior becomes more recognizable for serviceability limit state and peak
strength. The rest of the randomized parameters has almost no effect on the global response.
Based on the above-mentioned results, the repair strategy for specific response quantities should
also be developed for cracking and crushing response.
1.0

0.6

Joint Cracking
Negative

0.4

Joint Cracking
Positive

0.2
0.0
-0.2

Ec fct fc

Gf Es

fy

fu

1.0

0.8

Serviceability
Limit StateNegative

0.6
0.4

Serviceability
Limit StatePositive

0.2
0.0
-0.2

Ec fct fc Gf Es fy

fu

Correlation Coefficient

0.8

Correlation Coefficient

Correlation Coefficient

1.0

0.8
0.6
0.4

Peak Negative

0.2

Peak Positive

0.0
-0.2

Ec fct fc

Gf Es

fy

Material Parameter

Material Parameter

Material Parameter

(a)

(b)

(c)

fu

Figure 4: Sensitivity of material properties on lateral load capacity at (a) First Joint Cracking (b) Serviceability
Limit State (c) Peak Strength

The drift ratios corresponding to peak loads are also sensitive to material parameters. The
peak loads obtained from the stochastic analyses occur at the drift ratios varying from 0.85%
to 1.35% (Figure 5). The majority of the observed peak loads concentrated at 1.00% drift ratio
for both loading directions while the experimental one observed at 1.35% drift ratio. The frequency of the drift ratio of 1.35% corresponding to the peak load is rather high in the negative
loading direction, whereas it was significantly low for positive drift ratios. Nevertheless, the

1121

Özgür Yurdakul, Ciro Del Vecchio, Marco Di Ludovico, Ladislav Routil, and Özgür Avşar

experimental result is not that much different from the stochastically found ranges of drift ratios,
which shows the efficiency of the model at a certain degree.
5 of 30

22 of 30
3 of 30

3 of 30

17 of 30

10 of 30

Experiment

Experiment

(a)

(b)

Figure 5: Distribution of drift ratio corresponding to peak strength (a) Positive loading direction (b) Negative
loading direction

The attainment of serviceability limit state is assumed to occur when the deformation of the
member exceeds the specified permissible deformation limit. As mentioned above, a drift ratio
of 1.00% is specified for the serviceability limit of the structure by TEC2007 [24]. It is assumed
that a repair solution could be required if the joint attains the corresponding drift ratio limit
since it will not be serviceable beyond that limit. Therefore, the basic statistics of crack width
was obtained for 1% drift level (Table 4). In cracking response, the sensitivity measures show
a higher correlation on the concrete tensile strength while those related to compressive strength
is in the medium range (Figure 6a).
The probability of exceedance of a certain crack width for a particular value is the area under
the PDF. Figure 6b, which can be interpreted as a cumulative distribution function, can thus be
constructed by finding the area under the PDF for a particular crack width. For the given probability, the limit crack width to take repair action can be then obtained from Figure 6b. A value
defined in EN 1990-2002 [25] can be implemented as a limit probability of failure. EN 19902002 [25] refers to the reliability index, β, which is the inverse of the probability of failure in
the Standard Normal distribution. The reliability index and corresponding failure probability
(pf) related to irreversible serviceability limit state for the period of 50 years in RC2 type structures are 1.5 and 6.68E-02, respectively [25]. If the reliability index of 1.5 (pf = 6.68E-02) was
adopted, the critical crack width for exceeding that failure probability would be approximated
to 2.9 mm and 3.5 mm for positive and negative loading direction, respectively. Those can be
used as a limit crack width which requires repair. It should be noted that smaller value (i.e., 0.5
mm) for significant joint cracking is proposed by Pantelides et al. [26]. The value of 0.5 mm is
mostly adapted for the shear dominant joint. On the other hand, the concrete at joint back split
from the surface in the simulated specimen which is mainly due to the anchorage push-out
forces generated by the deformation of the beam reinforcement hooks. Unlike shear cracks,
such a failure mode results in wider splitting cracks at joint back. Therefore, higher value of the
proposed limit crack width for joint repair (2.9-3.5 mm) could be attributed to the crack formation due to anchorage push-out forces. A relatively low value of limit crack width is expected
when it is evaluated for the shear cracks. Moreover, studies show that the structural members
could be repairable even after excessive cracks formation at ultimate limit state [12]. On the
other hand, a repair action should be taken for the structural member which is supposed to be
serviceable after reaching the deformation limit of serviceability (and its corresponding crack
width). This was considered a criterion of reparability in this study.
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Figure 6: (a) Sensitivity measures of crack width at serviceability limit state (b) Probability of exceedance of
crack width

4

CONCLUSION

This study investigates the response of substandard RC beam-column joints by computational stochastic mechanics. The experimentally validated deterministic numerical model was
first developed and then evolved to the stochastic level to capture the randomness in the distributions of concrete material properties, and thereby characterize the capacity with possible upper and lower ranges. After the uncertainty analysis, the basic statistics of the response variables
(i.e., capacity and crack width) together with the probability distribution function (PDF) were
calculated for each drift level. The partial correlation coefficient between material parameters
and response variables was evaluated to outline the level of significance of the contribution of
each material property on the global response. The reparability level of the joint is also identified stochastically by the crack width distribution corresponding to the serviceability limit state.
The following conclusions can be drawn:
• A relatively low dispersion can be observed in the capacity corresponding to first
joint cracking, serviceability limit state, and peak strength when varying between
5.67-7.02%. The experimentally observed peak capacity approximately lied in 2σrband around the mean value.
• The tensile strength of concrete displayed a crucial role in the strength and cracking
response of the joint.
• Drift ratio of serviceability limit state was set as the threshold to undertake effective
repair actions. The statistics of crack width corresponding to the serviceability limit
state showed a high dispersion. Thus, the material properties have a high influence
on cracking response. The failure probability described in EN 1990-2002 [25] for
serviceability limit state approximates the limit crack width to 2.9 mm and 3.5 mm
for positive and negative loading direction of the investigated substandard joint.
Those were mainly due to anchorage push-out forces. Splitting cracks at joint back
due to anchorage push out forces resulted in wider cracks. Therefore, proposed value
of limit crack width for joint repair is higher than the one for shear cracks.
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Abstract
Existing reinforced concrete buildings in the Mediterranean area are vulnerable to seismic
actions and they commonly exhibited significant damage to structural and non-structural
components. The brittle failures of beam-column joint or columns due to the frame effect or
the interaction with stiff infill walls commonly limit the building lateral response. Furthermore, repairing the damage to infill and partitions is a relevant portion of the total repair
cost. These weaknesses may result in number of casualties and relevant economic losses remarking the need to introduce reliable strengthening solutions capable of improving the
building safety and reducing the damage to non-structural components.
To investigate the seismic response of existing RC frame and the interaction between the
structural system and the infill wall an experimental program on a multistorey RC infilled
frame has been designed. An existing RC building severely damaged by the L’Aquila earthquake is selected for this study. This paper illustrated the preliminary numerical simulations
at building and frame level carried-out to design the experimental program. Refined numerical modelling including the nonlinearities of frame members, beam-column joints and infill
walls is used. The numerical analyses of the frame in the bare and infilled configuration are
reported and discussed with reference to the accuracy of the model to capture the observed
earthquake damage. In conclusion, the influence of a strengthening solution by using FRP
systems at level of joint and top-end of column is numerically assessed.
Keywords: Existing frame, infill walls, beam-column joint, shear failure, FRP strengthening,
seismic retrofit.
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1

INTRODUCTION

Recent seismic events outlined the high vulnerability of existing reinforced concrete buildings designed with old code provisions [1–3]. This is mainly related to the lack of proper reinforcement detailing which exacerbate the premature shear failure of columns and beamcolumn joints. Furthermore, the presence of stiff infills made of hollow clay bricks, as typically found in existing RC buildings of the Mediterranean area, may favorite the brittle failure of
the top end of the columns resulting in detrimental reduction of the global seismic capacity.
This is confirmed by several research studies and post-earthquake observations in the aftermath of recent seismic events (see Figure 1). For this reason proper retrofit solutions are proposed to improve the local capacity of RC members subjected to the high shear forces
transmitted by the infills [4]. The use of strengthening systems made of fiber reinforced polymer (FRP) materials or prestressed steel narrows can significantly improve the shear strength
of the top-end of RC columns. These interventions can be easily employed in local strengthening of the entire beam-column joint subassembly as an effective solution for the seismic
risk mitigation [5–11]. Indeed, these solutions were largely applied in the reconstruction process followed to the L’Aquila earthquake [12,13].

(a)

(b)

Figure 1: Shear failure of infilled RC frames during recent seismic events: L’Aquila 2009, Italy (a); Central Italy
2016 (b).

Despite of the importance of these failure in the seismic performance of existing RC buildings,
this aspect requires further research effort. Many research studies focused on the contribution
of hollow clay brick infill and partitions on the lateral response of RC frames [14–16]. Numerical and analytical models are available to reproduce the lateral response of these components [17–19]. However only few studies focused on the influence of the high lateral forces
carried by the stiff infills on the response of the surrounding RC frames [20–22].
This research paper deals with the non-linear analysis of a RC case study building damaged
by the L’Aquila earthquake, 2009. The selected building showed many shear failures at the
top of the columns due to the interaction with the stiff infills. The seismic performance assessment is performed by using different numerical models in the bare and infilled configurations. The results are compared and discussed with reference to the influence of infill walls on
the seismic response of the RC members. The capabilities of the proposed models to capture
the actual earthquake damage are also discussed. Finally, the influence of the infill walls on
the design of proper retrofit solutions at different performance levels is investigated.
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2

CASE STUDY BUILDING

The case study building is selected from the database of RC buildings heavy damaged due
to L’Aquila earthquake [13]. It is located in the L’Aquila municipality and it was built in
range 1972-1981 according to old code provisions [1]. It relies on RC moment resisting
frames available in both the building main directions. The building plan view as well as the
building cross-section are depicted in Figure 2. The building plan is rectangular with 15.60 m
and 10.00 m sides. It is a five storeys building with one floor basement. The story height is
about 3.20 m.

y
x
(a)

(b)

Figure 2: Building plan view (a); building cross-section (b).

The structural system consists of three frames in the longitudinal (x) direction and five frames
in the transverse (y) direction. The structural system is composed of square columns 400 mm
side at all the floors, while the beams are rectangular 400 mm width and 550 mm height. The
structural members lacks of proper seismic detailing as commonly found in existing RC
buildings typical of the Mediterranean area (see Figure 3).

16 top
long reinf.

16 long
reinf.

16 bottom
long reinf.

8/30 transv.
reinf.
(a)

(b)

8/30 transv.
reinf.

Figure 3: Reinforcement details of structural members: columns (a); beams (b).

The analysis of the reinforcement details outlined that the structural members were designed
to sustain moderate seismic actions. Indeed, L’Aquila was first classified as seismic a zone in
the 1915 [1]. Although the longitudinal reinforcement seems well designed to induce a weakbeam-strong column failure mechanism, poor transverse reinforcement characterized both the
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beams and the columns. This was confirmed by the detailed in-situ inspections aimed at identify the building geometry and the reinforcement details.
The material properties characterized by means of destructive and non-destructive testing performed during the reconstruction process outlined a mean concrete compressive strength, fcm,
about 32 MPa. The mean yielding stress of steel is about 470 MPa.
The in-situ inspection in the aftermath of the L’Aquila 2009 earthquake reported the poor
seismic response of this building to the earthquake. As depicted in Figure 4 the building resulted severely damaged by the earthquake. Several shear failure at the top of the ground floor
columns were detected along with different in-plane and out-of-plane failure of infill walls.
Due to the heavy damage to structural and non-structural components and the unconvenience
in the repair and retrofit the building was demolished and rebuilt.

(a)

(b)

Figure 4: Damage to the case study building due to the 2009 L’Aquila earthquake: front view(a); close-up on the
column shear failure to the interaction with the infill wall (b).

3

NUMERICAL MODELLING

A 3D lumped plasticity model has been developed in the SAP 2000 [23] environment to
perform non-linear static analysis. The non-linearities of beams and columns are concentrated
at the member’s ends. The plastic hinge properties are characterized by using the capacity
models suggested by the Eurocode 8 [24] and Italian building code [25,26] for the plastic
hinge rotation at the yielding and at the ultimate limit state. The contribution of the joint nonlinear response to the building lateral deformation is neglected in these study. However, the
joint shear failure is considered when assessing the building capacity by using a force-based
approach. More details about this model can be found in [9]. Two different numerical models
have been developed: the bare model (Figure 5a) and the infilled model (Figure 5b). The
presence of the basement floor is neglected since it was built with thick retaining walls and it
did not experienced significant damage. Thus, the four storeys building is assumed fixed at
the ground level. The infill walls are included in the model by means of diagonal compression
struts in the perimetral frames. The mechanical properties of the strut are defined according to
the Panagiotakos and Fardis model [17]. The thickness of the infill walls is assumed equal to
200 mm according to a visual inspection of the available pictures. The mechanical properties
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of the hollow clay brisk masonry wall are assumed according to available literature studies
(i.e. cr = 0.35 Mpa, Ew = 3188 Mpa, G = 1574 MPa [27]). Due to the different length of the
bays, three type of infill struts have been characterized and assigned to the corresponding diagonal strut. The infill strut is connected to the surrounding frame by means of horizontal and
vertical stiff pendulums allowing for the distribution of the high compression force on the surrounding beams and columns. This is very important in order to identify possible shear failure
of the columns due to the interaction of the RC frame with the infill walls. An overview of the
adopted numerical model is reported in Figure 6.

(a)

(b)

Figure 5: SAP 2000 numerical models of the case study building: bare (a); infilled(b).

M

Beams and
columns

My
Mcr
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Figure 6: Details of the adopted numerical models.
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Given the seismic demand, the attainment of ductile failures (i.e. maximum rotational capacity in the beams or columns) or brittle failures (i.e. joints, columns or beams shar failure)
in the RC members is considered in post-processing the results. In particular, at each step of
the capacity curve the joint shear strength (fixed at the achievement of the principal tensile
stress about 0.3√fc or at the compressive stress about 0.5fc, according to the Italian seismic
code [25,26]) is compared with the joint shear demand at each step of the building capacity
curve. The same is done to assess the shear strength of beams and columns. In particular, the
capacity model suggested Biskinis and Fardis [28] and adopted by Eurocode 8 [24] and by the
Italian building code [25,26] is used since it provides reliable estimation of the shear strength
for poorly detailed RC members [29].
4

NONLINEAR ANALYSES

Nonlinear analyses are performed considering different load vectors. According to the prescriptions of the Eurocode 8 [24] and Italian building code [25,26] two different load vectors
are applied in the two building directions (x and y) and in the positive and negative sign (+ or
-). In this study a load profile proportional to the distribution of the seismic masses (Mass)
along the building height and the one proportional to the story shear (Shear) are used.
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Figure 7: Pushover curves of the case study building: bare x-direction(a); bare y-direction (b); infilled x-direction
(c); infilled y-direction (d).
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The resulting pushover curves are reported in Figure 7 for bare (a and b) and infilled configuration (c and d). The analyses outlined that the premature shear failure limit the lateral
capacity of the case study building. A detailed analysis of the failure mechanism is reported in
the following.
4.2

Seismic performance assessment

The seismic performance assessment is performed for each of the pushover curves of the
two different numerical models in the bare and infilled configuration. The N2-method [30] is
used to identify the seismic demand. The ratio, E, of the peak ground acceleration at the
building capacity, PGAc, and the peak ground acceleration of the reference seismic demand at
the life safety limit state, PGAd is computed for all the capacity curves.
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Figure 8: Seismic performance assessment in the ADRS plan and failure mode: bare configuration (a); infilled
configuration (b).

The numerical simulation with the building model in the bare configuration resulted in the
shear failure of the short columns of the staircase. This results in a minimum ratio, E, about
the 20%. This does not match with the failure mechanism observed in the aftermath of the
earthquake (see Figure 4). By contrast the infilled numerical model well captures the actual
failure mechanism, consisting in the shear failure of the top-end of ground floor columns due
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to the interaction with the infill walls. In this case the ratio E is even lower and about the
11%.
5

FRP STRENGTHENING

In order to improve the seismic capacity of the selected case study building an FRP
strengthening system is selected. The proposed strengthening solution allows to improve the
shear strength of top-column end to resist the high shear force transmitted by the infill walls,
see Figure 9 [4]. Furthermore it is commonly combined with the joint panel shear strengthening, columns confinement and beam shear strengthening in order to create an effective local
strengthening solution capable of solving most of the structural weaknesses of existing RC
buildings in the Mediterranean area. This is confirmed by relevant experimental tests [7] and
numerical studies [9].

(a)

(b)

Figure 9: FRP strengthening solution for the case study building: Top-column shear strengthening to resist the
infill action (a); Joint panel shear strengthening (b).

In order to identify the number of structural members which require an FRP strengthening
the target seismic demand is fixed at the 60% of the seismic demand, see Figure 10. Since
that the proposed strengthening solution is classified as a local strengthening, meaning that it
does not significantly modify the stiffness and the mass of the building, the previously developed pushover curves can be used to identify the critical members and design a proper
strengthening solution. Comparing the seismic demand at the different target with the member
capacity in terms of member shear forces or plastic hinge rotation, the critical members which
need for the FRP strengthening in the form of shear strengthening or confinement are identified. The results are depicted in Figure 10 and compared with the total number of members
available for that category.
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Figure 10: Percentage of RC members to strengthen to achieve a specified performance level: bare frame (a);
infilled frame (b).

The comparison outlines that neglecting the presence of the infill wall lead to a wrong estimation of the number, type and position of the structural members that need for a seismic
strengthening. Indeed, Figure 10a shows that, for the bare model, the failure interests the joint
panel and the beams, while, for the infilled model, most of the failure are columns shear failure due to the interaction with the infill walls, see Figure 10b.
6

CONLCUSIONS

This research work focuses on the influence of hollow clay brick infill walls on the seismic
performance assessment of a case study building. An existing RC building severely damaged
by the L’Aquila 2009 earthquake has been selected for this study. It suffered severe structural
and non-structural damage with premature shear failure at the top-end of the ground floor columns due to the interaction with stiff infills. Refined nonlinear models are used to assess the
seismic capacity. In particular, a direct comparison between two different numerical models
in the bare and infilled configuration is performed in order to assess the influence of the infill
walls on the seismic performance and in the design of retrofit solutions.
The analyses outlined that:
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The numerical model of the building in the bare configuration is not capable of capturing the actual failure mode of the case study building (i.e. the shear failure at the
top-end of ground floor columns);
This is due to the missed contribution of the infill walls which significantly increase the seismic shear demand at the top of the columns;
By contrast, the actual failure mechanism is well captured by the nonlinear model
of the building in the infilled configuration. This model allows to predict the shear
failure at the top-end of ground floor columns with reasonable accuracy;
The design of a proper retrofit solution cannot neglect the presence of the infill wall.
Indeed this study outlines that at a fixed target of the seismic demand, the number
and the type of the member to strengthen change significantly between the bare and
the infilled configuration;
Thus, an effective retrofit solution should be designed to sustain the increased shear
force on the columns due to the interaction with stiff infill walls.
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Abstract
Steel Reinforced Grout (SRG) composites consist of Ultra High Tensile Strength Steel (UHTSS)
fabrics embedded in an inorganic mortar matrix. The use of SRG for the repair and retrofitting
of deficient structures has emerged as a novel technique in the last few years. This paper
discusses the results of a comprehensive experimental study on the tensile behaviour of multiply SRG composites. A total of 24 direct tensile tests were conducted on SRG coupons to assess
the influence of the fabric’s layout and architecture on cracking and overall tensile behaviour.
Two main parameters were investigated, including the number of fabric layers (1, 2, and 3
layers) and the density of the steel fabric (4 and 8 cords/in). It was found that, although the
grout contribution is significant up until failure regardless of the number of layers, the ultimate
strength of the composite is generally governed by the ultimate strength of the fabric. The large
amount of densely distributed cracks that developed throughout the length of the coupons
suggests that a good bond could develop between the fabric and the grout, possibly as a result
of the geometry of the twisted cords and the development of good mechanical interlock.
Keywords: Composite Materials; Steel-Reinforced Grout (SRG); Bond Behaviour; Seismic
Retrofitting; Tensile Tests; Digital Image Correlation (DIC)
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1

INTRODUCTION

Different strengthening systems have been used for repair and strengthening of existing
structures. Externally bonded reinforcement (EBR) system is one of the most widely used
techniques as it provides significant improvement to the structural member in terms of strength,
mass and stiffness. Among EBR systems are Fibre Reinforced Polymers (FRPs) which consist
of textiles impregnated in epoxy-based composites. This latter system, however, was reported
to have some disadvantages associated with fire performance and durability. To address these
issues, an inorganic-based system has been proposed which is a composite made of textiles
embedded in an inorganic matrix. This innovative system has shown many promising
advantages including better material compatibility and vapour permeability, better
performances at high temperatures, and lower cost and time of installation [1].
Different acronyms are used to describe this system including Textile Reinforced Mortar
(TRM), Fibre Reinforced Cementitious Matrices (FRCM), and Steel Reinforced Grout (SRG).
This latter acronym is exclusive for inorganic-based composites with only steel textiles while
FRCM and TRM include steel or other textiles e.g. carbon. A considerable amount of literature
has been published on organic-based composites (i.e. FRP) contrary to inorganic-based systems
(e.g. SRG) due to the novelty of SRG system. Debonding is a common failure mode in SRG
composites when used as EBR for flexural members. This establishes the fact that
understanding tensile behaviour for such systems is fundamental.
For large structural members, one layer of reinforcement might not be sufficient to achieve
the desired flexural capacity and hence more than one layer should be considered. This paper
investigates the tensile behaviour of multiple layers of two different textiles. Twenty-four direct
tensile tests have been conducted on SRG coupons. Two parameters were considered including
the number of steel reinforcement layer (one, two, and three layers) and the density of cords
within a textile (four and eight cords/in).
Few studies were devoted to understand tensile behaviour of SRG composite. Different
parameters were considered including textile density [1, 2, 4-8], ageing [2], and matrix type [35]. It seems that the tensile behaviour of SRG system strengthened with multi-ply steel has not
yet been investigated which is often required for strengthening large structural members.
2

EXPERIMENTAL PROGRAMME

A total of twenty-four coupons of SRG composite were manufactured (four identical coupons
for each parameter of study). Coupons were cast in a mould made of acrylic glass. Each coupon
was cast individually i.e. not cut out of a wider sheet of composite. Each coupon measures 600
mm x 50 mm. The thickness of each coupon is 6, 9, and 12 mm for coupons of one, two, and
three layers of steel textile respectively [Figure 1a].
Two steel textiles were used in this experiment with the same mechanical properties but
varying in cords density including 4 and 8 cords/in. The textile is made of unidirectional ultrahigh strength galvanized steel cords fixed to a non-structural fibre-glass mesh. Each cord is
made of three straight filaments and two twisted along the other three. Each cord has an area of
0.538 mm2 and a tensile breaking load of more than 1500 N. The equivalent thickness of the
textile is approximately 0.084 mm and 0.169 mm for textiles of 4 and 8 cord/in respectively.
The mechanical properties (found in the manufacturer’s data sheet) for both textiles, including
tensile strength, elastic modulus, and strain at failure are 2800 MPa, 190 GPa, and 1.5%,
respectively. The matrix is a polymer-modified cement mortar reinforced with microfibers to
enhance hydration and mitigate shrinkage [1]. The mortar was mixed using a water-to-cement
ratio of 1/5.
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Each coupon was cast by applying a first layer of grout with a thickness of approximately 3
mm. Immediately after applying the first layer, the steel textile was placed on top and gently
pressed to ensure a good impregnation with the grout. An additional layer of grout was applied
with the same thickness as the first layer. This process was repeated for coupons with two and
three layers of steel textiles. Coupons were left to cure in a mist room for the first 28 days and
were then placed in a laboratory condition until the day of testing.
The coupon specimens are given the notation DT-DX-LY-Z, where DT indicates direct
tensile tests, DX indicates textile density including 4 cord/in (X=4) and 8 cord/in (X=8), LY
indicates number of layers of steel textile including one layer (Y=1), two layers (Y=2), and
three layers (Y=3), and finally Z is to differentiate between identical samples. Four identical
coupons for each series were fabricated and tested, i.e. Z=1, 2, 3, and 4.
Coupons were tested in a universal testing machine at a loading rate of 0.01 mm/s. Tensile
load was applied to the coupon by clamping both ends in between the jaws of the machine. To
prevent local damage, the ends of the coupon were impregnated in a two-part epoxy and
sandwiched between two aluminum plates measuring 100mm x 50mm.
The load was acquired from the load cell of the testing machine while average and local
strain was derived by means of extensometers and Digital Image Correlation (DIC). The
extensometer was placed on one side of the specimen to measure the relative displacement
between two rods attached to the two ends of the composite [Figure 1a]. DIC speckles were
painted on the front face of the coupon and images were captured during the test at 5 seconds
intervals. A light source was pointed towards the front face of the coupon to achieve the right
contrast. It should be noted, however, that the data acquired from DIC system is not presented
in this paper. An image of the general setup is shown in Figure 1b.

(a)

(b)

Figure 1. (a) Geometry and instrumentation of coupon (b) Test setup
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2

RESULTS AND DISCUSSION

The results of direct tensile tests are given in Table 1. Maximum stress, strain at maximum
stress, and modulus of elasticity for Zone 3 (see below) are given in the table. The maximum
stress was calculated by dividing the maximum load by the cross-sectional area of the steel
cords. This latter was calculated by multiplying the cross sectional area of one cord by the total
number of cords for each series. The stress-strain envelops and average curves for all series are
presented in Figure 2.
Table 1: Direct tensile test results

Series

DT-D4-L1

DT-D4-L2

DT-D4-L3

DT-D8-L1

DT-D8-L2

DT-D8-L3

Specimen
DT-D4-L1-1
DT-D4-L1-2
DT-D4-L1-3
DT-D4-L1-4
Average
CV (%)
DT-D4-L2-1
DT-D4-L2-2
DT-D4-L2-3
DT-D4-L2-4
Average
CV (%)
DT-D4-L3-1
DT-D4-L3-2
DT-D4-L3-3
DT-D4-L3-4
Average
CV (%)
DT-D8-L1-1
DT-D8-L1-2
DT-D8-L1-3
DT-D8-L1-4
Average
CV (%)
DT-D8-L2-1
DT-D8-L2-2
DT-D8-L2-3
DT-D8-L2-4
Average
CV (%)
DT-D8-L3-1
DT-D8-L3-2
DT-D8-L3-3
DT-D8-L3-4
Average
CV (%)

𝑭𝒎𝒂𝒙
(kN)
11.42
8.83
9.38
11.11
10.19
12.5
20.17
21.43
22.67
20.06
21.09
5.82
31.52
32.58
31.63
41.95
34.42
14.65
22.21
14.84
19.83
18.61
18.88
16.3
43.58
42.1
41.43
43.02
42.54
2.25
64.95
67.81
63.97
64.83
65.39
2.56
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𝝈𝒎𝒂𝒙
(MPa)
3032.4
2344.67
2490.71
2950.08
2704.47
12.51
2677.91
2845.2
3009.83
2663.31
2799.07
5.83
2789.88
2883.7
2799.62
3713.05
3046.57
14.65
2752.17
1838.91
2457.25
2306.08
2338.61
16.3
2700.13
2608.43
2566.92
2665.43
2635.23
2.25
2682.78
2800.91
2642.3
2677.82
2700.96
2.56

𝜺𝒎𝒂𝒙
(%)
N/A
N/A
1.53
1.87
1.7
14.15
1.7
1.87
2.03
1.6
1.8
10.54
1.78
N/A
1.71
1.77
1.76
2.16
1.89
N/A
1.58
1.36
1.61
16.54
1.88
N/A
1.79
1.81
1.83
2.59
1.78
2.08
1.77
2.19
1.96
10.86

𝑬
(GPa)
N/A
N/A
171
147
159
11
146
155
142
Undetectable
148
5
153
157
159
Undetectable
157
2
134
Undetectable
156
Undetectable
145
11
144
Undetectable
141
140
142
2
152
138
149
Undetectable
142
6
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Almost all specimens showed three distinct zones behaviour. Un-cracked specimen (Zone 1),
cracks initiation and propagation (Zone 2) and finally crack widening (Zone 3). In Zone 1 the
contribution of grout is dominant, while Zone 2 can be seen as a transition zone in which the
stress is progressively transferred to the steel cords. In Zone 3, load is mostly resisted by the
steel cords yet the grout is still contributing through tension stiffening between cracked sections.
A similar three-zone behaviour is reported in [e.g. 3 and 8].
In terms of maximum stress, an ascending trend can be identified. Increasing the number of
textile layers seems to slightly increase the stress that can be developed in the steel textile. An
increase of approximately 3.5 % and 12.6% was observed for series DT-D4-L2 (2 layers) and
DT-D4-L3 (3 layers), respectively, when compared to DT-D4-L1 (1 layer). On the other hand,
coupons with two and three layers of medium-density textile are characterised by an increase,
in ultimate stress of 12.7% and 15.5%, respectively, compared to the one-layer counterpart. A
similar trend was also observed for strain, although at a lower rate.
Stress-strain diagrams clearly show that, regardless of the number of layers, the grout
contribution is significant up until failure and the ultimate strength of the composite is generally
governed by the ultimate strength of the textile.
The formation of large amount of evenly distributed micro cracks suggests good composite
action between the steel cords and the polymer-modified matrix. This indeed indicates that good
bond was developed between the fabric and the grout, largely as a result of the geometry of the
twisted cords and the development of good mechanical interlock. The cracks were barely
noticeable by naked eyes and could only be detected after image processing in DIC software.
However, some coupons had a noticeable single crack at either top, bottom, or both ends as a
result of local stresses at the clamping area [e.g. Figure 3a, 3b]. No crushing was noticed at
ends thanks to the GFRP wrapping at the edges. Slippage of cords within the grout was not
observed.
All tested specimens failed explosively expelling debris of grout fragments [e.g. Figure 3e],
with larger amounts of energy being released for multiple layers of the denser steel textile. A
quasi-simultaneous rupture of cords was observed for almost all coupons either at middle or at
one end [e.g. Figure 3d, 3f]. However, early rupture of cords was observed for few coupons at
a load of approximately 0.85 Fmax. This can be as a result of unavoidable misalignment of the
steel cords or layers during the manufacturing process.
CONCLUSION
The aim of the present study was to examine the tensile behavior of multi-ply steel-reinforced
grout composites. Two parameters were investigated including steel textile density (4 and 8
cord/in) and number of textile layers (1, 2, and 3). A total of 24 direct tensile tests were
conducted on SRG coupons. A tensile behaviour characterised by three distinct zones was
observed for almost all specimens, with the first zone being governed by the grout, the second
zone corresponding to the stress being transferred to the steel cords, and finally the last zone
where the steel is governing. Although the grout contribution is significant up until failure
regardless of the number of layers, the ultimate strength of the composite is generally governed
by the ultimate strength of the fabric. The large amount of densely distributed cracks that
developed throughout the length of the coupons suggests that a good bond develops between
the textile and the grout, largely as a result of the geometry of the twisted cords and the
development of good mechanical interlock. It was also found that increasing the number of
textile layers slightly increase the stress in the reinforcement. The coupons failed by either
rupture of the cords at one end or at the middle; in both cases, however, it was nearlysimultaneous and explosive.
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Figure 2. Envelope stress-strain and average curves for (a) Series DT-D4-L1, (b) Series DT-D8-L1, (c) Series
DT-D4-L2, (d) DT-D8-L2, (e) Series DT-D4-L3 Series, and (f) Series DT-D8-L3
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(a)

(b)

(c)

(d)

(e)

(f)

Figure 3. Failure mode of different specimens from (a) Series DT-D4-L1, (b) Series DT-D4-L2, (c) Series DTD4-L3, (d) Series DT-D8-L1, (e) Series DT-D8-L2, and (f) Series DT-D8-L3
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Abstract
This study deals with the selection of optimal retrofit solutions for seismically-deficient Reinforced Concrete (RC) buildings. To this aim, Multi-Criteria Decision-Making (MCDM) analysis is used. A discussion on the retrofit design strategy is first presented, recommending
designing each retrofit solution for the same expected damage state under the design-level
earthquake-induced ground-motion spectrum. Secondly, it is argued to explicitly consider seismic economic losses as a decision criterion. To this aim, seismic fragility/vulnerability relationships are derived for the structure of interest retrofitted with different techniques and
considering a large suite of ground-motion records. Simplified-yet-accurate non-linear static
procedures are used as an alternative to non-linear time-history analysis to reduce the challenges in building detailed numerical models, computational demand, and results interpretation. Specifically, three increasingly-refined structural analysis methods are adopted to derive
fragility/vulnerability curves: the Simple Lateral Mechanism Analysis (SLaMA), which is an
analytical approach; numerical pushover; and non-linear time-history analysis. A seismicallydeficient RC school index building, with construction details typical of developing countries, is
used for illustrative purposes. The case-study structure is retrofitted through concrete jacketing, addition of concrete walls, and addition of steel braces, all designed through Direct Displacement-Based Design. The MCDM analysis is performed adopting, among other criteria,
intensity-based losses derived with the three considered analysis methods, using state-of-theart, advanced ground-motion intensity measures. The results show that the ranking of the retrofit alternatives is rather insensitive to the adopted analysis method, even if the considered
weight for the seismic loss criterion is relatively high (30% in this example). Findings from this
study suggest that simplified analysis methods can be effectively employed in the preliminary/conceptual design of retrofit solutions for seismically-deficient buildings.
Keywords: Reinforced Concrete, seismic performance assessment, time-history, pushover,
SLaMA, seismic retrofit, multi-criteria decision making.
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1

INTRODUCTION

In earthquake-prone regions, the seismic capacity of existing structures is often inadequate
to sustain the expected earthquake demand. In fact, most of the existing buildings is designed
according to pre-seismic codes (i.e., they are under-designed). For communities aiming to
achieve seismic resilience (i.e., the ability to recover quickly after an earthquake), increasing
seismic structural performance is especially important. Structural retrofit is an effective strategy
to achieve this, by reducing physical fragility and vulnerability of the considered structures.
Seismic fragility is quantitatively expressed as the conditional probability that a structure
will reach or exceed a specified level of damage (or damage state, DS) for a given value of a
considered ground-motion intensity measure (IM). Fragility relationships describe such conditional probability for increasing values of the ground-motion IM, taking the form of cumulative
distribution functions (CDFs). Vulnerability relationships, on the other hand, express continuous relationships between the IM and the probability distribution (mean and variability) of consequences/loss, expressed for instance by means of the repair-to-reconstruction cost ratio (loss
ratio).
When dealing with seismic retrofit of under-designed structures, the effective reduction of
seismic fragility (and, in turn, of seismic risk) should play a major role. For a desired reduction
of the fragility/risk, the optimal decision among many retrofit strategies/techniques available in
the common practice [1] is usually based on various criteria, such as the cost of the retrofit
solution, the duration of the works, etc.
Multi-Criteria Decision-Making (MCDM) analysis represents an effective tool supporting
decisions, allowing a Decision Maker (DM) to select the (often conflicting) criteria that will
drive the decision, and quantitatively define the relative importance of each of them according
to his/her subjective preferences. This allows to systematically compare alternatives based on
the selected criteria and their relative weights. Moreover, MCDM can provide enough flexibility to deal with subjective decisions that can depend on the personal preferences of the DM,
social/political constraints, etc.
The selection of the optimal seismic retrofit solution among two or more alternatives on the
basis of a finite number of criteria is a Multiple-Attribute Decision-Making (MADM) problem,
a subset of the MCDM approaches. Examples of those are:
• the weighted sum model [2];
• the weighted product model [3,4];
• the ELimination Et Choix Traduisant la REalité, or ELECTRE [5];
• the Multi-Attribute Utility Theory, or MAUT [6];
• the Preference Ranking Organization METHod for Enrichment Evaluations, or
PROMETHEE [7];
• the VIseKriterijumska Optimizacija I KOmpromisno Resenje, or VIKOR [8];
• the Analytic Hierarchy Process, or AHP [9];
• the Technique for Order Preference by Similarity to Ideal Solution, or TOPSIS [10].
The relevant literature indicates that no single approach is generally superior, and the selection of a method depends on the specific problem. Among those methods, the joint adoption of
the TOPSIS and the AHP is deemed to be the best option for MADM problems [11], since those
provide a complete ranking of each considered alternative in each criterion, and require the
minimum number of parameters fixed by the DM.
Firstly, the relative importance of each criteria (weights) is determined with the AHP. This
is a mathematical procedure that reduces such a complex decision to a series of one-on-one
comparisons among the criteria, providing a clear rationale for the decision. Therefore, each
alternative solution is provided with a score (quantitative or qualitative) in each of the selected
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criteria, which are normalised and weighted. According to the TOPSIS procedure, the optimal
retrofit alternative is defined as the one having the shortest Euclidean distance from an ideal
solution, which is defined using the maximum score for each criterion.
The suitability of such approach for retrofit selection problems has been confirmed in [12]
and [13], which provide solid methodological grounds for the application of the method to this
problem. In those studies, MCDM is applied for the selection of the optimal retrofit solution
for a case-study RC building. However, several simplifying working assumptions are used by
the authors. For instance, the seismic capacity of the case-study building is calculated in terms
of Peak Ground Acceleration (PGA), based on a pushover analysis and a code-based elastic
spectrum. The seismic risk is defined as the exceeding probability of such capacity PGA, according to a code-based hazard curve. More importantly, the seismic performance is not controlled in the retrofit design, leading to solutions resulting in different design (nominal) DS for
the same value of the ground motion IM. To account for such differences, seismic risk is explicitly considered as a criterion in the MCDM.
An attempt to address these shortcomings is presented in this paper. Firstly, it is proposed to
design different retrofit solutions according to the Direct Displacement-Based Design (DDBD,
[14]), to ensure the same nominal DS for a given seismic demand (i.e., performance-based approach is used). In turn, this allows to remove the nominal seismic performance from the
MCDM criteria. On the other hand, intensity-based loss (expressed in terms of repair-to-reconstruction cost ratio) is instead considered as a criterion, since such a parameter is deemed to be
fundamental in a modern design that goes beyond the life safety performance. Moreover, it is
proposed to calculate the seismic fragility/vulnerability for the different retrofit solutions considering a large suite of unscaled, real (i.e., recorded during past events) ground-motions records, rather than using smooth (and conservative) code spectra. Usually, this requires running
a refined numerical time-history analysis for each selected ground motion to build a probabilistic seismic demand model (e.g., through cloud-based or incremental dynamic analysis procedures) and derive fragility and vulnerability curves (through ad-hoc damage-to-loss ratios). It
is recognised, however, that the required computational effort (and modelling needs) for timehistory analysis might be unjustified at such a preliminary/conceptual retrofit design phase in
which many retrofit solutions might be tested.
Based on this discussion, it is proposed here to use less complex structural analysis methods
as an alternative to non-linear time-history analysis. In particular, force-displacement curves
are derived using both numerical pushover analyses and the Simple Lateral Mechanism Analysis (SLaMA, analytical approach). The Capacity Spectrum Method (CSM, [15]), adopting the
considered suite of real records, is applied using such curves, therefore deriving fragility and
vulnerability curves that are, in turn, an input to the MCDM analysis.
The proposed framework for optimal retrofit selection is demonstrated for a seismicallydeficient Reinforced Concrete (RC) school index building, with construction details typical of
developing countries in Southeast Asia, for which real field-data is available. Three retrofit
solutions are analysed: RC column jacketing, addition of RC walls, addition of steel braces.
The above-mentioned simplified methods are independently adopted to carry out the MCDM
analysis. As a benchmark case, the more refined time-history approach is also adopted.
2

METHODOLOGY

The first step in this study is the seismic performance analysis of the as-built configuration
of the selected case-study building. Consequently, the three different retrofit configurations (RC
jacketing, addition of RC walls, addition of steel braces) are designed to withstand the designlevel seismic demand, resulting in the same expected damage level (performance-based approach). Structural analyses are hence conducted according to non-linear time-history analyses,
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pushover analysis and SLaMA approach (Section 2.1) to independently derive a cloud of points
in the Engineering Demand Parameter (EDP) vs Intensity Measure (IM) space. The obtained
cloud is finally used to derive fragility and vulnerability curves.
The optimal retrofit solution is selected according to the MCDM approach (Section 2.2). As
discussed above, intensity-based economic loss is considered among the adopted criteria for the
MCDM. The final objective of the work is to apply the proposed MCDM scheme independently
using the loss calculated with the three methods, analysing the sensitivity of the final retrofit
choice to the refinement of the structural analysis method.
2.1 Assumptions for the structural analyses
Maximum inter-storey drift (i.e., maximum -over all stories- peak inter-storey drift) is the
selected EDP; it is a convenient proxy to represent structural and non-structural building damage, because it is highly correlated with damage and repair costs. The selected IM is defined as
the geometric mean (AvgSA) of the pseudo-spectral acceleration in the interval [0.2T1, 2T1],
where T1 is the elastic period of the building (as-built or retrofitted). This ensures increased
efficiency and sufficiency in estimating a given EDP by means of a scalar IM [16,17]. 150
unscaled natural ground motions are selected from the SIMBAD database (Selected Input Motions for displacement-Based Assessment and Design, [18]). As in [19], these records are selected by first ranking the 467 records in terms of their PGA values (by using the geometric
mean of the two horizontal components) and then (arbitrarily) keeping the component with the
largest PGA value. The EDP for each ground motion is defined with three different methods.
Non-linear time-history analyses are firstly conducted for a refined numerical model defined
using the FEM software Ruaumoko [20]. The modelling strategy (Figure 1) is based on a
lumped plasticity approach capable of predicting flexural, bar slip and shear failure of RC
beams and columns, together with shear failure in the beam-column joints and strength degradation (details can be found in [21]). Separate two-dimensional analyses are conducted for the
transverse and longitudinal directions of the case-study building.
The same numerical model has been adopted for pushover analyses, to derive force-displacement curves. The CSM [15] is applied to calculate the maximum inter-storey drift for each
natural ground motion and derive EDP vs IM pairs. Finally, the Simple Lateral Mechanism
Analysis (SLaMA, [22,23,24,25,26]) is adopted to derive a force-displacement capacity curve
and the expected plastic mechanism. The analytical, “by-hand”, method is briefly resumed in
Figure 2. Again, the CSM is adopted to derive the EDP vs IM clouds.
The linear least square method is applied on the derived (EDP, IM) pairs, estimating the
conditional mean and standard deviation of EDP given IM and deriving the commonly-used
power-law model 𝐸𝐷𝑃 = 𝑎𝐼𝑀( , where a and b are the parameters of the regression. The derived probabilistic seismic demand model is used to define the median (𝜇) of four lognormal
fragility curves, one for each DS, and the corresponding logarithmic standard deviation 𝛽
(which is the same the four curves, due to the homoskedasticity assumptions in the cloud approach).
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Figure 1: Numerical modelling strategy (adapted from Gentile et al., 2019a).
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Figure 2: Overview of SLaMA [23].

2.2 Multi-Criteria Decision Making (MCDM)
Each adopted retrofit technique can be evaluated according to different criteria, which may
give different perspectives to the same technical solution. Table 1 shows the seven adopted
criteria, which are deemed to be appropriate ones for interventions on public schools [27], and
possibly in line with the preferences of a government agency (e.g., Department of Education).
The same table shows the weights assigned to each criterion, which represent their relative
importance according to the DM. To have a rational and mathematically-consistent definition
of the weights, the AHP [9] is adopted. According to this procedure, the user expresses an
opinion on every possible pairwise comparison among the criteria (in this case, 21 comparisons,
Table 1). Each of those is a linguistic phrase that is subsequently converted into a number between one and nine. If parameters j and k are equally important, a value of 1 is assigned; if j is
demonstratedly more important than k, a value of 7 is assigned; if k is essentially more important
than j, a value of 1/5 is assigned. Finally, the first eigenvalue of this so-called decision matrix
is manipulated to obtain the desired weights. Further details on the weight calibration can be
found in [12].
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Maintenance
cost

Retrofit
duration

Functional
compatibility

Specialised
labour

Intervention on
foundations

Loss (scenario)

Criterion
Total retrofit cost
Maintenance cost
Retrofit duration
Functional compatibility
Specialised labour
Intervention on foundations
Loss (scenario-based)

Total retrofit
cost

weight
0.306
0.032
0.032
0.109
0.035
0.180
0.306

1
0.111
0.111
0.333
0.125
0.500
1.000

9.000
1
1.000
4.000
1.000
6.000
9.000

9.000
1.000
1
4.000
1.000
6.000
9.000

3.000
0.250
0.250
1
0.333
2.000
3.000

8.000
1.000
1.000
3.000
1
5.000
8.000

2.000
0.167
0.167
0.500
0.200
1
2.000

1.000
0.111
0.111
0.333
0.125
0.500
1

Table 1: Input for the MCDM, assuming a government agency as the DM.

The evaluation of each retrofit solution according to the different criteria can be either quantitative or qualitative. In the former case, some calculation is usually needed to evaluate a criterion (e.g. calculation of the retrofit costs). Instead, qualitative criteria (e.g. need for specialised
labour) should be expressed as numerical values to be adopted in the TOPSIS MCDM. To accomplish this, the AHP can be used expressing the relative performance of each alternative with
respect to the considered qualitative criterion. The calculated “weights” are therefore used as
numerical evaluation in the TOPSIS. For this study, the approach in evaluating each criterion
is summarised as follows:
• Total retrofit cost: for each retrofit alternative, the total costs are calculated as a sum of
demolition cost (if needed), the installation cost of the intervention itself (excluding foundations), and the reconstruction of the demolished parts. Costs related to construction site
setting and health/safety costs are also considered. Indonesian costs for basic materials and
labour are adopted [28] and the final result is converted in US$;
• Maintenance cost: based on a given frequency of the required maintenance checks, the
total cost of maintenance is calculated for a service life equal to 50 years. For RC jacketing
and addition of RC walls, an inspection every 5 years (570$) and an instrumental examination every 10 years (1700$) are considered. For the addition of steel bracings, an inspection
every 5 years (570$) and an anti-corrosive treatment every 20 years (16000$) are needed.
It is worth mentioning that the prices are based on a market survey, and a revaluation rate
equal to 4% is adopted for the calculation;
• Retrofit duration: for each retrofit alternative, the total time required to carry out a given
intervention is calculated; it considers the work phases needed for the interventions, and a
number of workers, based on engineering judgement;
• Functional compatibility: This criterion is evaluated based on an AHP calculation expressing the relative invasiveness of each retrofit solution (e.g., RC jacketing is less invasive than
the addition of walls or braces). As opposed to the others, this criterion is treated as a benefit,
meaning that a higher value of functional compatibility indicates a higher performance;
• Specialised labour: This criterion is evaluated based on AHP calculations. This allows to
represent the relatively higher level of labour specialization needed for some of the alternatives (i.e., the addition of the steel braces with respect to RC jacketing or walls addition);
• Intervention on foundations: This criterion is evaluated based on an AHP calculation that
considers installation costs, time and specialised labour for the intervention on the foundations. This captures the much higher invasiveness and cost of the foundation for the RC
walls addition with respect to steel braces and jacketing;
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•

Loss (intensity-based): the values of the repair-to-reconstruction cost ratios are calculated
intersecting the vulnerability functions in correspondence of the AvgSA of the code-based
design spectrum in the interval [0.2T1, 2T1]. The average between the two building directions is considered.

The values of each criterion and each retrofit solution (𝑥,- ) are finally processed according
to the TOPSIS procedure to produce a final ranking [12]. For each criterion, the evaluations are
normalised with respect to the square root of the sum of the squares of all the evaluations for
the same criterion. Therefore, each normalised evaluation is multiplied by the weight of the
corresponding criterion. Then, the ideal best (worst) solution is defined considering the highest
(lowest) evaluation for each criterion. The Euclidean distance of each alternative from the ideal
best and worst solutions is calculated. The alternative with the highest distance from the ideal
worst solution is the optimal alternative. The final result is normalised in the interval [0,1] for
convenience (the best solution has the highest normalised distance from the ideal worst).
3

ILLUSTRATIVE APPLICATION

3.1 Description of the case-study structure and considered retrofit solutions
The case-study school selected for this study represents seismically-deficient RC school
buildings typical of developing countries such as Philippines and Indonesia. In fact, this building typology is defined based on large data collection exercises (e.g. [29,30]) involving Rapid
Visual Surveys for over 200 school buildings and collecting administrative, geometric and mechanical data related to the investigated buildings. The resulting index building is a two-storey,
ten-bay by three-bay rectangular framed building, representing approximately the 80% of the
surveyed schools. Figure 3 indicates its geometrical dimensions, defined as the modal values
of the statistical distributions built on the collected data [29].
Although measured data related to structural detailing is not available, two different simulated design approaches are performed to reflect two nominal seismic-performance levels. To
this aim, the buildings are simulated designed according to the Uniform Building Code (UBC)
[31] and the American Society of Civil Engineers (ASCE) 7-10 [32]. In fact, building codes in
developing countries are often inspired by the UBC and/or the United States codes [29,30].
However, some of the provisions in such codes have not been applied in the simulated design
(e.g. stirrups in the joints) to somehow take into account the possibility of lack of code enforcement, based on the field survey results. The resulting detailing for the two cases (Table 2) leads
to a “Pre-Code” and a “Low-Code” configurations, as defined in HAZUS MH4 (HAZard
United States, [33]). Acting loads are calculated considering permanent dead loads and live
load equal to 5kPa (1kPa for the roof). A mean steel yield stress equal to 400MPa has been
adopted for longitudinal bars (240MPa for stirrups), while the mean concrete cylindrical
strength is equal to 21MPa and 24MPa for the Pre-Code and Low-Code configurations. Such
values are based on statistical analyses related to Indonesian materials [34].
Three different retrofit solutions - jacketing, walls, braces (Figure 3) - have been designed
to achieve moderate damage for the design-level seismic demand calculated according to the
ASCE 7-10 (50% exceeding probability in 50 years). This is defined by first considering the
Maximum Considered Earthquake (MCE) and then reducing it by a factor of two-thirds. The
MCE is calculated for risk category III (school) and soil type E. By assuming the building
located in a high seismic region in Southeast Asia, the spectrum is defined according to the
parameters 𝑆/ = 1.7𝑔 and 𝑆4 = 0.7𝑔 [35], that define the spectral acceleration respectively for
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short and long periods. Such a strict requirement is chosen to have an essentially-elastic structure for the design level earthquake, which can be used as a shelter in the aftermath of an event.
With school children being one of the most vulnerable components of the society due to their
age and their developmental stage, such a design choice specifically aims at achieving both
educational continuity and resilience. The resulting pushover curves (Figure 4), also expressed
in a capacity spectrum format, show the effectiveness of the retrofit design. The effective height
displacement is adopted in the figure, obtained interpolating the displacement profile of the
structure in correspondence to the height of an equivalent single degree of freedom system.
In the jacketed solution, the size of all the columns is increased to 60x60cm, adopting concrete with mean cylindrical strength equal to 30MPa. 16f24 equally-spaced longitudinal reinforcing bars are adopted, along with f10 hoops (135° bent) spaced at 6cm in the plastic hinge
zones. The mean steel yield stress is equal to 400MPa. For the wall retrofit solution, two 3.3mlong walls are provided for each external longitudinal frame. Those are reinforced with 12
equally-spaced longitudinal bars (f16) in the 0.6m-long confined zone, along with one f16
every 14cm in the central zone. Moreover, f14 stirrups spaced at 10cm are provided. Four
frames in the transverse direction, are equipped with a 3.9m-long wall, which is reinforced in
the same fashion. Finally, the configuration of the braces in the last retrofit solution is shown
in Figure 3, those are provided for two longitudinal and four transverse frames. The braces have
an “X” cross section with 10cm side and 1.5cm thickness (composed by four Angle profiles).
S235 structural steel (with minimum yield stress equal to 235MPa) is adopted for the braces. It
is worth mentioning that the same retrofit specifications are used for both the Pre-Code and
Low-Code building configurations, as resulted from the DDBD calculations.

Figure 3: As built and retrofitted configurations for the index building(s).
Pre-Code

Low-Code

Beams (typical)
3f16 top
3f16 bottom
f10@150mm stirrups
3f16 top
3f16 bottom
f10@150mm stirrups

Columns (typical)
3f16 top
3f16 bottom
f10@200mm stirrups
3f16 top
3f16 bottom
f10@100mm stirrups

Joints
No stirrups

No stirrups

Table 2: Structural details for the as-built configuration.
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Figure 4: Pushover curves (a,b) and capacity spectra (c,d) for each retrofit solution.

3.2 Results
As mentioned in Section 2.1, each building configuration (Pre-code, Low-code) in each configuration (as-built, jacketing, wall, braces) is analysed with three analysis methods with an
increasing level of refinement. As an example, Figure 5 shows the transverse fragility analysis
of the Pre-Code building retrofitted with jacketing. Firstly, it is clear that up to the attainment
of DS4, the SLaMA-based capacity curve agrees with the pushover curve with minor discrepancies (Figure 5a). For higher displacements, strength degradation occurs, which is not considered in SLaMA. The good match in the capacity curves is reflected in the inter-storey drift vs
geometric mean of spectral acceleration cloud (Figure 5b).

Figure 5: Comparison of the different analysis approaches for the “Pre-Code” building with jacketing.
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The performance points obtained with the CSM for the set of real records, both based on
SLaMA and numerical pushover, are in agreement with the results of the non-linear time-history analyses. In turn, these similarities are reflected in the obtained fragility curves (Figure 5c),
calculated for four configuration-specific drift limits, consistent with four DSs.
The obtained fragilities are adopted to calculate vulnerability curves, by considering damage-to-loss ratio appropriate for each DS. As a starting point, the repair-to-reconstruction ratios
for schools proposed in HAZUS are considered, which are equal to 2%, 10%, 43.5% and 100%
for increasing DSs. Generally, a regional modification factor should be applied to consider the
specific cost data related to developing countries; in this case Philippines or Indonesia. However, according to the Prompt Assessment of Global Earthquakes for Response (PAGER)
[36,37] for Modified Mercalli Intensity (MMI) values greater than 8 (reasonable assumption
for the considered countries), it is possible to assume a regional modification factor equal to
one.
Figure 6 shows the vulnerability curves calculated for each analysed configuration, in each
building direction and adopting the three analysis methods. The code spectrum is adopted to
define, for the ranges of periods shown in the figure, the average spectral acceleration demand.
For such intensity level, the relative error on the seismic vulnerability is below 17% and 20%
respectively for pushover and SLaMA, for the majority of the case studies. Clearly, such results
are not general nor generalisable yet. Systematic research is needed to estimate the bias of the
SLaMA- and pushover-based method in estimating the median and dispersion of the fragility
curves with respect to the time-history approach, which in turn affects vulnerability estimates.
However, the results are promising, and they suggest that efforts should be made to better calibrate simplified methods to derive fragility curves, e.g. CSM adopting real ground motions.

Figure 6: Vulnerability curves for each retrofit solution and analysis method.

1155

Roberto Gentile and Carmine Galasso

The last step of the procedure is to carry out the MCDM to select the optimal retrofit solution
for this specific case study, according to the specifications in Section 2.2. Table 3 shows the
performance of the retrofit solutions calculated for each of the selected criteria (the loss ratio is
based on the time-history approach). On the other hand, Table 4 shows the results of the
MCDM, i.e. the ranking of each retrofit solution in terms of both overall and criterion-specific
performance. According to this analysis, the wall retrofit solution is judged as optimal, followed
by the bracing solution and the jacketing.
Such a result reflects the relative importance of the installation cost and the intensity-based
losses (each of these representing 30% of the weight). In particular, jacketing is the worst solution since, being a global intervention, its installation cost is one order of magnitude higher than
the other two solutions (local interventions). Between the remaining two alternatives, the loss
ratio for the bracing solution is approximately three times higher than the wall solution, and
therefore the braces alternative is ranked second. Finally, the wall solution has the highest performance, even if it requires a more invasive and expensive intervention on foundations (18%
weight).
Total retrofit
cost [$]

Maintenance
[$]

Retrofit duration [days]

Functional
compatibility

Specialised
labour

Intervention
foundations

Loss ratio
(scenario)

Wall
Jacketing
Braces

93929
381814
82945

40353
40353
115602

29
120
73

0.238
0.641
0.121

0.570
0.321
0.109

0.714
0.143
0.143

0.031
0.078
0.094

Table 3: MCDM decision matrix for the “Pre-Code” case study.
Overall

Total retrofit
cost [$]

Maintenance
[$]

Retrofit duration [days]

Functional
compatibility

Specialised
labour

Intervention
foundations

Loss ratio
(scenario)

Wall
Braces
Jacketing

0.674
0.524
0.396

0.072
0.063
0.291

0.010
0.029
0.010

0.006
0.016
0.027

0.037
0.019
0.100

0.030
0.006
0.017

0.173
0.035
0.035

0.023
0.252
0.173

Table 4: Ranking of the retrofit solutions (losses based on TH).

The final goal of this paper is to investigate the possibility of using simplified but accurate
methods to include fragility/vulnerability estimations in the decision process. Therefore, the
MCDM is repeated twice, independently considering the loss ratios calculated by means of the
pushover and the SLaMA. Table 5 shows the results of such sensitivity analysis: although the
weight for the seismic losses criterion is approximately equal to 30%, the ranking of the retrofit
alternatives is rather insensitive to the adopted analysis method. This seems to suggest that for
such a preliminary phase of the retrofit design, refined numerical methods can be effectively
replaced by simplified methods without losing accuracy in the results.
Some interesting trends are observed, and further investigation is deemed to be required. The
pushover- and SLaMA-based rankings are particularly similar, and slightly biased with respect
to the time-history approach. Such discrepancies can be traced back to the determination of the
fragility functions. Moreover, since the force-displacement curves according to SLaMA and the
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pushover are particularly similar, the error on the fragilities can be related to the adoption of
the CSM with real records. It is evident that a refinement/calibration of such method could
improve the overall accuracy, e.g. adopting FRACAS (FRAgility through Capacity spectrum
Assessment [19]).
Time-history
Wall
0.674
Braces
0.524
Jacketing 0.396

Pushover
Wall
0.658
Braces
0.596
Jacketing 0.350

SLaMA
Wall
0.643
Braces
0.593
Jacketing 0.364

Table 5: Sensitivity of the ranking with respect to the analysis method.

4

FINAL REMARKS

This paper deals with the selection of the optimal retrofit solutions for seismically-deficient
buildings. The study adopts a MCDM approach to rank different alternatives using a number
of criteria selected by a decision-maker. Firstly, it is proposed to exclude seismic performance
from the considered criteria in the decision-making, i.e. each retrofit solution should be designed for the same expected damage state under the design-level earthquake. Secondly, it is
also proposed to explicitly consider seismic economic loss among the other criteria chosen by
the DM. Moreover, it is proposed to calculate the seismic fragility/vulnerability of the different
retrofit solutions considering a large suite of unscaled, natural ground motions, rather than using
the code spectrum.
It is recognised, however, that the proposed framework may require very high computational
effort, together with the structural modelling burden and the consequent interpretation of the
analysis results, if non-linear time-history analyses are to be adopted to derive fragility curves.
For this reason, it is proposed to use less-complex structural analysis methods as an alternative.
In particular, force-displacement curves are derived using both numerical pushover analyses
and SLaMA. The CSM, adopting a large suite of natural ground motions, is applied using such
curves, therefore deriving fragility and vulnerability curves that are, in turn, an input of the
MCDM analysis.
Such method is demonstrated for a seismic-deficient RC school index building, with construction details typical of developing countries (such as Philippines and Indonesia), for which
real data is available. Three retrofit solutions are analysed: RC column jacketing, addition of
RC walls, addition of steel braces. A sensitivity of the ranking of the solutions is conducted by
repeating the MCDM using loss-ratios calculated by means of non-linear time histories, pushover or SLaMA. Clearly, a certain degree of error is registered in estimating fragility/vulnerability with respect to refined time-history analysis. Nonetheless, for the analysed case study and
analysis methods, the ranking of the retrofit alternatives is insensitive to the adopted analysis
method, even if the considered weight for the seismic losses criterion is relatively high (30% in
this example).
These results, although based on a limited case study, seem to indicate that simplified structural analysis methods can represent a tool to effectively include seismic vulnerability (and
hence economic losses) in the optimal retrofit selection for seismic-deficient buildings.
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Abstract
Innovative materials and techniques are widespread used for the strengthening and rehabilitation of existing structures. Recent researches have been developed on new fiber reinforced
composites in which epoxy resin is replaced by inorganic cementitious material. These kind of
cement-based composite material is known as Fiber Reinforced Cementitious Matrices
(FRCM) recently used also in combination with synthetic polymeric fibers named PBO.
The efficiency of this new confining system has been demonstrated by a large number of compression tests on concrete specimens while there are only few experimental researches on the
behaviour of large scale specimens under external action able to simulate the actual behaviour
of columns in MRFs.
This paper firstly presents the results of experimental tests on squared and rectangular specimens of medium-size concrete columns reinforced by PBO-FRCM subject to axial load; successively, an experimental campaign is performed on RC columns subjected to axial force and
bending moment. Confined and unconfined columns, manufactured with different cross sections
and concrete types, are tested.
The experimental tests on concrete columns and RC pillars are reproduced through finite element models in which the behaviour of the confined concrete is simulated using the Concrete
Damaged Plasticity model with properly adapted plastic parameters, according to recent studies available in the literature. The stress-strain law used in the model is deduced from a classical approach available in the literature for FRP confined concrete which is properly modified
in order to take into account the efficiency reduction of FRCM with respect to FRP wraps.

Keywords: FRCM, Confinement, RC Columns, Experimental Tests, Numerical modeling.
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1

INTRODUCTION

The rehabilitation of existing structures is one of the most important topic addressed by the
scientific community in the last decades [1-15]. Innovative materials and techniques are widespread used for the strengthening of structures. In particular, recent researches have been developed on new fiber reinforced composite materials in which epoxy resin is replaced by
inorganic cementitious material. These kind of cement-based composites are known as Fiber
Reinforced Cementitious Matrices (FRCM). Despite FRCM is usually used with glass, aramidic
or carbon fibers, recently the performance of this confinement system has been improved by
adopting a synthetic polymeric fiber named polyparaphenylene benzobisoxazole (PBO). The
molecular structure of PBO is capable of establishing chemical bond with hydrated compounds
in a special inorganic binder by means of a hydraulic reaction which helps improving the mechanical properties of the FRCM system.
The efficiency of this new confining system has been demonstrated by a large number of
compression tests on concrete specimens with different cross section shapes and corner radius,
confinement amount and concrete strength. By contrast, there are only few experimental researches concerning the behaviour of large scale specimens under external action able to simulate the actual behaviour of columns of moment resistant frames (MRFs).
In this framework, this paper presents the results of experimental tests on squared and rectangular specimens of medium-size concrete columns reinforced by PBO-FRCM subject to axial load with the aim of extending the experimental result database available in the literature on
the topic. Furthermore, an experimental campaign is performed on ten RC columns subjected
to axial force and bending moment and the results are here presented and discussed. The columns have square and rectangular cross section and they are manufactured using two different
concrete strength. The specimens are unconfined or wrapped with two or four layer of textile
reinforcement and, then, subject to axial load and bending moment in static regime.
The experimental tests on concrete columns and RC pillars are reproduced through finite
element (FE) models in which the behaviour of the confined concrete is simulated using the
well-known Concrete Damaged Plasticity (CDP) model with properly adapted plastic parameters, according to recent studies available in the literature [1]. The stress-strain law implemented
in the CDP model is the one proposed by Spoelstra and Monti [2] for FRP confined concrete
properly modified in order to take into account a certain efficiency reduction of FRCM with
respect to classical FRP wraps [3].
2

EXPERIMENTAL TESTS

2.1 Medium-size concrete specimens
The experimental campaign was conducted on ten specimens presenting both squared and
rectangular cross-section with four different concrete type mixtures. Preliminary tests were performed for obtaining the mechanical properties of the plain concrete. In particular, the average
compressive strength and ultimate strain values, fc0 and c0, were found for each concrete mixture: for mix 1 (fc0-10), fc0= 10.47 N/mm2 and c0= 2.05‰; for mix 2 (fc0-14), fc0= 14.44 N/mm2
and c0= 2.32‰; for mix 3 (fc0-19), fc0= 19.07 N/mm2 and c0= 2.04‰; for mix 4 (fc0-22), fc0=
22.26 N/mm2 and c0= 2.09‰.
Ten medium-size concrete columns 600 mm high were manufactured with squared (200 x
200 mm) and rectangular (200 x 400 mm) cross-section and different corner radius (R = 15 mm
or R = 30 mm). The specimens are identified in Table 1 by a alphanumerical code in the format
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XJR#F#-m, where X is the cross-section shape (X = S for squared specimens, X = R for rectangular specimens), J is the concrete type (J = 10 for mix fc0-10, J = 14 for mix fc0-14, J = 19
for mix fc0-19, J = 22 for mix fc0-22), R# is the corner radius (R15 for 15 mm and R30 for 30
mm), F# refers to the textile reinforcement (F0 for the unconfined specimen, F# for specimens
confined with # textile layers), finally the code letter m (m=a or m=b) is used to distinguish
samples for identical specimens.
ID
S19R15F0
S19R15F2-a
S19R15F2-b
S14R30F2-a
S14R30F2-b
R10R30F2
R14R30F2
R19R30F2
R14R30F4
R22R30F4

cross-section
[mm x mm]

concrete
mix

corner radius
[mm]

fc0-19

15

200x200
fc0-14

200x400

f

No. of textile
layers
0

[%]
-

2

0.182

2

0.137

4

0.273

30

fc0-10
fc0-14
fc0-19
fc0-14
fc0-22

30

Table 1: Features of specimens.

Two or four PBO textile layers (Fig. 1) were applied to the columns obtaining the fiber
volumetric ratios f reported in Table 1 and calculated as  f  2 nt f  b  h  /  b  h  , being n
the number of fiber layers, tf the nominal thickness of the fiber mesh, b and h the width and
depth of the cross section. The specimens were wrapped for a length of 500 mm, keeping unreinforced the portions of the columns at the top and bottom end for a length of 50 mm with the
aim of avoiding a direct loading of the PBO-FRCM reinforcement during the test execution.
The geometry of the wrapped columns is reported in Fig. 2.
The compression tests on all columns were carried out with a hydraulic press with a maximum load capacity of 4000 kN, which enables tests in controlled displacement mode (Fig. 3a).
An electronic control unit with user interface via personal computer, regulated the test type and
the equipment.

a)

b)

Figure 1: Confining technique a) PBO fiber; b) application of PBO-FRCM wrapping to the specimen.
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PBO-FRCM wrapping

R3
0

400

200
200

R1

5

600

500

R3
0

self levelling mortar

200
200
200

Figure 2: Geometry of the concrete specimens.

Two electronic gauges with gauge length 200 mm were installed on two parallel sides of
each specimen in the axial direction at middle height for measuring the axial strains; conversely,
for the measurement of the transversal strains, two further gauges with measure length of 100
mm were collocated on the other two sides (Fig. 3b). The loading of all specimens was conducted up to failure, adopting a rate displacement of 0.5 mm/s.

a)

b)

Figure 3: Test setup a) specimen within the testing machine; b) position of gauges.

2.2 Full scale RC columns
Ten reinforced concrete (RC) columns with square or rectangular cross section were tested.
Specimens with two different concrete strength were manufactured, unconfined or wrapped
with two or four layer of textile and then subject to axial load and bending moment.
The columns were cast with concrete types typical of buildings that require structural retrofitting (i.e. low-strength concrete). Portland cement (ASTM International Type I) was used. The
cement : sand : gravel proportions in the concrete mixture were roughly 1:1.9:2.33 by weight
and the maximum size of the coarse aggregate was 20 mm. Two different water/cement ratios,
namely 0.85, 0.75, where chosen in order to obtain two different low compressive concrete
strengths. The average cylindrical compressive strengths, obtained by three cylindrical 150 mm
x 300mm specimens for each w/c ratio, were fco=14.36 Mpa, and fco=18.98 Mpa, respectively.
The Ruredil X Mesh Gold was used as PBO fibre textile. It is a bidirectional warped mesh, with
four times as many fibres in the direction of the warp as in the direction of the weft. The equivalent textile thickness in the warp (longitudinal) direction was 0.045 mm, while in the weft
(transversal) direction it was 0.012 mm. The elasticity modulus (E f), the tensile strength (f fu)
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and the ultimate value of axial strain (fu0) of the PBO fibres in each direction were provided
by the fibre manufacturer and equal to Ef = 270 GPa, ffu = 5800 MPa and fu0 = 21.5 mm/m,
respectively. For the mortar, a stabilized inorganic matrix Ruredil X Mesh M750 designed to
connect the PBO textile with the concrete substrate was utilized. Four specimens with square
cross-section with side a=200 mm and six rectangular having sides a × b=200×400 mm, all of
them 1800 mm in height were casted. Square specimens where reinforced with four rebars of
diameter l=12 mm at the corner and rectangular one with six of l=16 mm (Fig. 4), stirrup
diameter w=6 and w=8 for square and rectangular specimens respectively, and stirrup spacing
s=120 mm. Four specimens were wrapped with two layers and three with four layers of textile
of height of 1000 mm, placed as to left at the two end a 400 mm height zone unwrapped. The
specimens are identified by a code in the format XC##R JJ F#, where X refers to the crosssection shape ( X=S for square specimens, X=R for rectangular specimens), the two digit C##
identifies the concrete compressive cylindrical strength, JJ refers to the corner curvature radius
(JJ=15 or JJ=30), the digit F# refers to the number of layer of confinement textile. In Table 2
the characteristic of the ten specimens are summarized.
Aiming at reproducing the load condition of columns in a MRF loaded by seismic force
(Fig.5a), firstly a constant axial load was applied to the specimen by an hydraulic actuator and
a prestressing device, then a three points bending test were performed, in order to reproduce the
incresing of the bending moment due to the seismic force (Fig. 5b).

a)

b)
Figure 4: RC specimens: a) longitudinal scheme; b) squared and rectangular cross sections.

Spec.
SC14R15F0
SC14R15F2
SC19R15F0
SC19R30F2
RC14R15F0
RC14R15F4
RC14R30F4
RC19R15F0
RC19R15F2
RC19R15F4

Sec
S
S
S
S
R
R
R
R
R
R

fcm
(Mpa)
14
14
19
19
14
14
14
19
19
19

Corner
Radius
15
(mm).
15
15
30
15
15
30
15
15
15

Fiber
layers
0
2
0
2
0
4
4
0
2
4

Table 2: Full scale specimen details.
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Figure 5: a) actual load condition and test load scheme; b) Test setup.

3

NUMERCAL MODELING

3.1 Stress-strain laws for confined concrete
The compressive behavior of confined concrete is modeled using analytical constitutive laws
available in the literature. In particular, a modification of the model by Spoelstra and Monti [2]
for fiber reinforced polymer (FRP) confined concrete is adopted. The stress-strain law fc-c of
confined concrete is expressed as:
fc 

f cc  x  r
r  1  xr

(1)

where x=c/cc; r=Ec/(Ec-Esec) with Esec = fcc/cc; cc is the compressive axial strain at peak
and fcc is the peak compressive strength. In this model, fcc is function of two parameters, i.e. the
peak strength of plain concrete fc0 and the effective confining pressure fl:


f
f
f cc  f c 0  2.254 1  7.94 l  2 l  1.254 


fc0
fc0



(2)

In case of passive confinement, the confining pressure increases continuously so that an incremental procedure is necessary for deriving the lateral strain l:
 l   c , fl  



Ec c  f c   c , fl 

2 5700



f c 0  500 f c   c , fl 

(3)

In order to take into account an efficiency reduction of FRCM with respect to classical FRP
wraps, a coefficient kfl,FRCM is introduced in the model for calculating the confining pressure
according to Colajanni et al. [3]:
fl  0.5    E f  kl   l  k fl , FRCM

(4)

in which  is the fiber volumetric ratio, Ef is the elastic modulus of fibers and kl is a coefficient
for rectangular sections according to CEB-FIP bulletin [4]. In particular, with reference to Fig.
6, the coefficient of efficacy kl is defined as:
 h  2 R  2   b  2 R  2 
c
c

kl  1  
3 Ag

where Ag is the gross area of the cross section. (Ae) and cross-section area.
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Figure 6: Effectively confined area.

The coefficient for taking into account the reduced effectiveness of FRCM compared to FRP is
evaluated through the following analytical law:
k fl , FRCM  c   1
k fl , FRCM  c  

for  c  2 c 0

1  c  c0
2  c  c0  1

(6)

for  c  2 c 0

which was found by Colajanni et al. [3] by fitting a series of experimental data of compression tests on concrete cylinders reinforced with two or three layers of PBO-FRCM.
3.2 Constitutive models of materials
The analytical model described above was adopted for generating the FE simulation of the
compressive tests on the medium-size concrete specimens. The models were developed by
means of the non-linear finite element code ABAQUS [5] using the Concrete Damaged Plasticity (CDP) model for the concrete material and properly adapted plastic parameters, according
to some recent formulations available in the literature.
In particular, according to Hany et al. [1], the dilation angle  and the coefficient Kc were
defined as:
  1.4587
Kc 

Ae Kl
 57.296
Ac fc 0

(7)

5.5 fb 0
3 f c 0  5 fb 0

(8)

In Eqs. (7) and (8), Kl is the stiffness of the jacket, Ae and Ac the effective and total cross-section area, respectively, and fb0 is initial equibiaxial compressive yield stress.
The dilation angle  can be represented in the diagram of the flow potential hyperbolic
function by Drucker and Prager, which is ruled by the equation:
G

 t 0 tan 

2

 q 2  p tan

(9)

The diagram of the Drucker and Prager flow potential function is reported in Fig. 7a.
The coefficient Kc rules the shape of the yield surface; its graphic representation is reported in Fig. 7b, where the yield function by Lubliner et al. [6] is represented:
F



 

1
q  3 p    pl ˆ max   ˆ max
1
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a)

b)

Figure 7: a) Hyperbolic flow potential function; b) Yield function in the deviatoric plane [5].

The CDP model assumes isotropic damage of the material. The stress-strain law of compressed concrete (Fig. 8a) is given by Eq. (1) while, in tension, the input of the post-elastic
behavior was given in terms of tensile strength t0 and fracture energy Gf (Fig. 8b).
c
 cu
 c0

E0

E0
(1-d t)E0



el
t

(1-d c)E0

t

c

~ pl

c

 cel

a)

b)

Figure 8: Constitutive model of concrete: a) in compression; b) in tension.

For the simulation of the tests on the full-scale RC columns, also the steel reinforcement was
modeled using a linear elastic behavior followed by a classical metal plasticity model where
true stresses and logarithmic strains are implemented starting from the nominal values which
can be obtained from a coupon tensile test:
σ true  σ nom (1   nom )

 lnpl  ln(1   nom ) 

σtrue
E

(11)
(12)

Finally, the steel concrete interface between concrete core and steel reinforcement was assumed perfectly bonded meaning that there is no modelling of the highly nonlinear stick-slip
type of behavior of the interface with the rebars.
3.3 Mesh and boundary conditions
The geometry of the medium-size concrete specimens used for the simulation is shown in
Fig. 9. In particular, a rectangular specimen is herein considered as an example. The specimen
is 600 mm height and has a cross section of 200x400 mm with corner radius equal to 15 mm
(Fig. 9a). All degrees of freedom of the lower face of the specimen are constrained with an
encastre and a reference point is individuated on the upper face where the compression is applied. The meshing technique adopted is structured and 8-node linear bricks with reduced integration are used, assuming a curvature control in the corner of the specimen that allow 16
elements per circle. The mesh size in the rest of the specimen is equal to 30 mm.
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a)

b)

c)

Figure 9: Features of the FE concrete specimen: a) geometry; b) boundary conditions; c) mesh.

The FE specimen herein considered for the simulation of the full-scale RC column has rectangular cross-section 200x400 mm and corner radius 15 mm (Fig. 10a). It is wrapped with two
layers of PBO-FRCM and subjected to a constant axial load of 500 kN. The columns is reinforced with six longitudinal rebars of steel class B450C and 16 mm diameter; moreover, transversal stirrups of 8 mm diameter are placed at a spacing of 170 mm. The column is simply
supported and loaded at the midspan, with shear span equal to 800 mm (Fig. 10b, Fig. 11).

a)

b)

Figure 10: Geometry of the FE column specimen: a) longitudinal scheme; b) cross-section.

Figure 11: Load and boundary condition of the FE model of the RC column.
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The mesh used for the confined concrete material is constituted by 8-node linear bricks with
reduced integration and the meshing technique is structured thanks to the regularity of the geometry. Transversal stirrups and longitudinal rebar are meshed using 2-node linear beams (Fig.
12). The constraint between steel reinforcement and concrete is of “embedded” type, meaning
that the bond splitting failure is prevented from occurring.

Figure 12: Mesh element types of RC column specimen.

4

RESULTS

Fig. 13a shows the comparison between the fc-c FE curve and the experimental curve of the
rectangular specimen R19R30F2 whose features were already reported in Table 1. The same
graph reports the analytical curve obtained from Eq. (1).
20

fc [MPa]

15

10

5

Experimental R19R30F2
S&M_kflfrcm model
FEM

0

0

0.005
0.01
c [mm/mm]

0.015

a)

b)

c)

d)

Figure 13: Results of the FE model of concrete specimens: a) comparison between numerical, experimental and
analytical curve; b) failure of the tested specimen; c) FE stress pattern; d) maximum principal strains.
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It can be observed that the implementation of the analytical model previously described allows reproducing the behavior in compression of the confined specimen obtained during the
laboratory tests. Moreover, from the comparison between Fig. 13b and 13c it can be observed
that the model is able to reproduce the actual failure mode characterized by the stress concentration mainly at the corners of the specimen which causes, firstly, the failure of the mortar and
then the failure of the textile layers. Finally Fig. 13d depicts the pattern of the maximum principal strains in the post elastic regime and, therefore, it is able to show the FE crack pattern,
compatible with the experimental evidence.
In Table 3 the results are summarized showing the peak stress for the specimen obtained in
laboratory (fcc,exp), with the FE simulation (fcc,FEM) and from the analytical prediction (fcc,theo).
Furthermore, the ratios between FE results and experimental and analytical model are reported
showing a good agreement, the ratios being almost equal to one.
fcc,exp

fcc,FEM

fcc,theo

fcc,FEM/fcc,exp fcc,theo/fcc,exp

19.615 19.554 19.567

0.997

0.998

Table 3: Comparison between FE results, experimental data and analytical prediction.

The FE model can be considered validated and can be used for the more complex simulation
of the behavior of confined RC columns. The unconfined specimen RC19R15F0 and the specimen confined with two layers RC19R15F2 were considered. Their main features were already
reported in Table 2. The comparison between numerical and experimental load-midspan deflection curves is shown in Fig. 14 for both unconfined and confined specimens. The model
shows a quite good prediction of the behavior of the confined specimen even though it is not
able to catch the softening branch before the failure of the specimen when the ultimate displacement is attained. As regards the simulation of the unconfined specimen, the model shows a good
capacity in the prediction of the peak load but it is not suitable in catching the large plastic
displacement regime before failure.
The stress state obtained through the FE model is depicted in Fig. 15 for the confined concrete (Fig. 15a) and for the steel reinforcement (Fig. 15b). In particular, comparing Fig. 15a and
the pictures in Fig. 15c, it can be observed that the model is able of reproducing the crack
opening on the bottom of the specimen before failure. It can also be observed the stress concentration in correspondence of the limits of the application of the PBO-FRCM reinforcement.
Finally the stresses in the steel rebars prove to be compatible with the experimental evidence.
500

F [kN]

400
300
200
Test - unconfined
Test - confined 2 layers
FEM - unconfined
FEM - confined 2 layers

100
0
0

10

20

30
40
δ [mm]

50

60

70

Figure 14: Load-deflection curve of the full-scale RC column: numerical vs. experimental results.
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Table 4 reports the comparison between numerical and experimental results in terms of maximum experimental and FE load, Fmax,exp and Fmax,FEM respectively. The ratio between these values is equal to 0.94 for the unconfined specimen and 1.04 for the confined columns, showing a
good agreement with the laboratory tests in terms of maximum capacity of the RC specimen.

a)

c)

b)

Figure 15: Results of the FE model of the RC columns: a) stress pattern in the confined concrete; b) stresses
in the steel reinforcement after the yielding; c) experimental failure and crack pattern.
ID

Fmax,exp

Fmax,FEM

Fmax,FEM/Fmax,exp

RC19R15F0

418.06

392.58

0.94

RC19R15F2

438.44

455.62

1.04

Table 4: Comparison between FE results and experimental data of the RC columns.

5

CONCLUSIONS
 The seismic performance of existing buildings is strongly restricted by both low strength
of concrete and poor detailing of transverse reinforcement in columns. Confinement by
thin steel plates and angles welded to the corners of beams and columns or the jacketing
by FRP are widespread efficient techniques for increasing strength and ductility of structural elements especially of columns but recently some drawbacks in the use of FRP have
been recognized: they cannot be applied with epoxy resin on moist elements, exhibit poor
performance in the presence of heat and fire and lack of vapour permeability; the hardening
phase is strongly affected by environmental temperature; in some cases the epoxy resin is
not compatible with the concrete substrate.
 In this framework, PBO-FRCM is an effective tool for increasing strength and ductility of
low strength under-detailed concrete columns of seismic resistant frames.
 A FE model is developed for simulating the behavior of RC squared and rectangular columns strengthened by PBO-FRCM, under axial force and bending moment. The load condition of columns in MRFs loaded by horizontal forces with constant axial load is
reproduced. Tests on large scale specimens confined with PBO-FRCM are used for the
validation of the FE model.
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 The modeling technique is preliminarily validated developing FE models of specimens of
plain concrete wrapped by PBO-FRCM and the results are validated against experimental
data.
 The FE model used is able to predict both strength and displacement increment as well as
the local strength degradation in the post peak range.
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Abstract
The impact of sequential occurrence of fires and earthquakes on reinforced concrete members
particularly columns is not well understood and may be critical in the event of aftershocks
and/or future earthquakes. This paper presents the results of an experimental study with a
primary objective of assessment of the effectiveness of carbon fiber reinforced polymer
(CFRP) jacketing in improving seismic performance of fire-damaged flexure critical fullscale reinforced concrete (RC) columns complying with current major design guidelines (e.g.
ACI-318-14). Outcome of the test results on a total of four RC columns are discussed within
the study. One of the columns was an unheated reference specimen while the other three were
heated 90 minutes following ISO-834 standard fire curve in a fire furnace. One of the heated
columns was kept unjacketed whereas the other two were externally jacketed by 2 layers of
continuous circumferential CFRP sheets i) without removing fire-damaged concrete cover
after fire exposure, ii) after removing concrete cover over the hinging zone and re-forming
this cover with a repair mortar prior to jacketing after fire exposure. The post-fire seismic
tests were carried out under constant axial load and reversed cyclic lateral displacements.
The structural behavior of the columns is discussed through hysteretic and envelope curves.
The test results show that CFRP jacketing after fire exposure improved lateral load capacity
and deformation characteristics of RC columns with respect to fire-damaged column
significantly whereas intervention to concrete cover after fire exposure and prior to FRP
jacketing did not remarkably influence the behavior. On the other hand, when compared to
unheated reference column, FRP jacketing could almost reinstate the lateral load capacity to
the original and enhanced the displacement ductility remarkably.
Keywords: Column, Fire, FRP, Reinforced Concrete, Seismic
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1

INTRODUCTION

Improved seismic resistance characteristics in terms of lateral load capacity and inelastic
deformation capabilities of RC members may result structures to withstand severe
earthquakes since more energy is dissipated and overall structural integrity is not
compromised by this way. On the other hand, inadequate seismic resistance leads to a rapid
failure and therefore, should be avoided to prevent complete structural collapse particularly
under lateral loads. Previous devastating earthquakes such as 1994 Northridge, 1995 Kobe,
1999 Kocaeli and 2011 Van also indicated particularly the vulnerability of RC columns
exposed to inelastic conditions [1-2].
Fire has long been recognized as a major hazard following earthquakes because of damage
to gas lines and other infrastructure and consequent aftershocks in the aftermath of a major
earthquake necessitating the investigation of post-fire seismic behavior of RC members [3-5].
Many times, the residual structural performance assessment after severe fire events is carried
out in order to develop reliable rehabilitation methodologies to ensure the life safety of the
residents. Externally applied FRP sheets which are now widely used for the rehabilitation and
strengthening of concrete members with the aim of improved seismic resistance, is an
innovative alternative over the conventional techniques such as reinforced concrete and steel
plate jacketing. FRP confinement applied to RC structural members is a promising technique
because of higher strength-to-weight ratio, greater contact area, increased resistance to
corrosion, ease of installation, lower labor and construction costs, and maintenance of the
original member stiffness [6]. Based on previous researches, a reasonable understanding of
the performance of FRP strengthened columns has been obtained [e.g. 6-10]. However,
studies that have focused on rehabilitation of fire damaged RC columns using FRP are limited
[11-14]. Furthermore, according to the best knowledge of the authors, the only studies on
seismic behavior of post-fire FRP-repaired RC columns [15-16] are conducted on shear
critical columns and there is no particular study in literature examining FRP jacketed, flexure
critical, code-complying and full-scale RC columns to improve the seismic resistance after a
fire.
Therefore, this paper is aimed at improving the seismic resistance of fire-damaged flexure
critical RC columns through external FRP jacketing. To address this topic, preliminary results
of an experimental program conducted on full-scale RC columns are presented in this paper.
The study examines the impact of reversed cyclic lateral loading on RC columns after fire
exposure to serve as a basis to assess the structural performance of fire-damaged and
sequentially FRP strengthened RC columns aftermath an earthquake.
2

EXPERIMENTAL WORK

An experimental study was carried out for investigating the post-fire seismic behavior of
cast-in-place full-scale RC members representing code-complying flexure-controlled columns.
A total of 4 RC columns were cast. Cross-sectional dimensions and heights of the columns
were 300 mm x 300 mm and 1500 mm, respectively (Fig. 1). Each column incorporated a RC
foundation block with dimensions of 700 x 700 x 500 mm that was connected firmly to the
strong floor. Columns were fitted with 4 of 20 mm diameter longitudinal steel deformed bars
placed at the corners with a 40 mm concrete cover from the edge of the specimen to the
outside of the longitudinal bars. These bars had a yield strength of 461 MPa. Lateral
reinforcement (deformed bars) with a yield strength of 472 MPa was provided in the form of
10 mm ties spaced at 100 mm spacing center-to-center. Along the top 375 mm length of the
columns, ties were placed at a spacing of 75 mm and the fire damage around this area (which
is outside the test zone) in heated specimens were repaired with a high strength repair mortar
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in order to avoid potential premature damages of the columns around the actuator. The
geometric ratio of longitudinal reinforcement and volumetric ratio of transverse
reinforcements were 3.1% and 1.6%, respectively which were calculated according to Eqs. (12). In these equations ρcc is the ratio of longitudinal steel, As is the area of longitudinal steel,
Ac is the core area of the cross-section measured along center-to-center of transverse
reinforcement, ρs is the ratio of transverse reinforcement, Ao is the area of transverse
reinforcement, s is the spacing of the transverse reinforcement and dc is the concrete core
dimension to center line of the perimeter hoop. All columns were constructed so as to be
representative of the columns complying to major design codes such as ACI-318-14 [17] and
Eurocode-2 [18].
As
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220

1500

100

10@75

400

40 300

100

1926

240

420

10@100

240

200

700
300X

660
700

X

200

X

10
0

460
500

20

X

439

20
20

out

200

X
X

700

300

20

out

in

in

200

Figure 1: Reinforcement details of the columns and locations of the thermocouples
Note: All dimensions are in mm

The concrete mix–proportions are presented in Table 1. The mean unfired concrete
compressive strength, obtained based on tests of cylinder specimens (150 mm × 300 mm) at
the age of column testing day (at around the age of 16 months corresponding to 60th day after
the fire tests) was 36 MPa. Concrete core specimens with dimensions of 100 (diameter) mm
×300 (height) mm were drilled from the undamaged parts of the columns after the seismic test
on the test day. Each core sample was then divided into height of 50 mm. Thus, for the fire
exposed columns, core samples taken from 0-50 mm, 50-100 mm and 100-150 mm from the
outside of the cross section gave compressive strengths of 15.7 MPa, 18.4 MPa and 20.3 MPa,
respectively. The compressive strength obtained from the core samples with the same
dimensions (100 mm diameter x 50 mm height) for the unfired specimens was 30.8 MPa. The
mechanical properties of the longitudinal and transverse reinforcing bars under ambient and
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after post-fire cooling are presented in Table 2. Longitudinal (ɸ20) and transverse (ɸ10)
reinforcing bars were taken out from the specimens having the same reinforcing scheme with
the full-scale columns with dimensions of 300 × 300 × 500 mm, cast with same concrete
batch and with identical concrete cover thickness. These specimens were also subjected to the
same fire exposure (or unfired) but not subjected to seismic tests.
Table 1: Concrete mix-proportions

Material
Cement (CEM 42.5 R)
Sand (0-4 mm)
No I (5-12 mm)
No II (12-22 mm)
Superplasticizer (Sikament 300)
Water

Weight
(kg/m3)
300
920
507
490
3.6
124

As seen in Table 2, there is only a minor difference between the mechanical properties
(sequentially yield, tensile and rupture strengths and corresponding strains given in the table)
of the unfired specimens and the specimens exposed to 90 minutes of fire since the
temperatures along the reinforcements did not exceed 572 °C in the fire test (including
cooling phase). The residual properties of the reinforcements are thus expected to be
recovered in this temperature range as reported previously [19] and verified experimentally in
this study.
Table 2: Mechanical properties of reinforcing bars before and after fire tests

Reinforcing
bars
Φ20
Φ10
Φ20
Φ10

Fire
exposure
N.A.
N.A.
90 minutes
90 minutes

fy
MPa
472
483
442
457

εy
0.0023
0.0025
0.0024
0.0024

fmax
MPa
569
557
549
552

εmax
0.0965
0.0998
0.0992
0.0992

fu
MPa
525
525
516
522

εu
0.15
0.10
0.16
0.11

After casting, the columns were cured under ambient temperature and humidity for 14
months before being transported to fire facility for the fire test.
2.1

Fire Test

Fire test was carried out in Turkish Standard Institution (TSE) fire facility in Istanbul,
Turkey. The fire furnace had 3.2 x 4.0 m dimensions in plan and 3 m of height. The furnace
was consisted of aerated autoclaved concrete (AAC) walls and slab. The heat was provided by
a total of 8 gas burners, positioned on opposite sides of the furnace (Fig. 2). Furnace
temperature was set in accordance with ISO-834 standard fire [20] during the heating stage
which is calculated using Eq. (3) where T is the furnace temperature in °C and t is the time in
minutes. After following the fire curve for 90 minutes, furnace was switched off and natural
air cooling was adopted until the specimens cooled down to room temperature (Fig. 3). As
seen in Figure 3, the furnace was able to provide required performance in terms of following
the ISO-834 time-temperature curve.
𝑇 = 20 + 345log (8𝑡 + 1)
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The temperatures of concrete and reinforcement were monitored by a total of six K-type
NiCr-Ni thermocouples pre-embedded within each specimen during casting (Fig. 1). Other
thermocouples were also used to measure the furnace temperature at various locations of the
furnace. Figure 3 shows time-temperature curves in the furnace during the fire test and after
cooling. In the figure, average thermocouple measurements obtained from outside (out) and
inside (in) of the longitudinal bars (referred to Fig.1), at the center of the cross-section
(center), at the surface of the column, ISO-834 standard fire curve and the temperatures
measured in the furnace are shown. After 90 minutes of fire exposure, maximum furnace
temperature of 1005 °C was measured. In the fire test, after about 10 minutes of heating,
vapor began to come out of the furnace and continued until the end of the tests. After 25
minutes of heating, concrete peeling was observed in all specimens and small chunks were
observed over the concrete surface. Moreover, spalling occurred in the form falling off small
concrete chunks which was observed after the fire test induced by the increased pore pressure.
Because of the dehydration, as well as concrete peeling, light grey formations were also
observed at concrete surfaces. During the cooling stage, the temperature continued to rise
toward the center of the specimens for a while before it started to decrease at a slower rate
until the heat balance is reached. After the first 30 minutes of cooling, furnace temperatures
were decreased to about half of the maximum temperatures where the cooling rate was
reduced to about 2 °C/min after the first half an hour. It should be noted that the furnace door
was kept closed about 24 hours after cooling has started. Progress of fire damage over the
specimens did not significantly vary until the day of seismic tests.
AAC slab
AAC slab

Gas burner
AAC wall

Furnace
thermocouple
Pressure
adjustment
cap

Figure 2: Fire test furnace
1250
in
out
center
surface
ISO-834
furnace

Temperature (℃)

1000
750
500
250
0
0

100

200
300
400
500
Time (min)
Figure 3: Time-temperature curves in the furnace during the fire tests and after cooling
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2.2

FRP repair

Due to the code-complying (complying to Eurocode 2 [21] and ACI 216.1-97 [22]) concrete
cover (40 mm) in design, only the temperatures in concrete cover exceeded 500 °C which is
considered as the threshold value for concrete [21] in order to be taken into account in
residual calculations. As such, FRP repair may be a promising technique for improving the
residual lateral strength and ductility of the RC columns which were deteriorated due to the
fire exposure. With this aim, two fire exposed columns were repaired following two repair
schemes depending on the intervention to fire-damaged concrete cover. First, dust was
removed with pressured-air prior to FRP repair for these two columns. In the first method,
existing fire-damaged concrete cover was not interfered and concrete cover spalled/damaged
during the fire test (about 0.5 cm from all surfaces) was re-formed to the initial cross-section
(300 x 300 mm) with a repair mortar (BASF – MasterEmaco S 488) prior to two layers of
FRP jacketing was formed (denoted as R1). In the second method, the fire-damaged concrete
cover in the potential hinging zone (about 450 mm over the column-foundation joint) was
totally removed and this region was then sequentially formed by the same repair mortar which
was then followed by jacketing two layers of circumferential carbon FRP sheets along the all
height of the column (denoted as R2). The repair application is shown in Fig. 4. Repair mortar
aforementioned is cement based, one component, polymer modified, fiber reinforced,
thixotrophic structural repair mortar with 28th days compressive strength of 60 MPa and
flexural strength of 7 MPa.

a)
b)
Figure 4: Repair application of a) repair mortar prior to FRP jacketing and b) FRP jacketing

A commercially available FRP system was used for repair schemes. Mechanical properties of
unidirectional carbon FRP sheets provided by the manufacturer (Akfibre DKM 42 12 K) are
given in Table 3. The epoxy used for bonding FRP sheets consisted of a resin binder and
hardener, which are mixed, in a ratio of 2/1 by weight. Jacketing of specimens was executed
in five steps as i) cleaning surface of each specimen, ii) repair of the specimen surface with
repair mortar, iii) applying epoxy, iv) FRP application over epoxy, and v) forming an overlap
of 150 mm at the end of FRP jacket. The FRP was applied using a hand lay-up procedure. All
FRP-wrapped specimens were thus jacketed 50 days after being heated to display a full postcooling recovery, and tested 14–15 days thereafter. Unjacketed specimens were tested about
60 days after heating.
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Table 3: Mechanical properties of FRP sheets given by the manufacturer

Tensile strength
(MPa)

Longitudinal elasticity
modulus (MPa)

Ultimate tensile
strain (%)

Effective thickness
(mm)

4200

240000

1.8

0.166

2.3

Seismic tests

Seismic tests were carried out about 60 days after fire tests corresponding to the
approximate duration where the structural performance assessment procedure including the
residual structural analysis is generally completed. Column tests were carried out under
constant axial load of 630 kN and repeated lateral displacement reversals. The axial load
corresponded to 20% of the axial load bearing capacity of the reference column (considering
only the contribution of the concrete). Figure 5a shows the seismic test setup. All columns
were fixed to a strong floor by 4 strong steel bolts of 32 mm diameter. A hydraulic jack was
used between the top of the columns and a steel loading beam to apply the axial load. The
beam was pin supported at the base. A load-cell was used between the jack and the loading
beam to measure the applied axial load. Cyclic lateral displacements were applied at the top
of each specimen at 1200 mm height from the base by a hydraulic actuator with a capacity of
±250 kN and ±300 mm connected to a strong reaction wall. In order to monitor the lateral and
longitudinal displacements as well as rotations, numerous displacement transducers were
installed at various locations along the height of the columns as shown in Figure 5b. ACI-374
lateral loading protocol was used in seismic tests (Fig. 6). All displacement cycles were
repeated twice as recommended by ACI-374.

loading beam
rods
hydraulic
jack

SDP 300

load cell
SDP 200

CDP 25

specimen

actuator

150 mm

CDP 25

130 mm

CDP 25

20 mm
CDP 5

hinge
CDP 10

adaptor
foundation

a)
b)
Figure 5: a) seismic test set-up and b) arrangement of LVDTs
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0

20
40
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60

Figure 6: Loading protocol

2.4

Experimental results

In order to determine the seismic performance of RC columns after being subjected to the
standard fire for 90 minutes, all columns (reference, with and without repair) were tested
under constant axial load and repeated cyclic displacement reversals. Hysteretic response of
the columns and their envelopes are shown in Fig. 7 and 8. In these figures, REF is the
unheated reference column, 90M is the column subjected to standard fire of 90 minutes and
tested without repair, 90M-R1 is the post-fire FRP repaired column without removing firedamaged concrete cover prior to FRP jacketing and 90M-R2 represents the post-fire FRP
repaired column for which the fire-damaged concrete cover was removed within the hinging
zone and re-formed with a repair mortar prior to FRP jacketing. During the tests, both bare
(unjacketed) columns displayed a behavior ultimately dominated by flexure and failed by
concrete crushing and buckling of the longitudinal bars demonstrating a limited ductility. There
was no evidence of any diagonal or vertical cracks for the columns which could be a
precursor of a shear or bond failure. It should also be noted that, no considerable pinching was
observed in hysteresis curves of the columns. The first signs of distress in unjacketed test
specimens were the initial flexural cracks in the cover concrete which were first observed at a
drift ratio of 0.5% (6 mm displacement) within the hinging zone. This was followed by
yielding of the longitudinal bars and crushing of the cover concrete sequentially at about 2%
drift ratio. Upon yielding of the longitudinal reinforcing bars at around 2%drift ratio, the peak
load was achieved and the cracks developed and extended rapidly. Damage was extended upwards
and distributed along a higher portion of the column with fire exposure while the maximum crack
widths reduced with respect to unheated reference column. The tests of unjacketed specimens
were terminated with buckling of reinforcing bars at 6% and 5% drift ratios for the columns
REF and 90M, respectively. For the repaired 90M-R1 column, initial cracks occurred along
the column-foundation interface at 0.5% drift ratio (6 mm lateral displacement) and widened
up to 10 mm at 6% drift ratio. Separation of the FRP fabric from concrete along the
circumference was observed within the hinging zone (along about 180 mm above the columnfoundation interface) at 8% drift ratio and rupture of FRP initiated at 9% drift ratio. For the
90M-R2 column, first cracks initiated along the column-foundation interface at 0.5% drift
ratio similar to 90M-R1. However, premature bulging of concrete along the hinging zone
(repaired zone prior to FRP jacketing) resulted with separation of the FRP sheets at 2% drift
ratio and led to damage concentration around the hinging zone in this column. This may be
attributed to the concrete cover removal process prior to FRP jacketing leading to a damage to
core concrete in this column. It should be noted that, maximum thickness for the application
of this mortar is given as 50 mm by the manufacturer which was the value applied in this
study. Also, for this column (90M-R2), the rupture of FRP sheets initiated at 5% drift ratio
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and continued until failure. For both of the FRP jacketed columns, lateral load capacities were
reduced after rupture of reinforcing bars after the drift ratios 10%, which is quite unlikely to
be reached even during severe earthquakes. The damages of the unjacketed columns at 4%
drift ratio and the jacketed columns after 11% drift ratios are shown in Fig. 9.
The maximum lateral load capacities in pushing and pulling directions as well as
maximum lateral displacements at which the tests were stopped are shown in Table 4. As seen
in this table, the reference unheated specimen (REF) had a peak lateral strength of 121.7 kN at
about 2% drift ratio (lateral displacement of 24 mm) which was followed by a lateral strength
degradation during the following cycles. On the other hand, the peak lateral load obtained for
the column 90M (98.7 kN) is approximately 20% lower than that of the column REF. This
fire exposed column also experienced the peak lateral load at about 2% drift ratio. On the
other hand, FRP jacketing remarkably improved the lateral load capacity of the heated column.
The enhancement in lateral load capacity is about 15% with respect to column 90M and this
was independent of the repair schemes followed. It should be noted that, FRP jacketing could
almost reinstate the original lateral load capacity of the unheated reference column (REF) as
well (Table 4). Since the reinforcement almost recovered the unheated mechanical properties
after cooling, the fire induced lateral load capacity reductions can be attributed to the
deterioration in concrete resulting with a lower bending moment capacity since there was no
evidence of bond or shear damage.
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Figure 7: Hysteretic response of the columns a) REF, b) 90M, c) 90M-R1 and d) 90M-R2
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Figure 8: Envelope curves of the columns

a)

b)

c)

d)

Figure 9: Post-seismic test damages of the unjacketed columns a) REF, b) 90M at drift ratio of 4% and jacketed
columns c) 90M-R1, d)90M-R2 after 11% drift ratio
Table 4: Summary of the test results

Maximum
Failure Maximum
lateral
Specimen Test condition
driftc lateral load in
displacement in
(%)
pushing (kN)
pushing (mm)
REF
unheated/unjacketed 7
120.7
85.8
90M
heated/unjacketed
6
98.7
74.5
a
90M-R1 heated/jacketed
12
117.5
145.7
b
90M-R2 heated/jacketed
11
124.0
137.4

Maximum
Maximum
lateral
lateral load in
displacement in
pulling (kN)
pulling (mm)
121.7
86.4
98.0
74.7
107.0
140.2
103.7
129.0

a

fire-damaged concrete cover was not removed
fire-damaged concrete cover was re-formed
c
the first cycle when the lateral strength was reduced to 80% of the peak value
b

For a better comparison of the column performances in terms of ductility, displacement
ductility factors (µΔ) are calculated as an indicator of deformability using Eq. (4) as done by
previous researchers [1, 5]. In this equation, Δy is the lateral yield displacement obtained from
lateral load-lateral displacement (P-Δ) curve corresponding to the maximum lateral load on
straight line joining origin and the point at 65% of the peak lateral load on ascending portion
of the envelope curve, and Δu is the ultimate lateral displacement obtained from P-Δ curve
corresponding to 80% of the peak load on descending portion of envelope curve.
µΔ = Δu/Δy
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The yield and ultimate displacements are shown in Table 5 as well as corresponding
displacement ductility factors. As seen in this table, while both the yield and ultimate
displacements were slightly reduced, the displacement ductility was not remarkably affected
from fire exposure (Table 5). On the other hand, for the FRP jacketed specimens,
displacement ductility was considerably improved. The columns 90M-R1 and 90M-R2 had
improvements in the order of 90% and 75% in displacement ductility with respect to the
unjacketed columns.
Table 5: Summary of the test results

Yield
Specimen name displacement, Δ1
(mm)
REF
21.5
90M
18.2
90M-R1
20.8
90M-R2
20.9

Ultimate
displacement, Δ2
(mm)
74.5
65.8
141.2
126.6

Ductility
factor, µΔ
3.5
3.6
6.8
6.1

Fire also reduced the stiffness in column 90M with respect to column REF as seen in Fig. 7
and FRP jacketing could not reinstate the stiffness. Effect of fire on stiffness behavior of RC
members is discussed in other studies of the authors [23-26]. Furthermore, authors think that
since strength degradation in the tested columns does not take place until failure and the
lateral load capacity keeps increasing with increased deformations, energy dissipation
characteristics may also be beneficial to define the seismic performance which will also be
discussed later.
3

CONCLUSIONS
This paper presents the preliminary results of an experimental study conducted on full-scale,
code-complying, cast-in place RC columns to investigate the impact of fire exposure and
post-fire repair interventions on their seismic performances. The following conclusions are
drawn based on the test results and observations.
• Standard fire exposure of 90 minutes resulted with 20% reduction in lateral load capacity
of the heated column due to the deterioration in concrete mechanical properties. On the
other hand, FRP jacketing remarkably improved the lateral load capacity of the heated
columns. The enhancement in lateral load capacity is about 15% with respect to the
heated column and this is not dependent on the repair method of concrete cover prior to
FRP jacketing. Moreover, FRP jacketing could almost reinstate the original lateral load
capacity of the unheated reference column.
• Ductility factors for the unheated and heated bare columns remained similar since the
yield and ultimate displacements were reduced almost proportionally (and only slightly)
after fire exposure. In case of FRP jacketing, the displacement ductility was improved in
order of 75% to 90% with respect to the unjacketed columns.
• There is an obvious need to better evaluate the effects of stiffness reduction resulted by
fire exposure, since this is influential not only in terms of seismic performance of the
columns but also in terms of seismic displacement demand.
• Since limited test data is available, it is clear that further research is needed to generalize
the findings of this research.
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Abstract
Base seismic isolation is one of the efficient technical solutions to reduce the vulnerability of
new and existing structures. The designs of the base isolation device have been developed in
the past decades by many researchers. In this work, a recycled rubber material derived from
industrial waste is used for rubber pad fabrication to reduce significantly the cost.
A series of uniaxial tensile test and relaxation test is conducted to characterize the hyperelasticity and viscosity of the recycled rubber, both in fresh and aged condition to evaluate its durability.
The recycled rubber specimens are then used to fabricate an unbonded fiber reinforced elastomeric isolator (UFREI), which does not need any thick steel plate for the installation. It
may reduce significantly the cost and weight of the isolation system. The proposed UFREI is
investigated through a shear test simulation, both in fresh and aged condition, to investigate
the behavior after long-term use.
The proposed UFREI is then implemented to isolate a historical masonry church in the center
of Italy. A time-history analysis is performed in Abaqus FE software, by applying a concrete
damage plasticity (CDP) model for the masonry material.
The results of the dynamic analysis show that the application of such low-cost isolation system can mitigate the damage of the masonry church under 0.25 g of PGA, from extensive
damage to slight damage. The proposed UFREI shows also a negligible reduction of the isolation performance under ageing effect. The results reveal a promising advantage of the
UFREI system using recycled rubbers.

Keywords: UFREI, recycled rubber, base isolation, masonry, ageing.
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1

INTRODUCTION

In Italy, a large number of historical masonry constructions, in particular churches, are
highly vulnerable to damage and prone to partial or total collapse under seismic actions, as
demonstrated by recent earthquakes [1]. Different seismic protection strategies and techniques
are available to increase the seismic capacity of existing masonry constructions, as widely reported in the literature: among many others, see [[5]-[8]]. Common retrofitting techniques are
often invasive and generally based on a strengthening approach, increasing the seismic demand on the structure.
On the other hand, innovative retrofitting strategies, such as base isolation system and supplemental damping, can be used to mitigate the effects of earthquakes on new and existing
structures: such techniques are aimed at decreasing the seismic demand on the structure or
increasing its energy dissipation capacity. In particular, base isolation has been widely accepted as an effective method for the protection of structures against seismic actions: the isolation
devices, typically placed at the base of the structure, increase the flexibility of the structure
and shift its fundamental frequency away from the dominant frequency of seismic excitations,
thus significantly reducing inter-story drifts and accelerations.
Base isolation has become increasingly popular among engineers in designing important
structures in high seismicity regions: however, although base isolation has been recognized as
a promising alternative to protecting structures against earthquakes, engineering research and
practices on seismic isolation of historical masonry constructions remain limited. Moreover,
seismic isolators are especially needed for masonry structures, where the poor tensile strength
may lead to low horizontal load carrying capacities [9]-[11].
The application of isolation systems has increased also in high seismic regions of developing countries by using economical devices. Fiber reinforced elastomeric isolators (FREIs)
have been introduced as a potential low-cost alternative to conventional steel reinforced elastomeric ones: they can be unbonded (UFREI) or bonded (BFREI) to both the superstructure
and substructure. Conventional elastomeric isolators usually consist of several layers of highdamping rubber (pads) reinforced by interposed steel shims: the reinforcement has the role of
improving the stability and limiting vertical deformations, while the horizontal deformations
are controlled by the shear stiffness of the pads. Glass or carbon fiber material can be used as
alternative reinforcement because it is more economical than its steel counterpart and provides a comparable reinforcement effect [12]-[14]. The fiber reinforcement allows the application of UFREIs, in which the upper and bottom surfaces are not glued to the structures:
furthermore, the rigid steel plates for supports are not required.
A shaking table test on a new masonry building supported on UFREIs has provided promising results, with a significant reduction of inter-story drifts and accelerations [15]. Moreover,
a first full-scale application of base isolation to a new two-story masonry building supported
on UFREIs has been carried out in Tawang, India [16]. On the other hand, the application of
base isolation in existing or historical masonry buildings seems a challenging task due to the
need of separating the superstructure and foundation. The difficulty typically derives from the
large thickness and the massive weight of masonry walls. However, several construction
methods have been proposed to implement the base isolation system into old masonry buildings [17][18].
The main advantages of UFREIs application are described in the literature [12][19][20].
The effective horizontal stiffness of UFREIs is considerably lower than that of the bonded
fiber reinforced elastomeric isolators (BFREIs), decreasing the seismic demand. The reduction of the effective lateral stiffness is the result of the rollover deformation of the UFREI due
to the absence of bonding. Some researchers have evaluated the UFREI stability limit at
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which the isolator can be subjected to damage or delamination. Lateral displacements equal to
1.7-2tr (where tr is the total thickness of rubber layers in the isolator) are considered as critical
values [21], while it is reported in [22] that even lateral displacements equal to 3tr don’t seem
to cause any damage in the rubber-fiber interfaces. Such large critical values facilitate the utilization of UFREIs with small height. Moreover, such a remarkable feature cannot be found in
commercial BFREIs that typically exhibit critical lateral displacements equal to 1.5t r [23][24].
In this work, UFREIs with only a few rubber pads is proposed to isolate a small Italian historical masonry church located in the area with 0.25g of PGA. To reduce significantly the
computational time, in the nonlinear time history analyses in Abaqus, a single UFREI is modeled using representative user-element which was developed by the author.
Another important issue is related to the effect of ageing on the performance of the
UFREIs using recycled rubber. Therefore, in this study the effect of ageing is taken into account in the nonlinear time-history analyses based on several parameters obtained from experimental tests.
2
2.1

NUMERICAL MODELING OF THE UNBONDED FIBER REINFORCED
ELASTOMERIC ISOLATOR (UFREI)
Uniaxial tensile and relaxation test on rubber specimens

Two rubber specimens tested are RR30 and RR70, which represent the rubber with 30%
and 70% of recycled material, respectively. The shear modulus of the specimen according to
the manufacturer is 0.7 and 0.35 MPa, for RR30 and RR70, respectively. The specimen is in
the form of dumb-bell test type 2 according to the code [25]. Three specimens are taken for
each test. The result highlighted in this paper is the average of the three tests. The accelerated
ageing condition is performed by storing the specimen at 70˚C for 7x24 hours [26]. This ageing simulation may represent the long-term degradation after 60 years of normal use of the
rubber pad.
The uniaxial tensile test is performed until the failure of rubber according to the code
[25][8]. Figure 1 shows the result of tensile test of fresh and aged specimens. The failure
characteristics of both specimens are summarized in Table 1. The result confirms that the
specimen RR-30 and RR-70 satisfy the requirement of ultimate strength and strain evolution
after accelerated ageing condition, as stated in the code [26].

Figure 1: The results of relaxation test on rubber RR30 and RR70 at fresh and aged condition.
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RR-30
Failure strain (%)
Tensile Strength (MPa)

Fresh
446.183
7.726

Aged
408.101
8.807

Δ (%)
-8.535
13.979

OK <25%
OK <15%

RR-70
Failure strain (%)
Tensile Strength (MPa)

Fresh
730
6.032

Aged
600
6.4 3

Δ (%)
-17.808
6.490

OK <25%
OK <15%

Table 1: Failure strain and tensile strength of the rubber RR-30 and RR-70 in before and after aging..

The relaxation test is performed to characterize the viscosity of the rubber. With a higher
viscosity of rubber, the damping ratio of the isolator increases. To represent the condition under seismic action, the relaxation test is performed by firstly pulling the specimen as fast as
possible and then maintaining the strain at 100% and recording the evolution of the stress for
100 seconds [27]. In this study, the maximum speed of the tensile device used is 40 mm/s.
The result of the relaxation test is shown in Figure 2, presenting the evolution of the normalized uniaxial stress in function of time. The ageing effect decreases slightly the viscosity of
the two rubber specimens.
The data from uniaxial tensile and relaxation tests are used as the inputs for the finite element (FE) modeling in Abaqus.

Figure 2: The results of relaxation test on rubber RR30 and RR70 at fresh and aged condition.

2.2

Performance of the UFREIs and the effect of ageing

A prototype of UFREI with dimension shown in Figure 3 is presented in this paper. This
dimension results in a bearing with low-shape isolator, which can reduce the fabrication cost
by minimizing the bonding surface and reinforcement. The utilization of this low-cost UFREI
for masonry structures can be found in the literature [19][28][28].
For the 3D FE modeling, the data from the uniaxial tensile test is used to determine the hyperelasticity behavior of the rubber according to Yeoh model and the relaxation data is inputted as the viscosity behavior according to Prony-series model [29]. The fiber reinforcement
is considered isotropic elastic with 210 GPa of Young modulus and 0.25 of Poisson ratio.
Two prototypes considered are UFREIs using rubber RR30 and RR70, at fresh and aged
condition. To apply the unbounded condition, a frictional contact between rubber pads and the
supports is applied with 0.7 of friction coefficient. The constant vertical pressure is 2.1 MPa
to represent the gravity load carried by a single isolator in the isolation system of the masonry
church that is discussed in the next section. The UFREI is then subjected to a gradual cyclic
shear test with 0.5 Hz of frequency and 140% of maximum shear displacement.
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Figure 3 and Figure 4 show the deformation patterns and shear behavior of the two
UFREIs at fresh and aged condition. The evolution of effective stiffness and damping ratio
after ageing is reported in Table 2. The result shows that only UFREI-RR30 which satisfies
the ageing effect requirements: stiffness evolution under 20% and damping evolution under
15% as stated in the code [26]. Therefore in this study, UFREI-RR30 is proposed as the isolation device of the historical masonry church.

Figure 3: Dimension of the UFREI and the deformation patterns under shear test.

The performance of the isolated masonry church using UFREIs is then analyzed through
FE modeling in Abaqus. Unfortunately, in the software code Abaqus there is no representative
element available to model isolators in an effective way. Therefore, in this study a new
Abaqus User Element (UEL) is proposed and implemented to represent the 3D behavior of a
single UFREI with the aim of significantly reducing the computational effort in FE analysis,
thus avoiding the use of a detailed 3D FE model for each single isolator. The detail discussion
of the proposed UEL for UFREIs is presented in the previous work [30]. The proposed UEL
is in the form of a beam element, characterized by 12 degrees of freedom (DOF), which is
able to capture the 3D behavior of a single isolator, as well as the nonlinearity and hardening
of the horizontal stiffness.

Figure 4: Shear behavior of UFREI using rubber RR30 and RR70 at fresh and aged condition, obtained from
3D FE analysis.
UFREI

Stiffness (N/mm)
not aged

aged

RR-30

291.04

337.31

RR-70

102.14

134.17

Damping ratio (%)

Δk (%)

Δξ (%)

not aged

aged

15.89 (OK)

10.28

9.15

-11.04 (OK)

31.35 (NO)

9.39

6.85

-27.02 (NO)

Table 2: Effective stiffness and damping ratio of two UFREIs in fresh and aged condition.
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3

UFREI-RR30 FOR BASE SEISMIC ISOLATION OF A HISTORICAL
MASONRY CHURCH

In this study the seismic performance of a small historical masonry church located in Lazio
region, Central Italy, is investigated. The church dates back to the XIX century and presents a
rectangular plan with two naves: it is 11.4 m long and 9.9 m width. The facade presents two
side doors and a tympanum that is surmounted by a bell gable that is about 2 m high: the
overall maximum height is 10.25 m. The naves longitudinal walls present two rectangular
openings and are about 0.6 m thick. The two naves are covered by four cross vaults and present a central square column with sides equal to 0.5 m. The building is composed of masonry
bricks and lime mortar.
Advanced numerical analyses of the church under study were performed through a detailed 3D FE model created by means of the software code Abaqus [28]. Figure 5 shows a
general view of the FE model of the church under study, consisting of about 110000 tetrahedron elements. To simulate the non-linear response of masonry, the Concrete Damaged Plasticity (CDP) model available in the software code ABAQUS is used. In this model, masonry
is considered as an isotropic material exhibiting damage in both tension and compression.
Although this is a simplification, such an assumption is commonly accepted in engineering
practice [31][32][33]. The CDP model is originally conceived for isotropic fragile materials
(typically concrete), but it can be adapted to masonry because the orthotropy ratio in brickworks is moderate (around 1.2) under biaxial stress states in the compression–compression
region. Orthotropy is lost in CDP but the use of the isotropic model is accepted after an adaptation of the parameters to fit an average behavior between vertical and horizontal values.

Figure 5: Top: drawings of the masonry church: plan, two sections and an elevation lateral view. Bottom: FE
model of the isolated masonry church and arrangement of FREIs.

The tensile damage is considered to evaluate the overall damage state of masonry since
mortar tensile strength is considerably low. The stress-strain curve in tension exhibits a peak
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stress ft = 0.19 MPa, see Figure 6 : this value corresponds to the tensile strength of mortar and
is taken in agreements with experimental data available in the literature for a medium/high
strength mortar and codes of practice indications. Then micro-cracks start to propagate within
the material, leading to a macroscopic softening. Softening in tension is typically exponential
and approximated in the computations with a trilinear behavior for the sake of simplicity. In
compression, the response is linear up to the yield stress fy = 1.9 MPa, followed by a crushing
stress fu =2.4 MPa and a softening branch which is supposed linear again for simplicity. Other
parameters of the CDP model are assumed according to previous studies, [3][7][34], and utilized in the computations are summarized in Table 3.

Figure 6: Simplified uniaxial behavior of masonry material in compression (left) and tension (right).

E (MPa)

v

1800

0.2

Dilatation angle Eccentricity
10

0.1

σb0/σc0

Kc

Viscosity

1.16

0.667

0.001

Table 3: Values of the parameters used for the CDP model in the numerical analyses.

The masonry church is base isolated using isolators UFREI-150, Figure 3: as already mentioned, Figure 4 shows the shear behavior of UFREI up to lateral displacements equal to 1.4 tr.
To facilitate the application of the base isolators, reinforced concrete beams are placed at the
base of the walls, as shown in Figure 5: such a configuration allows the UFREIs to work
properly between the foundation and the superstructure. The method to decouple the super
and substructure and to insert the unbonded isolation system into an existing masonry building can be found in the literature [35].
The number of UFREIs inserted into the numerical model is equal to 73, as shown in Figure 5. It is worth mentioning that the number of required isolators depends on the weight of
the isolated structure and the target period of the isolation system. The target period of the
isolation system is set to about 1 second. In such a configuration, a single UFREI carries 2.1
MPa of vertical pressure, approximately. A single isolator should be loaded by a stress value
not larger than 2.5 MPa to avoid buckling of the isolator resulting in a negative horizontal
stiffness. At the same time, the vertical load should be also large enough to prevent any sliding between unbonded isolators and supports: to this aim, some researchers suggest a minimum value of vertical stress on unbonded FREIs equal to 0.5 MPa, [36].
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4

NONLINEAR TIME HISTORY ANALYSES

To evaluate the seismic performance of the church in the three different configurations,
full-scale non-linear time-history (NLTH) analyses are performed using the accelerogram registered during the 2009 L’Aquila earthquake, Central Italy. The two horizontal components of
the accelerogram with Peak Ground Acceleration (PGA) scaled to 0.25g are illustrated in Figure 7: a part (10 s) of the real registration is used in the numerical simulations. The structural
behavior of the church and the damage distribution in the different macro-elements are investigated in the case of fixed-base and isolated models.
Figure 8 illustrates the tensile damage contour plots for the three models at different time
instants during the non-linear dynamic analyses: red color is associated to full damage and
blue color to zero damage. In the fixed-base model (FB), tensile damage initially develops in
the bell gable at the top of the façade and then propagates in the cross vaults, the façade and
lateral walls, especially near the openings: at the end of the non-linear dynamic analysis, significant damage is registered in the model, mainly in the masonry cross vaults. It can be noted
that in the base isolated models tensile damage is significantly reduced. In the model with
UFREIs, small damage appears only near the openings of the façade: it is worth mentioning
that in the first part of the analysis no damage is observed. These results show the effectiveness of the isolation system in reducing damage, in the case of UFREIs.

Figure 7: Horizontal components of the accelerogram used in the numerical simulations.

Figure 8: Tensile damage contour plots for the fixed-base (FB) model and the base isolated (UFREI-150) model at different time instants during the non-linear dynamic analyses with PGA=0.25g.
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Figure 9 compares the displacement time history of some reference points obtained from
non-linear dynamic analyses for the FB and UFREI models (red and blue line, respectively).
The measured displacement in this case is the relative displacement between the reference
point and the base of the super-structure (upper-part of the isolation system). The fixed-base
model (FB) shows very large displacements (about 9 cm) in the longitudinal direction at the
top of the bell gable (P4), indicating a clear collapse of such element: large displacements (1.4
cm) in the longitudinal direction are registered also at the top of the façade in correspondence
with the base of the bell gable (P1). It can be noted that notable residual displacements are
computed at the end of the non-linear dynamic analyses, revealing significant permanent
damage: such results are consistent with the damage concentration observed in the bell gable.
In the transversal direction the largest displacement (about 1 cm) is registered for the right
lateral wall. In the base isolated models a remarkable reduction of the peak displacements can
be observed, mainly at the top of the bell gable (P4) and at the top of the façade (P1): in particular, residual displacements are negligible for both the base isolated models at the end of
the non-linear dynamic analyses. It can be noted that the response of the base isolated model
is characterized by a significant frequency reduction.
Another interesting parameter is the acceleration, typically responsible for the damage of
non-structural components inside the building. Figure 10 shows the acceleration time history
of some reference points (base, cross vaults and bell gable) obtained from non-linear dynamic
analyses for the FB and UFREI models (red and blue line, respectively). Numerical results
show that the acceleration values at the cross vaults and at the bell gable are significantly reduced due to the application of the isolation system: consequently, the use of base isolation
can fairly mitigate the damage of non-structural components inside the building, such as historical furniture, lamps and paintings.
Finally, the horizontal displacements of the base isolators are computed to check the maximum displacement requirements. Figure 11 shows the displacement time history in the X and
Y directions for four representative isolators (B1,B2,B3 and B4), in unbonded (UFREI) case,
during the non-linear dynamic analyses.
In the UFREI case, according to some experimental works [22], the critical displacement
can be assumed equal to about 2.5-3tr: consequently, in this study it may be assumed equal to
125 mm because the total height of rubber is 50 mm. The numerical results show that all the
isolators satisfy the maximum displacement requirements. It is worth mentioning that the sliding displacement of the UFREI is not taken into account in the UEL model because it can be
considered as negligible under a vertical pressure larger than 0.5 MPa, as reported in [36].
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Figure 9: Displacement time history of different reference points in the longitudinal (Y) and transversal (X)
directions obtained from non-linear dynamic analyses with PGA=0.25g for the fixed-base (FB) model and the
base isolated (UFREI and UFREI-Aged) models.
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Figure 10: Acceleration time history of different reference points (base, vault and top level) in the transversal
direction obtained from non-linear dynamic analyses with PGA=0.25g for the fixed-base (FB) model and the
base isolated (UFREI and UFREI-Aged) models.

Figure 11: Displacement time history in the X and Y directions obtained from non-linear dynamic analyses
with PGA=0.25g for four representative isolators UFREI.
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5

NONLINEAR TIME HISTORY ANALYSES WITH AGEING EFFECT TO THE
RUBBERS

Another NLTH analysis is carried out by considering the ageing effect, as reported in section 2.2. Such an ageing consideration represents the condition after 60 years of installation,
approximately. Therefore, the mechanical properties of the rubber after accelerated ageing are
taken into account in this section. As shown in Table 2, the ageing effect increases the effective stiffness of UFREI-RR30 by 15.89% and reduces its damping ratio by 11.04%.
The displacement time history of some reference points obtained from NLTH analysis for
Aged-UFREI model is shown in Figure 9 (black line). In general, there is no remarkable difference of the peak displacements between the UFREI and Aged-UFREI models. In addition,
Figure 10 shows that the acceleration responses of the two models, before and after ageing,
are not significantly different. These results imply that the seismic response of the isolated
church before and after ageing effect remains quite similar. However, remarkable differences
are depicted between Figure 11 and Figure 12, where the peak values of isolator displacements are reduced due to the increase of isolator stiffness after ageing.

Figure 12: Displacement time history in the X and Y directions obtained from non-linear dynamic analyses
with PGA=0.25g for four representative isolators UFREI-Aged.

6

CONCLUSIONS

A series of analyses are carried out to investigate the performances of two UFREIs compositions, taking into account the effect of accelerated ageing. The two specimens are UFREIRR30 and UFREI-RR70, which the contents of recycled material are 30% and 70%, respectively. The recycled material used is the reactivated EPDM from industrial waste. The experiment shows that UFREI-RR30 satisfies the requirement of the evolution of stiffness and
damping ratio due to accelerated ageing. UFREI-RR30 exhibits an increase of stiffness by
15.89% and a reduction of damping ratio by 11.04%, while UFREI-RR70 exhibits a significant increase of stiffness by 31.35% and a reduction of damping ratio by 27%. Therefore in
this study, UFREI-RR30s are used for the isolation system of a historical masonry church.
The performance of the isolated masonry church is investigated through a nonlinear time
history analysis in Abaqus FE code. The application of the UFREI isolation system reduces
significantly the damage and the acceleration response of the masonry church under 0.25g of
PGA. Furthermore, the effect of ageing to the UFREIs does not remarkably affect the global
seismic response of the isolated church. The only notable differences are the peak displace-
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ments of the isolators during seismic excitation, due to the increase of the isolator stiffness
after ageing. These results imply that the proposed isolation system using recycled materials
results in a satisfactory isolation performance, even under ageing effect.
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Abstract
This paper addresses the seismic vulnerability of masonry walls, which is assessed using a
homogenization-based limit analysis approach for modelling their out-of-plane behavior. The
finite element mesh for the numerical model of the masonry wall or panel under investigation
is generated from the actual geometry through a voxel approach: once the in-plane and
transversal layout of the wall are identified, one voxel (i.e. 3D pixel) is transformed into a finite element. One stretcher bond masonry test-window is considered in this paper. Its out-ofplane behavior is then assessed by solving a limit analysis problem scripted into a Matlab
code, whose formulation is also based on homogenization, evaluating their collapse load multiplier. The post-processing stage consists in the derivation of homogenized out-of-plane failure surfaces for the considered test-window. These are expressed in terms of bending
moments, which represent the bending strengths of the test-window; they are then compared
to similar homogenized failure surfaces obtained in a previous work for validation. Eventually, the collapse mechanisms for the considered test-window are identified and critically discussed.

Keywords: Homogenization, Upper Bound Limit Analysis, Out-of-Plane Behavior, Historical Masonry.
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1

INTRODUCTION

Over the last decade, a series of disastrous earthquakes has affected several areas in Italy
(L’Aquila 2009, Emilia-Romagna 2012, Central Italy 2016). Many heritage masonry buildings located in those areas – churches, castles, palaces – were severely damaged, and a huge
number even collapsed. A common failure mechanism observed in most of these cases is the
out-of-plane overturning of the main façade. This has long been recognized as a major collapse mechanism of masonry buildings, and has since been included in regional building
codes in Italy (and throughout the world). It is usually related to a weak or absent connection
between the façade and the transversal walls of the structure. Things can be further complicated by the presence of multi-leaf walls: this construction technique is employed in several masonry buildings and, due to the usually insufficient transversal interconnection between the
layers, contributes to a dramatic reduction of the façade’s resistance to out-of-plane actions
such as seismic loads.
Nonetheless, before tackling complicated issues such as the out-of-plane behavior of multileaf walls, it is clear the need for a straightforward procedure that addresses the vulnerability
of masonry walls to out-of-plane loads. This paper presents a procedure based on homogenization and the upper bound limit analysis theorem for modelling the out-of-plane behavior of
masonry walls. The numerical model of the considered masonry element (wall, panel or testwindow) is originated in Matlab from the real geometry through a voxel approach, where one
3D pixel (the voxel) is converted into a finite element. Then, homogenized out-of-plane failure surfaces are extracted from a more comprehensive Matlab script, which are expressed in
terms of bending strengths of the masonry element under investigation over two overturning
moment and the torsional moment. Failure modes can also be extracted for the considered
test-window.
2

3D MESH GENERATOR SCRIPT IN MATLAB

This section presents a swift procedure for the creation of a 3D finite element mesh directly from the rasterized sketch of a masonry element. This must represent masonry units and
mortar under clearly distinguishable color; in fact, it must either be a black-and-white or greyscale image. The rasterized sketch is obtained in Matlab [1] by using the functions of the Image Processing Toolbox library of the software. The approach used for the generation of the
3D mesh goes under the name “voxel strategy” because it automatically creates 3D finite elements from the pixels of the picture, extruded in the third dimension (a voxel is actually a 3D
pixel, Figure 1). For the generation of the mesh, the user inputs the real geometrical dimensions of the considered masonry element. The dedicated Matlab function converts the rasterized sketch into an M×N×3 array (M and N are the number of voxels along the vertical and
horizontal directions of the image, and the 3 represents the number of “transversal” layers
each containing the Red, Green, and Blue values of the voxel’s RGB triplet). Then, a simple
M×N matrix containing only the Red values of the triplet is extracted from the bigger array.
Afterwards, each voxel is treated as the centroid of a single finite element, and is provided
with XYZ coordinates determined from the input global dimensions. These coordinates are
evaluated according to a reference system whose origin is located at the centroid of the considered masonry element. This procedure enables the creation of solid finite elements, whose
shape is generally parallelepiped. The XYZ coordinates of each element’s eight nodes are
then calculated starting from those of its centroid. The transversal geometry of the considered
masonry element is generated by simply extruding its in-plane layout.
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Figure 1: Voxel strategy for 3D mesh generation

Two distinct matrices are then created: one is named “node matrix” and, for each node,
contains its XYZ coordinates and ID number - ordered from top to bottom first (negative Y
direction), from left to right second (positive X direction), and from front to rear last (negative
Z direction); the other is named “element matrix” and, for each element, contains its ID number, the ID numbers of its eight nodes (listed in a counterclockwise sense starting from the
top-left corner, first for the front surface, then for the rear one), the XYZ coordinates of its
centroid, and eventually its “material flag” which identifies the material nature of the finite
element (i.e. if it pertains to a mortar joint or a unit) depending on the Red value of its RGB
triplet. Furthermore, a third matrix is created, named “macro element matrix”: through functions once again made available in the Image Processing Toolbox, an ID number is assigned
to each masonry unit (“macro element”) in the test-window. The macro element representing
mortar is given an ID number equal to zero. Then, the ID numbers of the elements belonging
to each macro element are extracted, and the “element matrix” is updated so that each finite
element is also provided with the ID number of its related macro element. Eventually, the
“macro element matrix” is created, which for each macro element (excluding mortar) lists its
ID number and the XYZ coordinates of its centroid.
3

OUT-OF-PLANE HOMOGENIZED FAILURE SURFACES

Homogenization has proved itself as a reliable tool for deriving the global mechanical behavior of masonry starting from the properties of its constituents [2], with the only request to
consider a basic cell called Representative Element of Volume (in brief REV). This is the
least portion of material containing all the geometrical and mechanical characteristics needed
for representing in full the considered masonry element. Interesting results come from the
pairing of homogenization with limit analysis procedures. Despite its inability to address the
post-peak behavior of structures, limit analysis stands out for being a handy approach in the
assessment of the structural response at collapse (e.g. in terms of load multiplier and failure
mechanisms). Indeed, the combination of limit analysis and homogenization for modelling the
behavior of masonry leads to appealing implementations, such as the derivation of homoge-
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nized failure surfaces that represent macroscopic strength criteria for the masonry element
under investigation, both in- and out-of-plane [3].
The Matlab function for generating the FE mesh is included into a broader script that aims
at deriving out-of-plane homogenized failure surfaces for masonry elements. These are obtained from the combination of limit analysis and a homogenization approach. The formulation here developed is inspired by that described by Cecchi and co-workers [4] in terms of the
kinematic field of each finite element. The upper bound limit analysis problem here sought to
be solved is formulated as a minimization linear programming problem, expressed in a standard form. The discretization of the masonry element is the one described in the previous section, coming from the 3D mesh generated with the ad-hoc script. In fact, the formulation
adopts rigid, parallelepiped 3D elements, also considered to be without rotation rate in order
to handle more elements. One of the main novelties of the approach here described is that a
master-slave simplification is also included in the formulation of the minimization problem,
in which the masonry units are considered as single blocks. The kinematics of the slave elements pertaining to a single masonry unit is aptly formulated to enable the global rotation of
the block itself. Each finite element is assumed as rigid, regardless of its nature; therefore,
plastic dissipation can only occur across their mutual interfaces. These are provided with a
Mohr-Coulomb failure criterion with cut-offs in tension and compression. Once failure is attained along an interface, the jumps in velocities between adjacent elements are suitably evaluated. Since the problem is also based on homogenization, suitable periodicity conditions are
enforced on the kinematics of finite elements lying at the boundaries of the considered masonry elements; specifically, these conditions are applied to the surfaces whose normal axes are X
and Y. At the end of the procedure, two different failure surfaces are extracted: one as function of Mxx and Myy, and the other as function of Mxx and Mxy, where Mxx is the vertical bending strength, Myy the horizontal bending strength, and Mxy the torsional bending strength.
3.1

Validation of the Matlab script for out-of-plane homogenized failure surfaces

The validation of the procedure previously described is performed on a stretcher bond masonry test-window. Here, the bricks have standard dimensions (25×12×5.5 cm3, UNI 5628/65)
and the mortar joints have thickness of 1 cm; the overall dimensions of the considered testwindow are 26×13×12 cm3. Figure 2a shows the layout of the test-window, whereas Figure 2b
presents its 3D discretization, employing 8 finite elements over the thickness. Table 1 lists the
values of cohesion, friction angle, tensile strength and compressive strength for the interfaces.

(a)

(b)

Figure 2: (a) Stretcher bond masonry test-window used in the validation; (b) 3D finite element mesh.
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Tensile strength [MPa] Compressive strength [MPa] Cohesion [MPa] Friction angle [°]
0.05
1.5
1.4·ft
37
Table 1: Values of tensile strength, compressive strength, cohesion and friction angle.

Figure 3 shows the out-of-plane homogenized failure surfaces obtained in the Mxx-Myy
space (Figure 3a) and Mxx-Mxy space (Figure 3b) for the considered stretcher bond masonry
test-window are pictured. They are normalized so that they can be compared with corresponding failure surfaces obtained in a previous work by Milani and Lourenço [5] for an analogous
case. Both surfaces are consistent with those presented in the mentioned work, and for the
first case in particular the horizontal bending strength Myy is equal to (ft·t2)/2 as expected because of the presence of the bed joints.

(a)

(b)
Figure 3: (a) Out-of-plane homogenized failure surface in the Mxx-Myy space; (b) Out-of-plane homogenized
failure surface in the Mxx-Mxy space.

Figure 4 presents relevant failure modes for three specific load conditions. Consistently
with the expectations, the failure mode originating when the vertical overturning bending
moment is applied (Mxx, Figure 4a) displays vertical cracks in the head joints; moreover, the

1206

Simone Tiberti, Gabriele Milani

failure mode originating when the horizontal overturning bending moment is applied (Myy,
Figure 4b) displays horizontal cracks across the bed joints. Eventually, the failure mode originating when the torsional moment is applied (Mxy, Figure 4c) presents cracks corresponding
to a clear torsional deformed shape.

(a)

(b)

(c)
Figure 4: (a) Failure mode for Mxx; (b) Failure mode for Myy; (c) Failure mode for Mxy.

4

CONCLUSIONS
• This paper has presented a procedure for the extraction of out-of-plane homogenized
failure surfaces of masonry elements aiming at assessing their vulnerability to out-ofplane actions such as seismic loads.
• The picture of a masonry element is converted into a 3D finite element mesh through an
innovative “voxel approach”.
• The resulting 3D finite element mesh is employed as the requested discretization for
solving an upper bound limit analysis problem combined with homogenization that results in the derivation of the desired out-of-plane homogenized failure surfaces.
• The numerical validation is performed on a stretcher bond masonry test-window, and the
results are compared with those coming from a previous work dealing with a similar case.
• The out-of-plane homogenized failure surfaces are consistent with the expectations and
with those obtained in the aforementioned paper.
• The failure modes extracted for three relevant load conditions are also consistent with the
expected results for such a case.
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• One future development will concern the implementation of a procedure aiming at reducing the mesh size in case of picture with big dimensions
• Another future development will concern the application of this procedure to nonperiodic masonry walls, its extension to the assessment of the out-of-plane behavior of
multi-leaf walls, and eventually to structural applications such as church façades.
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Abstract
In Romania, country with high seismic risk, are many old buildings with the structure consisting of unreinforced masonry (URM) shear walls and low rigidity floors. The masonry is a material with a brittle behaviour under the action of high seismic forces. The walls are subjected
to in-plan seismic loading (VEd) and eccentric compression (NEd) and have the main failure
criterion the diagonal cracking due to main tensile stresses. In this case, seismic vulnerability
of the structure is high. It may be calculated as a ratio between the predicted shear resistance capacity of the structure (as a sum of the shear resistance capacities of each
wall:  VRd,i ) and the seismic demand (as a sum of seismic demand of each wall:  Vb,i ). Sometimes, the cracking may occur to bending moment. In the first case, the failure mode of the
wall is brittle and, in the second, the failure mode is ductile. Based on these hypothesis and on
the Theory of Materials Strength, after many theoretical researches, the authors have developed own methodology to calculated the shear strength capacity of the wall and a related
software application. With these, it is determined the ductility of the wall, who helps to choose
the strengthening solution. The results of laboratory tests, have confirmed calculation results
of this methodology. In order to calculate seismic demand load on the building, authors use
one of software applications 3D model, specific for the construction domain, internationally
recognized, or a simplified software application, 2D model, realized by the authors according to Romanian seismic Code. Using these methodologies together of related software applications, several damaged buildings were assessed and strengthened in Romania last 15 years.
These have passed through moderate intensities of earthquakes without important damages.

Keywords: Masonry, Shear Resistance Capacity, Diagonal Cracking, Ductility, Vulnerability
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1

INTRODUCTION

Frequently, the old existing buildings in Romania have the structure with URM walls.
These are subjected to in-plan seismic loading (VEd) and eccentric compression load (NEd)
and, usually have the failure by diagonal cracking due to main tensile stresses. Because in this
assumption the wall has a brittle mode of failure, it must be strengthened by different solutions, until the failure mode becomes ductile. This happens when the failure of the wall occurs
at the bending moment in its plane. With the two assumptions of failure, two values of shear
resistance capacities and the ductility of the wall are calculated.
The ratio, between predicted shear resistance capacity (VRd) of the structure, obtained as a
sum of each capacity of the walls and, demand seismic loading at the base of building (Vb),
obtained as a sum of each seismic loading of the walls, shows seismic vulnerability of the
structure.
Authors have established a methodology (R&Gh Popescu) whose formulas of predicted
shear resistance capacities (VRd) for URM wall is in accordance with the Theory of Materials
Strength. So, the masonry may be considered homogeneous material. The stresses and strain
diagrams (σ, τ, ε) on the cross sectional area of the wall is shown in Figures 4÷6.
The content of methodology has been developed and improved, over long period of time
(greater than 25 years). Numerical simulations were done for masonry specimens tested in
laboratories. In comparing, both types of results were very close. Our methodology differs
from that of the Romanian Code [16] due to assumptions adopted to determine the formulas
of the predicted shear resistance capacities of walls whose values, calculated according the
Code, are greatly undervalued. Because it is difficult to calculate by hand the capacities with
obtained formulas, the authors have done a related software application [18]. With it, a great
numbers of possible situations were tested. Being easy to use and having accuracy results, at
the moment many engineers and technical experts use this software application related with
our methodology.
An important advantage of this theory is that its formulas may be used in design to calculate new buildings, as well as to evaluate before and after strengthening, the old existing
buildings.
Demand seismic loading at the base of building (Vb) may be calculated according to actual
Romanian Seismic Code [22], with software applications. These may be 3D model software
application, specialized for the structure subjected to seismic loading and internationally recognized [21] or, a 2D model software application made by the authors [19]. Further in this
paper, the methodology and the software applications made by the authors are presented.
2

PREDICTED SHEAR RESISTANCE CAPACITY OF THE URM STRUCTURE,
CALCULATED ACCORDING TO METHODOLOGY

This methodology was realized by the authors of this paper (R&Gh Popescu) in accordance of the Theory of Materials Strength [17] and, is based on their numerous theoretical
research works, having results very closed of the tests results. It was applied to many old
buildings in URM structure that were assessed and strengthened with good results in time.
2.1

Assumptions of methodology

a) Concerning structural model of calculation:
- According to the actual requests of design, the buildings placed in seismic zones, realized with URM walls, must have the floors as rigid diaphragms.
- At the old buildings, made before appearing seismic design rules, this requirement
didn’t was respected. But the methodology may be used in both situations.
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-

-

The walls may be defined as cantilever or embrasure (see Figures 1, 2), but their shear
resistance capacities are differently calculated. The cantilever is considered fixed at the
base and its height is established in conditions indicated at Figure 2. The embrasure,
situated between two openings (door/window), is considered fixed top and bottom and
the height is equal with the height of the openings or minimum between these (see
Figure 2).
The formulas are simplified by considering three main shapes of the horizontal active
cross section of the wall: Rectangular (R), T/L and I (double T). In addition, for T/L
and I shapes, the stresses are considered distributed on the flanges also, and included in
formulas of capacities.
NEd

Shape of horizontal active
cross section of the wall
Rectangular
NEd

H(Storey / building)

CANTILEVER

VEd

t

l

GC-gravity center

T/L section
Ai
NEd

Z=2H/3

t1
At

t

l1

GC
l

l

EMBRASURE

NEd

H(window/door)

At1

VEd
Z=H/2

I(Double T section)
NEd
At2
Ai
t

l2

l1
GC

t1

t2
l

l

VEd 1st Earthquake direction
nd
VEd 2 Earthquake direction
Figure 1 Wall subjected to seismic loading (VEd) and eccentric vertical compression loading (NEd). The main
shapes of horizontal active cross sections of the wall

b) Concerning distribution of stresses and strains:
- The main failure criterion is the diagonal cracking due to main tensile stresses;
- Law of Bernoulli, applies;
- Mortar in the bed joints at the bottom of the wall has null tensile strength;
- Normal compressive stress (σ) have a linear variation on the elastic zones ( ε ≤ ε c ) of
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-

the cross section;
On the plastic zones of the section ( ε > ε c ), the normal compressive stress (σ) is
constant and equal with the compressive strength of masonry (f);

Figure 2 Modelling of the wall, with cantilevers and embrasures

-

Shear stress (τ ) distribution over the compressed length of the wall is parabolic
(Jouravski);
Shear stress (τ ) is distributed only over the compressed, elastic zone of the section
where ( ε ≤ ε c ).
Relationship between the stress and strain, in the three stages of deformation, at masonry, is shown in Figure 3.

σ
C

F

0

U

εc
=r
εu M

ε F εC

εU ε

Figure 3 Masonry stress-strain relationship
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2.2

Deformation Stages

In this methodology is considered that the demand seismic force (VEd) has a gradually increasing. This determines the wall to pass (theoretically) through successive deformation
stages. The method considers three reference stages whose stresses and strains are distributed
on the active horizontal cross section, as indicated in Figures 4÷6. These stages are:
Normal cracking in bending "F" (Figure 4), Yielding in compression "C" (Figure 5), Ultimate
"U" (Figure 6).
N Ed

VEd

At 1

e u0,F

At 2

e v0,F

Ai

is

∆1,3

id

GC

t l1,2

v

u

∆ 2,4

l
t1

σ1,2 med τi1,2 ech

t2

σi1

σ0

σmax
σG
N Ed

τi1,ech

σ i2

τi2,ech
i2ech

τ0

τma x
εF
Figure 4 Normal cracking in bending (F) - entire section (I) is in compression
V Ed

At1

NEd

At2

vk

Ai

∆1
GC

t

KC
t

u

v

∆2

l
v

t1

xv

e

l1

t2

0,C

σ0

σmed

τi2ech

f

σk

N Ed

σi2
τ i2

τ0

τk=τmax
εC

Figure 5 Yielding in compression stage (C) – entire flange 2 and partially web are in compression; entire flange
1 and partially web are in tension

1213

Rodica E. Popescu, Gheorghe C. Popescu

VEd

t2

t1
NEd

Ai
At1

e v0,u

GC

vk
GK

At2

t

l1

t

xv

∆2

l

y2
v

y1

y1

∆1

u

f

(σ)

σ0
f

σ=f/2
NEd

τ0
τmax
εu

εc
Figure 6 Deformation stage (U); web partially elastic, plastic and in tension; flange 2 is plastic deformation,
flange 1 is in tension

2.3

Resultant shear resistance capacity of the wall at deformation stages (VRd, R)

For each deformation stage (F, C, and U) of stresses and strains distribution (Figures 4, 5,
6), the following calculation steps are involved:
VRd,Q

VRd,M

VRd,M,U

V Rd,Q,F

VRd,Q,F

VRd,Q,C

VRd,M,C

VRd,M,U

VRd,R
VRd,Q,C

VRd,M,C

VRd,M,F

VRd,Q,U

V Rd,Q,U

VRd,M,F
F

C

U

a) Curve of Shear resistance capacities (VRd,Q), due to main
tensile stresses at each deformation stage

F

U

C

b) Curve of Shear resistance capacities
(VRd,M) associated to bending moment
at each deformation stage

F

C

U

c) Resultant Shear resistance
capacity (VRd,R) at the intersection of the two curves
(VRd,Q) and (VRd,M)

Figure 7 Graphical representations of shear resistance capacities of URM wall

a) Shear resistance capacity corresponding to diagonal failure due to main tensile stresses:
the following values are calculated: VRd,Q,F, VRd,Q,C and VRd,Q,U. These values may be represented graphical as a curve (VRd,Q) (see Figure 7.a).
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b) Shear resistance capacity associated to the bending moment of resistance: the following values are calculated: VRd, M, F, VRd, M, C and VRd, M, U.These values may be represented
graphical as a curve (VRd, M), (see Figure 7.b).
c) At the intersection of these curves, the resultant shear resistance capacity (VRd,R) of the
wall is obtained (see Figure 7.c).
The shear resistance capacities at each stage (VRd,Q,F/C/U, VRd,M,F/C/U) and the resultant shear
resistance capacity of the wall (VRd,R) are calculated with a related computer software application [18].
2.4

Predicted formulas of resultant shear resistance (VRd,R) for (I) shape section of the
wall, at the stage (F) and first direction of earthquake (Figure 4)

Active cross section of the wall, (I) shape section, was chosen as an example, because the
other two types of sections, (R) and (T/L) are deduced from it. At the Chapter 5
NOTATIONS in this paper, the names of the characteristic symbols from formulas are defined.
a) Shear resistance capacity, corresponding to diagonal failure cracks due to main tensile stresses, (VRd, Q)
Starting from the basic relationship, Equation (1), the value of the main tensile stress is:
σ2 =

If

σ 2 = −fp

2

σ 
−  v  +τ 2
2
 2 

σv

(1)

then, the corresponding value of shear stress is:
τ max =τ CAP= f p 1 +

σ0
fp

(2)

Where:
σ0 =

N Ed
A TOT

(3)

With the above relationships can be established the position of first diagonal crack along
the length of cross section. Two points are identified (“GC”, gravity centre and “id”, between
web and flange, see Figure 4) located along the compressed section, where the diagonal
cracking may occur. The shear strength capacities for these points are calculated and compared in the following.
First of all are established the next coefficients: C1, C4, C6, C7, C8, a1, a2, depending of
geometrical dimensions of the section: t1, t2, l, Ai, AT1, AT2, to simplify the formulas (see
Equations 4÷7) presented in this paper.
Hence:
)
τ 0( v,CAP
= C7 f p 1 +
, F , GC

τ (v)

0 ,CAP , F ,i

=

σ0
fp

C 4C 7
σ 2(1 − a 2 )
fp 1 + 0
C6
2f p
C1
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The ratio between the two values, determined by equations (4) and (5) may indicate position
of diagonal cracks that occur along the length of cross section.
)
τ 0( ,vCAP
, F , CG

If:

≤ 1 and

τ 0,cap ,F,i

σ0
fp

≤ C8

(6)

Then, the crack will occur at point “CG” before the point “id” and equation (4) should be
used to calculate the shear stress capacity (Equation 7):
)
τ 0( v,CAP
= C7 f p 1 +
, F ,GC

σ0
fp

(v)
= τ CAP
,F

(7)

The shear resistance capacity is:
(v)
(V)
VRd,
= A i τ CAP,
F
Q, F

(8)

Shear strength capacities formulas to the stages (C) and (U), (see Figures 5÷6), are set
similarly with (F), each with its own distribution of stresses and strains on the section .With
the three values (VRd, Q, F/C/U) calculated with the software application, may be drawn VRd, Q
curve (Figure 7.a).
b) Shear resistance capacity associated with the moment of resistance, formulas (VRd, M)
The limit of central core, corresponding to this stage, is equal with e v0 ,/Fu (see Equation 9
and, Figure 4).
e v0 ,F =

I
v ( A i + A t1 + A t 2 )

M vCAP,M ,F = r0v,F N Ed l
v
V Rd
=
,M ,F

M vCAP , M , F
Z

=

r0v,F N Ed
λβ F

(9)
(10)
(11)

Shear strength capacities at the stages (C) and (U), (see Figures 5÷6), are set similarly with
stage (F), each with its own distribution of stresses and strains on the section. With the three
values calculated with the software application (VRd, M, F/C/U), may be drawn VRd, M curve
(Figure 7.b).
c) Predicted resultant shear resistance capacity (VRd,R)
At the intersection of the two curves (VRd, Q) and (VRd, M) is the value of resultant shear resistance capacity (VRd, R) of the masonry wall (Figure 7.c).
2.5

Failure modes of the wall

The failure modes of the wall may be calculated according the values of the two types of
capacities and the order of deformation stages (Figure 7). Graphically, the position of a curve
towards the other curve gives the failure mode of the wall, the value and position of resultant
shear resistance capacity (VRd, R).
The following situations are established:
a) DDD: Ductile failure mode
If the curve VRd,Q is over the curve VRd,M without intersection, then VRd,R=VRd,M,U. In this
case the failure mode is ductile and takes place in Ultimate stage of bending moment, without
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diagonal failure (see Figure 8).
Failure mode: DUCTILE (DDD)
If:

VR d

VRd,Q

VRd,Q,F > VRd,M,F
VRd,Q,C > VRd,M,C
VRd,Q,U > VRd,M,U

VRd,R =V Rd,M ,U

VRd,M
F

Order of stages

C

VRd
VRd,R=VRd,

VRd,M

M,U

U stages

C

(F,C,U)

F

V Rd,Q

VRd

VRd,Q

VRd,R =VRd,M,

VRd,M

u

U stages

C

(C,F,U)

U

stages

(C,U)

Figure 8 Ductile failure modes, with different successive orders, of deformation stages

b) DDB: Low Ductility failure mode
If the curve VRd,Q intersects the curve VRd,M after the passage through (C) stage (Figure
9),VRd,R is at the intersection between the two curves. The value of VRd,R is determined with a
formula depending of the values of capacities VRd,Q and VRd,M in the three deformation stages.
There are the following situations in which the failure mode is with low ductility:
- (DDB1) - Diagonal cracking occurs between (C ) stage and (U ) stage (VRd,R= is calculated).
- (DDB2) - Diagonal cracking occurs after the ( F ) and (C ) stages and, before the (U) stage
(VRd,R= is calculated).
- (DDB3) - Diagonal cracking occurs in (U ) stage with the failure in bending simultaneously
with the failure in diagonal cracking (VRd,R= VRd,Q,U =VRd,M,U).
Failure mode: LOW DUCTILITY (DDB)
VRd,Q,F > VRd,M,F
VRd,Q,C > VRd,M,C
VRd,Q,C > VRd,M,C
VRd,F > VRd,M,F
VRd,Q,U<VRd,M,U
VRd,Q,U<VRd,M,U

VRd,Q,C > VRd,M,C
VRd,Q,U>VRd,M,U

VRd

VRd

VRd
VR d,Q

If:

VQ

VR d,Q

V Rd=V R, M,U=VR,Q,U

V Rd,M

V Rd,R

F

C

U stages

C

(F,C,U) -(DDB1)

Order of stages

V Rd,M

VRd,R
F

VRd,R

VRd,M

U stages

C

(C,F,U) -(DDB2)

U

stages

(C,U) -(DDB3)

Figure 9 Low Ductility failure modes, with different successive orders, of deformation stages

c) DBB: Moderate Brittleness failure mode
The curve V Rd,Q intersects the curve VRD,M and VRd,R is situated at the intersection of the
two curves. The value of VRd,R is determined with a formula depending of the values of capacities VRd,Q and VRd,M in the three deformation stages. There are the following situations in

If the curves
VRd,Q and VRd,M
are intersected:

Failure mode: MODERATE BRITTLENESS (DBB)
And:
And:
And:
VRd,Q,F > VRd,M,F
VRd,Q,C > VRd,M,C
VRd,Q,C > VRd,M,C
VRd,Q,C < VRd,M,C
VRd,Q,F < VRd,M,F
VRd,Q,U < VRd,M,U
VRd,Q,U < VRd,M,U
VRd,Q,U < VRd,M,U
VRd

VRd,
V Rd,M
V RD,Q

VRd

F

Order of stages

C

U stages

(F,C,U)-(DBB1)

VRd

V Rd,M
V Rd,Q

VRd

C

F

U stages

(C,F,U)-( DBB2)

VRd,Q

VRd

V Rd,M
C

U

stages

(C,U)-( DBB3)

Figure 10 Moderate Brittleness failure modes, with different successive orders, of deformation stages
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which the failure mode is moderate brittleness (Figure 10).
(DBB1) - Diagonal cracking occurs after normal cracking in bending (F) stage, before (C )
stage (VRd,R= is calculated).
(DBB2) - Diagonal cracking occurs after yielding (C) stage before normal cracking in bending (F) stage (VRd,R= is calculated).
(DBB3) - Diagonal cracking occurs after yielding (C) stage before U stage (VRd,R= is calculated).
d) BBB –Brittle mode
If the curve VRd,M is over the curve VRd,Q without intersecting, then VRd,R=VRd, Q, (Figure
11- BBB1). In this case the failure mode is brittle; the failure in diagonal cracking occurs before normal cracking in bending (F ) stage- BBB2 or yielding ( C) stage- BBB3.

If the curves VRd,Q
and VRd,M never
intersect:

And:
VRd,F < VRd,M,F
VRd,Q,C < VRd,M,C
VRd,Q,U < VRd,M,U
V Rd

V Rd,M

VRd,Q

VRd=VRd,Q,F
F

Order of stages

Failure mode: BRITTLE (BBB)
And:
VRd,F < VRd,M,F
VRd,Q,C < VRd,M,C
VRd,Q,U < VRd,M,U

C

And:
VRd,Q,C < VRd,M,C
VRd,Q,U < VRd,M,U

VRd

VRd

VRd,M

V Rd,M
VRd,Q

VRd=VRd,Q,C

U stages

C

BBB1(F,C,U)

F

VRd,Q

VRd=VRd,Q,C

U stages

BBB2(C,F,U)

C

U

stages

BBB3(C,U)

Figure 11 Brittle failure modes, with different successive orders, of deformation stages

Failure mode of the wall together its visual evaluation can indicate the choice of strengthening solution.
The authors of paper have established, for the first time in this domain, this original
method to deduce the ductility of the URM wall.
2.6

Predicted shear resistance capacity of the structure (VRd)

Total shear resistance capacity of the structure (VRd) is obtained by summing the resultant
shear resistance capacities of every wall (ΣVRd,R,i).
VRd =ΣVRd,R,i

(16)

According to Romanian Code [16], in the above sum (ΣVRd,R,i) of Equation 16, the walls
with the ratio (VRd,R,i / VEd,i)lower than 0.3, are omitted.
3

APPLICATION SOFTWARE, RELATED TO METHODOLOGY

This software application [18] related to methodology described earlier in this paper, was
built given the complexity of the formulas difficult to be used at hand calculation.
First we made tables (abacuses), with predicted shear resistance capacities of URM walls,
for three types of active sections, charged with different values of usual loads and made with
Romanian materials. But it was not enough.
Therefore we made a software application related to methodology. We redesigned and rebuilt the formulas, which we have unified in section I (two flanges) shape, because this may
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be transformed in the other two types of active section, R and T/L shapes. Then we built the
required flowcharts (see Figure 12) for each stage (F, C, U), to elaborate software application.
SECTION WITH TWO FLANGES

1

SHEAR RESISTANCE CAPACITY
ASSOCIATED TO BENDING MOMENT
INPUT DATA:

2

NEd, f, fp, t, l, H, l1, l2, t1, t2
Are calculated:

3

,σ

k2 + a2
σ0
≤
f
2(1 + k1 + k 2

NO

YES

4

k2 + a2
σ
1 + ( 2 −a 2 ) k 2 +
< 0 ≤
2(1 + k1 + k 2 ) f
2(1 + k1 + k 2

Are calculated:

YES

Are calculated:

C 2 , C1V , ξ V1 ,ac.pt.22

6 C 2 , C 2 V , C 3 V , ξ V 2 ,ac.pt.22

(V )
(V)
e01
, F , τ 0, M , F ac.pt.23FC4

(V)
(V)
VRd,
M, F = τ 0, M, F lt

STOP
ST

7 e ( V ) ,τ ( V ) ac.pt.23FC4
02, F
0, M ,F
(V)
(V)
VRd,
M, F = τ 0, M, F lt

STOP
ST

NO

σ
1 + ( 2 − a 2 ) k 2 + k 1a 1
< 0
2 (1 + k 1 + k 2 )
f

YES

FC3

5

NO

10 τ (V) = 0
0, M, F

Are calculated:

8

C4V ÷C9V ac.pt.22FC3

9 e ( V ) , τ ( V ) ac.pt..23FC4
03, F
0,M , F
(V)
(V)
V Rd,
M, F = τ 0, M, F l

STOP

Figure 12 General flowcharts for I shaped actives section at stage (F)

With this software application, hundreds of pages calculated by hand, over long periods of
time, can be replaced with some pages calculated with this software. With little data, for Input
Data file (see Figure 14), in a short period of time, some pages in Output Data files (see Figures 15, 16), with complete results, are obtained. Further is presented an example, with Input
and Output data files for a calculation transverse model (see Figure 13), that was assessed.
3.1

Case Study

The building, made in XIXth century, in seismic area with high risk, was assessed. Visual
examination showed that, the URM walls have advanced degradation state, confirming the
calculation results. According to them, their failure modes were brittle (BBB) or moderate
brittleness (DBB) (see Figure 16). Entire building must be strengthened but the necessary
strengthening solutions were very expensive, given that the owner wanted to enlarge it. Therefore, some of the inside walls were demolished and replaced with reinforced concrete walls
and the remains were strengthened.
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Figure 13 Calculation transverse model

INPUT DATA
F1 – General proprieties of the section
M(cantilever)/S(embrasure), Shape of section, fp,f,Htot ,N,n
F2- Geometrical characteristics of the cross section
R- rectangular shape
l,t (2F8.2)
or
T-one flange shape
(4F8.2)
l, t, l1, t1
or
I- two flanges shape
l, t, l1, t1 ,l2 ,t2
(6F8.2)
Figure 14 The template of INPUT DATA file
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SHEAR RESISTANCE CAPACITIES – TRANSVERSE DIRECTION
==================================================================================
SHEAR RESISTANCE CAPACITIES

Diagonal cracking due to main tensile stresses

CAPACITY

τR

VRdR

SENS 1 SEISM ACTION ---->
SENS 2 SEISM ACTION <---=================================================
S
T
A
G
E
S
NORMAL CRACKING
YELDING IN
ULTIMATE
IN BENDING(F)
COMPRESSION(C)
(U)
-------------- -------------- ------------------

τQF
V RdQF
τQC
VRdQC
τQU
VRdQU
[Kgf/cm 2] [tf] [Kgf/cm2 ] [tf]
[Kgf/cm2] [tf]
=====================================================================================
CANTILEVER MT1
T
0.47
11.07
0.57
13.60
0.07
1.64
0.03
0.82
0.52
12.34
0.54
12.73
0.20
4.84
0.11
2.49
CANTILEVER MT2
T
0.50
10.82
0.57
12.27
0.07
1.40
0.03
0.70
0.54
11.63
0.54
11.63
0.20
4.21
0.10
2.16
CANTILEVER MT3
T
0.41
2.02
0.66
3.26
0.15
0.76
0.08
0.38
0.51
2.51
0.58
2.87
0.37
1.82
0.19
0.93
EMBRASURE ST4
T
0.62
1.83
0.65
1.90
0.14
0.41
0.07
0.21
0.55
1.63
0.55
1.63
0.41
1.20
0.21
0.62
CANTILEVER MT5
T
0.29
2.44
0.81
6.85
0.14
1.17
0.17
1.41
0.48
4.08
0.75
6.33
0.50
4.25
0.26
2.19
CANTILEVER MT6
T
0.60
1.82
0.94
2.82
0.09
0.27
0.11
0.32
0.73
2.18
0.73
2.18
0.82
2.47
0.42
1.27
CANTILEVER MT7
D
0.21
1.22
0.64
3.63
0.27
1.57
0.14
0.78
EMBRASURE ST8
T
0.46
2.70
0.65
3.86
0.15
0.89
0.07
0.44
0.55
3.24
0.55
3.28
0.45
2.67
0.23
1.37
EMBRASURE ST9
T
0.46
2.70
0.65
3.86
0.15
0.89
0.07
0.44
0.55
3.24
0.55
3.28
0.45
2.67
0.23
1.37
CANTILEVER MT10
D
0.17
0.95
0.57
3.26
0.21
1.18
0.10
0.59
EMBRASURE ST11
T
0.56
1.67
0.58
1.72
0.11
0.31
0.05
0.16
0.51
1.51
0.51
1.51
0.31
0.91
0.16
0.47
EMBRASURE ST12
T
0.47
0.58
0.65
0.80
0.24
0.30
0.12
0.15
0.53
0.65
0.63
0.77
0.37
0.46
0.19
0.23
CANTILEVER MT13
T
0.61
1.84
0.94
2.84
0.09
0.27
0.11
0.32
0.73
2.20
0.73
2.20
0.82
2.49
0.42
1.28
CANTILEVER MT14
T
0.32
1.49
0.57
2.63
0.08
0.39
0.04
0.20
0.40
1.88
0.52
2.42
0.22
1.03
0.11
0.53
CANTILEVER MT15
T
0.19
1.62
0.73
6.25
0.04
0.38
0.13
1.11
0.40
3.42
0.68
5.86
0.39
3.33
0.20
1.71
CANTILEVER MT16
T
0.41
6.36
0.55
8.63
0.07
1.14
0.04
0.57
0.46
7.23
0.53
8.24
0.18
2.85
0.09
1.47
CANTILEVER MT17
T
0.55
17.10
0.67
20.89
0.05
1.42
0.05
1.51
0.60
18.73
0.63
19.65
0.29
9.09
0.15
4.67
CANTILEVER MT18
D
0.41
6.40
0.54
8.39
0.17
2.69
0.09
1.34
EMBRASURE ST19
D
0.47
0.82
0.71
1.24
0.35
0.63
0.18
0.31
CANTILEVER MT20
T
0.56
4.74
0.66
5.57
0.06
0.48
0.07
0.61
0.61
5.17
0.63
5.33
0.29
2.42
0.15
1.24
CANTILEVER MT21
I
0.75
14.31
0.75
14.31
0.10
1.85
0.11
2.10
0.75
14.31
0.75
14.31
0.10
1.85
0.11
2.10
EMBRASURE ST22
D
0.70
2.80
0.84
3.35
0.54
2.14
0.27
1.07
CANTILEVER MT23
D
0.42
4.79
0.71
8.20
0.36
4.17
0.18
2.08
==========================================================================================
* R= Rectangular shape; T= One flange shape; I= Two flanges shape
NAME

SHAPE *

Figure 15 Shear resistance capacities in assumption of failure by diagonal cracking due to main tensile
stresses
With the values of resultant shear resistance capacities of the walls (VRd,Ri, Figure 15, col. 4), failure mode
(Figure 16, col.2), behaviour factor q (Figure 16, col.3), it pass to the next stage of analyze of the building.
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SHEAR RESISTANCE CAPACITY ASSOCIATED TO MOMENT OF RESISTANCE
TRANSVERSE DIRECTION
===========================================================================
SHEAR RESISTANCE CAPACITIES
ASSOCIATED TO MOMENT OF RESISTANCE
SENS 1 SEISM ACTION ---->
SENS 2 SEISM ACTION <---============================================
S
T
A
G
E
S
NORMAL CRACKING YELDING IN
ULTIMATE
IN BENDING(F) COMPRESSION(C)
(U)
-------------- -------------- -------------V RdMF
τMC
V RdMC
τMU V RdMU
NAME
MODE 1/q el τMF
[Kgf/cm 2] [tf] [Kgf/cm 2]
[tf] [Kgf/cm2 ] [tf]
=========================================================================
CANTILEVER MT1
DBB 0.76
0.36
8.56
0.86
20.42
0.87
20.60
DBB 0.79
0.49
11.61
1.10
26.11
1.13
26.65
CANTILEVER MT2
DBB 0.77
0.42
9.10
1.02
21.95
1.03
22.13
BBB 0.80
0.56
11.94
1.26
27.11
1.29
27.66
CANTILEVER MT3
DBB 0.70
0.24
1.20
0.57
2.85
0.59
2.91
DBB 0.73
0.36
1.79
0.79
3.92
0.82
4.07
EMBRASURE ST4
DBB 0.79
0.59
1.72
1.41
4.15
1.44
4.24
BBB 0.80
0.99
2.90
2.17
6.37
2.26
6.64
CANTILEVER MT5
DBB 0.64
0.20
1.68
0.31
2.65
0.46
3.91
DDB 0.57
0.23
1.98
0.48
4.05
0.51
4.32
CANTILEVER MT6
DBB 0.72
0.45
1.36
0.84
2.53
0.94
2.83
BBB 0.80
0.74
2.23
1.11
3.35
1.24
3.72
CANTILEVER MT7
DDB 0.47
0.08
0.47
0.21
1.20
0.22
1.24
EMBRASURE ST8
DBB 0.72
0.29
1.72
0.72
4.24
0.73
4.34
DBB 0.79
0.50
2.99
1.12
6.65
1.18
6.96
EMBRASURE ST9
DBB 0.72
0.29
1.72
0.72
4.24
0.73
4.34
DBB 0.79
0.50
2.99
1.12
6.65
1.18
6.96
CANTILEVER MT10
DDB 0.48
0.06
0.35
0.16
0.94
0.17
0.96
EMBRASURE ST11
DBB 0.79
0.53
1.58
1.32
3.92
1.34
3.98
BBB 0.80
0.90
2.66
2.08
6.16
2.14
6.34
EMBRASURE ST12
DBB 0.71
0.27
0.33
0.74
0.91
0.76
0.94
DBB 0.72
0.33
0.40
0.85
1.05
0.89
1.10
CANTILEVER MT13
DBB 0.72
0.45
1.37
0.85
2.57
0.95
2.87
BBB 0.80
0.75
2.26
1.12
3.38
1.24
3.76
CANTILEVER MT14
DBB 0.70
0.19
0.87
0.45
2.08
0.45
2.10
DBB 0.72
0.27
1.26
0.61
2.85
0.63
2.92
CANTILEVER MT15
DBB 0.64
0.16
1.34
0.20
1.69
0.38
3.25
DBB 0.61
0.18
1.57
0.40
3.48
0.42
3.65
CANTILEVER MT16
DBB 0.74
0.28
4.43
0.69
10.79
0.70
10.88
DBB 0.76
0.37
5.79
0.86
13.46
0.88
13.71
CANTILEVER MT17
DBB 0.76
0.44
13.89
0.97
30.39
1.10
34.24
DBB 0.78
0.54
16.97
1.20
37.39
1.24
38.62
CANTILEVER MT18
DBB 0.73
0.26
4.00
0.69
10.87
0.71
11.08
EMBRASURE ST19
DBB 0.66
0.24
0.42
0.57
1.01
0.60
1.06
CANTILEVER MT20
DBB 0.77
0.49
4.11
0.95
8.00
1.21
10.26
DBB 0.79
0.57
4.82
1.30
11.01
1.35
11.37
CANTILEVER MT21
BBB 0.80
1.01
19.38
1.56
29.94
1.64
31.58
BBB 0.80
1.01
19.38
1.56
29.94
1.64
31.58
EMBRASURE ST22
DBB 0.71
0.46
1.85
0.98
3.93
1.06
4.23
CANTILEVER MT23
DBB 0.63
0.19
2.19
0.46
5.28
0.48
5.52
===========================================================================
DDD - Ductile Mode
DBB –Moderate Brittle Mode
DDB –Low Ductility Mode
BBB – Brittle Mode

Figure 16 Shear resistance capacities associated to moment of resistance, failure modes, behaviour factor
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This data become Input Data in software application [19], to calculate the demand seismic
load (Vb) and seismic vulnerability of the building. This software application is presented in
the following chapter.
4
4.1

SOFTWARE APPLICATION RELATED TO DEMAND SEISMIC LOADING (2D)
AND CASE STUDY
Assumptions

The flowchart, of this simplified version of 2D software [19], was realised by the authors
according the versions of Romanian Codes from 1992 to 2016.
INPUT DATA FILE (Template)
F1- General characteristics of the building
(A20,6F8.4;I2) (according P100/92)
Name, ρ,ks ,∝,β,ψ,ε,Tfl
OR
(A20,5F8.4;I2) (according P100/1-2006;2014)
Name,ρ,ag /g,γ,β,1/q cl , λ,Tfl,
OR
(A20,5F8.4;I2) (according P100/3-2008)
Name,ρ,c*ag /g,γ,β,1/qcl , λ,Tfl
(Take only one of the over characteristics of codes)
Name= name of the building
ρ ; [t/m 3] = specific weight of masonry
ks ,∝,β,ψcl ,ε = coefficients in accordance with P100/92 ; if ε=1.0 , the value of ε is calculated by the software
ag /g,γ,β,1/q b, λ = coefficients in accordance with P100/1/2006
c*ag /g,γ,β,1/qb, λ = coefficients in accordance with P100/3/2008
Tfl : type of floor :0 = diaphragm; 1/2 = wooden floor /not diaphragm
Where: 1= transfer with area loads (of the floor)
2= transfer with vertical loads N (of the floor)
F3- General Characteristics of the storey *
(4F8.4)
gfl,Hlevel ,Ac,storey ,Awalls/storey
gfl ;[t/m2 ] = uniform gravity load on the floor (including self weight)
Hstoreyl;[m2 ] = free height of the level + thickens of the floor
Ac,storey ; [m2 ] = area of the storey
Awalls/storey ; [m2 ] = Total area of the walls on the storey
* Note (!) – The spandrels and the masonry window railings should be included
into the self-weight of the building with an equivalent area. This supplement is added to Awalls/storey
F4- General Characteristics of several element / storey *
Name, Nr, A, Ashear,( Arelated /Nrelated ),1/qwall,VRd,i
(A20,I2,4F8.4)
Name =Name of the element
Nr = number of identical elements
A ; [m2 ] = total area of horizontal cross section of the wall
As ;[m2] = shear area of horizontal cross section of the wall (Floor type = 0-diaphragm floor)
Arelated ; [m 2] = related area of the floor (Type = 1-wooden floor)
1/qwa ll =ratio (1/ behaviour factor), results from CAZINDS1 software (see Figure 16)
VRd,i ;[tf] = design shear resistance of the wall from CAZINDS1 software (see Figure 15)
Figure 17 The template of INPUT DATA file

The main assumptions of this software application [19] are:
- It is taking into account only the fundamental shape of vibration mode.
- Deformation of the structure is linear and, the values of the own vectors, ukv, from the
relationship computing of equivalence coefficient, ε, are proportionally with the displacement of the structure at the floor levels.
- Couplings elements are neglected.
- Calculation is doing distinct for the two main directions of the seism.
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-

Seismic loads on the walls may be allocated proportionally with: their stiffness to displacement (EI/H) if the floor levels are diaphragms or with gravity load if the floors
are not diaphragms.
We made a very simple Input Data file with some data easy to be used (see Figure 17).
Further, Input and Output Data files, for a building with two levels, are shown (Figures
18÷20).
STRUCTURAL ANALISYS1.8,.2,1.,2.5,.30,0,
0.34,3.30,113.,15.92,
CANTILEVER ML1
CANTILEVER ML2
CANTILEVER ML3
CANTILEVER ML4
CANTILEVER ML5

1,0.67,11.,.30,1.90,
1,1.64,24.,.30,7.34,
1,0.42,24.,.30,2.93,
1,0.56,17.,.30,3.27,
1,1.62,22.,.30,3.81,

0.34,3.30,113.,15.92,
CANTILEVER ML1
CANTILEVER ML2
CANTILEVER ML3
CANTILEVER ML4
CANTILEVER ML5

1,0.67,11.,.30,1.90,
1,1.64,24.,.30,7.34,
1,0.42,24.,.30,2.93,
1,0.56,17.,.30,3.27,
1,1.62,22.,.30,3.81,

Figure 18 Input Data file

=================================
LEVEL

Vb,level V Rd,leve l VRd,level/ V b,level
[tf]
[tf]
======================================
Gr. Floor
26.50
19.25
0.73
1st Floor
14.77
19.25
1.30

==================================
Figure 19 Output data file with resultant of the demand seismic load at each floor level (Vb, level)
===============================================
LEVEL
NAME
Vb,i
VRd,i VRd,i /Vb,i
[tf]
[tf]
==============================================
Ground 1 CANTILEVER ML1
2.97
1.90
0.64
Floor
2 CANTILEVER ML2
6.49
7.34
1.13
3 CANTILEVER ML3
6.49
2.93
0.45
4 CANTILEVER ML4
4.60
3.27
0.71
5 CANTILEVER ML5
5.95
3.81
0.64
-----------------------------------------------------------------------------1 CANTILEVER ML1
1.66
1.90
1.15
1st Floor 2 CANTILEVER ML2
3.62
7.34
2.03
3 CANTILEVER ML3
3.62
2.93
0.81
4 CANTILEVER ML4
2.56
3.27
1.28
5 CANTILEVER ML5
3.32
3.81
1.15
===============================================

Figure 20 Output data file with resultant of the demand seismic load at each wall and on each level (Vb,i)

In (Figure 19), column 3, the ratio of the resultant shear resistance capacity (VRd,R) and the
demand seismic load (Vb) at the base of the building, is equal to 0.73 (73%). This index gives
seismic vulnerability of the building. In Romanian Code [16] it is named seismic risk class of
the building (Figure 21).
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RSI
<35

RSII
35 - 65

RSIII
66 - 90

RSIV
91 - 100

Figure 21 Table with seismic risk classes according Romanian Code

The building is classified at RsIII seismic risk. According the code, at this class, under the
effect of seismic load can have minor damages, which not affect the structural safety.
5

NOTATIONS

l
t
H
∆1,3 / 2, 4

I
NEd
Vb
Ai
AT1/T2
AC
ATOT

σ0
σ max
τ0
τ max
τ is / id
x
fvd=fp
fd=f
VRd,R
VRd,Q
VR, M
MRd

εF
εC
εU
λ=

l
H

r0v, F/ u =

is length of web of active cross section of the wall (including the thickness of the
flanges),
is thickness of the web,
is vertical height of active cross section of the wall (cantilever or embrasure),
is length of the flanges, according the Code [22],
is moment of inertia of entire section,
is design value of the axial load,
is value of the demand seismic force at the base of the structure, using calculations in
elastic linear range,
is area of the web,
is areas of the flanges,
is compressed cross sectional area of the wall,
is total area of the cross section, as sum of (Ai, AT1,AT2)
is an average value of compression stress uniform distributed (theoretically) over the
entire cross section area of the wall,
is a maximum value of elastic compression stress at the end of the compressed zone of
the section,
is an average value of shear stress, uniform distributed (theoretically) over all area of
the web of cross section,
is a maximum value of shear stress, in the centre of the compressed elastic zone of the
section,
is theoretical values of shear stress at the intersection between web and flanges,
(left/right side of the intersection),
is the length of the compressed part of the cross sectional area of the wall,
is design shear strength of masonry equal with main tensile strength,
is design compressive strength of masonry,
is shear resistance capacity of the wall,
is shear resistance capacity of the wall corresponding to diagonal failure,
is shear resistance capacity of the wall associated to bending moment,
is in-plane design resistance to bending moment,
is normal cracking in bending strain,
is yield strain in compression,
is ultimate strain in compression,
is slenderness ratio,

e Fv / u
l

is dimensionless eccentricity coefficient,
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2
is coefficient applied at cantilever
3
1
β F = is coefficient applied at embrasure
2
βF =

6

CONCLUSIONS
• We developed this methodology, in desire to support the structural design engineers and,
technical experts to realise a correct analyse of masonry structure. Although it represents
a small part of assessment, however, its importance is decisive in terms of seismic safety
of the building.
• Due to the complex formulas the software application was difficult and complicated to be
realised and we have invested a lot of work and effort to resolve the great majority of
problems, inside of it. Thus, the input data are few, as we showed in this paper, and the
results are quite complete and understandable to all users. The software application is accessible to those who have limited knowledge both in the field of IT and also in analysis
of masonry structures. We enjoyed seeing that many users have adopted easily this software application and methodology in this way. We have received many suggestions and
requests from the users, who have helped us to improve the software and, to develop the
methodology, until reached its current form.
• The methodology may be applied to new buildings with URM or, confined masonry
structure with reinforced concrete pillars and ties, and to the old strengthened by jacketing with cement-mortar and ductile steel.
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Abstract. This paper describes the automated nonlinear model updating procedure for masonry structures implemented in the NOSA-ITACA code. The algorithm, aimed at matching
numerical and experimental natural frequencies and mode shapes, combines nonlinear static
analysis, linear perturbation and modal analysis and allows fine-tuning the free parameters
of the model. The numerical method is applied to two simple case studies, which prove its
effectiveness.
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1

INTRODUCTION

The goals of finite element (FE) model updating [1] are matching numerical and experimental dynamic characteristics of a structure, estimating the mechanical properties of its constituent
materials [2, 3, 4, 5], and enabling detection of damage [6, 7]. Model updating, usually carried
out within the framework of linear elasticity, is a suitable tool for assessing the mechanical
characteristics of undamaged structures subjected to very low amplitude vibrations, while it is
unsuitable to update parameters governing nonlinear behavior and/or material properties deterioration. Therefore, the use of model updating techniques within the framework of linear
elasticity may be not suitable for masonry structures, since the masonry material has different
tensile and compressive strengths and then exhibit a nonlinear behavior. Generally ancient masonry structures show cracks due to permanent loads and / or accidental loads, therefore, the
characterization of their overall dynamic behavior should take into account the presence of the
existing fracture pattern.
To date, the literature on nonlinear FE model updating is quite scarce. The first attempts to update in a systematic way nonlinear models mainly concerns reinforced concrete structures. In
[8] a system identification methodology is presented for determining the six control parameters
in a continuously smooth hysteretic model for the inelastic dynamic behavior of structural concrete systems, while in [9] the authors use low-level ambient vibration data to detect changes
in the modal parameters of a reinforced concrete shear wall. Then, the damage parameters that
control the nonlinear material model are updated using the acquired modal information. Finally,
in [10] the performance of a nonlinear model updating procedure is investigated in the case of
a concrete seven-story shear wall building.
With regard to masonry structures, in [11, 12, 13] the dynamic behavior of masonry buildings
is assessed using a numerical procedure based on linear perturbation and modal analysis, implemented in the FE code NOSA-ITACA, taking into account the influence of existing damage
on the dynamic properties of buildings. In [14, 15] the same approach is followed to estimate
Young’s moduli and tensile strengths of the materials constituting the Mogadouro bell tower,
by applying a manual nonlinear model updating procedure.
This paper presents a novel automated nonlinear model updating procedure, implemented
in the NOSA-ITACA code. The algorithm, aimed at matching numerical and experimental
frequencies and mode shapes, couples linear perturbation and modal analysis and allows finetuning the free parameters of the model. After a brief description of the numerical method
proposed, its effectiveness is demonstrated on some simple case studies.
2

NUMERICAL METHODS FOR NONLINEAR MODEL UPDATING

The NOSA-ITACA code adopts the constitutive equation of masonry-like materials [16, 17]
and masonry is modeled as an isotropic nonlinear elastic material with low tensile strength and
infinite compressive strength. The material nonlinearity brings as consequence a stronger nonlinearity of the model updating procedure implemented in NOSA-ITACA. This procedure relies
on the combined application of linear perturbation and modal analysis, which allows to calculate the dynamic properties of a structure, taking the presence of cracks into account. Given the
structure under examination, discretized into finite elements, and given the mechanical properties of the masonry-like material constituting the structure, together with the kinematic constraints and loads acting on it, the coupled application of linear perturbation and modal analysis
consists of the following steps.
Step 1. The nonlinear equilibrium problem of the structure is solved through an iterative
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scheme and its solution is calculated along with the tangent stiffness matrix KT to be used in
the next step.
Step 2. A modal analysis about the equilibrium solution is performed. The dynamic properties of the structures are then calculated by solving the generalized eigenvalue problem
KT v = ω 2 M v;

(1)

where v ∈ Rn is the vector of the structure’s degrees of freedom and the integer n is the
system’s total number of degrees of freedom. Matrices KT ∈ Rn×n and M ∈ Rn×n are
the stiffness and mass matrices, symmetric and positive-definite, obtained by assembling the
elemental matrices and taking into account the constraints assigned to the displacements of the
structure. Solving (1) provides the natural frequencies fi = ωi /2π and mode shapes v(i) of the
cracked structure [11, 12, 13]. The nonlinear model updating problem can be formulated as an
optimization problem by assuming that the tangent stiffness and mass matrices are functions of
the parameter vector x, containing the Young’s moduli, tensile strengths and density masses of
the constituent materials. The goal is to determine the optimal value of x ∈ Rd that minimizes
a certain cost functional Φ(x) within a d-dimensional box Ω = [a1 , b1 ] × . . . × [ad , bd ]. The
objective function Φ(x) involves the q experimental frequencies to match and is expressed by

Φ(x) =

q
X

wi2 [fbi − fi (x)]2 ,

(2)

i=1

with b
f the vector of the measured frequencies, f (x) the vector of numerical frequencies obtained
from (1) and wi suitable weights.
A numerical method for FE model updating of structures made of linear elastic materials has
been described in [18, 19]. The minimum problem addressed in [18, 19] is a nonlinear least
squares problem: the objective function, having the form (2), is nonlinear as the frequencies
f (x) depend nonlinearly on the vector x of material properties. In this paper, another source
of nonlinearity of Φ(x) is the dependence of KT (x), and then of f (x), on the solution of the
equilibrium problem in step (1).
This section is devoted to the description of the method adopted to optimize the objective
function Φ(x), which is assumed to have at least a mild regularity in Ω. Apart from the determination of the initial box constraints, any convexity or uniqueness of the minimum point cannot
be assumed. For this reason, a method that guarantees good global convergence properties is
used.
In particular, a method based on an adaptive global polynomial interpolation of the objective
function is proposed, which helps to avoid the convergence to local minima. The main building block of this approach is the approximation of multivariate functions through Chebsyhev
interpolation combined with adaptive cross approximation techniques, as implemented in the
packages chebfun2 and chebfun3 [20, 21].
The algorithms implemented in NOSA-ITACA are based on those described in [20, 21], and
allow to manage a generic number of variables, as well as to get approximations at different
levels of precisions. The details of the implementation are given in [22]. In the next sections
the building blocks of our method are briefly explained, and then the approach is summarized
in section 2.3.
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2.1

Global approximation of the objective function

As a building block of the optimization method, we use a procedure that allows to approximate the objective function on the whole domain at a certain accuracy . More precisely, we
ask that the surrogate function Φk (x) satisfies
|rk (x)| ≤ max |Φ(z)|.

Φ(x) = Φk (x) + rk (x),

(3)

z∈Ω

To obtain such Φk (x) we approximate the function as the sum of k separable functions as
follows:
k
X
(j)
(j)
Φ(x) ≈ Φk (x) =
βj ϕ1 (x1 ) · · · ϕd (xd ),
(4)
j=1
(j)

where the functions ϕi (xi ) are expressed as polynomials in the Chebyshev basis. This can be
achieved as follows:
1. A pivot point x̂ := (x̂1 , . . . , x̂d ) is chosen, and the function Φ(x̂1 , . . . , x̂d ) is evaluated at
that point.
2. Through adaptive Chebyshev interpolation, we approximate the fibers of Φ(x) obtained
allowing only one variable to change, that is
Φ(x̂1 , . . . , x̂i−1 , y, x̂i+1 , . . . , x̂d ) ≈

ki
X

(1)

γs Ts (y) =: ϕi (y),

i = 1, . . . , d.

(5)

s=1

where Ts (y) are the Chebyshev polynomials of the first kind, and ki is a positive integer
that is adaptively determined to obtain a sufficiently accurate expansion. The coefficients
γs can be efficiently computed through a discrete cosine transform [20].
3. We set β1 := Φ(x̂)1−d .
(1)

(d)

Clearly, the function β1 ϕ1 (x1 ) · · · ϕd (xd ) corresponds with Φ(x) on x̂. This first separable
approximation is known as a rank-1 function. After the first step is complete, we replace Φ(x)
(1)
(d)
with the residual Φ(x) − β1 ϕ1 (x1 ) · · · ϕd (xd ) and we repeat the steps from item 1. After k
steps, we have obtained an expression of the form (4).
This approach is called functional adaptive cross approximation, and has been investigated,
among others, by Bebendorf [23] and in [24, 25, 26] for bivariate functions. It can be guaranteed
to converge under suitable assumptions on the smoothness of the functions under consideration,
provided that good choices are made for the pivots.
Greater details on how to build such an approximation of Φ and on the effectiveness of the
approach are given in [22].
2.2

Computing the minimum

When the approximated function is available in the form Φk (x), its global minimum has to
be calculated. To this end, several possibilities can be considered, exploiting the fact that Φk (x)
is much cheaper to evaluate compared to Φ(x). In our implementation, we make the following
choices:

1232

M. Girardi, C. Padovani, D. Pellegrini, and L. Robol

1. If d = 2, we compute all the stationary points of the polynomial in the domain of interest,
by solving the system of 2 polynomial equations ∇Φk (x) = 0. The nature of the problem
imposes a numerical solution, which can be obtained recasting the problem as a multiparameter eigenvalue problem [27]; we then use this information to select the minimum
point.
2. If d ≥ 3, we use the fact that the approximated function is cheap to evaluate and we
evaluate it on a grid, and then refine the minimum found in this way by using a local
optimization method.
In principle, the first approach could be used also when d > 2 (see recent linearizations
introduced in [28, 29]). However, as the number of variables gets higher, the reformulation into
an eigenvalue problem can get exponentially ill-conditioned [30]. We expect that for a large
number of variable a strategy like 2. would be more effective and has been adopted for d = 3
as well.
2.3

Algorithm propose: combining global and local approximation

The algorithm we propose can be summarized as follows:
1. First, we obtain a very rough approximation of the objective function Φ(x) on Ω (for
instance, we may set  = 0.1 in (3)) and denote this approximation with Φk (x).
2. Then, we look for the minimum point x̂ of this approximated function and we compute
intervals [âj , b̂j ] as large as possible, with the constraints that aj ≤ âj < b̂j ≤ bj , and
Φk (x̂1 , . . . , x̂j−1 , y, x̂j+1 , . . . , x̂d ) − Φk (x̂) ≤ max |Φk (z)| · ˆ,
z∈Ω

(6)

for any y ∈ [âj , b̂j ], and for a certain ˆ.
3. We restrict Ω to Ω̂ = [â1 , b̂1 ] × . . . × [âd , b̂d ], and we continue to iterate from point 1.
This process allows to obtain a rough approximation of the global minimum, and then restricts the interval of interest to points where the objective function does not exceed too much its
value at x̂. The restriction is done by computing a new box as described above in point 2. Note
that, from a theoretical point of view, this strategy does not guarantee that the global minimum
will be inside the new box. However, if ˆ is chosen slightly larger than , the global convergence
properties of the method are still very good in practice.
In the tests described in section 3 we have used ˆ = 2, which has been verified to be a
reasonable tradeoff between speed of convergence and accuracy (in the sense of not leaving
global minimum out of the restricted Ω̂).
3

CASE STUDIES

In order to validate the performance of the optimization method described in section 2, two
artificial examples are used. In both cases a preliminary numerical analysis consisting of static
analysis, linear perturbation and modal analysis (from now on indicated as LPMA), is performed to evaluate the frequencies and mode shapes of the structure, taking into account the
crack pattern due to the self-weight and external loads [11, 12, 14]. Subsequently, these frequencies are used as input of the proposed approach to recover the original parameters (Young’s
moduli and/or tensile strengths).

1233

M. Girardi, C. Padovani, D. Pellegrini, and L. Robol

3.1

Masonry arch

Let us consider the semi-circular masonry arch sketched up in Figure 1. The system is fully
clamped at the springings and its geometry is characterized by a mean radius of 1.0 m, a span of
2.0 m and a cross section of 0.25 m×1 m. The displacement of the arch along the X direction is
prevented so that it is forced to move only in the YZ plane. The arch is subjected to a stress state
due to its self-weight and to a distributed load P = 2500 N/m applied along the extrados line
Y = 0.29 m, Z = 1.09 m. The arch is discretized into 648 thick shell elements (element number
10 of the NOSA-ITACA library [31]), for a total of 703 nodes and 4218 degrees of freedom.
Figure 1 shows the mesh generated by NOSA-ITACA, and the distributed load applied to the
arch. A preliminary LPMA is performed to evaluate the frequencies and mode shapes of the
arch, taking into account the crack pattern due to the self-weight and distributed load P; the
analysis is performed assuming the arch made of a masonry-like material [16, 17] with Young’s
modulus E = 3 · 109 Pa, Poisson’s ratio ν = 0.1, mass density ρ = 1800 kg/m3 and tensile
strength σt = 0 Pa. The first four corresponding natural frequencies fbi (i = 1...4), obtained
with the above parameters are

b
f = [42.913, 97.321, 138.630, 184.199] Hz.
Figure 2 shows the mode shapes corresponding to the first four frequencies of the arch.

0.29

P

25

1.09

0.

Z
R

=1

.00

Y

2.00

Figure 1: Geometry of the arch (length in meters) and mesh created by NOSA-ITACA.
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Mode shape 1

Mode shape 2

Mode shape 3

Mode shape 4

Figure 2: First four mode shapes of the arch after the application of the self-weight and distributed load P.

In order to validate the optimization method we minimize the objective function (2), with
−1
q = 3, fb1 = 42.913 Hz, fb2 = 97.321 Hz, and fb3 = 138.630 Hz, and wi = fbi , i = 1, 2, 3.
The tensile strength σt and the Young’s modulus E are assumed unknown, considering as their
realistic bounds the following ranges
0 Pa ≤ σt ≤ 5 · 104 Pa, 1 · 109 Pa ≤ E ≤ 5 · 109 Pa ·

(8)

The algorithm described in section 2.3 converges in 3 iterations to the prescribed tolerance
 = 2 · 10−2 . The optimal parameters obtained are reported in Table 1. The estimate for E is
very accurate with a relative error of about 0.1%, while the value of σt is very close to zero in
practice. The error ∆f on the frequencies is bounded by about 0.38% and MAC values equal
to 1.0 ensures the correspondence between original and optimized mode shapes (see Table 2).
Figure 3 shows the objective function Φ(x) where several local minima are also visible, while
the true global minimum corresponds to a point where there is a steep descent. For this reason, classical algorithms for nonlinear least square problems fail to find the right value of σt –
whereas the approach proposed in section 2 yields a good solution.

true
optimal
error [%]

E [Pa]
3.0 · 109
3.003 · 109
0.1%

σt [Pa]
0.0
80.4
–

Table 1: Comparison between the true values of the mechanical characteristics and those obtained from optimization.
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mode 1
mode 2
mode 3
mode 4

fbi [Hz] fi,O [Hz]
42.913
43.077
97.321
97.387
138.630 138.915
184.199 184.189

∆f [%]
0.38%
0.07%
0.21%
0.06%

MAC
1.0
1.0
1.0
1.0

Table 2: Comparison between the original frequencies fbi and the frequencies fi,O calculated for the optimal values
of the parameters.

Figure 3: On the left, a 3D plot of the objective function for the case study of the arch. On the right, a contour plot
of the same objective function, where local minima and flat regions are clearly visible.

3.2

Masonry arch on piers

The second example considered is the semi-circular arch on piers shown in Figure 4. The
arch spans 2.0 m, has a cross section of 0.25 m × 1 m and rests on two 2.5 m high lateral piers
having cross section of 0.5 m × 1 m. The structure is fully clamped at the base of the piers and
subjected to a stress state due to its self-weight and to a lateral load proportional to its mass
through a factor equal to 0.15g, where g is the gravity acceleration. The structure is discretized
into 1008 thick shell elements (element number 10, [31]), for a total of 1083 nodes and 6498
degrees of freedom, as shown in Figure 4.
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Figure 4: Geometry of the structure (length in meters) and the model created by NOSA-ITACA.

A LPMA is performed assuming the structure made of two masonry-like materials with the
same Young’s modulus and different tensile strengths: the material 1 of the arch and the material
2 of the columns. The Poisson’s ratio is set to ν = 0.2 for all the materials, and assumed to be
known a priori. For the remaining parameters the following values are assumed
E = 2.0 · 109 Pa, ρ1 = 1800 kg/m3 , σt,1 = 1 · 104 Pa

(9)

E = 2.0 · 109 Pa, ρ2 = 2200 kg/m3 , σt,2 = 4 · 104 Pa

(10)

The first six natural frequencies fbi (i = 1...6), obtained with these fixed parameters are:
b
f = [3.124, 9.083, 10.46, 14.83, 15.60, 24.57] Hz ·

(11)

Figure 5 shows the mode shapes corresponding to the first four frequencies of the structure.
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Mode shape 1

Mode shape 2

Mode shape 3

Mode shape 4

Figure 5: First four mode shapes of the system arch-piers after the application of the self-weight and lateral load.

In order to validate the optimization method, the tensile strength σt,1 and σt,2 and Young’s
modulus E are assumed unknown considering, as their realistic bounds the following ranges
1 · 104 Pa ≤ σt,1 , σt,2 ≤ 5 · 104 Pa, 1 · 109 Pa ≤ E ≤ 5 · 109 Pa ·
The method applied to the objective function (2) with q = 6 converges in 7 iterations to the
optimal values reported in Table 3 with a maximum relative error of 2.31% and of 0.7% for the
Young’s modulus and tensile strength respectively. Table 4 shows the results in terms of natural
frequencies and MAC values with a maximum relative error ∆f of 1% on frequencies and a
minimum value of MAC equal to 0.99.

true
optimal
error [%]

E [Pa]
2 · 109
1.9538 · 109
2.31%

σt,1 [Pa]
104
104
0%

σt,2 [Pa]
4 · 104
4.028 · 104
0.7%

Table 3: Comparison between the true values of the mechanical characteristics and those obtained from optimization.
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mode 1
mode 2
mode 3
mode 4
mode 5
mode 6

fbi [Hz]
3.124
9.083
10.459
14.834
15.595
24.566

fi,O [Hz]
3.122
9.004
10.379
14.795
15.441
24.411

∆f [%] MAC
0.04 1.000
0.87 0.999
0.76 1.000
0.26 0.999
0.99 1.000
0.63 0.999

Table 4: Comparison between the original frequencies fbi and the frequencies fi,O calculated for the optimal values
of the parameters.

4

CONCLUSIONS

This paper is focussed on FE model updating of masonry structures. Unlike linear elastic
structures, whose dynamic properties depend on the materials’ characteristics, such as Young’s
modulus, mass density, etc., masonry buildings exhibit a nonlinear behavior and their natural
frequencies and mode shapes are not independent of crack distribution. The numerical procedure presented in the paper takes into account the nonlinearity of masonry materials. After solving the nonlinear equilibrium problem of the structure subjected to prescribed loads, a
modal analysis about the equilibrium solution is carried out to estimate its frequencies and mode
shapes in the presence of cracks. The model updating algorithm allows for minimizing the discrepancy between the experimental and numerical frequencies, as the materials’ constants vary
within a given set. As in the case of linear elastic materials addressed in [18, 19] the minimum
problem to be solved is a nonlinear least squares problem. In the presence of masonry materials
a further nonlinearity, due to the dependence of the tangent stiffness matrix on the solution to
the equilibrium problem, affects the objective function and makes it impossible to resort to the
efficient model reduction techniques adopted in [18, 19]. The minimization strategy proposed
in this paper is based on an adaptive global polynomial interpolation of the objective function.
The approach implemented in NOSA-ITACA and applied to two simple case studies seems to
be able to overcome the difficulties due to the presence of several global minima in the objective
function. Further tests are planned to validate the performance of the algorithm and prove its
capabilities in a broader class of numerical problems.
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Abstract
Masonry arches are vulnerable to seismic actions. Over the last few years, extensive research
has been carried out to develop strategies and methods for their strengthening. However,
from such studies, it became evident that the application of reinforcement in a masonry arch
is done in such a manner that the failure of the system is transformed directly from one of
stability to strength. This direct transformation overlooks the intermittent stages that exist
between stability and strength, and thus provides an incomplete picture to the potential
behaviors of the system. This study aims to investigate the non-linear dynamic behavior of
masonry arches subjected to hinge control through the two-dimensional Discrete Element
Method (DEM) based software UDEC. Within the DEM, each voussoir of the arch was
represented by a distinct block. Mortar joints were modelled as zero thickness interfaces
which can open and close depending on the magnitude and direction of the stresses applied to
them. Twenty-five unique configurations of an arch with controlled hinges were developed
and their behavior to different ground shaking motions is discussed. From the results of this
analysis, it is evident that controlling the hinges of a masonry arch creates the potential to
both increase capacity and define failure for dynamic loading conditions.
Keywords: Masonry, arches, hinges, strengthening, earthquakes
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1

INTRODUCTION

Reinforcement of masonry arches is critical for resisting seismic induced collapse. Of all
the existing techniques, fiber reinforced polymers (FRP) and textile reinforced mortars (TRM)
both focus on reinforcing the development of flexural joints. Their application is typically
designed to maximize capacity which transforms the arch’s failure from the traditional
minimum mechanism to a material strength problem (i.e. delamination, rupture or crushing)
[1-8]. Considering the intermittent stages between the minimum mechanism and full
strengthening under static assessments has revealed the potential to both increase seismic
capacity and control failure for arches subjected to hinge control [9-11]. It is now necessary to
begin expanding the evaluation beyond the static conditions. This work presents the
numerical examination of a class of admissible mechanisms for a dry-stack masonry arch
subjected to hinge control.
2

ARCH MODEL
A 27-block semicircular arch model was used for this investigation.

2.1 Arch Geometry
The arch and block geometry can be seen in Fig. 1 and its nomenclature used in Fig. 2.

Figure 1: 27-block arch analysis model geometry and block dimensions
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Figure 2: Nomenclature for arch model

2.2 Overview of DEM and Model Development
For the analysis of the arch presented in Section 2, the discrete element method of analysis
have been employed. The discrete element method (DEM) falls within the general
classification of discontinuum analysis techniques. It is presented in the UDEC (Universal
Distinct Element Code) software, developed by Cundall in the early 1970s for numerical
research into the sliding of earth and rock masses. Since then, the software has been used for a
range of applications including the modelling of classical columns under static and dynamic
loading conditions. In UDEC, masonry units are represented as an assembly of rigid or
deformable blocks which may take any arbitrary geometry. Rigid blocks do not change their
geometry as a result of any applied loading. Deformable blocks are internally discretissed into
finite difference triangular zones of uniform stress and strain characteristics. These zones are
continuum elements as they occur in the finite element method (FEM). However, unlike
FEM, in the DEM a compatible finite element mesh between the blocks and the joints is not
required. Mortar joints are represented as zero thickness interfaces between the blocks.
Representation of the contact between blocks is not based on joint elements, as occurs in the
discontinuum finite element models. Instead the contact is represented by a set of point
contacts with no attempt to obtain a continuous stress distribution through the contact surface.
The assignment of contacts allows the interface constitutive relations to be formulated in
terms of the stresses and relative displacements across the joint. As with FEM, the unknowns
are the nodal displacements and rotations of the blocks. However, unlike FEM, the unknowns
in the distinct element method are solved explicitly by differential equations from the known
displacement while Newton’s second law of motion gives the motion of the blocks resulting
from known forces acting on them. So, large displacements and rotations of the blocks are
allowed with the sequential contact detection and the automatic update of tasks. This differs
from FEM where the method is not readily capable of updating the contact size or creating
new contacts. Convergence to static solutions is obtained by means of adaptive damping, as in
the classical dynamic relaxation methods.
A control arch model and interdependent geometric models to evaluate each variation in
hinge positions tested were developed. The control arch contained no hinge control and was
modelled by 27 rigid voussiors connected by 26 joint interfaces (see Fig. 3). For a defined
mechanical joint set, the arch was represented by three rigid voussoirs, two rigid bases and
four joints as shown in Fig. 3. All joints were defined as zero-thickness interface elements
that follow the Coulomb failure criterion. A description of modelling masonry with DEM can
be found at [14, 15].

(a)

(b)

Figure 3: Geometry for the (a) control arch DEM model and (b) a typical hinge-controlled DEM model.
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The material properties assigned to the voussoirs of each arch ring are shown in Table 1.
The material parameter required to represent the behavior of the rigid voussoirs is the unit
weight (d), which was taken as 550 kg/m3. Elastic-perfectly plastic coulomb slip joint area
contact interfaces were used for the joints between voussoirs. The normal and shear stiffness
for the joints were selected high to remove potential penetration between blocks. The
cohesive, tensile strength and the dilatation angle of the interfaces were set to zero to
represent dry-joints. Self-weight effects were also modelled as gravitational loads.
Joint Normal
Stiffness
[GPa/m]

Joint Shear
Stiffness
[GPa/m]

Joint Friction
Angle
[°]

20

10

22

Joint
Cohesive
Strength
[kPa]
0

Joint Tensile
Strength
[MPa]

Joint Dilation
Angle
[°]

0

0

Table 1: Material Properties for the dry-joints in the DEM models.

Self-weight effects were assigned as gravitational load. At first, the model was brought
into a state of equilibrium under its own weight (static gravity loads). Then, external loading
has been applied to the structure by applying a time history analysis, see Section 3.1.
Horizontal displacements at the upper part of the arch were recorded. The results of the
response of the structure under dynamic load is presented below.
3

ANALYSIS PROCEDURE

The dynamic analysis procedure for this investigation involved a two-stage process. First,
the dynamic ground velocity profile was applied to the free-standing arch without hinge
control to establish a collapse time. The collapse time was then used to test the 25 unique
hinge sets established through hinge control at a scale of one, two, three, four and five times
the original. For each simulation, the arch was allowed to rest after the collapse time to
establish a final settlement condition. The crown and base displacements were recorded. The
final settled horizontal displacement of the crown was compared for each hinge set and
earthquake scale. From that comparison, the optimal hinge configuration was identified by the
hinge set with the minimum final deformation. The second analysis stage involved the
application of the full earthquake duration to the identified optimal hinge configuration and
examine any adjustments required to resist collapse.
3.1 Earthquake Data
The ground velocity vector from Bucharest 1977 earthquake (see Fig. 4) was applied in
both the horizontal and vertical directions for each analysis run. The scale of the vectors was
adjusted for some analyses between one and five times the original.
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Figure 4: Acceleration, velocity and position profiles for the Bucharest 1977 earthquake.

3.2 Hinge Sets
Tables 2 through 4 identify the 25 distinct hinge sets tested. The selected hinge sets are the
minimum configurations for the admissible locations of base hinges (H1 and H4). They were
determined through the development of a collapse load diagram for the arch subjected to
constant horizontal acceleration [12].
H1
H2
H3
H4

HS01 HS02
J1
J1
J8
J8
J17
J17
J26
J25

HS03
J1
J8
J16
J24

HS04
J1
J8
J16
J23

HS05
J1
J8
J16
J22

HS06
J2
J8
J16
J22

HS07
J2
J9
J17
J23

HS08
J2
J9
J17
J24

HS09
J2
J9
J17
J25

HS10
J2
J9
J18
J26

Table 2: Hinge joint locations for hinge sets HS01 through HS10. Refer to Fig. 2 for joint identification.

H1
H2
H3
H4

HS11 HS12
J3
J3
J10
J10
J17
J17
J26
J25

HS13
J3
J10
J16
J24

HS14
J3
J9
J16
J23

HS15
J3
J9
J16
J22

HS16
J4
J10
J16
J22

HS17
J4
J10
J17
J23

HS18
J4
J10
J17
J24

HS19
J4
J11
J17
J25

HS20
J4
J11
J18
J26

Table 3: Hinge joint locations for hinge sets HS11 through HS20. Refer to Fig. 2 for joint identification.

H1
H2
H3
H4

HS21 HS22
J3
J3
J10
J10
J17
J17
J26
J25

HS23
J3
J10
J16
J24

HS24
J3
J9
J16
J23

HS25
J3
J9
J16
J22

Table 4: Hinge joint locations for hinge sets HS21 through HS25. Refer to Fig. 2 for joint identification.

4

RESULTS

4.1 Unreinforced Collapse Time
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The unreinforced collapse time was defined as the time at which the keystone struck the
ground. This time is 5.7 seconds and was identified from the vertical displacement versus
time plot shown in Fig. 5. Figure 5 also shows the final condition of the unreinforced arch.

(a)

(b)

Figure 5: The (a) collapsed unreinforced arch and (b) collapse time identification plot.

4.2 Optimal Hinge Set Identification
None of the arch models subjected to hinge control collapsed over the established collapse
time duration. Sliding did occur however and was therefore used to establish an evaluation
criterion for determining the optimal hinge configuration for the arch under investigation.
Figure 6 shows the final horizontal crown displacement versus hinge set for all analyses
performed. From Fig. 6, hinge set 05 resulted in the minimum deformations and is identified
as the optimal hinge set configuration. Figure 7 shows a generalized reinforcement layout that
would produce the hinge set 05 condition.

Figure 6: Final horizontal displacement versus hinge sets for all scaled dynamic analyses performed for the
collapse time duration.
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Figure 7: Hinge set 05 reinforcement layout

4.3 Hinge Set 05 Performance
The application of the full earthquake duration to the identified optimum hinge
configuration revealed a total collapse of the arch at13.12 seconds (see Fig. 8). However,
increasing the friction angle of the model from 22° to 50° resulted in an arch that did not fail
from the original or double scaled dynamic condition as can be seen in Fig. 9.

Figure 8: Collapse time identification for hinge set 05.

Figure 9: Vertical crown displacement versus time for hinge set 05 with a high friction angle.
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5

CONCLUSIONS

The Reinforcement of masonry arches is critical for resisting seismic collapse. This work
presented the numerical examination of a class of admissible mechanisms for a dry-stack
masonry arch subjected to hinge control. From the analyses the increase in performance if
directly observed for all hinge-controlled conditions, but it was also observed that removal of
slip is as important as defining the joints for obtaining the best performance.
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Abstract
Preservation of archaeological asset in Pompeii site requests a systematic planning of
conservation interventions based on an interdisciplinary knowledge of the built heritage, in
the respect of principles of compatibility, reversibility, distinguishability and minimum intervention. Nevertheless, a specific knowledge of constructive techniques used by Roman builders in the ancient Pompeii is still lacking, especially with respect to material mechanical
properties. Nowadays, structural interventions are designed based on mechanical properties
provided from Italian technical Standard for existing buildings.
In this study, mechanical properties of ancient mortars from Pompeii archaeological site
are investigated. Eleven specimens of ancient mortars were collected. They come from masonry structures involved in the 79 A.D. Vesuvius’ eruption and emerged for the first time as
part of the new archaeological excavation works in Regio V, started on May 2018. Furthermore, twelve new lime-based mortars specimens by using two different aggregates were made
based on literature provisions about ancient Roman construction techniques. Compressive
tests were carried out on ancient and new mortars specimens and the results are herein presented and discussed.

Keywords: Ancient Mortars, Pompeii archaeological site, Mechanical properties, Destructive
tests.
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1

INTRODUCTION

The preservation of archaeological heritage in Pompeii site set a special issue as regards
the balancing between the protection of material testimonies of inestimable value and of the
huge number of visitors hosted every day. A systematic planning of conservation interventions based on an interdisciplinary knowledge of the built asset is needed, in the respect of
compatibility, reversibility, distinguishability and minimum intervention. From 2012, a general plan of intervention started with the Great Pompeii Project (GPP). The project aims to
improve the conservation conditions of the site's structures also on the basis of an in-depth
knowledge program [1].
Nevertheless, a specific and comprehensive knowledge of typical constructive techniques
and their mechanical properties in the ancient Pompeii is still lacking. In order to design conservation interventions according to current Italian technical Standards [2, 3], it is necessary
to collect such information [4]. An investigation on mechanical properties of both masonry
structures and their components (mortars and units) is needed [5]. It can be carried out by
means of destructive tests (DT) or non-destructive tests (NDT).
As concerns mortars, European Standard [6] codifies traditional DT tests in laboratory on
standard-size specimens. In the archaeological field, the collection of such standard-size specimens is limited: i) for conservation reasons, it is not allowed to extract large volume specimens from ancient structures; ii) for technical reasons, it is hard possible to obtain undamaged
specimens. In technical literature, some methodologies for compressive and flexural tests on
small specimens are presented [7, 8]. It should be also considered that: i) standard tests are
generally more reproducible; ii) non-standard tests results are not directly comparable with
standard tests results; iii) non-standard tests on mortar joint specimens requires the sampling
of an entire piece of joint [7, 8]; iv) mortar joint are usually deteriorate; v) mortar joint can be
different from the internal core [9].
As concerns NDT, the technical literature only reports in situ tests for the characterisation
of ancient mortars by penetration methods (drilling or percussion) [7, 10]. However, this kind
of tests are calibrated for contemporary cement concrete so their application to the archaeological asset requires further experimentation. Moreover, these tests can be carried out only on
the external part of the mortar joints, rather than on the internal core of the masonry structures.
The knowledge of mechanical behaviour of ancient mortars is not only important for the
assessment of the safety level of ancient masonry structures, but also to the choice of material
and techniques for repair and retrofitting [5]. Indeed, new mortars for restoration interventions
must have similar mechanical properties to the ancient ones, as well as the physical, chemical
and aesthetic characteristics.
In this paper, mechanical properties of ancient Pompeian mortars are investigated. Eleven
specimens of ancient mortars were collected. They come from masonry structures involved in
the 79 A.D. eruption and emerged for the first time during the new archaeological excavation
works in Regio V, started on May 2018 (Figure 1). Furthermore, twelve new lime-based mortars specimens were made based on Vitruvian provisions. Two different aggregates, tuono and
pozzolana, were used to realize new mortars. Compressive tests were carried out on ancient
and new mortar specimens.
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Figure 1: Archaeological Pompeii site borders (red), Regio V borders (blue) and new archaeological excavation
works area (yellow) [https://www.google.it/maps, accessed Jenuary 2019]

2

ANCIENT MORTARS

The new archaeological excavation works in Regio V, started on May 2018, gave the opportunity to survey and to analyse constructive materials and structures emerged for the first
time since 79 A.D. Vesuvius’ eruption. Five original specimens of ancient mortars were collected during the excavation works in three different points of the yard area: two from Via del
Vesuvio; one from Vicolo delle Nozze d’Argento; two from Vicolo dei Balconi (Figure 2).

Figure 2: Localization of ancient specimens in the new archaeological excavation works area in Regio V

Each specimen was named by an alphanumeric code made by the initials of the name of
the street were they were found (i.e. Vesuvio “V”, Nozze d’Argento “ND”, and Balconi “B”)
and a serial number. Figure 3 shows the ancient mortar specimens along with their labels.
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Ancient mortars specimens

V1

V2

ND

(a)

(b)

B1

B2
(c)

Figure 3: Ancient mortar specimens from archaeological Pompeii site: two from Via del Vesuvio, V1 and V2 (a);
one from Vicolo delle Nozze d’Argento, ND (b); two from Vicolo dei Balconi, B1 and B2 (c)

The specimens represent a unique opportunity to carry out standard DT to characterize the
mechanical properties of ancient mortars. Based on their size, it is possible to assume that
they belong to the core of masonry structures rather than from the external part of the mortar
joints. Indeed, the collected specimens had a sufficient size to obtain standard cubic specimens, according to [6].
The laboratory tests were carried out according to [6]. Given the impossibility to obtain
standard-size specimens for the flexural test, standard cubic specimens 40 mm x 40 mm x 40
mm were realized. Eleven cubic specimens were obtained (four specimens from the piece V1 V1-1, V1-2, V1-3 and V1-4 - one from V2 - V2-1 - three from ND - ND-1, ND-2 and ND-3 one from B1 - B1-1 – and two from B2 - B2-1 and B2-2). In order to prevent damage to the
original specimens, the cubes were made in dry conditions. Figure 4 shows the eleven ancient
mortar cubic specimens.

V1-1, V1-2, V1-3, V1-4

B1-1
ND-1, ND-2, ND-3

V2-1
(a)

(b)

B2-1, B2-2
(c)

Figure 4: Eleven ancient mortar cubic specimens: V1-1, V1-2, V1-3, V1-4 and V2-1 (a); ND-1, ND-2 and ND-3
(b); B1-1 and B2-1 and B2-2 (c)
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3

NEW MORTARS

Restoration interventions on ancient masonry structures shall be designed according to the
principles of compatibility, reversibility, distinguishability and minimum intervention. From
an engineering point of view, new restoration materials should simulate the structural behaviour of the ancient ones, in the respect of Italian technical Standards prescription [2, 3].
As concerns mortars, a comparison between standard laboratory tests results on ancient
mortar specimens and on new mortar specimens can be useful to assess the choice of new
mortar for repairing actions. Therefore, proper new mortars for repair interventions were realized on site during the archaeological excavation works in Regio V and then tested in laboratory. This to assess the structural compatibility between new mortars for repairing and ancient
ones according to Italian technical Standards.
New mortars’ composition was chosen according to Vitruvian provisions and current literature suggestions [5, 10, 11, 12, 13, 14, 15]: the ratio binder/aggregate 1:3 was fixed.
Two different aggregates were chosen for the production of new mortars. The first one is a
Phlegrean pozzolana, according to literature on ancient Roman hydraulic concretes and mortars [12, 13]. Ancient Roman builders in Campania used this kind of volcanic ash from
Phlegrean Fields and called it pulvis puteolanus [11, 14, 15]. The second aggregate is also a
volcanic ash, called tuono, generated from the Vesuvius’ eruption of 79 A.D. and brought to
light during the new archaeological excavation works in Regio V. This material is abundant in
this area of the archaeological site and available with no cost.
Two types of new mortars were made by using the two different aggregates with the same
aerial binder. Putty lime was used according to ancient techniques [14, 16]. The specific
weights of materials were the following: pozzolana 12.00 kN/m3; tuono 17.50 kN/m3; certified lime putty 13.00 kN/m3. Laboratory tests were carried out at one month and two months
of curing time with the aim of evaluating mechanical properties of new mortars at different
curing time.
Tests were carried out according to [6]. The new mortar specimens consisted of four sets:
two sets of pozzolana-based specimens and two sets of tuono-based specimens. Each set consisted of three prismatic specimens, dimensions 40 mm x 40 mm x 160 mm. The first two set
of specimens (pozzolana-based P1, P2, P3 and tuono-based T1, T2, T3) and the second one
(pozzolana-based P4, P5, P6 and tuono-based T4, T5, T6) were tested at one month and two
months of curing time, respectively (Figure 5).
Specimens were realized on site and stored inside the moulds on site in ordinary conditions
of temperature and humidity. According to [6], each prism was firstly tested to investigate the
flexural capacity and then the resultant two half prisms subjected to compressive tests.

(a)

(b)

Figure 5: New mortars specimens: specimens tested at one month of curing time (P1, P2, P3 and T1, T2, T3) (a)
and specimens tested at two months of curing time (P4, P5, P6 and T4, T5, T6) (b)
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4

EXPERIMENTAL TEST RESULTS

The compressive strength of both ancient and new mortar specimens were derived from
uniaxial compression tests [6].
The load was applied under displacement control at a constant velocity 0.01 mm/s. Linear
Variable Displacement Transducers (LVDTs) have been applied to the ancient mortar specimens (Figure 6).

(a)

(b)

Figure 6: Compressive test set up: ancient mortar specimens with LVDT (a); new mortar specimens (b).

The experimental axial stress-axial strain relationships are reported in Figure 7 and Figure
8 for ancient and new mortar specimens, respectively. For each specimen, the axial stressaxial strain relationships show a first linear upward trend up to the maximum stress followed
by a second decreasing branch “softening”; once the maximum load was achieved, a gradual
formation of cracks in the mortar were observed. A point representing the failure, conventionally assumed at 80% of the maximum stress, is also reported in Figure 7 and Figure 8.
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Figure 7: Axial stress-axial strain relationships: V1-1, V1-2, V1-3, VA-4 (a); V2-1 (b); ND-1, ND-2, ND-3 (c);
B1-1 (d); B2-1, B2-2 (e)
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Figure 8: Axial stress-axial strain relationships: pozzolana-based specimens tested at one month curing time (a);
tuono-based specimens tested at one month curing time (b); pozzolana-based specimens tested at two months
curing time (c); tuono-based specimens tested at two months curing time (d)

Table 1 and Table 2 summarizes the specimens’ characteristics for ancient and new mortars, respectively. In particular, they report information on: weight, P, density, ρ, maximum
axial stress, σmax, ultimate axial strain, εu. The density was determined from the ratio between
the weight and the volume of cubic specimens for ancient mortars and of prismatic specimens
for new ones. The ultimate axial strains, εu, have been computed with reference to conventional failure (i.e. 80% of maximum stress). Average characteristics for each set of specimens
are also reported in Table 1 and Table 2.
Ancient mortars showed almost the same behavior with similar values of compressive
strength, except for two specimens. Indeed, nine specimens out of eleven showed an average
compressive strength of 0.41 MPa (CoV 14%). Two specimens, V2-1 and B1-1, showed significantly higher values of compressive strength (respectively 1.24 MPa and 1.61 MPa). Note
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that the first nine specimens had also similar density with an average value of 10.28 kN/m3,
CoV 5%, while the two others both had a density of 11.88 kN/m3, 16% greater than the average value. The highest density along with the highest compressive strength could be related to
further different properties in their original status or to a different level of exposure to chemical, physical and mechanical deterioration from the 70 A.D. Vesuvius’ eruption until today.
However, all the ancient mortar specimens showed lower compressive strength than 2.50 MPa
that is the minimum compressive strength of mortar allowed for new masonry structures according to Italian technical Standard [2].
As concerns new mortars, pozzolana-based specimens showed higher compressive strength
than tuono-based specimens both at one month and at two months of curing time (average
values of respectively 2.39 MPa and 2.87 MPa for pozzolana-based specimens and 2.09 MPa
and 2.52 MPa for tuono-based specimens). Both mixtures showed an increase of compressive
strength at two months of curing time (20% for pozzolana-based specimens and 21% for
tuono-based specimens) and complied with the minimum compressive strength of mortar allowed for new masonry structures according to Italian technical Standard [2].
Considering that tuono is abundant and available with no cost, in the new archaeological
excavation works area, its use for restoration interventions could be taken into account after
prior evaluation of compatibility and durability.
Specimen
V1-1
V1-2
V1-3
V1-4
Average
V2-1
ND-1
ND-2
ND-3
Average
B1-1
B2-1
B2-2
Average

P
[kg]
0.063
0.063
0.062
0.067
0.064
0.076
0.070
0.070
0.069
0.070
0.076
0.065
0.063
0.064

ρ
[kN/m3]
9.84
9.84
9.69
10.47
9.96
11.88
10.94
10.94
10.78
10.89
11.88
10.16
9.84
10.00

σmax
[MPa]
0.48
0.41
0.42
0.40
0.43
1.24
0.48
0.45
0.35
0.43
1.61
0.32
0.36
0.34

εu
[-]
3.71%
3.47%
3.64%
3.97%
3.51%
1.23%
3.21%
3.49%
3.00%
3.23%
2.51%
3.19%
3.96%
3.58%

Table 1: Experimental outcomes on ancient mortar specimens
Specimen
P1-A
P1-B
P2-A
P2-B
P3-A
P3-B
Average
T1-A
T1-B
T2-A

P
[kg]
0.291
0.291
0.310
0.310
0.306
0.306
0.302
0.366
0.366
0.380

ρ
[kN/m3]
11.37
11.37
12.11
12.11
11.95
11.95
11.81
14.30
14.30
14.84
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σmax
[MPa]
2.60
2.32
2.38
2.34
2.51
2.17
2.39
2.06
2.06
2.09

εu
[-]
4.97%
4.89%
4.58%
3.44%
4.08%
4.60%
4.42%
4.46%
4.11%
3.93%
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T2-B
T3-A
T3-B
Average
P4-A
P4-B
P5-A
P5-B
P6-A
P6-B
Average
T4-A
T4-B
T5-A
T5-B
T6-A
T6-B
Average

0.380
0.393
0.393
0.380
0.276
0.276
0.287
0.287
0.286
0.286
0.283
0.368
0.368
0.355
0.355
0.361
0.361
0.361

14.84
15.35
15.35
14.83
10.78
10.78
11.21
11.21
11.17
11.17
11.05
14.37
14.37
13.87
13.87
14.10
14.10
14.11

2.11
2.10
2.11
2.09
2.88
2.71
3.10
2.90
2.91
2.72
2.87
2.66
2.68
2.32
2.31
2.69
2.46
2.52

6.83%
4.08%
4.74%
4.69%
5.06%
3.60%
3.76%
5.07%
4.33%
5.10%
4.48%
4.85%
6.04%
4.75%
4.21%
5.20%
4.26%
5.05%

Table 2: Experimental outcomes on new mortar specimens

5

CONCLUSIONS

In this paper, mechanical properties of ancient mortars specimens from Pompeii site and of
new mortars specimens specifically realized to reproduce ancient one and to be used for repair
interventions are investigated. Compressive tests were carried out on eleven specimens of ancient mortars and on twelve specimens of new mortars made by two different type of aggregate: pozzolana and tuono. In order to evaluate the curing time effects, six new mortar
specimens were tested at one month and six specimens were tested at two months of curing
time.
The tests showed that:
 Nine out of eleven ancient mortar specimens showed very similar compressive strength,
average of 0.41 MPa, CoV 14%; by contrast, the remaining two specimens showed average compressive strength of 1.24 MPa and 1.61 MPa, respectively.
 Ancient mortar specimens showed compressive strength in the range 0.34 – 1.61 MPa,
definitely lower than the minimum compressive strength of mortar allowed for new masonry structures provided from Italian technical Standards [2].
 New mortar specimens showed higher compressive strength for pozzolana-based specimen than tuono-based specimens both at one month and at two months of curing time
(average values of respectively 2.39 MPa and 2.87 MPa for pozzolana-based specimens
and 2.09 MPa and 2.52 MPa for tuono-based specimens).
 New mortar specimens showed an increase of compressive strength at two months of
curing time for both type of mixtures (respectively +20% of σmax for pozzolana-based
specimens and +21% of σmax for tuono-based specimens).
 At two months of curing time tuono-based specimens showed closer mechanical properties to the original mortars than pozzolana-based specimens and they may represent a
sound solution for repairing/restoration interventions.
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Abstract
The present work is aimed to present the preliminary results of a numerical-geometrical strategy for both representing and using nonlinear static analysis outcomes. Indeed, the local collapses of structural elements, which typically involve the historical masonry structures, can
produce an inaccurate evaluation of the structural performance under seismic loads. To this
end, nonlinear static analysis has been used as a tool to detect the out-of-plane failure mechanisms that might occur. The general idea is to take into account an appropriate number of
control points strategically where collapse mechanisms might happen. In this framework, in
the position of each control point, a sphere having a size proportional to the detected displacement has been defined. A second objective is to highlight the relationship between the architectural survey, performed using Digital Photogrammetry, and the geometric definition of the
structural model. The proposed approach is verified by performing numerical simulations conducted to the San Fili Castle of Stignano (RC), located in the south of Italy.

Keywords: Historical masonry structures, Digital Photogrammetry, 3D FE model, Pushover
Analysis, Multi-Control Points.
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1

INTRODUCTION

Natural hazards have caused damage to cultural heritage, heavy economic losses and difficult reconstruction processes [1-3].
With reference to earthquake events and the structural response of the historical buildings,
the knowledge process plays a very important role for a reliable assessment of the current seismic safety and for the choice of an effective action of improvement. According to Italian Code
NTC 2018 [4], building masonry knowledge can be achieved with different detail levels, depending on the accuracy of the survey operations. Therefore, it is necessary to improve the
analysis techniques and the interpretation of historical artefacts through cognitive stages characterized by different degrees of reliability, taking into account also their impact [5]. Due to the
high complexity level of these buildings, different devices and numerical methodologies have
been successfully utilized as support for seismic investigation [6-8]. In terms of geometric survey, Digital Photogrammetry, as well as Laser Scanner technique, represents an excellent way
to acquire complex shapes [3, 5].
Once defined the geometrical model, different kind of approach might be used to assess the
seismic vulnerability. In literature, there are several attempts in which Finite Element (FE) analyses have been adopted to evaluate the seismic performance of historical constructions [9],
defensive structures [10-12] and churches [1, 13, 14]. Typically, masonry constructions, under
seismic loads, might fail upon formation of local failure mechanisms, usually activated at very
low levels of horizontal accelerations, which are responsible for the collapse of specific macro
elements [15, 16]. For this reason, classic Pushover Analysis (PA) which detect the displacement of just one control point might produce completely inaccurate results [15]. To avoid incorrect assessment of the seismic resilience of the investigated case studies and to detect
properly the collapse mechanism involved, using PA with a multi-control points approach is
strongly recommended. This approach can bring to evaluate correctly the position of the weakness points of the historical structures making possible the choice of the best retrofitting system.
The present paper aims to show some preliminary results about a new way to represent the
results arising from PAs by using an appropriate number of control points. In this framework,
a digital tool has been developed in order to represent the damage evolution by using spheres
in which their radiuses are proportional to displacements detected, whereas each centroid has
the same coordinates of the control point which represents. The spheres dimensions can provide
information about the damage occurred and the position of weakness points of the investigated
structure, becoming a useful tool to taking decision about structural strengthening technique.
The case study adopted to verify the proposed methodology is the San Fili Castle of Stignano
(RC), located in the southern of Italy.
The outline of the paper is as follows: Section 2 illustrates the geometrical and material
description of the structure; Section 3 presents the workflow of the proposed procedure which
is inspired to previous author’s work [5]. In Section 4 the results arising from Eigen-frequency
and PAs are reported. Finally, in Section 5 the conclusions about the reported results are presented.
2

THE CASE STUDY: THE SAN FILI CASTLE OF STIGNANO (RC)

The San Fili Castle is located in the town of Stignano (Reggio Calabria, Italy). The structure
is placed on the tableland of a promontory that dominates the Ionian coast. It is very close to
the circular tower which is part of the defensive system built by Carlo V during the sixteen
century.
The castle has two stories, ground floor, and the noble floor. As represented in Fig. 1, the
main part has a triangular-shape. Three towers are englobed on the vertices of the main part:
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two squared on both sides of the north façade, whereas on the opposite side the third one shows
a pentagonal shape.
Inside, the structure shows vaulted-floor solutions: semi-circular barrel vaults for the rooms
of the two square-towers; barrel with cycloidal cross-section for the central room with hexagonal-shape on the ground floor; cloister vault for the central room with octagonal-shape on the
first floor and for the triangular-shape room opposite to the internal staircase; barrel vault for
the interiors of pentagonal tower.

Figure 1: Vertical section A-A’ (a); Ground Floor Plan (b); East front derived from 3D Survey (c); North front
derived from 3D Survey (d); South front derived from 3D Survey (e); West front derived from 3D Survey (f);
Three dimensional views (g) and (h); Point Cloud derived from Digital Photogrammetry (i).

3

NUMERICAL MODELLING

3.1 From Point Cloud to FE model
In order to obtain a FE model derived from point cloud, different devices and methodologies
were needed. In this context, the flowchart reported in [5] has been used. Since that a point
cloud arising from 3D Laser Scanning was not available, Digital Photogrammetry has been
performed to re-build a digital model of the full geometry.
Thus, to acquire the full geometry of the case study (indoor and exterior), 334 Images were
needed: 250 for the indoor spaces, 84 for the exterior. Each single room and the exterior have
been re-build by using Agisoft Photoscan [17], which allow us to merge all the point clouds in
a single database. The final database is formed by 85 million points, which represent the numerical three dimensional model of the investigated construction.
At this stage, the procedure proposed by [5] has been carried out in order to get a FE model without shape idealizations. The steps involved in the proposed procedure are summarized
in Fig. 2.
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Without going into too much details, the NURBS model has been saved in the .IGES format and it was imported into Abaqus CAE [18]. The geometrical representation was meshed
by using 71637 TETC3D4 elements with 20351 nodes (Fig. 2c). Finally, the FE model was
completed by introducing both the masonry’s mechanical properties and the boundary conditions.

Figure 2: Synoptic representation of the procedure to get a FE model starting from point cloud: point cloud derived from Digital Photogrammetry (a), NURBS model (b), FE model (c).

3.2 Material model adopted
In the present study, the lowest level of knowledge LC1 is considered achieved in the absence of specific in-situ test. Consequently, the values adopted for the mechanical properties
are taken in agreement with Explicative Notes [19], assuming a masonry typology formed by
blocks of soft stone (tuff, limestone).
With reference to the indications provided from the Table C8A.2.1 of [19], it is possible to
extrapolate the mechanical properties referred to following masonry typology: mortar of poor
quality, un-coursed, single leaf wall or poorly interlocking leaves, unreinforced masonry, good
pattern wall. The achievement of a LC1 involves the use of the lower values of the aforementioned table, both for the strength parameters and for the elastic ones. These values are shown
in the first, third and fourth columns of Tab 1.
The nonlinear behavior of masonry has been described by means of the Concrete Damage
Plasticity (CDP) model available in Abaqus [20]. The CDP model is based on the assumption
of a scalar isotropic damage with different description in tension and in compression [21]. In
the softening branch, in both compression and tension stress-strain relationships, the damage
variables (dc and dt) are adopted to reduce the initial elastic modulus by means of the following
standard relationships:
 c  (1  dc ) E0 ( c   cpl )
(1)
 t  (1  dt ) E0 ( t   tpl )
It should be noted that in the present work, the damage is assumed active in tension only,
since the tensile strength of the material is very low, especially in comparison with the compressive.
The mechanical properties utilized in the simulations are summarized in Tab.1, as well as
other important parameters adopted in the simulation for masonry with CDP in Abaqus are
summarized in Tab. 2.
Ε [MPa] ν
870
0.25

Compressive strength [MPa]
1.4

Tensile strength [MPa]
0.09

Table 1: Material properties used in the numerical analysis.
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Eccentricity
0.1

fb0/fc0
1.16

Dilatancy angle ψ
20

Kc
0.667

Viscosity parameter
0.0001

Table 2: Main modelling parameters adopted in the simulation for masonry with CDP in Abaqus.

4

RESULTS

In this section, sensitivity analysis to set the elastic springs that simulate the external access
staircase will precede the results of the static nonlinear analysis.
4.1 . Setting Stiffness elastic springs
As a matter of fact, the staircase used to access in the Stignano Castle is a very weakness
element because its conformation (e.g. stiffness and material) might cause a localized collapse
mechanism for low vertical or horizontal loads. For this reason, in order to detect the seismic
capacity of the investigated case study without taking into account trivial collapse mechanisms,
the staircase has been simulated with two elastic springs.

Figure 3: Comparisons in terms of deformed shapes of the first main modes between the WS and NS.

Stiffness
(kN/m)
1.5·102
4.0·102
1.0·103
2.0·103
2.5·103

Natural Frequencies of the NS system (Hz)
Mode I
Mode II
Mode III
5.5700
5.8600
6.0800
5.5716
5.8640
6.0854
5.5730
8.8650
6.0862
5.5752
5.8650
6.0867
5.5763
5.8650
6.0867

Table 3: Natural frequencies of the NS system related to the linear springs stiffness.
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In order to set the stiffness values of the elastic springs, a natural frequencies sensitivity
analysis has been performed. Tab. 3 shows the values of the extracted frequencies obtained by
the manual changing of the spring stiffness, which are able to simulate the staircase interaction
in the geometrical configuration Without Staircase (NS). The results closest to the target one,
which is represented by frequencies modes of the model With Staircase (WS), are highlighted
in Tab. 3. Finally, in Fig. 3, comparisons in terms of deformed shapes of the first main modes
between the WS and NS are reported.
4.2 Nonlinear Pushover Analysis
The nonlinear PA is capable to predict the seismic vulnerability expected in case of earthquake. Typically, the analysis process consists to apply the vertical action including gravity
loads and then to considering the seismic forces, acting separately along the positive and negative geometric directions (X and Y) of the analyzed structure (Fig. 1b).
In the present work, the evaluation of the load carrying capacity is performed by a mass
proportional force distribution. As known, by using implicit time integration schemes [22, 23],
the softening behavior, which is typically expected by the CDP, is hardly reproducible, since
non-convergent behaviors of the solution might have happened. For these reasons, several attempts where an explicit time integration scheme to solve highly nonlinear systems under quasistatic or dynamic loads condition have been proposed in [24-26].

Figure 4: Pushover curves of the three control points (Load directions: +X and -X); comparisons in terms of
damage prediction; 3D representation of the spheres.

In the present work, an explicit central difference method has been adopted to integrate the
equilibrium equations in the time domain. In order to improve the convergence and the accuracy
of the solution, a time increment equal to 5E-5 in all regions of the model has been used. For
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this time increment, the kinetic energy is a small fraction of the internal energy of the model
(less than 5%) and hence the simulations can be considered quasi-static.
The obtained pushover curves are reported in Figs. 4 and 5. As a matter of fact, in this case,
the control points selection plays a very important role in the evaluation of the seismic vulnerability because the three control points, namely C1, C2 and C3, shown different displacement
values at the collapse time.
On the right section of Figs. 4 and 5, both damage prediction and 3D representation of the
spheres, where their radiuses are proportional to displacements detected, are reported. The
meaning of the spheres representation can be multiple. This kind of 3D representation can be
useful to evaluate qualitatively the most vulnerable parts of the structure, identify the local
failure mechanism activated (with the support of the damage patterns and displacement maps)
and taking decision about the retrofitting strategy. In Tab.4, out-of-plane failure mechanisms
activated for each loading configuration are reported [27].

Figure 5: Pushover curves of the three control points (Load +Y and -Y). Comparisons in terms of damage prediction; 3D representation of the spheres.

Loading direction
Failure mechanism activated
+X
Vertical overturning with 2 side wings – North-West tower
-X
Vertical overturning with 2 side wings – North-East tower
+Y
Vertical overturning with 2 side wings – North front
-Y
Corner failure of South tower
Table 4: Out-of-plane failure mechanisms activated for each loading configuration.
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5

CONCLUSIONS

The present work represents the first step for the seismic vulnerability assessment of the San
Fili Castle. After the setting of the linear springs able to simulate the staircase structural interaction, the seismic capacity of the building was evaluated. Based on the results and discussions,
the following conclusions can be drawn.
 Activated failure mechanisms are always local.
 Multi-control approach is able to detect the out-of-plane failure mechanisms.
 The use of the representation of the control point displacements through the spheres can
be helpful to understand some structural behaviors by using impressive representations.
 In order to draw clearly the seismic capacity of the analyzed building, future studies
taking into account nonlinear dynamic analysis or limit analysis are needed.
 The design of an appropriate Structural Health Monitoring system might provide more
information about the structural integrity of the San Fili Castle.
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Abstract. The development of vibration-based long-term SHM methods for damage detection
and preventive conservation of historic masonry buildings is receiving a growing trend of scientific interest. At the state of the art, well-acknowledged techniques for damage detection have
been developed and validated, especially when dealing with earthquake-induced damages. The
next scientific challenge to deal with in SHM is therefore damage localization, thus, not just
detecting the occurrence of a damage, but also inferring, with a certain level of confidence, its
location. This paper presents a methodology aimed at addressing the damage localization task
in heritage masonry structures, based on Incremental Dynamic Analysis (IDA) carried out from
a numerical model together with data recorded during the earthquake. IDA curves are built with
reference to different portions of the structure, relating some local damage parameters (DMs) to
some seismic or response intensity measures (IMs) and earthquake’s intensity is used for locally
identifying the damage in such portions. The choice of IM represents an important aspect of the
IDA curves effectiveness and an appropriate study is carried out. The proposed methodology
is validated through application to the numerical model of a reduced-scale masonry structure,
called Brick House, which represents a well-known international benchmark case study tested
on the LNEC-3D shaking table. The obtained results demonstrate that the proposed methodology is capable of achieving earthquake-induced damage detection and localization with a good
level of approximation.
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1

INTRODUCTION

Well-acknowledged data-driven techniques for earthquake-induced damage detection (EIDD)
have been developed and validated in the scientific literature, within vibration-based long-term
Structural Health Monitoring (SHM), aimed at preventive conservation of historic masonry
buildings. Among them, data-driven damage detection methods using modal parameters as
damage-sensitive features represent consolidated and validated techniques for EIDD in Cultural Heritage (CH) masonry structures, even at stages when damage is not yet detectable by
visual inspections [1, 2, 3, 4, 5, 6]. Nevertheless, methods addressing higher levels of damage identification with a certain accuracy are yet to be defined. This paper seeks to tackle this
challenge by presenting a numerical model-based methodology for earthquake-induced damage
localization (EIDL) in masonry structures.
The proposed methodology is based on Incremental Dynamic Analysis (IDA) [7] combined
with seismic data recorded via long-term vibration-based SHM. It requires the construction and
tuning of a numerical model of the considered structure. In this regard, IDAs are carried out
from a well calibrated numerical model, considering a suitable non-linear constitutive model
for the masonry material, and relate a Damage Measure (DM) against one or more Intensity
Measures (IMs). In the present work, each IDA curve is referred not to the whole structure
but to some individual specific regions of the numerical model, called Parts, which it is ideally
subdivided into. Hence, regional IDA curves can be used, for damage localization and quantification, through an appropriate IM of a seismic event. It can be either a seimic input IM
(structure independent) or a structural response one (structure dependent). A particular focus
has been dedicated to an in-depth study of all IMs existing in literature and, moreover, to the
definition of new original ones, since the use of the most suitable IMs represents an important
aspect in IDA’s results and effectiveness. A statistical correlation study between IMs has been
carried out, considering one hundred seismic records from the Italian Accelerometric Archive.
Decisions on whether choosing some and discarding others have been made, taking also into
account their capabilities to describe the main characteristics of an earthquake. Seismic input
to non-linear dynamic analyses of structures is usually defined in terms of acceleration time series whose response spectra are compatible with a specified target response spectrum. For this
purpose, the generation of seven accelerograms spectrum-compatible to the elastic response
spectrum prescribed by the New Zealand Standards for the site of Christchurch city, has been
described. The corresponding acceleration time histories are then appropriately scaled for IDA.
The proposed methodology is applied and validated through application to the Finite Element
(FE) model of a well-known case study, named Brick House. It is a simple masonry structure,
but an international scientific benchmark being tested on the LNEC-3D shaking table, whose
obtained experimental results act as reference for calibration of the corresponding numerical
model. The results demonstrate that the proposed numerical-based procedure is capable of
correctly localizing earthquake-induced damage in different regions of the structure, and of
quantifying it with a certain level of confidence.
The paper is organized as follows. Section 2 describes the proposed methodology for earthquakeinduced damage localization. Section 3 presents the considered case study, detailing both reference main experimental results and FE numerical modeling. Section 4 reports the results and
validation of the proposed methodology and, finally, Section 5 summarizes the main conclusions that can be drawn from the work.
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2

THE PROPOSED METHODOLOGY

The proposed methodology, aimed at addressing the damage localization task in heritage
masonry structures, is based on Incremental Dynamic Analysis (IDA) carried out from a well
calibrated numerical model together with data recorded during the earthquake.
IDA represents a parametric analysis method capable of thoroughly estimating structural
performance under dynamic and seismic loads [7]. It involves subjecting the FE model to one
(or more) ground motion record(s), each scaled to multiple levels of intensity, thus producing
one (or more) curve(s) of response parameterized versus the intensity level. An IDA study
allows a thorough understanding of the range of response or ‘demands’ versus the range of
potential levels of a ground motion record, as well as, a better understanding of the structural
response/implications as the ground motion intensity increases to more severe levels. Moreover, in the framework of performance-based earthquake engineering (PBEE), the assessment
of demand and (global collapse) capacity is viewed through the lens of an IDA study. The IDA
curve contains the necessary information to assess performance levels or limit states. Indeed,
different levels of capacity can be associated to different limit states.
Basic hierarchical concepts of Incremental Dynamic Analysis are listed below:
• Unscaled single acceleration time-history: a1 , defined as a vector a1 (ti ), ti =0,t1 ,...,tn−1 .
• Scale Factor (SF) of a scaled accelerogram: λ ∈ [0, +∞) that produces aλ = λ · a1 .
• Monotonic Scalable Intensiy Measure (IM): non-negative scalar IM ∈ [0, +∞) that constitutes a function of the scaled accelerogram aλ , IM=fa1 (λ).
• Damage Measure (DM): non-negative scalar DM ∈ [0, +∞) representing the output of
the corresponding non-linear dynamic analysis on the structural model.
• Single-Record IDA Study: a dynamic analysis study of a given structural model parameterized by the SF applied to a1 (ti ), thus, involving a series of dynamic non-linear runs
performed under scaled images of a1 (ti ).
• IDA Curve: plot of a DM recorded in an IDA study versus one or more IMs that characterize aλ (+2D plot).
A Single-Record IDA Study is accelerogram and structural model specific. When subjected to
different ground motions, a model will often produce quite dissimilar responses that are difficult
to predict a priori, being not able to fully capture the behaviour that a building may display in
a future event. In other words, it can be highly dependent on the chosen record, so a sufficient
number of records is needed to cover the full range of responses. Hence, the structural model
has to be subjected to a suite of ground motion records.
• Multi-Record IDA Study: a collection of single-record IDA studies of the same structural
model, under different accelerograms.
• IDA Curve Set: a collection of IDA curves of the same structural model under different
accelerograms, that are all parameterized with respect to the same IMs and DM.
A detailed overview of the aforementiond basic concepts can be found in[7].
The methodology proposes IDA curves generated with reference to individual different portions of the structure (and not the whole structure), relating some local damage parameters
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(DMs) to selected seismic or response intensity measures (IMs). Seismic input and/or numerical response intensities (IMs) can be used in such curves for local identification and quantification of damage (DM) in each portion. A Single-Record IDA Study results into an IDA Curve
which constitutes a mathematical entity, relating one or more DMs to one or more IMs:

DM = f (IMs)

(1)

where DM = (DM1 , DM2 , ..., DMn ) and IMs=(IM1 , IM2 ,...,IMm ) with n referred to n different regions of the numerical model and m the total number of best IMs considered. Assuming
monotonic IMs, the IDA curve in (Eq. (1)) becomes a function (R∗m → R∗n ), being R∗ the set of
non-negative real numbers. Relationship between DM and IMs is multidimensional, whereby,
the results of an IDA study, expressed by Eq. (1), can be presented in a multitude of different
IDA curves, depending on the choices of IMs. Such a choice represents an important aspect of
the IDA curves effectiveness, hence an appropriate study is carried out in Section 4.1. Moreover, given the dependence of IDA on the chosen record and taking into account the variability
of structural responses with respect to different ground motions a suite of ground motion records
has been considered. At least seven seismic records should be considered, as suggested by technical standards [8], aimed at covering full range of responses, different seismic characteristics
in terms of energy, frequency content and more.
The scheme of the proposed methodology is illustrated in Fig. 1.

Figure 1: Scheme of the proposed methodology.
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3
3.1

BRICK HOUSE
Experimental model

As introduced before, the IDA methodology has been validated through the numerical simulation of the Brick House, whose experimental conterpart was tested in the LNEC-3D shaking
table. The tests, carried out in the scope of the workshop “Methods and Challenges on the
Out-of-Plane Assessment of Existing Masonry Buildings” [9], aimed at the assessment of its
out-of-plane performance under dynamic and seismic loading.
The Brick House mock-up was built using regular fired clay bricks with an English bond
masonry arrangement, yielding a total wall thickness of around 23.5 cm. It presented three
walls set out according to a U shape layout: the façade wall with a central opening and a gable
on top and the two orthogonal sidewalls, acting as abutments, of which only one was pierced
by a window.
Unidirectional seismic loading, in the perpendicular direction to the façade, was applied
with increasing input intensity testing protocol up to collapse. The pre-processed N64E strong
ground motion component of the Christchurch (New Zealand) earthquake of February 21st 2011
was used. In this way, the façade was loaded in the out-of-plane direction, while the sidewalls
were loaded in-plane but, given the presence of a window in one of the sidewalls, an asymmetric
dynamic behavior was observed, leading to significant torsion of the structure. The seismic test
sequence included eight steps of increasing intensity, where the last one reached an amplitude
of about 12.47 m/s2 . The collapse mechanism observed at the end presented partial collapse
of the gable top of the façade and of the lateral wall with window, while the other sidewall
remained almost intact (see Figs. 2a, b, c). The instrumentation included twenty unidirectional
accelerometers and six linear variable displacement transducers (LVDTs), placed in different
locations for measuring the absolute acceleration responses of the structure, as well as the input
signals on the shake table, and the out-of-plane displacements of the façade, respectively.
Further details on the description of the mock-up, seismic testing, instrumentation setup,
damage pattern and observed collapse mechanisms are presented in [10].
3.2

Construction and validation of FE numerical model

In order to simulate earthquake-induced damage scenarios and carry out IDA aimed at damage localization, a 3D FE model of the Brick House mock-up has been built using the ABAQUS
6.10 platform [11] (see Fig. 3a). A free meshing of solid tetrahedral elements, with mean elements’ dimension of about 10 cm, has been adopted. The choice of such a mesh dimension was

Figure 2: Brick masonry prototype after shaking table test (a) and collapse mechanism scheme with particular
view on the main gable wall (b) and return wall with window opening (c) [10].
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Figure 3: Brick House numerical model: mesh discretization view (a) and damage obtained after Christchurch
earthquake simulation in the main gable wall (b) and in the return walls without (c) and with window opening (d).

the result of a preliminary sensitivity analysis, not reported here for the sake of brevity, looking
for a trade-off between accuracy of the solution and control of computational costs. The model
has been assumed fixed to the ground. At the constitutive level, the same material has been
assigned to the whole structure assuming an isotropic behavior.
Linear mechanical parameters of the masonry can be found in [10], as estimated after characterization in-situ experimental tests on six wallets. The non-linear mechanical behavior has
been here reproduced, as suggested in recent literature works on seismic vulnerability analysis [12], using the classic Concrete Damaged Plasticity (CDP) constitutive model proposed by
Lubliner and co-workers [13] and then modified by Lee and Fenves [14] for cyclic loading and
damage implementation. CDP is a continuum, plasticity-based model for quasi brittle materials
with nonlinear behavior in tension (tensile cracking) and compression (crushing), but elastic in
shear. In the case of the Brick House mock-up, despite the absence of data to accurately describe
the non-linear behavior in tension and the failure of experimental in-situ diagonal compression
tests, the post-elastic material response (with reference to the mortar) in tension and compression (assumed to be exponentially decreasing) is suggested in [15].
In the present numerical model, the aforementioned linear and non-linear parameters resulted
crucial for the calibration process. However, it should be emphasized that, for obtaining full
consistency between numerically predicted and experimentally recorded response accelerations,
an additional manual tuning was needed. The following linear parameters are adopted: Young’s
modulus E, Poisson’s ratio ν, specific weight γ and tensile and compressive strength (σt and
σc ) as reported in Tab. 1. Regarding CDP, with reference to the suggested values, slightly
different but reasonable damage parameters in tension are adopted (see Tab. 2). The description
of the failure condition and of the post-peak behavior depends upon the tensile stresses, σt , the

1277

A. Kita, N. Cavalagli, M.G. Masciotta, P.B. Lourenço and F. Ubertini

E
[kN/m2 ]
3.619E+06

ν
[-]
0.3

γ
[kN/m3 ]
18.9

σt
[kN/m2 ]
252

σc
[kN/m2 ]
2480

Table 1: Mechanical parameters adopted on Brick House FE numerical model.

cracking strains, ε̃ck
t , and the tensile damage variable, dt . In this regard, the behavior of the
masonry has been reproduced up to the ultimate limit state, considering damage in tension only.
The validation of the Brick House FE model has been performed by investigating its damage pattern predicted after Chritchurch earthquake numerical simulation (using the same input
motion of the experimental tests), as illustrated in Figs. 3b, c, d, with reference to experimental collapse mechanism observed in the shaking table test. Furthermore, numerically predicted
and experimentally measured response accelerations are compared in five strategic and meaningful reference points (see Fig. 4). As per displayed plots, the model can be considered well
validated, hence ready for Incremental Dynamic Analysis.
σt
[kN/m2 ]
252
198
99
45
22

ε̃ck
dt
t
[−]
[−]
0.0E-00 0.00
3.0E-05 0.20
8.0E-05 0.40
1.1E-04 0.70
1.8E-04 0.90

Table 2: Mechanical parameters of tension stiffening and tension damage assumed in the numerical model.

4
4.1

INCREMENTAL DYNAMIC ANALYSIS CURVE SETS
Intensiy measures IMs and Damage Measures DMs

One of the most important aspects of a Single-Record IDA Study concerns definition and
choice of a Ground Motion Intensiy Measure, or simply called IM. The results of an IDA study,
expressed by Eq. (1), can be presented in a multitude of different IDA curves, depending on the
used DM and IMs.
In order to thoroughly describe an earthquake, an IM should be able to describe three main
characteristics/features of the ground motion that are of engineering significance such as, amplitude, frequency content and duration. The most common IMs describing amplitude are Peak
Ground Acceleration (PGA), Peak Ground Velocity (PGV), Peak Ground Displacement (PGD).
Other measures of amplitude include Sustained Maximum Acceleration (SMA) and Effective
Design Acceleration (EDA). Secondly, it is well known that the dynamic response of compliant
objects, be they buildings, bridges, slopes, or soil deposits, is very sensitive to the frequency at
which they are loaded. The frequency content describes how the amplitude of a ground motion
is distributed among different frequencies. Since the frequency content of an earthquake motion strongly influences the effects of that motion itself, characterization of the motion cannot
be complete without consideration of its frequency content. In this regard, spectral parameters
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Figure 4: Experimental accelerometers layout and plots of numerical predicted response accelerations versus shaking table experimental ones with reference to five measuring points: A07, A18, A03, A16 and A02.

are suitable IMs. The duration of an earthquake (time interval where the strong ground motion results significative) is also a very important parameter because it influences the amount of
damage due to earthquake. Experience has confirmed that a very high amplitude strong motion
of short duration may not cause as much damage to a structure as a moderate motion with long
duration can cause. This is because the ground motion with long duration causes more load
reversals, aspect of utmost importance in terms of structural stiffness degradation. Moreover,
all the integral measures depend upon the duration of the earthquake. Among many definitions
of earthquake’s duration, the main ones are represented by the total, uniform, bracketed and
significant duration. The latter is used for integral IMs computation.
It is noteworthy to stress that identifying a reasonable number of IMs, that reflect the aforementioned characteristics of the ground motion, results of particular importance for IDA’s effectiveness. For this purpose, an in-depth research and study have been carried out. A relatively
large number of different IMs have been proposed in the literature, each of them providing information about one or more of these characteristics. In practice, it is usually necessary to use
more than one IMs to characterize a particular ground motion adequately. Original definitions
of IMs can be also provided, particularly as far as numerical-based response IMs are concerned,
however, it is not the focus of this work.
Intensity measures can be subdivided in several categories or groups. They can be computed as peak or integral parameters. Also, they are considered as either seismic input measures
(computed from the ground motion record, hence structure independent) or response intensity
measure (structure dependent). With reference to modal properties of a structure, IMs are categorized in acceleration-related, velocity-related, displacement-related and mixed or hybrid [16].
For the sake of brevity and considering the Brick House dyanmic properties, only accelerationrelated IMs are reported in this work (see Tab. 3). The first four represent seismic peak IMs,
the subsequent seven (5 to 11) are seismic integral IMs and the remaining quantities represent
response peak IMs (12 to 16) and response integral IMs (17 to 20).
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No.
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17
18
19
20

Name
Peak Ground Acceleration
Sustained Maximum Acceleration
Effective Design Acceleration
Riddell&Garcia index
Root mean square Acceleration
Characteristic intensity
Arias Intensity
Acceleration parameter
Destructive Potential Factor
Cumulative Absolute Velocity
Maximum Incremental Velocity
Peak Response Acceleration
Spectral acceleration
Effective Peak Acceleration
Inelastic behaviour spectral acceleration
The geometric mean of spectral acceleration
Integral Response Acceleration
Von Thun P-Acceleration Spectrum Intensity
Modified P-Acceleration Spectrum Intensity
Nau&Hall P-Acceleration Spectrum Intensity

Notation
PGA
SMA
EDA
Ia
RMSA
IC
IA
A95
PD
CAV
MIV
PRA
Sa (T1)
EPA
SpaC
Sa,avg
IRA
ASIVT
ASIMOD
ASINH

Ref.
[16]
[17]
[18]
[19]
[16]
[20]
[21]
[22]
[23]
[24]
[25]
[-]
[26]
[25]
[27]
[28]
[-]
[29]
[29]
[30]

Table 3: Acceleration-related intensity measures.

With a complete overview on many IMs, a statistical correlation study between them is
carried out, aimed at understanding the most suitable and meaningful ones for IDA purposes.
To this end, fifty earthquakes with moment magnitude higher than Mw = 5 have been selected
from the ITACA (ITalian ACcelerometric Archive) strong motion database [31, 32], taking
into consideration normal, thrust and strike-slip faulting mechanisms. One near-field and one
far-field record have been considered for each earthquake, thus having a total of one hundred
seismic records. It is noteworthy to stress that input acceleration, velocity and displacement
time histories are given in East and North directions, but for simplicity, IMs are computed
considering their mean direction. Coefficients of determination R2 between only accelerationrelated IMs, as computed from the said one hundred seismic records, are taken into account. In
general, there is a high degree of correlation. As a consequence, between two highly correlated
IMs (e.g. R2 ≥ 0.9), only the one describing better the ground motion characteristics is selected.
Therefore, the following 7 IMs are considered in this work for IDA curves: PGA, IC , IA , PD ,
CAV, Sa (T1) and ASIMOD . The latter is a variant of ASIVT with respect to the Brick House
modes of vibration.
The DMs used in the present case study are represented by output variables obtained from
Abaqus numerical model, namely: tensile damage parameter, dt , plastic strain magnitude,
PEMAG, and maximum principal plastic strain, PEP1. For damage localization purposes, the
Brick House FE model has been partitioned into nine portions, viz. Parts (see Fig. 5), thus
allowing a local estimation of DMs, which are computed as average values weighted on the
numerical elements’ volumes, within each single Part of the FE model.
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Figure 5: Nine portions of the Brick House numerical model considered for IDA.

4.2

IDA Curve Sets

The proposed methodology considers, for each region of the structure, a Multi-Record IDA
Study whose output is an IDA Curve Set. In fact, given the dependence of a Single-Record IDA
Study on the chosen record and taking into account the variability of structural responses with respect to different ground motions, a suite of ground motion records has been considered, aimed
at covering different seismic characteristics in terms of duration, amplitude, energy, frequency
content etc, as well as, having a higher probability of capturing several possible damage mechanisms. Seismic input to non-linear dynamic analyses of structures is usually defined in terms of
acceleration time series whose response spectra are compatible with a specified target response
spectrum. Previous works give an insightful description of the rationale and advantages in the
use of spectrum-matched accelerograms [33], and demonstrate that spectrum matching does not
lead to significant bias in structural analysis results [34].
In the present case study, seven ground motion accelerograms, whose main original informations are syntethized in Tab. 4, are matched to the elastic response spectrum prescribed by
the New Zeland Standards NZS 1170.5:2004 [35, 36] at the site of Christchurch city, assuming Hazard Factor Z = 0.3 (updated after Christchurch earthquake [37]), Return Period Factor
(Rs/Ru) = 1, D subsoil category and 2.5 km distance to the nearest major fault. The spectrum
compatibility has been realized by SeismoMatch [38], an application capable of adjusting real
earthquake accelerograms to match a specific target response spectrum (spectrum matching)
by adding wavelets to the original time history of acceleration (wavelet addition in the time
domain). Realistic acceleration time series are generated by modifying existing accelerograms
while preserving the nonstationary character of the ground motion. Time histories of (unscaled)
spectrum-matched accelerations a1 are illustrated in Figs. 6a-g. Applied as unidirectional seismic loading, in the perpendicular direction to the façade, they are scaled up with increasing
intensity by means of SFs (λ, aλ = λ · a1 ) equal to 1, 1.5, 2, 2.5, ..., 5.
With reference to the nine Parts, IDA Curve Sets (Eq. (1)) relate the selected local DMs to
the chosen seismic or response IMs. For the sake of brevity, only IDA Curve Sets obtained from
tensile damage and plastic strain magnitude versus the corresponding best acceleration-related
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Figure 6: Plot of unscaled acceleration time histories used for Incremental Dynamic Analysis on Brick House FE
model ((a)-(g)) and scaled (SF=2) East-West component of Accumoli Mw6.0 earthquake of August 24th 2016 (h).
Earthquake ID
[−]
IT0164ya
IT0788xa
IT0789xa
IT0789ya
IT0806ya
IT0095xa
IT0095ya

Station ID
[−]
ALT
ANT
AQA
AQA
FMG
NRC
NRC

Epicenter
[−]
Irpinia
L’Aquila
L’Aquila
L’Aquila
L’Aquila
Ussita
Ussita

Date
[dd/mm/yyyy]
23/11/1980
06/04/2009
06/04/2009
06/04/2009
06/04/2009
26/10/2016
26/10/2016

Mw
[−]
6.9
6.3
6.3
6.3
6.3
5.9
5.9

Fault
[−]
Normal
Normal
Normal
Normal
Normal
Normal
Normal

PGA
[m/s2 ]
4.645
5.057
3.931
4.550
3.532
5.101
5.371

Table 4: Ground motions used for Incremental Dynamic Analysis on the Brick House FE model: PGAs refer to
spectrum-matched time histories.

IM, in terms of dispersion, are presented in this work. Fig. 7 shows the nine plots of dt versus
ASIMOD (simply called ASI from here on), whereas the nine plots of PEMAG versus IA are
shown in Fig. 8. In addition to the set of curves, mean curves are depicted in the first graphs
with a thick black line.
By investigating these plots, it is possible identifying the least and most vulnerable parts of
the Brick House numerical model. In the case of dt, Figs. 7a, i indicate that Parts 1 and 9 are the
least damaged regions, with corresponding reached maximum values of tensile damage equal to
about 0.4 (40% reduction of Young’s modulus). Indeed, by examining Figs. 7d, e, g, h it is clear
that the most vulnerable/damaged parts are 4, 5, 7 and 8, with maximum tensile damage equal
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Figure 7: IDA Curve Sets and corresponding mean curves: plots of tensile damage dt versus Acceleration Spectrum
Intensity ASI.

nearly to 0.9, being this the maximum value predicted by CDP consitutive model (meaning
10% stiffness residue in tension). Part 7 seems to be the first region damaged over time with
increasing seismic intensity, followed by Parts 5, 8 and 4. All these observations are in good
agreement with the damaging process and pattern observed in experimental tests (see Fig. 2). It
is noteworthy to stress that tensile damage represents a parameter which takes into account the
history of damage. It is a measure of the plastic flow. Considering the unidirectional seismic
loading, Parts 5 and 8, as parts of the façade wall with out-of-plane loading, present a high
level of damage even because they suffer due to the presence of the two orthogonal sidewalls,
acting as abutments. On the other hand, PEMAG represents a measure of tensile deformation,
which in the present case study, is strongly related to formation and development/opening of
crack. Plots in Fig. 8 show that PEMAG presents its highest values in Parts 7 and 4, which
correspond, respectively, to the top gable and the adjacent region of the sidewall with opening.
For a better understanding of the damage pattern obtained via IDA, Fig. 9 shows contour
plots of dt and PEMAG at the last step of the non-linear dynamic analysis carried out with
IT0806ya earthquake scaled at SF=3.5. Tensile damage is clearly predominant in Parts 7, 5, 8
and 4, whereas plastic strain magnitude is concentrated in Part 7 and 4. Overall, the observed
experimental crack formation and collapse mechanism/damage pattern [10] are confirmed by
IDA Curve Sets, considering both dt and PEMAG.
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Figure 8: IDA Curve Sets: plots of plastic strain magnitude PEMAG versus Arias Intensity IA .

4.3

Damage identification

Local damage quantification is possible from IDA Curve Sets using IMs of a real arbitrary
seismic event. The East-West component of Accumoli Mw6.0 earthquake, occurred on August
24th 2016 (the first important shock of 2016 Central Italy seismic sequence), is used for this
purpose. Fig. 6h shows horizontal acceleration waveform recorded in Amatrice station, the
closest station to Accumoli earthquake’s epicenter, scaled up with SF=2.
Taking advantage of IDA Curve Sets depicted in Fig. 7, IMs of Accumoli earthquake (SF=2)
are used to identify the damage in terms of estimated ranges and mean values (calculated from
corresponding mean curves) of dt. For this purpose, PGA, Sa (T1), ASI, Sv (T1), PGV, IC and
IA are considered, obtaining an overall average estimation of ranges and mean values of tensile
damage. Fig. 10 shows IDA-based estimated damage, averaged with respect to all the aforementioned IMs. It is clearly demonstrated that Part 7 is the most damaged, where mean dt
reached about 0.35 (minimum and maximum equal to 0.2 and 0.5, respectively). On the other
hand, Parts 1 and 9 present the lowest values of tensile damage (maximum dt ≤ 0.15).
In addition, for comparison purposes, tensile damage obtained from the non-linear dynamic
analysis carried out with Accumoli earthquake is also reported in the plot of Fig. 10, namely
Actual Damage. There is a good consistency between the latter and IDA-based Estimated
Damage. Values of dt of all the nine Parts, result within the corresponding IDA-based esti-
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Figure 9: Contour plots of tensile damage ((a)-(b)) and plastic strain magnitude ((c)-(d)) obtained in the last step
of the non-linear dynamic analysis performed with IT0806ya earthquake scaled at SF=3.5.

mated mean ranges, meaning that IDA Curve Sets represent a valuable and reliable tool for
earthquake-induced damage localization and quantification.

Figure 10: Tensile damage ranges and mean values obtained from IDA Curve Sets and corresponging mean curves,
respectively, considering Accumoli’s PGA, Sa (T1), ASI, Sv (T1), PGV, IC and IA .
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5

CONCLUSIONS

The paper has presented an innovative methodology able to localize earthquake-induced
damage. It is based on Incremental Dynamic Analysis carried out from a numerical model
and using data recorded during seismic events. The crucial aspect relies on the fact that IDA
Curve Sets have been built not considering the whole structure but referring to some portions
of the latter. Thus, local damage parameters (DMs) have been related to selected seismic or
response intensity measures (IMs), and this relationship has been used to locally identify the
damage in such portions through earthquake’s intensity.
The proposed methodology is validated through the FE model of a reduced-scale masonry
structure, a.k.a. the Brick House, which represents a notable scientific experimental benchmark,
object of previous studies by several authors.
The main results achieved within this work are summarized below.
• Concerning the construction and validation of the 3D numerical model based on the
shaking table experimental results, full consistency between numerically predicted and
experimental response accelerations has been achieved, together with a good agreement
between numerical damage pattern and mock-up collapse machanism.
• Research results about acceleration-related IMs and their statistical correlation study considering one hundred seismic records have been presented. Among them, only the most
suitable and meaningful ones have been chosen for IDA purposes.
• Nine IDA Curve Sets, one for every Part of the FE model, have been presented considering tensile damage and plastic strain magnitude as DMs versus Acceleration Spectrum
Intensity and Arias Intensity as IMs, respectively.
• Damage has been sequentially localized mostly in Parts 7, 5 and 8 of the façade wall and
Part 4 of the sidewall with opening, as indicated from DMs plots.
• IDA results, considering both dt and PEMAG, have presented a good agreement with
damage pattern, crack formation and collapse mechanism experimentally observed during
the shaking table tests.
• Earthquake-induced damage localization and quantification has been achieved with a
good level of approximation in the case of a real seismic event, by means of IDA Curve
Sets and corresponding mean curves, resulting the latter in a reliable tool for an arbitrary
earthquake.
For the present case study, the results demonstrate that the proposed numerical IDA-based
procedure is capable of correctly localizing earthquake-induced damages in different regions of
the structure, as well as providing useful information for its quantification , with a certain level
of confidence.
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Systèmes, USA, 2010.
[12] M. Valente, G. Milani, Seismic assessment of historical masonry towers by means of
simplified approaches and standard (FEM). Construction and Building Materials, 108,
74–104, 2016.
[13] J. Lubliner, J. Olive, S. Oller, E. Onate, A Plastic-Damage Model for Concrete. International Journal of Solids and Structures, 25, 229–326, 1989.
[14] J. Lee, G.L. Fenves, Plastic-Damage Model for Cyclic Loading of Concrete Structures.
Journal of Engineering Mechanics, 124, 892–900, 1989.
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Abstract
In this work, numerical investigations of the behaviour of dry stone masonry structures, reinforced with metal connectors (clamps and dowels), were performed by the finite-discrete element model for strengthened dry-stone masonry structures. The geometrical and material
model of the metal connectors were developed and implemented into the finite-discrete element model in order to analyse the influence of the connectors to strengthening capacity of
the structure. The yielding and extracting of the connectors (clamps and dowels) from the
holes were represented by experimental force-displacement curves, obtained by testing the
samples composed of two stone blocks connected with clamps or dowels. An incremental dynamic analysis up to the structural failure was applied in order to determine failure mechanisms and collapse load. The results were compared to those obtained for unreinforced
structures. The results show the performance of the applied model in simulation of the behaviour of historical monuments, composed of stone blocks with dry joints and connectors, in the
dynamic regime. The model is complex and time consuming, but it can be useful for making
decisions related to reconstruction and increasing the earthquake resistance of the historical
buildings.

Keywords: Dry-stone masonry structures, Metal connectors, Seismic resistance, Finitediscrete element method.

1290

Željana Nikolić, Hrvoje Smoljanović and Nikolina Živaljić

1

INTRODUCTION

A commonly used method for increasing seismic resistance of historical dry-stone masonry
structures is strengthening with different types of metal connectors. The connectors (clamps
and dowels) are embedded into the previously made holes in stone blocks that are subsequently backfilled with infill material like lead. Clamps are used in order to increase tension bearing capacity of dry stone arches, while dowels are used for connecting the capitals and
columns or capitals and upper beams and they dominantly influence to shear bearing capacity.
Representative examples of strengthened stone masonry structures are Protiron monument in
Split, Croatia and Old Bridge in Mostar, Bosna and Hercegovina 1.
Computational analysis of the behaviour of these structures under the earthquake and their
seismic resistance is demanded due to discontinuous nature and coupling of the different materials in a composite unit. Applied numerical model could take into account all effects occurring in dry stone masonry structures including the fragmentation of the blocks and non-linear
behavior of clamps and dowels during dynamic loading. Many parameters influence on the
behavior of clamps and dowels, such as material properties of stone and connectors, the geometry of the hole (width and depth), material properties of infill material, geometry of connectors as well as stone-infill and infill-connector interaction. Detail analysis of all mentioned
effects, which can take into account different types of failure mechanisms and especially the
influence of local interaction between the dowels or clamps on one side and stone block on
another, leads to micro-modelling approach which is not suitable for analysis of the whole
structure. Another approach, presented in this paper, is modelling of the effects of strengthening through the integral approach considering material properties, geometrical properties and
effects of the connectors and infill through the united force-displacement law.
A basis of our numerical model is finite-discrete element method which offered the
framework for simulation of the main discontinuity effects in the dry-stone masonry structures such us sliding of the stone blocks and their fracture and fragmentation 2, 3. Few years
ago our team developed 2D numerical model for dry-stone masonry structures with embedded
dowels and clamps [4]. The model is based on finite-discrete element method and can simulate movement of the stone blocks, their fracture and fragmentation, yielding and extracting of
the clamps and dowels and failure of the structure. The model was also extended to 3D problem [5]. Modelling of the steel material was performed for monotonic and cyclic loading,
where the energy dissipation due to the cyclic behavior of a steel is enforced through Kato’s
stress-strain model [5]. Moving of the stone blocks causes extraction of the clamps and dowels from the holes due to the tangential and shear separation, leading to the reduction of the
normal stress in the clamps and shear stress in the dowels. Reduction of the stress is a result
of complex behavior and interaction between different materials in the holes. In our previous
investigations it was modelled through the scaling function taken from literature [6], which
were not experimentally validated on the strengthened stone masonry structures.
In this paper the main features of finite-discrete element model for dry stone masonry
structures strengthened by connectors was firstly introduced. The effects of strengthening was
modelled through integral force-displacement curves, obtained by experimental investigations
[7]. An incremental dynamic analysis up to the structural failure was applied in order to determine failure mechanisms and collapse load for Prothyron monument [1]. The results for
unstrengthen and strengthened structure were compared in order to present influence of the
connectors to seismic resistance of these structures.
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2

FINITE-DISCRETE ELEMENT MODEL FOR STRENGTHENED DRY STONE
MASONRY STRUCTURES

Stone block in dry stone masonry structure is modelled as a discrete element which can be
discretized by 2D triangular or 3D tetrahedron finite elements. Contact interaction between
stone blocks is considered through the contact interaction algorithm based on the principle of
potential contact forces [8]. Material non-linearity, fracture and fragmentation are considered
through the contact elements which are placed within the finite element mesh of each block.
The clamps and dowels were modelled with one-dimensional elements embedded in the
stone finite elements. Discretization of dry stone masonry structure with clamps and dowels is
shown in Figure 1. More details about model can be found in the literature [2-5].

Figure 1: Discretization of dry stone structure with embedded connectors (clamps and dowels): (a) whole structures; (b) position of the connectors

3

MODELLING OF THE INFLUENCE OF CONNECTORS TO STONE BLOCKS

The effects of strengthening achieved by clamps and dowels, embedded into the holes in
stone blocks, was experimentally investigated through the samples of two stone blocks connected with clamp or dowel and subjected to tensile and shear forces which produced pull-out
of the clamp and dowel [7], Figure 2.
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Figure 2: Pull-out of the clamp and the dowel with corresponding force-displacement curves
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The material and geometrical characteristic of the clamp, dowel, infill and holes corresponded to those in Protiron monument [1]. Force-displacement curves obtained from experiments are used to model coupled behaviour of the dry stone blocks with clamps and bolts
which enable the estimation of the seismic resistance of the structure at macro-level. Figure 2
shows the samples of clamp and dowel with accompanied force-displacement laws. The models of the clamp and the dowel, implemented in analysis, are presented in Figure 3. Characteristic values in the model are yielding/pulling-out forces fy, fp in the clamp and dowell and
corresponding displacement dy and dp, maximum force fm and corresponding displacement dm,
and ultimate displacement du.

(a) Clamp

(b) Dowel

Figure 3: Models of the clamp and the dowel

4

NUMERICAL ANALYSIS OF HISTORICAL STRUCTURE

The influence of the effect of connectors was analysed on the ancient historical structure
Prothyron, located in Split in Croatia. The structure consists of columns, capitals and broad
gable. It was originally built of dry stone blocks with dowels embedded between columns,
capitals and the upper beams. Due to the movement of the blocks in the broad gable, restoration of the structure was performed by clamps at the beginning of the 20th century.
The incremental dynamic analysis of structural response, based on finite-discrete element
method was performed for two cases, original structure before restoration with dowels between columns, capitals and the upper beams, and the structure after restoration where the
broad gable strengthened with copper clamps. The structure was exposed to horizontal ground
acceleration represented by Petrovac (Montenegro) earthquake, recorded on 15.4.1979. The
applied accelelogram gradually increased, starting with peak ground acceleration ag=0.22 g
which is valid for Split, up to the collapse of the structure.
Figure 5 shows geometry of the structure with position of the clamps and dowels.

Figure 5: Prothyron structure: view, dimensions, position of clamps and dowels

Dowels were made of steel with tensile strength of 414 MPa, shear strength of 239 MPa
and modulus of elasticity of 181000 MPa. Cooper clamps have tensile strength and modulus
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of elasticity 125 MPa and 65000 MPa, respectively. Material characteristics of the stone are
compressive strength 100 MPa and tensile strength 10 MPa. Stone fracture energy was assumed as 720 N/m in tension and 1440 N/m in shear.
Effect of strengthening was examined on simplified 2D model where the real boundary
conditions were neglected and both clamps and dowels were made of cooper. Dynamic analysis showed that the collapse of dry stone structure with bolts occurred for the acceleration of
ag=0.60g (Figure 6) due to the significant movement of the blocks in the broad gable which
caused moving of the central columns and complete structural failure. The strengthening of
the broad gable by the clamps caused significant higher collapse acceleration (ag=2.0g), see
Figure 7.

(a)

(b)

(c)

Figure 6: Collapse mechanism of the structure with dowels for ag=0.60g: (a) t=0.0 s; (c) t=15.5 s; (f) t=20.4 s

(a)

(b)

(c)

Figure 7: Collapse mechanism of the structure with dowels and clamps for ag=2.0g: (a) t=6.4 s; (b) t=18.0 s; (c)
t=22.0 s

5

CONCLUSIONS
 The collapse of the structure with dowels is result of the opening of the contacts between
the stone blocks in the broad gable which caused moving of the central columns and final
structural failure. The collapse occurred for acceleration 0.60g.
 Structure with dowels and clamps have shown quite different behavior. Namely, clamps
between the stone blocks of the broad gable controlled the movement of the blocks.
Dowels held the connections of the columns with bases, capitals and horizontal beams.
The collapse occurred due to the reaching critical opening of the contacts at the ends of
the columns and losses of geometrical stability when the large mass broad gable, moved
to one side causing complete loss of connections with the columns. The collapse acceleration was 2.0g.
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 Comparative analysis of the structures with and without clamps have shown that the
strengthening of dry stone masonry structure can completely change the collapse mechanism and result with significant higher collapse acceleration.
 Numerical model presented in this paper can use in analysis of the failure mechanisms
and failure load in dry stone masonry structures subjected to the earthquakes. The model
is complex and time consuming, but it can be useful for making decisions related to reconstruction and increasing the earthquake resistance of the historical buildings.
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Abstract
The aim of this paper is to show the application of modern computing methods to assessment
and strengthening the old buildings in Romania, country with high seismic risk. Many existing
old buildings, over hundred years, are placed into protected historic areas. More of them
have walls of unreinforced masonry (URM) and floors which are not rigid in their plan and,
therefore have a high seismic vulnerability. They should be retrofitted and strengthened, by
different methods, to improve their behavior to earthquake. Some of these methods, frequently
used in our country, are: the strengthening the shear URM walls by jacketing with cementmortar and ductile reinforcement steel, (or with vertical diaphragm in reinforced concrete),
or inserting into URM masonry walls of pillars, connected with ties, in reinforced concrete.
Frequently, these buildings have wooden floors, or vaults of brick which should be rebuilt in
reinforced concrete. As computational assumption, is take in account that the shear walls of
the building are subjected to in-plan with seismic loading and eccentric compression and,
that the main failure criterion of the unreinforced masonry walls is diagonal cracking due to
main tensile stresses. First of all are calculated resultant shear resistance capacity of the
walls (VRd,R) and seismic demand at the base of building (Vb), with suitable software’s applications. According the Theory of materials strength, the structure is assessed, considering
masonry as homogeneous material. The degree of vulnerability of the building is calculated
as a ratio between the two mechanical characteristics. Analyzing the vulnerability, the ductility and physical state of each wall, the strengthening solution may be chosen. The new strengthened wall may be modeled with an equivalent section of homogeneous material, with new
physical characteristics with which are calculated the shear resistance capacity and the ductility. The strengthening solution is accepted if the ductility and, predicted shear resistance
capacity of the wall, are improved. These calculation methodologies were applied to assessment and strengthening many old buildings in Romania, which then, over time, have passed
through moderate intensities of earthquakes and have had a good behavior.

Keywords: URM Structure, Assessment and Strengthened, Vulnerability, Ductility.
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1

INTRODUCTION

The old existing buildings, especially those that have the structure with URM walls and
non rigid floors, (wooden beams or brick vaults), are vulnerable to seismic action and must be
assessed and strengthened to maintain their integrity.
It is known that the URM walls, subjected to in-plan seismic loading (VEd) and eccentric
compression load (NEd), usually have the failure by diagonal cracking due to main tensile
stresses. This failure mod is brittle and in this case the wall must be substantially strengthened
such that its behavior to become ductile. This happens when the failure of the wall occurs at
the bending moment in its plan, without diagonal cracking.
Based on these assumptions of failure, the authors of this paper have realized their own
methodology (R&Gh Popescu ), with that may be predicted resultant shear resistance capacity
(VRd) of URM structure (different of Romanian Masonry Code [13]) and a related software
application [9]. Seismic demand load, at the base of building (Vb) may be calculated according with Romanian Seismic Code [12], with specialized software applications [10; 11]. Further, is presented a case study, containing assessment and strengthening of different existing
old buildings and the methodology described earlier, applied to them.
2

BUILDING MADE AT THE BEGINNING OF XXth CENTURY

The house, suited for dwelling and with URM structure, was built in the interwar period at
1936, is now placed into a protected historical zone, in Bucharest, town with high seismic risk
(PGA=0.24g and Tc=1.6 s, Figure 1). It was assessed, strengthened and refurbished and over,
two new levels were added. To do these, the following measures were taken:
- Strengthening of foundations,
- Strengthening of the URM walls and floors,
- Remodeling the mansard, to obtain a new withdrew level,
- The building will be covered with a new flat roof.

Figure 1 Seismic map of Romania

2.1

Description of building before assessment

It has: Underground, Ground Floor, 2 levels, Mansard and plan shape irregular (Figure 2).
At the moment of assessment, the building has passed through several strong or middle earthquakes (1940, 1977, 1986, 1990 and 2004). The roof is made in wooden framework rested
over the storey walls and is cover with iron sheet. From the photographic study, it can see the
relatively good physical condition of the building structure, excepting the finishes and installations damaged, mainly due their poorly conditions of maintenance over the time.
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Figure 2, The main façade and aerial view

Figure 3, Underground (left), test for discover the foundation of neighboring building, benchmark (right)

Foundation is made of brick, performed in continue bands under the walls, which have a
thickness of 45÷50 cm below the side walls and 35÷40 cm under the inside walls.
The outside walls have thickness between 45 ÷50 cm, with face value 42 cm and, inside
walls have face values 28 cm and 14 cm. The masonry is made with brick 140x280x63 mm,
mark C50, and lime mortar, mark M10.
The lintels are different (Figure 4), with flat arches rested on wooden lintel or reinforced
concrete; many of them were replaced in time.
The floors over the underground and ground floor are partially in reinforced concrete, 10
cm thickness. The floors over the first and second floor level are with wooden beams, rested
on ties in reinforced concrete over 1st level and, rested on the URM walls over the 2nd level.

Figure 4, Lintel in different materials
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Figure 5 Wooden beams over the first floor (left) and concrete floor over the ground floor (right)

Figure 6 Damages at Mansard level, due to seismic action perpendicular to the attic

2.2

Calculation model for assessment

The value of predicted shear resistance capacity of the structure was calculated about the
methodology mentioned early in the paper, with the calculation models shown (Figures 7, 8).
Shear walls loaded with gravity loads and. seismic load, are arranged on two main calculation
directions, transverse and longitudinal. The shear walls may be Cantilever (M) or Embrasure
(S) with the active horizontal cross sections: Rectangular or with one or two flanges dimensioned in accordance with the Romanian Codes [12,13]. The face values of thickness of the
interior walls may be 28 cm and exterior walls 42 cm, at the base of the structure. Predicted
shear resistance capacities of the walls have had calculated with average strengths of masonry:
fm= 14,0 kgf/cm2 - compressive strength of masonry,
fv,m= 0,90 kgf/cm2 - main tensile strength of mortar in the bed joints.
2.3

Analyses of computing results. Comments.

a) Concerning the predicted shear resistance capacity of the structure (VRd)
In the Figures 9÷12 are output data files with geometrical characteristics, the shear resistance capacities of the walls (VRd,i)- cantilevers and embrasures, and behavior factor (qi) on
each wall – as the results of software application related the methodology[9]. For each seismic
direction and stage of deformation (F,C,U) are calculated the shear resistance capacities corresponding to diagonal failure due to main tensile stresses: (VRd,Q,F, VRd,Q,C, VRd,Q,U) and, the
shear resistance capacities associated to the bending moment of resistance: (VRd, M, F, VRd, M, C
VRd, M, U). With this values is established the failure mode and the predicted shear resistance
capacity of the wall (VRd,i). The predicted shear resistance capacity of the structure (VRd) con-
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sists of the sum of the walls capacities. The value of behavior factor for the entire structure
(qstructure), is calculated as weighting average of behavior factors of walls (qwall,i), Equation 1:
q structure =

ΣVRd ,i

 (VRd ,i *

1
q Wall ,i

(1)
)

Figure 7 Ground Floor, with active section of the walls on transverse direction of earthquake

Figure 8 Ground Floor, with active section of the walls on longitudinal direction of earthquake

Analysis of the results shows that:
- On the longitudinal direction of the seismic action (Figure 11), the majority of
shear walls have a Moderate Brittleness failure mode (DBB) or Brittle failure
mode (BBB).
- On the transverse direction of the seismic action, also, the majority of shear walls
have a Moderate Brittleness failure mode (DBB) or Brittle failure mode (BBB).
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==========================================================================================================
NAME
A[m2 ] Af[m 2]
l[cm]
t[cm] l 1[cm] t1 [cm]
σ[kgf/cm 2]H[cm] fp[kgf/cm 2]f[kgf/cm2 ]N[tf]
==========================================================================================================
EMBRASS SL1
4.73
190.0
.90 18.00
20.04
.42
.27
72.0
42.0
71.0
42.0
EMBRASS SL2
4.41
175.0
.90 18.00
20.19
.46
.38
109.0
42.0
CANTILE ML3
3.38
1029.0
.90 18.00
35.68
1.05
.88
251.0
42.0
CANTILE ML4
3.38
1270.0
.90 18.00
70.35
2.08
1.57
411.0
42.0
168.0
28.0
CANTILE ML5
3.40
1270.0
.90 18.00
43.16
1.27
1.06
302.0
42.0
CANTILE ML6
4.87
1029.0
.90 18.00
43.12
.89
.60
158.0
42.0
95.0
42.0
CANTILE ML7
4.83
1029.0
.90 18.00
33.92
.70
.43
167.0
28.0
112.0
28.0
EMBRASS SL8
4.02
170.0
.90 18.00
11.81
.29
.25
70.0
42.0
CANTILE ML9
2.85
332.0
.90 18.00
19.72
.69
.58
165.0
42.0
EMBRASS SL10
3.69
170.0
.90 18.00
15.18
.41
.24
96.0
28.0
62.0
42.0
CANTILE ML11
3.25
1029.0
.90 18.00
16.31
.50
.42
179.0
28.0
CANTILE ML12
3.69
1029.0
.90 18.00
21.48
.58
.32
124.0
28.0
112.0
28.0
CANTILE ML13
3.25
1029.0
.90 18.00
16.31
.50
.42
179.0
28.0
CANTILE ML14
2.98
1029.0
.90 18.00
16.54
.55
.29
114.0
28.0
112.0
28.0
CANTILE ML15
3.01
1029.0
.90 18.00
39.09
1.30
1.08
309.0
42.0
CANTILE ML16
3.02
1029.0
.90 18.00
36.38
1.21
.81
211.0
42.0
118.0
42.0
CANTILE ML17
3.55
1270.0
.90 18.00
28.23
.80
.51
200.0
28.0
84.0
42.0
CANTILE ML18
3.59
1270.0
.90 18.00
28.23
.79
.57
224.0
28.0
66.0
42.0
CANTILE ML19
3.07
1029.0
.90 18.00
43.00
1.40
.89
232.0
42.0
143.0
42.0
CANTILE ML20
3.41
1029.0
.90 18.00
48.26
1.42
1.20
313.0
42.0
78.0
28.0
CANTILE ML21
2.85
332.0
.90 18.00
35.45
1.24
.92
360.0 28.0
112.0 28.0

Figure 9 Output Data: Longitudinal Direction of seism action-input data
==================================================================================
SHEAR RESISTANCE CAPACITIES
Diagonal cracking due to main tensile stresses
SENS 1 SEISM ACTION ---->
SENS 2 SEISM ACTION <---=================================================
CAPACITY
S
T A
G
E S
τR
VR dR NORMAL CRACKING
YELDING IN
ULTIMATE
IN BENDING(F)
COMPRESSION(C)
(U)
---------- -------------- -----------------NAME
SHAPE*
τQF
V Rd QF
τ QC
V Rd QC
τQU
V RdQU
[Kgf/cm2]

[tf]

[Kgf/cm2]

[tf]

[Kgf/cm2]

[tf]

[Kgf/cm2]

[tf]

=========================================================================== =========
EMBRAS SL1
T
1.13
3.42
1.46
4.41
.87
2.62
.43
1.31
1.43
4.33
1.39
4.19
1.44
4.36
.73
2.21
EMBRAS SL2
D
1.27
5.83
1.46
6.67
.98
4.46
.49
2.23
CANTIL ML3
D
.48
5.11
1.31
13.80
.75
7.89
.37
3.94
CANTIL ML4
T
.59
10.16
1.41
24.31
.14
2.42
.12
2.04
.85
14.70
1.26
21.79
.89
15.32
.45
7.77
CANTIL ML5
D
.48
6.03
1.31
16.64
.75
9.54
.38
4.76
CANTIL ML6
T
.34
2.27
1.55
10.27
.22
1.45
.32
2.10
.59
3.94
1.34
8.86
1.41
9.39
.72
4.76
CANTIL ML7
T
.43
2.01
1.58
7.40
.14
.64
.20
.94
.74
3.48
1.29
6.03
1.58
7.38
.80
3.74
EMBRAS SL8
D
1.01
2.98
1.40
4.12
.89
2.61
.44
1.30
CANTIL ML9
D
.74
5.16
1.22
8.48
.63
4.36
.31
2.18
EMBRAS SL10
T
1.13
3.03
1.33
3.57
.56
1.52
.28
.76
1.18
3.18
1.18
3.18
1.23
3.31
.62
1.68
CANTIL ML11
D
.34
1.71
1.29
6.46
.72
3.61
.36
1.80
CANTIL ML12
T
.32
1.12
1.38
4.81
.34
1.19
.17
.59
.53
1.83
1.15
3.99
1.35
4.68
.68
2.37
CANTIL ML13
D
.34
1.71
1.29
6.46
.72
3.61
.36
1.80
CANTIL ML14
T
.25
.81
1.27
4.04
.29
.91
.14
.46
.43
1.39
1.06
3.39
1.13
3.60
.57
1.83
CANTIL ML15
D
.54
6.98
1.25
16.23
.67
8.64
.33
4.32
CANTIL ML16
T
.41
3.62
1.30
11.51
.32
2.86
.16
1.43
.60
5.30
1.14
10.09
.89
7.92
.45
4.02
CANTIL ML17
T
.38
2.13
1.38
7.72
.37
2.08
.19
1.04
.55
3.10
1.18
6.62
1.10
6.15
.56
3.12
CANTIL ML18
T
.30
1.88
1.39
8.74
.12
.77
.21
1.32
.53
3.32
1.23
7.74
.98
6.15
.50
3.12
CANTIL ML19
T
.45
4.36
1.31
12.81
.29
2.79
.14
1.39
.71
6.94
1.13
10.98
.96
9.36
.49
4.75
CANTIL ML20
T
.58
7.57
1.36
17.93
.46
6.06
.26
3.38
.68
8.90
1.31
17.27
.80
10.51
.41
5.33
CANTIL ML21
T
1.13
11.36
1.32
13.29
.07
.74
.10
.98
1.18
11.93
1.18
11.93
.77
7.72
.39
3.91

Figure 10 Output Data (VRd, i): Longitudinal Direction of seism action; Capacities in diagonal cracking

These results were expected, due to the low quality of mortar in the masonry joints, of low
strength at tension and, of gravity loads of masonry walls reduced. The total minimum shear
resistance capacities are:
- On longitudinal direction:
VRd,L,min = 96.4/1.2 = 80.3 tf
- On transverse direction:
VRd,T,min = 96.6/1.2 = 80.5 tf
Where 1.2 – is a reliability factor (according Romanian Code [13])
The values of behavior factors (q) are:
- On longitudinal direction:
qlong = 1.92 (Figure 11)
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- On transverse direction:
qtrans = 1.49
These values confirm the provisions of Codes [12, 13] who, for URM structures, ask a behavior factor q=1, 5.
======================================================================
SHEAR RESISTANCE CAPACITIES
ASSOCIATED TO MOMENT OF RESISTANCE
SENS 1 SEISM ACTION ---->
SENS 2 SEISM ACTION <---============================================
S
T A
G
E S
NORMAL CRA CKING YIELDING IN
ULTIMATE
IN BENDING (F) COMPRESSION(C)
(U)
-------------- -------------- -------------NAME
MODE
1/qel
τMF
V RdMF τMC
V RdMC
τMU
V RdMU
[Kgf/cm 2 ]
[tf]
[Kgf/cm 2]
[tf]
[Kgf/cm2 ] [tf]
==========================================================================
EMBRASURESL1
DBB
.69
.69
2.07
1.48
4.48
1.62
4.89
DBB
.64
.87
2.64
1.58
4.77
1.81
5.47
EMBRASURESL2
DBB
.72
.92
4.19
1.85
8.47
2.02
9.24
CANTILEVML3
DDB
.39
.21
2.18
.46
4.89
.49
5.20
CANTILEVML4
DBB
.67
.34
5.89
.72
12.50
.77
13.35
DDB
.58
.47
8.10
.85
14.62
.90
15.59
CANTILEVML5
DDB
.38
.20
2.57
.45
5.76
.48
6.12
CANTILEVML6
DBB
.62
.23
1.50
.35
2.34
.48
3.19
DDD
.30
.33
2.17
.53
3.49
.59
3.94
CANTILEVML7
DBB
.64
.26
1.22
.47
2.20
.54
2.53
DDD
.30
.46
2.17
.65
3.06
.74
3.48
EMBRAS SL8
DBB
.65
.55
1.62
1.16
3.42
1.25
3.69
CANTILEVML9
DBB
.64
.35
2.45
.84
5.80
.88
6.09
EMBRAS SL10
DBB
.75
.83
2.23
1.96
5.28
2.08
5.58
BBB
.80
1.23
3.32
2.48
6.66
2.73
7.33
CANTILEVML11
DDD
.30
.14
.71
.32
1.61
.34
1.71
CANTILEVML12
DDB
.56
.15
.52
.32
1.11
.33
1.15
DDD
.30
.28
.99
.48
1.66
.53
1.83
CANTILEVML13
DDD
.30
.14
.71
.32
1.61
.34
1.71
CANTILEVML14
DDB
.53
.11
.35
.25
.80
.26
.83
DDD
.30
.21
.69
.40
1.29
.43
1.39
CANTILEVML15
DDB
.48
.23
2.93
.53
6.84
.56
7.21
CANTILEVML16
DBB
.62
.19
1.72
.43
3.80
.44
3.92
DDB
.40
.30
2.65
.57
5.08
.61
5.40
CANTILEVML17
DBB
.60
.18
1.00
.38
2.14
.40
2.22
DDD
.30
.29
1.61
.51
2.87
.55
3.10
CANTILEVML18
DBB
.63
.19
1.20
.32
1.99
.43
2.69
DDB
.32
.27
1.68
.50
3.10
.53
3.34
CANTILEVML19
DBB
.63
.23
2.20
.49
4.77
.50
4.90
DDB
.44
.37
3.65
.69
6.70
.73
7.15
CANTILEVML20
DBB
.63
.29
3.77
.62
8.13
.68
8.97
DDB
.51
.33
4.29
.66
8.73
.71
9.29
CANTILEVML21
DBB
.77
.98
9.85
1.96
19.73
2.21
22.27
BBB
.80
1.39
14.01
2.61
26.35
2.75
27.76

Figure 11 Output Data (Failure mode, Behavior factor qwall,i and shear resistance capacity associated to moment
of resistance VRd,M): Longitudinal Direction of seism action

b) Concerning the demand seismic load at the base of the structure (Vb)
The demand seismic loading, at the base of the structure, was calculate with a simplified
version of 2D software application [10], according the versions of Romanian Codes [12, 13],
with assumptions that it is taking into account only the fundamental shape of vibration mode.
The two values of seismic shear forces, on the two directions, at the base of the structure,
are:
- On longitudinal direction:
Vb,L= 275.6 tf
- On transverse direction:
Vb,T = 354.6 tf
2.4 Vulnerability of the building
At the buildings with non rigid floors in their plan, that this analyzed, the demand seismic
force at the base of structure (Vb,L/T) is distributed to each shear wall, proportionally with axial stress from gravity loads (see Equation 2).
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VEd ,i, L / T =

G 0 ,i , L / T

 G 0 ,i , L / T

(2)

Vb, L / T

For the structure was calculated a factor of vulnerability (R3) with the Equation 3, based on
which the building seismic risk class is assessed:
R 3, L / T =

 V Rd ,i, D, L / T +  VRd ,i ,B,L / T

(3)

Vb , L / T

Where:
 VRd ,i, D ,L / T =sum of shear resistance capacities of the walls with ductile mode of failure
 VRd ,i, B,L / T = sum of shear resistance capacity of the walls with brittle mode of failure
According to Romanian Code [16], in the above sum (ΣVRd,i,B) of Equation 3, the walls
that reported (VRd,i,B / VEd,i) is lower than 0.3 will be omitted.
The values of these factors on the two directions are:
R3,T = 0.227 (22,7%)
R3,L = 0.291 (29,1%)
Seismic risk class
I

II

III
R3,T/L (%) = 22.7/29,1
35 - 65
66 - 90

< 35

IV
91 - 100

Figure 12 Vulnerability of building

Numerical analysis carried out, revealed that, the majority of walls masonry have a brittle
failure mode under the combined action of gravitational loads and seismic loads. The failure
by diagonal cracking due to main tensile stresses occurs before the structural walls to reach
the (C) stage, in the eccentric compression (predominantly moderate brittleness mode of failure DBB).
Brittle mode of the failure on the vertical structural elements is reflected to the whole
structure that under the action of seismic loadings doesn’t present a zone with inelastic behavior (see Figure 13), to assure a convenient reaction, in line with the current rules.

σ
C

F
U
0 εF εC
εU ε
Figure 13 Stress-strain relationships at brittle failure mode

The results of the computing, consist of values for assurance factors on the entire structure
(R3,T/L=0.227/0.291), much more under the minimum value R3,min=0,65 accepted by Romanian Code [13].
2.4

Intervention measures

Considering the results described earlier in this paper, with reduced assurance factors in
both main directions and, the intention of the owner to extend the habitat with two additional
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levels to result finally a building with (Underground+Ground+4 storeys), the following interventions are proposed:
a) First measure, before of strengthening, was to realize a steel structure as provisional support the building against the collapse (Figures 14, 16 right).

Figure 14 Provisional support underground (left) and Ground and 1st floors (right)
b) Considering the additional levels, the area of foundations must be enlarged with reinforced concrete (Figure 15), by underpinned the foundations, if it is necessary. For new
concrete walls will create new continue foundations in reinforced concrete.

Figure 15 Underpinning foundations
c) Remodeling of inside plan, at each level, by demolition the separation walls and chimneys
(Figure 16 left) and implementing of a new structure by jacketing with reinforced concrete
of the exterior walls and remaining interior walls.
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Figure 16 Strengthening the chimneys (left); Metal support of the structure (right)

d) Before to demolish the walls at current level, they that remain inside and outside, are anchored in the metal support of the structure (Figure 16 right) and, the existing reinforced
concrete floors are supported with extensible metal beams and pillars.
e) Replacement of wooden floors over the first and second levels with floors in reinforced
concrete (Figure 17).

Figure 17 Replacement of wooden floors
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f) The shear walls of first and second level are continued to the third and fourth levels. Further are presented the plans with the partition (Figures 18÷20).

Figure 18 Underground (left) and ground floor (right)

Figure 19 1st Floor and 2nd floor

Figure 20, 3rd floor (left) and 4th floor (right)

Figure 21, Calculation model of final structure
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2.5

Modeling and calculation of strengthened structure

Since it was established that the structure, resulting from remodeling the inside walls, will
be made of reinforced concrete and, the outside masonry walls will remain decorative, the
calculation was done taking into account only the reinforced concrete structure.
At the outside, masonry walls were repaired and against them, inside, were made vertical
diaphragms in reinforced concrete (see Figures 18÷20). Thus, to facades, was preserved architecture to fit the existing buildings in the protected historic area.
The new resulting structure, after strengthening and adding of new floor levels, was calculated with a specialized 3D software application [11]. In figure 21, calculation model, Plan of
1st level and Elevation of the structure, are presented.
Whole structure verifies the resistance request of Romanian Codes [12; 13].
At the moment, the works started three years ago is ongoing. (See Figures 22÷24)

Figure 22 Site in construction – main facades

Figure 23 Site in construction – inside: new concrete structure against old façade masonry
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Figure 24 Site in construction – inside: new concrete structure-Last floor level

3

USUAL STRENGTHENING SOLUTIONS APPLIED

The main strengthening solutions of URM walls are: jacketing with reinforced coat with
welded steel mesh and, inserting the reinforced concrete pillars in the field of the masonry
wall and connecting them with ties in reinforced concrete, on top of the wall. In the following
are presented the simplified calculation methods for both strengthening solutions.
3.1

Jacketing the URM wall with reinforced coat (Figure 25)

Jacketing with reinforced coat with welded steel mesh is doing to increase the shear resistance capacity of the URM wall at main tensile stresses. the capacity of the jacketed wall, at
eccentric compression and shear force, is calculated similarly with URM wall methodology,
describe earlier.

Ash

Am

tj

bm
b

tj

Figure 25 Horizontal cross section of URM wall jacketed

Difference is that, the shear strengths of jacketed wall is calculated with equivalent compression strength of masonry (feq) and the equivalent strength to main tensile stresses ( f peq ),
taking into account the same assumptions and, in addition:
- Interaction between reinforced coat and masonry of the wall, up to Ultimate stage,
- Quality of URM material, who will be jacketed,
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quantified in two safety coefficients (see Equations 4, 5).
a) Equivalent compression strength (feq)

[

f eq = c c nf m + (1 − n )f j

]

(4)

Where:
n=bm/b
b:
total thickness of retrofitted masonry wall (bm+2tj)
tj :
thickness of the jacket
thickness of unreinforced masonry wall
bm :
cc :
safety coefficient (interaction between coat and masonry, up to the ultimate stage)
fm :
compression strength of the masonry
fj :
compression strength of the coat
b) Equivalent strength to main tensile stresses ( f peq )

[

]

f peq = c p nf p+ (1 − n )f pj + 0.8n s f s

(5)

Where:
ns=Ash/100b
safety coefficient for the quality of the mortar in the bed joints
cp
fp
strength to main tensile stresses of the mortar in the bed joints of the masonry
fpj
strength to main tensile stresses of the coat of jacket
fs
tensile strength of the reinforcement mash steel
Ash
horizontal steel area of reinforcement mesh,
total thickness after strengthening: b=bm+2tj , on two side jacketing.
b

3.2

Strengthening URM wall with reinforced concrete pillars connecting with ties in
reinforced concrete (Figures 26,27)

Inserting the reinforced concrete pillars at both ends of the rectangular section on URM
wall and connecting them with ties in reinforced concrete, on the top of the wall, is another
strengthening solution.

lp
tp
Ap1, As1

t

Am

lp1

lp2

Ap2, As2

l
Figure 26 Rectangular shape section of the wall strengthened with pillars and ties in reinforced concrete

By transforming the section of reinforced concrete pillar (Figure 26) in a URM flange
(Figure 27), with the method of equivalent strengths (see Equation 6), predicted shear resistance capacity of the strengthened wall may be calculated with our methodology [7, 8] of
URM wall and related software application [9].

A eq
t = Ap

fc
f
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The assumptions are the same, in addition, the pillars and ties interacting with URM up to
(U) Ultimate stage in bending moment.

l1

l2
At2,As2

t
Am

At1,As1

t2

t1

l
Figure 27 Equivalent I shape section of the wall strengthened

Where:
Ap - the concrete pillar area;
Ateq - the equivalent masonry area of the flange;
fc - the strength in compression of the concrete;
f - the strength in compression of the masonry.
Resultant shear resistance capacity of the confined URM wall (VRd,R) is composed of shear
resistance capacities of the I-shape equivalent masonry wall section (VRd,Q/M,F/C/U), and of the
shear strength capacity of steel bars of pillars (VS,Q/M, C/U).
With all of these values may be predicted the ductility of the strengthened wall, also (Figure 28).
VRd,Q,F> VRd,M,F
VRd,Q,C+VS,Q>VRd,M,C+VS,M
VRd,Q,U+VS,Q>VRd,M,U+VS,M
VRd,R = VRd,M,U+ VS,M
DDD: Ductile
failure mode

VRd,Q,F> VRd,M,F
VRd,Q,C+VS,Q>VRd,M,C+VS,M
VRd,Q,U+VS,Q<VRd,M,U+VS,M
VRd,R: at intersection of
curves, between C and U
DDB: Low
Ductility failure mode

VRd,Q,F> VRd,M,F
VRd,Q,C+VS,Q<VRd,M,C+VS,M
VRd,Q,U+VS,Q<VRd,M,U+VS,M
VRd,R : at intersection of
curves, between F and C
DBB: Moderate
Brittleness failure mode

VRd,Q,F< VRd,M,F
VRd,Q,C+VS,Q<VRd,M,C+VS,M
VRd,Q,U+VS,Q<VRd,M,U+VS,M
VRD,R = VRd,Q,F+ VS,M
BBB: Brittle mode

Figure 28 Analyzing ductility of strengthened wall, with reinforced concrete pillars and ties

4

CONCLUSIONS
• The examples of assessment the structures with URM walls, presented in the paper, is
based on the methodology of the authors in assumption that, the shear URM walls of the
building subjected to in-plan with seismic loading and eccentric compression, have the
main failure criterion diagonal cracking due to main tensile stresses.
• This methodology is useful, especially in old existing buildings, it can determine with
enough accuracy ductility of structural walls, which can be ideally ductile or, brittle
whose behavior must be improved through consolidation to come closer to ductile mode.
• Solutions of strengthening presented are based on the contribution of the steel in pillars
and ties, which increases the shear resistance capacity, but not always can provide to wall
a ductile behavior. It may consider the reinforcement arrangement so to limit damage, to
be able to count on the elastic behavior of the strengthened wall.
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Abstract
The Non-Smooth Contact Dynamics method (NSCD) has been applied to the study of the
seismic response of different belfries inside the epicentral zone of the last Centre Italy earthquakes of August and October 2016. According to this model, the masonry towers have been
modelled as a system of rigid blocks, and since the contacts between blocks are governed by
the Signorini's impenetrability condition and by dry-friction Coulomb's law, the towers exhibit discontinuous dynamics. The NSCD method has proved to be a powerful tool for investigating the dynamics induced by ground seismic accelerations. Indeed, the numerical results have
given a deep insight into the seismic vulnerability of these damaged towers, confirming several possible failure mechanisms.

Keywords: Masonry Towers, Damage Assessment, Discrete Element Method, Non-Smooth
Contact Dynamics Method.
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1

INTRODUCTION

The damage assessment of historical masonry buildings is one of the most challenging
tasks to be investigated in structural mechanics, since this kind of structures are commonly
heterogeneous, with complex geometries, irregularities and absence of a box behavior due to
defective connections between different structural parts, in particular walls and floors, that
often play a fundamental role. However, the knowledge of the dynamical behavior is crucial
for a reliable seismic vulnerability assessment, which became more and more important due
to recent catastrophic earthquakes that stroked Italy in the last few decades (Umbria-Marche
1997–1998, Abruzzo 2009, Emilia-Romagna 2012, Marche-Lazio-Umbria-Abruzzo 2016)
[1]–[6].
In October 2016, two major earthquakes occurred in the Marche region in the Centre of
Italy, causing widespread damage especially on the historical structures. The epicenter of the
second one stroked Norcia, Visso, Arquata del Tronto, Accumoli and Amatrice, and many
damages to cultural heritage were also done in the cities of Tolentino, San Severino, Camerino.
To investigate the mechanical behavior of masonry structures, commonly finite element
methods are utilized, often including very sophisticated constitutive laws taking into account
post-elastic behaviors and damage [7]–[12]. These methods, while being very appealing, do
not focus on the possible non-smooth nature of the dynamic response, which can come sliding
and impacting between different blocks, and situation that is common just before and during
the collapse [13].
Moreover, the ancient masonry structures can be considered as discontinuous structural
systems, which is composed of units (e.g. bricks, stones, blocks, etc.), bonded together with or
without mortar. Thus, for a numerical model to adequately represent the behavior of a real
structure, both the constitutive model and the input material properties must be selected carefully by the modeler to take into account the variation of masonry properties and the range of
stress state types that exist in masonry structures [14]–[17].
For this reason, the dynamics of ancient masonry structures are investigated in this study
numerically using a distinct element code which implements the Non-Smooth Contact Dynamics method (NSCD) [18], [19].
An advanced numerical model has been applied to have an insight into the modalities of
progressive damage and the behavior of the ancient masonry structures under strong nonlinear dynamic excitations, namely the Non-Smooth Contact Dynamic (NSCD) method. According to it, a full 3D detailed discretization is adopted for some typical stock of bell towers
of the churches, namely “Apennine Churches,” inside the epicentral zone of the last Centre
Italy earthquakes of August and October 2016 (see Figure 1). They have been modelled as a
system of rigid blocks, and since the contacts between blocks are governed by the Signorini's
impenetrability condition and by dry-friction Coulomb's law [20], the structures exhibit discontinuous dynamics.
The main aim of the survey is to confirm the weakness zones, the efficacy of past interventions [21] and to evaluate the acceleration of the activation of different mechanisms. All the
selected towers have suffered heavy damages and collapses during the seismic sequence.
To limit the length of the paper, only the results concerning the case study of the church of
San Francesco in Montefortino, in the province of Fermo, are here reported with the discontinuous approaches, in order to address comparison between the numerical and the real damages, and, at the same time, to confirm the powerful of the model.
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Figure 1: External and internal views of the Church of San Francesco in Montefortino (FM)

2

HISTORICAL DEVELOPMENTS OF THE CHURCH

The church of San Francesco dates back to the 15th century, and it is characterized by the
Romanesque-Gothic’s style. The belfry is on the North façade with a height of 24.24 m (see
Figure 2).

Figure 2: Geometric configuration of the Church of San Francesco in Montefortino (FM)
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Moreover, the bearing structure is made of disordered rubble stone masonry, with a unique
nave, for the church, up to 10.89 m in length, and 20.36 m in width. The roof is made with
timber elements and it has a maximum height of 15.53 m. The apse is cover by a barrel vault
and it has dimensions equal to 9.36 m in length and 7.1 m in width. Following the earthquakes
occurred in September 1997, the church suffered serious damages on the upper part of the
tower, on the façade and on the vault of the apse. Therefore, some retrofitting interventions
were carried out in the subsequent years.
2.1

Damage of the Church after the Central Italy earthquakes of 2016

The major cracks appeared on the barrel vault of the apse; rich stuccos decorate this vault.
The presence of cracks between the bell tower and the apse suggests the possibility of activation of bell tower rotation. Some little cracks were developed between the façade and the
walls of the nave, on the middle of façade, on the triumphal arch and the connection between
the north wall and the belfry, Figure 3.

Figure 3: Cracks of the Church of San Francesco in Montefortino (FM) after the seismic sequence of 2016 on: 1)
the bell tower, 2) the main façade, 3) and 4) the triumphal arch

3

THE NON-SMOOTH CONTACT DYNAMICS METHOD

The NSCD method belongs to the family of discrete element methods, distinguishing from
the classical Distinct Element method for three differences: (i) it integrates the non-smooth
contact laws directly, (ii) it uses an implicit integration scheme, and (iii) it does not account
for any structural damping. It is important to stress the fact that the NSCD method is based on
some modelling simplifications. The main assumption is that bodies are rigid. Since the contact between blocks is governed by the Signorini's impenetrability condition and the dryfriction Coulomb's law, the churches exhibit discontinuous dynamics. Regarding the contacts
between bodies, the relations mentioned above imply perfectly plastic impact, i.e., the Newton
law with restitution coefficient equal to zero, which does not account for bounces after impact.
This presents two main advantages: (i) the contribution of impacts to the computational
complexity is modest since they are modelled in a very basic and simple way; (ii) since the
impact is perfectly plastic, it dissipates energy, and, from a mechanical viewpoint, this is a
way to account for material damages and micro-cracks, which form in the stones at impact,
and, from a computational point of view, dissipation contributes to the stability of the
numerical integration. It has been noted that also friction contributes to dissipation, but damping, a fundamental ingredient of continuum models, is not considered here.
The nonlinear behaviour of different damaged churches is investigated with a real 3D
model. For this purpose, the LMGC90© code is used, due to its ability to compute the interaction of a large number of bodies, based on the NSCD method, also assessing the seismic vulnerability of the structures [22]. As visible in Errore. L'origine riferimento non è stata
trovata., very detailed models have been created to understand better the influence of local
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and global mechanisms within the analysed churches and, where possible, the presence of
some past retrofitting interventions is also considered.

Figure 4: 3D model of the Church of San Francesco in Montefortino (FM)

4

NUMERICAL RESULTS

The main results are reported in Figure 5 with a direct comparison with the real damage. It
has been applied for this purpose the three main shocks of the seismic sequence of 2016 in the
Centre of Italy. The dynamic actions used in the nonlinear analyses were recorded near the
epicenter of the quakes: (i) 24th August 2016 Amatrice (AMT station in Italian
Accelerometric Archive (ITACA)) with Mw=6.0, (ii) 26th October 2016 (CMI) with Mw=5.9,
(iii) 30th October 2016 (FCC) with Mw=6.5.
Hence, a good match between the real and the numerical damages are reported for the belfry, with an amplification of the damages in the results of the simulations compared to the real
ones. This is mainly due to the use of the strong accelerations recorded in the areas of the epicenters, which are different from the shakes exhibited near the analyzed bell tower.
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Figure 5: Failure mechanism of the bell tower of the Church of San Francesco in Montefortino (FM)

5

CONCLUSIONS

The results obtained for different towers of the “Apennine Churches” stroked by the Central Italy seismic sequence are here briefly reported and summarized, underline the high vulnerability of this type of structure, especially at the upper level.
To a complete comprehension of the mechanical response of such complex ancient structures to seismic loading, pointing out the same portions most damaged during the seismic ac-
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tions, it has been used a discontinuous approach and the NSCD method, implemented in the
LMGC90©. It combines modelling simplicity and great predictive capabilities.
Its simplicity comes from the following fundamental simplifying assumptions: (i) block
rigidity (often a feasible assumption for masonry structures); (ii) simple contact laws, such us
the Signorini’s law, which supposes that impacts between blocks are purely plastic, and the
dry friction Coulomb’s law for the relative tangential motions between blocks; (iii) absence of
any damping, according to which the kinematic energy of the system is dissipated only by
impacts and friction. As a result, the mechanics is governed by only one material parameter,
the friction coefficient. This is an advantage for modelling ancient building, for which the determination of the mechanical properties is always uncertain and variable. Despite its simplicity, the model can predict a large variety of behaviours. Depending on the values assigned
to the friction coefficient, different failure mechanisms have been found, and good matching
with the real observed damages have been obtained.
Finally, the sensitivity of the result to the input parameters, a consequence of the model
non-smoothness, are pointed out. This character is also present in real structures. Indeed,
small irregularities in buildings (especially ancient buildings) might affect the seismic response in a visible way. However, the overall behaviours (failure mechanisms) of the
analysed macro-elements only gradually changes with parameters. For instance, if the friction
coefficient is considered, the overturning mechanisms become gradually prevailing over sliding mechanisms, as the value of the friction coefficient increases. Sensitivity to data is less
evident in the standard FEM continuum models and represents a further distinguishing feature
of the proposed approach.
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Abstract
This study presents a detailed failure analysis of different masonry churches, which were
severely damaged during the 2016 Centre of Italy seismic sequence, using nonlinear (i.e.,
kinematic limit and pushover) analyses. The main aims of the numerical investigations are: (i)
to carry out a sufficiently wide sensitivity study on different specific case studies to have an
insight into the role played by the geometry – which is always unique for churches – and by
the irregularities; (ii) to validate or address the limits of applicability of the most widespread
conventional static approaches recommended by Italian Code.

Keywords: Masonry Churches, FE Modelling, 3D Smeared Crack Model, Nonlinear Static
Analysis, Earthquake Loading.

1321

F. Clementi, E. Giordano, A. Ferrante and S. Lenci

1

INTRODUCTION

The intense seismic activity that affected many areas of Italy over the last decades clearly
showed how much care should be taken of architectural heritage and its preservation. Assessing the seismic vulnerability of a monumental masonry building may be a difficult task to
accomplish, considering how peculiar these structures usually are, requiring sophisticated and
computationally heavy numerical models to have a proper estimation of their dynamic response under seismic action. Most recent Italian earthquakes (Umbria-Marche 1997–1998,
Abruzzo 2009, Emilia-Romagna 2012, Central Italy 2016), caused irreparable damages to
many elements of the architectural heritage, such as monumental buildings, churches, and
steeples [1–6]. Protecting historical buildings from seismic activity plays a significant role on
public safety, considering how European countries, moreover Italy, have such a diverse architectural heritage that is still in use, most of the times hosting strategic public functions. However, such buildings do not grant proper safety against seismic actions, since their design
criteria do not consider lateral resistance and ductility in favors of efficiently bearing gravity
loads [7–10].

Figure 1: The location of three masonry churches severely damaged by the seismic sequence of Central Italy
2016-2017
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The aim of this work is studying the seismic behavior of a sample of churches in the crater
area of the Central Italy seismic sequence (see Figure 1). All the selected churches have suffered damages during the seismic sequence. As may be remarked by observing buildings that
share the same features of these churches and, moreover, by comparing seismic demand vs.
capacity, the structures are prone to massive damage leading to collapse. The churches are
studied with 3D numerical models where the mechanical behavior of masonry is considered
inside a continuum approach. The paper wants to underline how this method allows obtaining
good results on the seismic response of this type of structures, attesting it as one of the most
advantageous.
To limit the length of the paper only the case study of Santissimo Sacramento church in
Pretare, a hamlet of Arquata del Tronto is here reported to address comparison between the
numerical and the real damages.
2

HISTORICAL DEVELOPMENTS OF THE CHURCH

The Santissimo Crocifisso church is in Pretare, a hamlet of Arquata del Tronto in Marche
region (Figure 2) heavily hit by the Central Italy 2016 earthquakes. The first news of its date
back to XV century. In the beginning, it was an oratory, and successively it was used only a
few times, and it was always left in bad condition. Between the XVII and XIX century the
church was partially restored, in 1906 it was completely renovated, and the concrete bellgable was built. Between 1950 and 1960 other restoration works were executed and, for a
short time, the building was used as a theater. The façade is simple; it has a travertine stone
gate and a big window above it. The quake of 1997 hit the church heavily; it brings structural
instability and several cracks that also damaged the frescoes. Between the 2014 and 2015
seismic retrofitting was executed using the restoration technique of the unstitch and stitch of
the masonry walls, introducing curb steel on the principal façade and a reinforcement of the
camorcanna vaults. In this period the recesses were reopened, and a new wood roof was built.

Figure 2: Geographic localization of Santissimo Crocifisso church in Pretare (Arquata del Tronto, Italy)

3

HISTORICAL DEVELOPMENTS OF THE CHURCH

The church has a single nave whose main dimensions are: 11.94 m length and 7.24 m
width and a maximum height of 9.98 m. The local calcareous stone wall’s thickness is of 0.68.
The nave is cover by two camorcanna cross vaults, and the structure of the roof is made of
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wood trussed. On the North side of the church, there is a bell-gable that sustains a bell of 30
kg (Figure 3).

Figure 3: Geometric configuration of Santissimo Crocifisso in Pretare (Arquata del Tronto, Italy)

4

DAMAGE AFTER THE CENTRAL ITALY EARTHQUAKES OF 2016

The last main shocks sequence has severely damaged different types of buildings [11] in
Central Italy especially the churches. These structures, for their characteristic geometry, are
very vulnerable during a seismic event.

Figure 4: Cracks of Santissimo Crocifisso after 2016 earthquakes: a) the main façade; b) the North façade; c) the
back façade
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As is highlighted in Errore. L'origine riferimento non è stata trovata., the Church of
Santissimo Crocifisso in Pretare reported various failures. The major cracks have appeared in
the upper part of the main façade and the lateral walls, due to the absence of the connection
between them, and in the central part of the main façade, between the opening and the entrance. Similarly, in the back façade, there are profound cracks due to the missing of the connection with the lateral walls and the in-plane cracking due to a lack of clamping of the wall
texture.
5

THE NUMERICAL MODEL

The Numerical Models (NMs) built to reproduce the geometry of the structures, focusing
on the variations in the wall thickness, on geometrical and structural irregularities, and wall
connections [12]. The significant openings in the buildings have been reproduced. In this
work, the nonlinear damage behavior of the masonry is considered within a continuum mechanics theory, based on a smeared crack approach [13] where the cracks are not described
one by one but are continuously spread within the body and affect the medium stiffness instead. The panels were modelled with solid tetrahedron elements with 4 nodes, and optimized
regular mesh was used for discretization.

Figure 5: Finite Element Model of Santissimo Crocifisso in Pretare (Arquata del Tronto, Italy)

The nonlinear behavior of the masonry panels of the historical complex is represented by a
Total Strain Crack Model based on fixed stress-strain law concepts available in Midas FEA©.
In this way, the cracks are fixed in the direction of the principal strain vectors that remain unchanged during the loading of the structure. The compression behavior of the masonry was
modelled by a constitutive law comprising a parabolic hardening rule and a parabolic softening branch after the peak of resistance; the tension behavior was characterized by a linear
hardening branch followed by a nonlinear softening branch. The shear retention factor (β)
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gives the shear stiffness after cracking, which can be a constant (low) value between 0 and 1,
or a value depending on the crack opening. Here, a constant value equal to 0.05 was adopted
[14]. The FE model of Santissimo Crocifisso is composed of 38499 nodes, 169935 solid elements, and 112899 d.o.f. (Figure 5).
6

PRELIMINARY RESULTS OF NUMERICAL ANALYSIS

The seismic behavior has been analyzed by using limit and nonlinear static analysis method. The nonlinear static analysis was performed under conditions of constant gravity loads,
monotonically increasing horizontal loads. Based on this method, the effects of the seismic
loads have been evaluated by applying two systems of horizontal forces perpendicular to one
another. The first load distribution was directly proportional to the masses of the structures
(PushMass); the second load distribution was proportional to the main modes (PushMode).
These two load distributions could be considered as two limit states of the building capacity
[15–17].
The conventional pushover does not account for the progressive changes in modal frequencies due to yielding and cracking on the structure during loading. Hence, the hypothesis of
invariance of static loads could cause an overestimation in the analysis of the masonry building seismic capacity especially when nonuniform damage on the buildings or a high level of
cracking are expected. However, also in its conventional form, the pushover provides an efficient alternative to expensive computational nonlinear dynamic analyses and can nevertheless
offer useful and practical information on the damage state that the building can develop under
seismic loads. Models calibration respect the actual state is one of major topic in the analysis
of ancient masonry structures [18–20]. The validation of the FEM models has been done
comparing the numerical result whit real damage exhibited after the 2016 seismic sequence.
The results show that in most of the cases the real damage is reproduced faithfully. This capacity is also shown in other papers as [21,22]. The main results of Santissimo Crocifisso
church are reported in Figure 6, where a good comparison between the real and the numerical
damages is summarized for the South and the West façades.

Figure 6: Damages on the South (a) and the West (b) façades of Santissimo Crocifisso church in Pretare (Arquata del Tronto, Italy)

7

CONCLUSIONS

The final aim of the numerical investigation carried out is to establish if the simplifications
assumed in common design may be regarded as reliable or if discrepancies exist. To this aim,
the reference solution has been the real damage observed after the Central Italy Earthquake
sequence of 2016. For this type of structures, a variety of alternative procedures, ranging from
simple (kinematic limit analyses with pre-assigned failure mechanisms) to moderate/severe
(FE nonlinear static analyses) approaches are typically used. This work shows how conventional static approaches are still capable of roughly identifying the most critical macro-
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elements that usually activate a failure mechanism and can reproduce faithfully the real damaged that occur because of an earthquake. The sensitivity study conducted allows stating that
the seismic vulnerability of such structures should always be evaluated through different procedures like limit and nonlinear static analyses. Indeed, all the strategies are affected by different levels of accuracy and complexity, but, if performed together, may provide a
convincing picture of the structural weakness, at least when the study using nonlinear dynamic analyses is not possible either for time and software limitations or for the insufficient experience of the user.
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Abstract. In the last decades, the increasing need of preservation of historical constructions
against strong actions and materials ageing (e.g. environmental and weathering actions, earthquakes) have induced to develop new strategies aimed at the detection of possible criticalities
which could occur during the life of the constructions. The continuous dynamic monitoring is
revealing as an efficient practice able to rapidly identify structural anomalies related to damages suddenly and/or increasingly developed. Within this context, the application of specific
procedures for damage detection and localization, especially in the cases of historical constructions, such as palaces and churches, is still a challenge owing to the computational burden
for the management of complex numerical models. The use of surrogate models calibrated on
more refined numerical ones allows to overcome this computational issue and to process the
monitoring data in a more efficient way.
The aim of this work is to define accurate surrogate models calibrated on a more refined
Finite Element Model of the Basilica of Santa Maria degli Angeli in Assisi, able to reproduce
its main modal parameters as functions of the equivalent elastic constants of macro-regions
of the structure. Moreover, the results obtained by the installation of a long-term dynamic
monitoring system in the same monumental Basilica are used to investigate the effectiveness
of damage localization procedures when applied to the data recorded during the Central Italy
seismic sequence of 2016-2017. In particular, the results highlight a good agreement between
the estimated damage and the outcomes of visual inspections made on site after seismic events.
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1

INTRODUCTION

The preservation of complex historical structures (e.g. palaces, churches, monasteries) against
earthquakes represents an increasing need for the owner institutions, but, at the same time, is
still a challenging problem, due to the typical presence of sub-structures characterized by different dynamic and mechanical properties affecting the overall response [1, 2]. This aspect has
been also highlighted by the observation of global or partial collapses occurred after the seismic
events that stroke central Italy during the second half of 2016, particularly in regards to masonry
towers and churches [3, 4, 5].
In this context, vibration-based continuous dynamic monitoring systems are becoming popular tools for automatically identifying anomalies in the structural dynamic behavior following
small earthquake-induced damages, thus triggering preventive conservation measures with the
purpose of avoiding damage accumulation during a seismic sequence. During the last decades,
several contributions can be found in the literature regarding the effectiveness of continuous
dynamic monitoring both in detecting earthquake-induced damages and for investigating the
effects of changing environmental conditions on the modal parameters of historical constructions [6, 7, 8, 9, 10, 11, 12]. Unfortunately, the localization of damages by means of output-only
information provided by dynamic monitoring systems often requires the continuous tuning of
numerical models based on identified modal parameters, which in most of the cases results in
excessive computational efforts. To this aim, the use of simplified models allows to reduce the
computational costs and, at the same time, to achieve reliable results [13].
In this work, the use of a suitable surrogate model calibrated on the basis of a more detailed
Finite Element model is proposed, in order to obtain a more suitable tool to be used in the
damage localization procedure through some a priori definition of macro-elements, in which
the occurrence of damage is expected. In particular, the first results derived by the study of the
Basilica of Santa Maria degli Angeli in Assisi are presented. The drum-dome system of the
basilica has been the object of a continuous dynamic structural monitoring since October 2015
by means of two high-sensitivity uniaxial piezoelectric accelerometers installed at the base of
the dome. After the Central Italy seismic sequence of 2016, the monitoring system has detected
the occurrence of a damage through a remarkable shift of the identified natural frequencies.
A detailed damage survey has highlighted the raise of cracks in the transepts and the nave,
resulting in a loss of lateral constraints’ stiffness of the drum-dome system.
In this paper, the development of high-fidelity surrogate models based on the Polynomial
Chaos (PC) approximation of the structural response is presented and the first results obtained
by damage localization using the FEM model are discussed.
2

PC-BASED SURROGATE MODEL: MATHEMATICAL SETTING

2.1

Uncertainty quantification and propagation framework

Consider a physical system whose mechanical behavior is represented by a computational
model M characterized by an input random vector X = {X1 , .., XN } ∈ RN consisting in N independent Random Variables (RVs) so that the joint distribution is given by the product of the Ndensities π(X) = ∏N
i=1 πi (Xi ). Let the relation between the vector X and the associated output
response quantities Y = {Y1 , ...,YM } ∈ RM given by the forward problem M :
Y = M (X)

(1)

where M : RN → RM . The output response random vector Y represents the Quantity of
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Interest (QoI) of the Uncertainty Quantification (UQ) framework.
2.2

Polynomial chaos representation

In order to obtain a significant reduction of the computational burden required for the quantification of the uncertainty of random system parameters on the system output response, Polynomial Chaos (PC) based surrogate models are used [14]. The main idea is to decompose the
forward model response in Equation (1) into polynomial terms that are orthogonal with respect
to a weight function [15]. In order to simplify the discussion and without loss of generality, in
the following developments of the work, a N-variate input and a univariate output, i.e. M = 1,
are assumed. When M > 1 the procedure is carried out for each output random vector component Yi = Mi (X), i = 1, ..., M.
Let X ∈ RN be a non Gaussian random vector defined by
X = g(ξ )

(2)

where g is a nonlinear function, g : Rk → RN , ξ ∼ N(0, I) is a RK -valued vector of K independent and identically distributed, zero mean, unit variance Gaussian RVs and I denotes the
identity matrix with dimensions (K × K). The solution of the physical model in Equation (1)
can be written as
Y = G (ξ )

(3)

where G : RK → R. Assuming that the model response is a finite variance RV, the PC representation of the structural response can be written as
Y (ξ ) =

∑

α∈NK

βα Ψα (ξ )

(4)

where βα are the unknown expansion deterministic coefficients, α = {α1 , ..., αK } ∈ RK is
a multy-index set and Ψα (ξ ) is the Hilbertian basis of suitable Hilbert space containing the
response. When the random system input parameters follow Gaussian distributions, such as in
the case of ξ , an Hilbertian basis is the family of multivariate Hermite polynomials that are
orthogonal with respect to the Gaussian measure π(ξ ) in the sense that
hΨα , Ψγ i =

Z

Ψα (ξ )Ψγ (ξ )π(ξ )dξ = δα,γ

(5)

where δ is the Kronecker symbol.
The representation in Equation(4) is exact when infinite series are considered. In practice,
only a finite number of terms may be computed and a truncation scheme needs to be chosen.
Let us define the total degree of a multivariate polynomial Ψα by α = ∑K
i=1 αi . The standard
K
truncation scheme consists in selecting all the polynomials so that α ∈ R : |α| ≤ p. The number
of terms in the truncated series is

NP =

(K + p)!
K!p!
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and Equation 4 becomes

Y (ξ ) ∼ Ỹ (ξ ) = G˜(ξ ) =

NP −1

∑

βα Ψα (ξ )

(7)

α≥0

The above equation may also be interpreted as a response surface that allows to replace the
original model in Equation (1) .
The main issue in using PC expansion is to evaluate the deterministic coefficients βα =
{β1 , .., βNP −1 }. In this work the least square minimization method [16] is used consisting in
minimizing the error between the exact model output response Y and the PC expansion Ỹ solving the optimization problem in a sample set of NR regression points:
2

NP −1
1 NR
i
i
β = Argmin
∑ G (ξ ) − ∑ βα Ψα (ξ )
NR i=1
α≥0

(8)

where NR ≥ NP in order to ensure the numerical stability of the regression points. The coefficients of the PC expansion contain all the probabilistic information (i.e. statistical moments)
of the random response Y . Due to the orthogonality conditions of the PC expansion basis, the
statistics of the output responses can be computed as the statistics of the deterministic coefficients. Since Ψ0 = 1 and E[Ψα (ξ )] = 0, ∀α 6= 0, the mean value µỸ and the variance σỸ2 of the
mathematical model response Ỹ are respectively given by
NP −1

˜
µỸ = E[G (ξ )] = E ∑ βα Ψα (ξ ) = β0

(9)

α≥0

σỸ2 = E[(G˜(ξ ) − β0 )2 ] =

∑ βα 2

(10)

α6=0

The crucial step in the PC methodology is the validation of the approximation. For this
purpose various methods have been proposed [17]. In general, the normalized quantity R2 can
be used:

R2 = 1 −
2.3

Var[Y (ξ i )]
Var[Ỹ (ξ i )]

(11)

Global sensitivity analysis

The influence of the uncertain input parameters ξ on the output QoIs Y can be quantified
using sensitivity analysis. Model input parameters are considered unessential when they have
no effect on the output variability. The identification of unessential input parameters can lead to
significant reductions of the problem dimension. This aspect is crucial especially when dealing
with probabilistic design problems or model updating procedure.
The most common Global Sensitivity Analysis (GSA) method is based on the variance decomposition of the random system output as a sum of contributions of each random variables
[18] [19] [20] according to:
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K

K

V[Y (ξ )] = ∑ Vi (ξi ) + ∑
i=1

i

∑ Vi, j (ξi, ξ j ) + · · · +V1,2,··· ,K (ξ1, ξ2, ..., ξK )

(12)

i=1 j=1

where:
Vi = V(E[Y (ξ )|ξi ])
Vi, j = V(E[Y (ξ )|ξi , ξ j ]) − Vi − V j

(13)
(14)

where V(E[Y (ξ )|ξi ]) and V(E[Y (ξ )|ξi , ξ j ]) are the variances of the conditional expectation
of Y (ξ ) when ξi and ξi , ξ j are set up respectively. Therefore, the total variance of the model
output is decomposed into a summation of terms depending on each input random variable
taken alone and on the interactions between them.
Dividing all terms in Equation 12 by Var[Y (ξ )] the following relation os obtained:
K

K

1 = ∑ Si (ξi ) + ∑
i=1

i

∑ Si, j (ξi, ξ j ) + · · · + S1,2,··· ,K (ξ1, ξ2, ..., ξK )

(15)

i=1 j=1

where Si is used to indicate the so-called Sobol indices that are a sensitivity measure describing which amount of the total variance is due to the uncertainties in the set of random input
parameters.
Following [21], the variance decomposition of the function Y (ξ ) can be obtained rearranging
Equation 7
2

∑ j∈Ri β j2 Ψ j (ξi )
Si =
V (Y )

(16)

where Ri is a set of polynomial functions with the random input parameter ξi , while Si
quantifies the influence of each parameter taken alone.
3
3.1

CASE STUDY
General description and long-term dynamic monitoring data

The Basilica of Santa Maria degli Angeli (Figure 1), located in Central Italy near the city of
Assisi, is characterized by a central Latin cross plan having dimensions 126 m and 65 m with
a nave, two transepts and a semicircular apse. The central core, at the intersection between the
transepts and the nave, consists of four pillars that bear the triumphal arches, the drum and the
dome (Figure 2). The dome consists of a single shell with an inner diameter of 20 m and a
variable thickness assuming maximum and minimum values respectively equal to 1.80 m and
0.90 m, in compliance with the well-known geometrical construction roles of Carlo Fontana
[22]. Further details about the basilica can be found in [23].
In October 2015 a dynamic monitoring system consisting of 5 uni-axial high sensitivity
piezoelectric accelerometers was installed in the drum-dome structure. Three sensors were
placed at the base of the drum and two at the base of the dome. The system has continuously
acquired structural vibrations until May 2016, recording 30-minutes long separate files with a
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Figure 1: Basilica of Santa Maria degli Angeli in Assisi.

(a)

(b)
Figure 2: Basilica of Santa Maria degli Angeli in Assisi: (a) plan and (b) longitudinal section.
Table 1: Comparison of the natural frequencies of the first three global modes of the drum-dome
system before ( fb ) and after ( fa ) the seismic sequence of 2016-2017 considering a temperature
of 10◦C.
Mode
fb
fa
Fy1 1.769 1.689
Fx1 1.803 1.729
T1
3.028 2.865

∆ f (%)
4.45
4.09
5.36

sample rate of 100 Hz. During that period it was possible to identify several natural frequencies,
mainly involving the drum-dome system, and to track their evolution over time. The continuous
dynamic identification analysis was carried out through a fully automated procedure based on
the Stochastic Subspace Identification method [9]. In spite of the number of structural modes
which is possible to identify over time, the analysis of this paper is only focused on the first
global modes of the structure, which are the first two flexural modes in y and x directions, Fy1
and Fx1, respectively, and the first torsional mode, T 1.
After the seismic sequence which stroke Central Italy in 2016-2017, the dynamic monitoring
system was restarted in July 2017, with the only two accelerometric sensors installed at the base
of the dome. By the comparison of the identified natural frequencies before and after the seismic
sequence, it was possible to observe a significant decay in all of them, which is considered to be
the effect of some earthquake-induced damage. The comparison of natural frequencies extracted
considering a temperature of 10◦C before and after the seismic sequence is presented in Table
1, while Figure3 is a graphical representation regarding the first two flexural modes. Overall,
the occurred natural frequency decays clearly point out.
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Figure 3: Comparison of the Fy1 and Fx1 flexural modes of the drum-dome system before and
after the seismic sequence of 2016-2017.
Table 2: Mechanical characteristics of masonry:mass density (ρ); elastic modulus (E); shear
modulus (G); Poissont ratio (ν).
Brick masonry

ρ[ton/m3 ] E [MPa]
1.8
1500

G [MPa]
500

ν[−]
0.2

A visual inspection revealed the presence of small damages in the connection elements between the drum-dome system and the surrounding volumes, mainly the transepts and the nave,
and in the buttresses placed over the lateral naves. The damage pattern is characterized by
typical shear cracks, to be ascribed to horizontal actions. As far as it concerns the damages
involving the drum and the dome, it was not possible to assess the state of damage induced
by earthquake, due to the pre-existence of a complex crack scenario already before the seismic
sequence of 2016.
3.2

Initial FE model

The structural system is modelled through a linear elastic FE model implemented in ABAQUS
environment [24]. The geometry is carefully defined based on a recent architectural survey and
it is obtained as an assembly of five main substructures, namely the dome, the two transepts, the
nave and the apse (Figure 4). The bell-tower placed on a corner of the structural complex is not
included in the model due to the fact that it does not confer a significant contribution to the lateral restraint of the drum-dome system. The numerical model consists of hexahedral elements
for the dome shell, and tetrahedral elements for the rest of the model, given its irregular shape.
The constituent material is mainly characterized by brickwork masonry. The initial mechanical characteristics of all the five substructures are set according to the prescription of the recent
Italian instructions [25] multiplied by two coefficients α = 1.3 and γ = 1.3 able to account for
the good condition of the mortar and thin layers of mortar joints (Table 2).
Figure 4 shows the three mode shapes considered in this paper, namely the first two flexural modes (Fy1 and Fx1) and the first torsional mode (T 1), respectively. In the following
developments of the study, the sensitivity analysis procedure used for both the surrogate model
calibration and the model updating procedure is described in details.
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Figure 4: Three-dimensional FE model of the structural system and representation of the Fy1,
Fx1 and T 1 mode shapes.
3.3
3.3.1

Sensitivity analysis and surrogate model calibration
Parameters selection for model updating

In this work, an in depth sensitivity analysis using both deterministic and probabilistic approaches is carried out in order to efficiently obtain information for a suitable selection of model
updating and damage localization parameters. As already discussed, the FE model is subdivided into 5 substructures basing on the morphological and topological characteristics of the
structural system. As a consequence, a total of 10 unknown input parameters are selected: 5
Young’s moduli (E) and 5 shear moduli (G) for each substructure. Since no direct information (e.g. measurements for the mechanical characteristics) are available for the random vector,
lognormal distributions have been assumed for both the elastic and shear moduli of the five
substructures starting from the mechanical properties proposed in [26] for different masonry
typologies and reported in Table 3. The selected distributions are characterized by a mean value
equal to 1500 MPa and to 500 MPa, respectively, for the elastic moduli E and the shear moduli
G of the masonry multiplied by two coefficients α = 1.3 and γ = 1.3 accounting for the good
condition of the mortar.
The resulting two PDFs are shown in Figure 8.
3.3.2

Fully deterministic sensitivity analysis

The fully deterministic sensitivity analysis is carried out in order to assess which parameters
mostly affect the dynamic response. The sensitivity of the natural frequencies to variation of
the unknown input parameters is evaluated by computing the sensitivity coefficients Sik
Sik = 100 ×

Xk
fiFEM

∆ fiFEM
∆Xk

(17)

where Xk , k = 1, ..., 10 is the kth uncertain parameter, fiFEM , i = 1, ..., 3 is the ith natural frequency predicted by the numerical model and ∆ is the difference operator. According to Equation 17 each sensitivity coefficient Sik represents the absolute value of the relative change in the
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Table 3: Input parameters of the FE model.
Parameter k
1
2
3
4
5
6
7
8
9
10

Description
Dome elastic modulus
Dome shear modulus
North-East transept elastic modulus
North-East transept shear modulus
South-West transept elastic modulus
South-West transept shear modulus
Central nave elastic modulus
Central nave shear modulus
Apse elastic modulus
Apse shear modulus

Symbol
E1
G1
E2
G2
E3
G3
E4
G4
E5
G5

µ
1500
500
1500
500
1500
500
1500
500
1500
500

σln
0.20
0.20
0.20
0.20
0.20
0.20
0.20
0.20
0.20
0.20

Unit
MPa
MPa
MPa
MPa
MPa
MPa
MPa
MPa
MPa
MPa

ith natural frequency provided by a 100 % change in the kth natural frequency. The bounds have
been selected in order to reproduce the whole range of variability of the considered input parameters according to their Probability Density Function (PDF). In particular, 7 different values
for the operator ∆ are selected and the obtained results are reported in Figure 6.
It has been found that the first two bending modes of the dome are mainly influenced by the
dome elastic and shear moduli. On the contrary, the first torsional mode is mainly influenced by
both the dome and the central nave elastic and shear moduli. Moreover, it can be observed that
the mechanical properties of the two transepts substantially affect all the natural frequencies in
the same way.
3.3.3

PC-based surrogate models and GSA

The PC expansion in Equation 4 is used to build a surrogate model of each of the selected
QoI.
Each of the three surrogate models is built following a three steps procedure. First, the
lognormal distributions are transformed into normal distributions [27]. Then, samples of the
input random parameters on a grid selected with the Smolyak quadrature approach are mapped
into samples of ξ using Equation 2. Finally, the deterministic coefficients in Equation 4 are
10 -3

10 -3
=2535 MPa ln= 0.20 MPa
Mean Value

1.2

=845 MPa ln= 0.20 MPa

2.5

Mean Value

1

2

PDF

PDF

0.8
0.6

1.5

1
0.4
0.5

0.2
0

0
0

(a)
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E[MPa]

4500
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0

(b)

1000

2000
G[MPa]

Figure 5: PDF of the elastic modulus of E (a) and G (b).
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Figure 6: Sensitivity coefficients Sik of the first three natural frequencies of the masonry dome
predicted by the FE model by varying the uncertain parameters: (a) and (b) bending modes; (c)
torsional mode.
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Figure 7: Comparison between the FE model and the surrogate model predicted natural frequencies: f1 (a), f2 (b) and f3 (c). Normalized quantity R2 in a logarithmic scale (d).
evaluated using the least square method in Equation 7.
The crucial step in the response surface method methodology is the validation of the PC approximation. Therefore the FE model and the surrogate model predicted natural frequencies are
compared in Figure 7 (a),(b) and (c) and the normalized quantity R2 in Equation 11 is evaluated
on the set of regression points Figure 7(d). An almost perfect match between numerical and
surrogate models is obtained when polynomial order p = 4 is used and the maximum error is
obtained for f3FEM .
Once the surrogate models have been built, it is possible to estimate the variance of the NP
polynomial coefficients β̂α for each QoI. These variances can be used to estimate the first order
Sobol indices giving information on the influence of the uncertain parameters Xi , i = 1, ..., 10.
The obtained results are essentially consistent with those of the deterministic sensitivity analysis.
In light of these observations, all the considered input parameters are selected as updating
parameters.
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Figure 8: First order Sobol indices for the first three natural frequencies.
Table 4: Mechanical parameters used in the FE model in pre- and post-earthquake conditions.
Parameter
E1
G1
E2
G2
E3
G3
E4
G4
E5
G5
3.4

Pre-earthquake [MPa]
2727.7
909.2
1622.4
540.8
1622.4
540.8
1622.4
540.8
2535.0
845.0

Post-earthquake [MPa]
2591.3
863.8
1460.2
486.7
1460.2
486.7
1460.2
486.7
2408.2
802.7

∆(%)
-6.0
-6.0
-14.0
-14.0
-14.0
-14.0
-14.0
-14.0
-5.0
-5.0

FE model tuning pre- and post-earthquake for damage localization

First results of damage localization were obtained through a manual tuning of the FE model.
The model updating was carried out under the assumption that the ratios between the elastic
moduli of each part remain constant after damage occurs, therefore reducing the number of the
independent parameters from ten to five. The elastic parameters estimated by the model updating procedure in pre- and post-seismic conditions are summarized in Table 4. Furthermore,
Table 5 summarizes the differences between natural frequencies estimated from monitoring data
and those numerically estimated by modal analysis in pre- and post-earthquake conditions.
The obtained results highlight a concentration of damage in the nave and the lateral transepts,
as observed by in-situ visual inspections. Further investigations are needed in order to include a
larger number of modes in the analysis, to automate the localization process through optimization algorithms and to implement the surrogate models in the damage localization procedure.
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Table 5: Comparison between experimental and numerical frequencies of the first three global
modes of the drum-dome system before ( fb ) and after ( fa ) the seismic sequence.
Mode shape fbexp
Fy1
1.769
Fx1
1.803
T1
3.028
4

fbFEM
1.768
1.826
3.001

∆ fb (%) faexp
0.06
1.689
1.27
1.729
0.89
2.865

faFEM
1.694
1.754
2.877

∆ fa (%)
0.30
1.44
0.42

CONCLUSIONS

In this paper, the first results of the definition of effective surrogate models for damage
localization in complex historical constructions have been presented. The study is included in
the framework of vibration-based Structural Health Monitoring techniques aimed at detecting
possible anomalies in the dynamic properties of a structural system. Well established outputonly techniques are able to identify the occurrence of a damage, based on small changes of
dynamic properties, which effects can be observed in a shift of the main identified natural
frequencies after proper compensation of environmental and operational effects. In this context,
damage localization procedures must refer to the use of consistent models able to accurately
describe the dynamic properties of the actual constructions.
In this paper, the use of Polynomial Chaos based surrogate models is proposed. The models
refer to the description of the modal frequencies as functions of selected material parameters.
The models are calibrated on the results derived by a deterministic sample obtained by eigenvalue analysis carried out on a FE numerical model.
The study has been applied to a specific case of study, the Basilica of Santa Maria degli
Angeli in Assisi (Italy), in which long-term dynamic monitoring data are available. The monitoring system has highlighted significant changes in the structural dynamic properties and, in
particular, the variations of the first drum-dome system natural frequencies have been shown.
The PC-based surrogate models, calibrated on a detailed FE model of the Basilica, have shown
good results in terms of the predicted natural frequencies, revealing to be a suitable tool to be
used in damage localization procedures.
Future developments will be devoted to the comparison between the application of damage
localization methods by using surrogate models and FE models to the described actual case of
study.
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Abstract. The Italian wars between the 15th and 16th centuries led to a substantial modification of the military architecture for the defense of the cities. This was essentially determined
by the enormous progress of the artillery. While the typical medieval defensive walls were substantially of stone walls, or bricks, rather high even if of considerable thickness, during the
Renaissance period the defensive artifacts become considerably thicker as they consisted of a
large embankment that was reinforced only externally by a well organized masonry cladding.
The research aims to evaluate, by means of Rigid Body-Spring Model (RBSM) dynamic analyses, the progressive damage due to the artillery strikes modeled as impulses.
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1

INTRODUCTION

In the end of the middle age there was a wide development of artillery. During the Hundred’s
years war (1337-1453) the cannons gave their first important contribute in an European war. By
the XVI century, cannons were made in a great variety and of several sizes, continuously improving maneuverability, power and range, showing to be far more effective than previous sage
weapons, in the attack to fortress.
Artillery brought to an inevitable change of the military architecture. As described by Galileo
Galilei in ”Breve istruzione all’architettura militare” (Brief instructions for the military architecture, 1593) [1], before the spread of artillery, the efficiency of a fortification was principally
related to its height, which prevented from climbing and helped in seeing the lands outside the
fortification. In the second half of XV century the fortifications were completely reinvented,
with walls of reduced height, great embankment and a particular in plane layout, to avoid undefended points. In this period, bastion forts or Italian fortifications were built.
In this study the dynamic response of fortifications to an artillery attack was investigated. In
particular, in this first stage, it was evaluated the inefficiency of the old medieval walls to face
the artillery attacks. The Pisa’s walls, a typical example of middle Age fortification, have been
considered. Many other authors have already pointed out the vulnerability of masonry walls
to impact loads [2, 3, 4, 5, 6, 7, 8]. Differently from the other studies, here an historical three
leaves masonry wall is considered, highlighting the effects in the thickness of an impact load.
It was assumed a gun battery attack as impact load, hence, a plane strain model of the cross
section of the wall is considered.
In the first stage of this research, after an historical overview, the typical geometries of the medieval and the Renaissance fortifications are reconstructed. The impulse force, associated to
the cannon ball hit, is preliminary evaluated through a finite element 3D model with an explicit
dynamic analysis of the impact. In the end, the dynamic response is evaluated with a rigid body
spring in plane model (RBSM) [9, 10, 11, 12] that has been already widely used for dynamic
analyses of masonry structures.
2
2.1

FORTIFICATIONS GEOMETRY
Middle Age fortifications, Pisa’s walls

The Pisa’s medieval walls are one of the oldest example in Italy of preserved city walls.
Mainly built from the 1154 to 1261 [13], considering their geometry, they are a perfect sample
of Middle Age fortification. They are three leaves masonry walls, 2.2 m thick, 11 m height
in average [14] and plumbed against climbing. About the materials, according to the annales
[13], almost half of the height was completed by the 1161 using gray calcareous stone from
San Giuliano, and the remaining part was built using pink-gray sedimentary square stones from
Asciano between 1161 and 1261. The merlons are now made by clay bricks, but there were not
found information about their original construction (Figure 1).
2.2

Modern fortifications, Lucca’s walls

In Lucca, instead, there is one of the most important existing example of modern fortifications. It was built between 1545 and 1650, partially incorporating the existing walls of the
Middle Age in some areas [15, 16]. The walls have almost the same height of the Pisa’s one
(12 m), but they are considerably thicker (30 m at the base [17]), with a great embankment,
just externally covered with a brick wall, that is the curtain. About the geometry of the curtain,
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there are different indications: according to some sources [16], the curtain is composed by four
bricks; meanwhile, according to some others [15] the thickness is at least of 1.5 arms (the arm
is an old unity of length equal to 59 cm in Tuscany), with just the external layer made of bricks
and with stones in the inner part.
The geometry of the Lucca’s walls seems to respect the indications reported by Galileo Galilei
[1] about the military architecture. Hence, the information found about the Lucca’s walls were
integrated with the Galilei’s indications to reconstruct the cross section of a sample of modern
fortification (Figure 1).

Figure 1: Geometry of fortifications of Pisa (on the left) and of Lucca (on the right), measures
in m.

3

CANNON BALL IMPACT

The impact of a XVI century cannon ball was modeled evaluating the impulse to apply to the
wall. Henry II of France defined six sizes of elements of the artillery, among these the cannon
was the largest, able of shooting an iron ball of 33.3 lb (16.37 kg) with a range of 500 steps
(370 m) [18]. Knowing the range R and neglecting the air resistance, it has been estimated the
muzzle velocity V0 , equal to 100 m/s, through the formula of the range for ballistic in absence
of resistances:
V 2 sin 2φ
(1)
R= 0
g
A maximum angle of inclination φ on the horizon of 10◦ has been assumed, considering that
in the early cannons there were not systems to absorb the recoil, and hence higher value of
inclination were not possible.
As a first approximation, and considering the assumptions already made to obtain the muzzle
velocity, the impact velocity was assumed equal to the muzzle one. Moreover, the cannon ball
has been assumed to impact the wall perpendicularly, hence the normal velocity of the cannon
ball is fixed to 100 m/s.
Considering the impact as perfectly inelastic and soft, according to the definition of the Eurocode1 [19], the kinetic energy of the cannon ball is entirely dissipated by the hit structure.
The wall and the ball will move together with the velocity vf in for the conservation of the linear
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momentum.

vm
(2)
m+M
Where v is the velocity of the ball before the impact, m is the mass of the ball and M the mass
of the wall. vf in will be almost null considered that the wall mass is much greater than the one
of the ball. Hence, for the conservation of the linear momentum, the ball applies, to the wall, an
average force Fa in the interval ∆t according to the following formula:
vf in =

Fa ∆t = mvf in ≈ 1600N s

(3)

In the model the impulse is applied with the following law:


F (t) = 2Fa

2π
1 − cos
t
∆t



(4)

In order to define the two parameters of Eq.(4), it is necessary to know at least one of them to
calculate the second one from Eq. (3). For the estimation of the impact time ∆t the results of a
Finite Element analysis are considered.
4

FINITE ELEMENT MODEL

An explicit dynamic analysis on a 3D finite element model is performed to estimate the
impact time ∆t. A portion of 20 m wall is considered (Figure 2), according to the Pisa geometry.
The wall portion is constrained with rollers on the vertical edges and with continuous hinges at
the bottom. The cannon ball is modeled with a parallelepiped of cross section 10 × 10cm2 and
the same weight of the ball. It is positioned in contact with the wall, in the hitting point, fixed
at 7.5 m from the ground and at in the middle of the wall.
For modeling the inelastic behavior of the masonry the Concrete Damage Plasticity Model

Figure 2: Geometry considered in the FE model.
([20, 21]), available in Abaqus, is used with the parameters reported in the Table 1, and the same
compression and tensile behaviors defined in the RBSM. Meanwhile, for the ball an elasticplastic behavior is defined, with a yielding stress of 420 MPa.
An initial velocity of 100 m/s is assigned to the cannon ball, evaluating the displacements and
speed of the ball over time. Considering also the trend of pressure in the impact point (Figure
3), the impact time ∆t is estimated equal to 2.4x10−3 s. In fact, in this time lapse, the horizontal
normal stress (S11 ) on the external face of the wall is not null in the impact area and the cannon
ball speed almost becomes null. According to Eq.(3) the average force is equal to 666kN .
Observing the maps of the S11 stress component in a horizontal section at an height of 7.5 m
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Dilation Angle
15◦

Eccentricity
0.1

fb0 /fbc
1.16

K
0.667

Viscosity Parameter
1x10−5

Table 1: Concrete Damage Plasticity parameters

Figure 3: Trend of the displacements and of the speed of the cannon ball over time (on the
left), compared to the normal stress on the surface of the wall in the impact point (on the right).

(a) t = 0.0006s

(b) t = 0.0012s

(c) t = 0.0018s

(d) t = 0.0024s

(e) t = 0.0030s

(f) t = 0.0040s

Figure 4: Maps of S11 stresses in an horizontal section wide 5 m in correspondence of the
impact point.
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Figure 5: Shape of the piece-wise laws for the normal springs (on the left) and for the shear
springs (on the right).
(Figure 4), it is possible to evaluate the length of the wall portion affected by the impact. The
average interested length was assumed equal to 1 m, considered that the maps show for different
times an area 5 m wide.
5

RIGID BODY SPRING MODEL

To evaluate the dynamic response of the wall with a reduced computational effort, a plane
RBSM was used. In a RBS-model a solid is discretized with quadrilateral rigid elements. Each
element is connected to the neighbors, with which it shares an edge, by means of 2 normal
elastic-plastic springs and a tangential one. In this case, the cross section of the wall is modeled
under plane strain condition hypothesis, for a gun battery attack. The thickness of each element
is assumed equal to 1 m, in agreement with the results obtained by the FE simulation.
5.1

Materials properties

In the RBSM the materials properties are defined through four piece-wise stress-strain laws
(Figure 5): two for the normal behaviors in the two principal directions and two for the shear
behaviors in the same directions. The shear behavior follows a Mohr-Coulomb like criterion,
it is function of the normal stress, through a friction coefficient that is assumed equal to 0.4,
according to the Italian codes [22]. In this work the masonry orthotropy and the texture effects
are neglected, and the same behavior is assigned in the two directions. In absence of further
information, the material properties are defined in agreement to the indications of the Italian
codes [23] (Tables 2-3).
In order to take into account in the plane strain model the effects on the failure surface of the

S+
E+
O
E−
Y−
U−
S−

Calcareous stones
Strain
Stress
(x1000) (MPa)
5.00
0.05
0.21
0.6
0.00
0.00
-1.51
-4.40
-4.00
-6.30
-8.00
-1.10
-16.00
-0.55

Sedimentary stones
Strain
Stress
(x1000)
(MPa)
5.00
0.05
0.16
0.2
0.00
0.00
-1.64
-2.0
-3.00
-2.20
-6.00
-1.10
-10.00
-0.05

Internal core
Strain
Stress
(x1000) (MPa)
5.00
0.05
0.16
0.20
0.00
0.00
-1.28
-1.54
-4.50
-2.00
-6.00
-0.55
-10.00
-0.11

Bricks
Strain
Stress
(x1000) (MPa)
0.25
0.01
0.05
0.06
0.00
0.00
-1.17
-1.40
-4.50
-1.80
-6.00
-0.50
-10.00
-0.10

Table 2: Stress - strain relationships for the normal springs (the compression is negative)
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O
E
Y
U
S

Calcareous stones
Strain
Stress
(x1000) (MPa)
0.00
0.00
0.05
0.1
0.8
0.15
1.5
0.02
3.0
0.01

Sedimentary stones
Strain
Stress
(x1000)
(MPa)
0.00
0.00
0.06
0.05
0.2
0.1
0.4
0.02
0.5
0.01

Internal core
Strain
Stress
(x1000) (MPa)
0.00
0.00
0.05
0.05
0.3
0.075
0.5
0.03
0.1
0.01

Bricks
Strain
Stress
(x1000) (MPa)
0.00
0.00
0.02
0.018
0.30
0.07
0.5
0.03
0.6
0.01

Table 3: Stress - strain relationships for the shear springs
other components of the stress tensor, in particular of the first invariant, the springs strength is
increased in correspondence of the impact point (Figure 6), where an high triaxial state of stress
is produced by the load. For the elements closest to the impact point a compressive strength
of 38 MPa and a shear strength of 9 MPa are considered. For the elements behind them, the
strength values are reduced to 1/3 and after to 1/6.

Figure 6: RBSM mesh, refined in the impact point

5.2

Numerical results

The results obtained from the analysis are here reported considering both what happens in
the impact point, in terms of displacements over time (Figure 8), and the behavior of the entire
wall (Figure 7).
Looking at the deformed shapes over time (Figure 7), while the force is applied (in the first
2.4 ms) the deformations are mainly concentrated in the impact point and in the external leaf.
These are mainly compressive deformations due to a local crushing. Subsequently, the impact
also affects the other leaves, with a compressive wave (Figure 9) and large shear deformations,
that are visible in Figure 7f like sliding among the rigid elements. In the end, the entire wall
starts to vibrate, see Figure 7j.
The damage resulting from the impact load was evaluated considering the residual shear strains
when the wall returns in the initial position (Figure 10). The wall results to be severely damaged,
for its entire thickness, just below the impact area. Moreover, the inner core show large residual
vertical shear deformations mainly concentrated at the interface with the others leaves. This
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(a) t = 0.6ms

(b) t = 1.2ms

(c) t = 1.8ms

(d) t = 2.4ms

(e) t = 3ms

(f) t = 0.5ms

(g) t = 1ms

(h) t = 2ms

(i) t = 4ms

(j) t = 10ms

Figure 7: Deformed shapes of the RBS-Model after the impact.
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Figure 8: Displacement over time of the impact point.

(a) t = 0.6ms

(c) t = 1.8ms

(b) t = 1.2ms

(e) t = 3ms

(d) t = 2.4ms

Figure 9: Maps of the horizontal normal stresses over time during the impact
state of damage also influences the distribution of the vertical normal stresses due to the wall
self weight (Figure 11). In fact, after the hit, these are almost null near the impact point and
also slightly reduced at the bottom of the inner core, if compared to the initial distribution.

6

CONCLUSIONS

In this first stage of this research, the effects of the artillery attacks on a typical medieval fortifications have been investigated with a plane RBSM. A preliminary explicit dynamic analysis
with a finite element 3D model has been conducted to study the dynamics of the impact. Subsequently, the state of damage in the wall, due to a gun battery attack, has been evaluated with an
implicit dynamic analysis and a plane rigid body spring model for a plane strain condition. In
particular, the geometry of the Pisa’s defensive walls has been considered, hence, a three leaves
masonry wall 11.5 m tall. The impact height has been assumed equal to 7.5 m.
The numerical results show a significant and diffused state of damage in the entire wall cross
section, proving the inefficiency of the masonry walls to face impact loads. So, it seems justified
the need in the XVI century to build new thicker fortifications, with a big embankment, to face
the artillery attacks.
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(a)

(b)

Figure 10: Residual shear strains maps after the impact.

Figure 11: Distribution of the vertical normal stresses before (on the left) and after (on the
right) the impact.
The plane RBS-model proved to be a useful tool to study, with a limited computational effort,
the dynamic response of a fortification to a gun battery attack. On the other hand, the transition
from a full 3D to a plane model required some simplifications and assumptions. Moreover, it is
necessary a previous study to determine the force to apply to the wall, increasing the degree of
uncertainties of the problem.
The next stages of this research will be focused, first of all, to the improvement of the transition
to the plane model. Subsequently, the influence of the impact height will be investigated and
compared with the case of a modern Renaissance fortification, evaluating also the number of
shots necessary to reach the collapse of the wall.
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Abstract
The accurate prediction of the response of masonry structures under seismic loading is one of
the most challenging problems in structural engineering. Detailed heterogeneous models at the
meso- or microscale explicitly allow for the specific bond and, if equipped with accurate material models for the individual constituents, generally provide realistic response predictions
even under extreme loading conditions, including earthquake loading. However, detailed mesoor microscale models are very computationally demanding and not suitable for practical design
and assessment. In this respect, more general continuum representations utilising the finite
element approach with continuum elements and specific macroscale constitutive relationships
for masonry assumed as a homogeneous material represent more efficient but still accurate
alternatives. In this research, the latter macroscale strategy is used to model brick/block masonry components structures, where a standard damage-plasticity formulation for concrete-like
materials is employed to represent material nonlinearity in the masonry. The adopted material
model describes the softening behaviour in tension and compression as well as the strength and
stiffness degradation under cyclic loading. An effective procedure for the calibration of the
macroscale model parameters is presented and then used in a numerical example. The results
achieved using the calibrated macroscale model are compared against the results of simulations where masonry is modelled by a more detailed mesoscale strategy. This enables a critical
appraisal of the ability of elasto-plastic macroscale nonlinear representations of masonry modelled as an isotropic homogenised continuum to represent the response of masonry components
under in-plane and out-of-plane earthquake loading.

Keywords: Mesoscale modelling, Macroscale modelling, Inverse analysis, Material calibration, Cyclic loading.
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1

INTRODUCTION

Even though in the last century many building techniques have been developed and utilised,
most of the historical structures around the world are made of unreinforced masonry (URM).
Buildings, monuments and bridges, most of which are still in use, were built mainly following
rules-of-thumb and trial-and-error procedures without proper consideration of the effects induced by earthquakes. This has led to significant damage and partial collapse of historical URM
structures caused by previous seismic events. Thus, to prevent future failures, an urgent need
for realistic assessment of existing URM constructions under extreme loading has emerged in
recent years.
The seismic behaviour of URM buildings and monuments is very complex. It can be accurately predicted only allowing for masonry material nonlinearity, which is due not only to the
independent behaviour of the masonry constituents (e.g. mortar and units) but also to the specific masonry bond. In the last two decades, several numerical strategies for nonlinear analysis
of URM structures have been developed. These include micro- or mesoscale models [1, 2, 3],
where the individual masonry constituents are modelled separately, and macroscale models [4,
5, 6] which represent masonry as a homogeneous material. In particular, in mesoscale masonry
models the contribution of both mortar and brick-mortar interfaces is represented using zerothickness nonlinear interface elements. This enables the analyst to account also for damageinduced anisotropy achieving realistic predictions of crack propagation within any masonry
element. Another advantage of mesoscale modelling is the relatively easy calibration of the
material properties, which, being related to the individual components of masonry, needs less
invasive and less expensive tests. However, the computational cost of representing masonry at
such level of detail can become prohibitive. Thus, the use of mesoscale modelling is currently
restricted to the research community for the simulation of relatively small structures, but it has
yet to be employed for accurate 3D seismic analysis of realistic masonry buildings.
On the contrary, macromodelling, where masonry components are represented as a homogeneous continuum [7] or utilising specific macroelements [8, 6] requires much less computational resources and can be used for the nonlinear analysis of realistic buildings and monuments.
The drawback is represented by the difficulty in defining an accurate phenomenological constitutive law for masonry material and in calibrating model parameters, which should be based
on the mechanical behaviour of entire masonry components. A compromise is represented by
multiscale approaches, as the FE2 method [9], based on homogenisation of Representative Volume Elements (RVE) [10, 11, 12], where a macroscale model is still used for the analysis, but
its constitutive behaviour is obtained by the solution of a Boundary Value Problem (BVP) for
the corresponding RVE. While this methodology in theory represents the compromise between
the two scales, it is still characterised by high computational cost, as at each integration point a
nonlinear BVP must be solved and the historical variables are to be stored. Localisation of
damage, typical of softening materials as masonry, must be captured maintaining mesh objectivity, which implies careful consideration of regularisation approaches at both scales [11, 12].
Recent advances [13] propose off-line homogenisation for in-plane loading, in which the mechanical behaviour at the macroscale is defined once and for all at the beginning of the analysis.
In this paper, a different approach based on multilevel calibration is proposed. The approach
utilises two scales of representation: a mesoscale model, through which a number of virtual
tests are simulated, and a macroscale model which is calibrated based on the mesoscale response predictions. The latter more efficient representation corresponds to an isotropic continuum elastic-plastic damage model, which was originally developed to represent the nonlinear
response of concrete material [14, 15], and it has been often used also to model masonry components and structures [16]. The calibration is based on the use of inverse analysis, which the
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authors have already successfully applied for the calibration of the mesoscale material parameters from simple experimental tests [17]. The proposed methodology is then applied to a case
study where different virtual tests are considered. The accuracy of the macroscale model and
its ability of representing several masonry collapse modes is also assessed.
2

MODELLING AND CALIBRATION

2.1 Calibration through virtual experiments
The calibration procedure developed in this paper starts from a realistic parameter identification of a mesoscale model which can be achieved by means of simple tests on units and mortar,
or more advanced experimental-strategies involving inverse analysis [17]. Once such model
has been calibrated, it can be used in virtual experiments for the calibration of the macroscale
model. After the assessment of the modelling error involved in the change of scale, the calibrated macroscale model can finally be used for the analysis of masonry structures under earthquake loading.
The transition from the mesoscale to the macroscale model is carried out considering an
energy equivalence at component level, i.e. at the scale of a masonry wall. In this respect, such
procedure differs from homogenisation procedures as described in [11] or [18], where the
equivalence is imposed at integration point level of the macro-scale which corresponds to a
Representative Volume Element (RVE) in the meso- or micro-scale following the Hill-Mandel
principle [19, 20].
Considering a quasi-static virtual test, the energy equivalence can be imposed minimising a
suitable discrepancy functional of the external work:
𝐹𝑖𝑛𝑑 𝒑 𝑠. 𝑡. min 𝜔(𝒑)
(1a)
𝑡𝑓𝑖𝑛

𝜔(𝒑) = ∑ ∫
𝑡0

𝑖

2

𝑚
𝑀
(𝑡))
(𝑑𝑊𝑒,𝑖
(𝒑, 𝑡) − 𝑑𝑊𝑒,𝑖

(1b)

where dWe,i(t) is the incremental work done by external forces Fi for the displacement increments dui at time t varying from t0 and tfin and subscripts M and m refer to macroscale and
mesoscale model, respectively. In Eqs. (1) it is underlined that, as the mesoscale model acts as
virtual experiment, the dependency of the functional on the macroscale material parameters p
𝑀
is represented by the terms 𝑑𝑊𝑒,𝑖
(𝒑).
In case of displacement-only boundary conditions applied to the same nodes at the two scales,
Eq. (1b) can be reduced to:
𝑡𝑓𝑖𝑛

𝜔(𝒑) = ∑ ∫
𝑖

𝑡0

2

𝑚
𝑀
(𝑡))
(𝑑𝑊𝑒,𝑖
(𝒑, 𝑡) − 𝑑𝑊𝑒,𝑖
𝑢𝑖,𝑓𝑖𝑛

2

(2)

= ∑ ∫ ((𝐹𝑖𝑀 (𝒑, 𝑡) − 𝐹𝑖𝑚 (𝑡)) ⋅ 𝑑𝑢𝑖 (𝑡))
𝑖

𝑢𝑖,0

and, if the displacement increments are constants, the minimisation of energy discrepancy finally reduces to the minimisation of force time history curves.

1358

Corrado Chisari, Lorenzo Macorini and Bassam A. Izzuddin

2.2 Mesoscale modelling
In the mesoscale approach employed in this work [3], a masonry element is modelled by
explicitly representing units and mortar joints. Mortar and unit–mortar interfaces are lumped
into 2D 16-noded zero-thickness nonlinear interface elements. Masonry units are represented
by elastic 20-noded solid elements, and possible unit failure in tension and shear is accounted
for by means of zero-thickness interface elements placed at the vertical mid-plane of each block.
The typical discretisation for a running bond masonry structure, as proposed in [3], consists of
two solid elements per unit connected by a unit-unit interface (Figure 1).

Figure 1. Mesoscale representation of masonry (from [3]).

The interface local material model is formulated in terms of one normal and two tangential
𝑇
𝑇
tractions 𝝈 = {𝜏𝑥 , 𝜏𝑦 , 𝜎} and relative displacements 𝒖 = {𝑢𝑥 , 𝑢𝑦 , 𝑢𝑧 } evaluated at each integration point over the reference mid-plane. In the linear range, they are linked one another by
uncoupled elastic stiffnesses, which simulate the linear response of the mortar joints, 𝝈 = 𝒌 𝒖.
The nonlinear behaviour of the material model is based on the coupling of plasticity and
damage [21]. This approach is able to simulate all the principal mechanical features of a mortar
joint or a dry frictional interface - when mortar is absent – with an efficient formulation that
ensures numerical robustness. In particular, it can simulate i) the softening behaviour in tension
and shear, ii) the stiffness degradation depending on the level of damage, iii) the recovering of
normal stiffness in compression following crack closure and iv) the permanent (plastic) strains
at zero stresses when the interface is damaged.
The yield criterion is represented in the stress space by a conical surface which simulates the
behaviour in shear according to the Coulomb law, corresponding to mode II fracture. This surface, governed by cohesion c and friction angle φ, is capped by two planar surfaces representing
failure in tension and compression respectively (Figure 2).

Figure 2. Multi-surface yield criterion for the interfaces in the mesoscale representation.
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The evolution of the effective stresses is elastic perfectly-plastic, except for the case where
the plastic surface F1, representing failure in tension, is traversed. The damage of the interfaces
is defined by a diagonal damage tensor D which controls stiffness degradation and is governed
by the plastic work corresponding to each fracture mode. By applying damage to the effective
stresses 𝝈
̃ , corresponding to the physical stresses developed in the undamaged part of the interface, it is possible to obtain the nominal stresses 𝝈, defined as:
(3)
𝝈 = (𝑰 − 𝑫)𝝈
̃ = (𝑰 − 𝑫)𝑲(𝜺 − 𝜺𝒑 )
In this way, the implicit solution of the plastic problem and the damage evolution are decoupled, thus allowing for increased efficiency and robustness at the material level. Further details
about the material model may be found in [21].
2.3 Macroscale modelling
The isotropic macroscale model used in this paper is a modified version of the plastic-damage model proposed by Lee and Fenves [15]. In this model a standard decomposition of strains
𝜺 in elastic 𝜺𝒆 and plastic 𝜺𝒑 components is considered:
𝜺 = 𝜺𝒆 + 𝜺𝒑

(4a)

(4b)
𝜺𝒆 = 𝑲−𝟏
𝒆 𝝈
where 𝑲𝒆 is the fourth-order isotropic elastic stiffness tensor and 𝝈 is the nominal Cauchy
stress tensor. According to continuum damage mechanics, the nominal stress tensor 𝝈 is
mapped into an effective stress tensor 𝝈
̅:
(5)
𝝈 = (1 − 𝑑)𝝈
̅
where 𝑑 = 𝑑(𝝈
̅ , 𝜿) is a scalar damage variable depending on the stress state and two historical variables 𝜿 = (𝜅𝑡 , 𝜅𝑐 )𝑇 representing the evolution of damage in tension and in compression.
The effective stress 𝝈
̅ is defined as the theoretical stress for a given strain assuming the stiffness
equal to the initial stiffness 𝑲𝟎 , and thus:
𝝈
̅ = 𝑲𝟎 (𝜺 − 𝜺𝒑 )
(6)
From (4)-(6) the standard plastic-damage constitutive relationship is obtained:
𝝈 = 𝑲𝒆 (𝜺 − 𝜺𝒑 ) = (1 − 𝑑)𝑲𝟎 (𝜺 − 𝜺𝒑 )
(7)
where, following the approach proposed in [15], the evaluation of 𝜺𝒑 is performed in the
effective stress space. Non-associated plasticity with Drucker-Prager-like flow potential and
the yielding function proposed by [14] is used in the incremental plastic problem, which is
governed by the evolution of the two plastic strain-driven historical variables.
In order to achieve improved robustness in the local problem, effective uniaxial strength
follows a strain hardening law, while the softening branch of the nominal stress is introduced
using damage. Two damage variables, dt=dt(kt) and dc=dc(kc), are evaluated at each increment
depending on the solution of the plastic problem, thus following a similar approach to that utilised for the mesoscale material model to decouple plasticity and damage.
The scalar variable d is then evaluated as:
(8)
𝑑(𝝈
̅ , 𝜿) = 1 − [1 − 𝑠 (𝝈
̅ ) 𝑑 (𝜅 )][1 − 𝑠 (𝝈
̅ ) 𝑑 (𝜅 )]
𝑡

𝑐

𝑐

𝑐

𝑡

𝑡

where 𝑠𝑡 (𝝈
̅ ), 𝑠𝑐 (𝝈
̅ ), which depend on the stress state, govern stiffness recovery which simulates crack closing.
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3

NUMERICAL APPLICATION

A numerical case study is considered here to illustrate the multilevel calibration procedure
described in the previous Section. The analysed structural components are made of running
bond masonry with 250mm×250mm ×175mm units and thin mortar bed joints and unfilled head
joints. The material properties used for the units and the interfaces simulating bed joints, head
joints and in-brick cracks are reported in Table 1.
Parameter
Brick Young’s modulus
Brick Poisson’s ratio
Concrete Young modulus
Concrete Poisson’s ratio
Bed joint axial stiffness

Value
13620 MPa
0.253
30000 MPa
0.15
34.0 N/mm3

Bed joint shear stiffness

16.5 N/mm3

Bed joint tensile strength

0.35 MPa

Bed joint cohesion

0.28 MPa

Bed joint friction angle
Bed joint fracture energy
(mode I)
Bed joint fracture energy
(mode II)
Bed joint fracture energy
(compression)
Bed joint damage parameter

atan(0.55)
0.01 N/mm

Bed joint compressive
strength

23.6 MPa

Parameter

Value

104
N/mm3
Brick-brick shear stiffness 104
N/mm3
Brick-brick tensile
1.49 MPa
strength
Brick-brick cohesion
2.235
MPa
Brick-brick friction angle atan(1.0)
Brick-brick fracture en0.1 N/mm
ergy (mode I)
Brick-brick fracture en0.5 N/mm
ergy (mode II)
Brick-brick fracture en5 N/mm
ergy (compression)
Brick-brick damage pa0.1
rameter
Brick-brick compressive
23.6 MPa
strength
Brick-brick axial stiffness

0.2 N/mm
0.5 N/mm
0.1

Table 1. Material properties of the mesoscale model in the virtual tests.

To calibrate the macroscale model, three virtual tests, involving different failure modes in
the masonry, are considered (Figure 3). In tests (a) and (b) a stiff elastic element is applied on
the top of the specimen to transfer the vertical load p=0.5MPa uniformly. Then a horizontal
displacement history is imposed at the top. Constraints are applied to the stiff element to couple
the vertical displacements and keep the top element horizontal. In test (c), which simulates an
out-of-plane test, a uniform stress is applied on one surface of the wall, while all edges except
the top one are constrained. A load spreader element is utilised to apply a load history on the
specimen by controlling the mean displacement of the load application nodes. Load protocol
for all tests is characterised by a parabolic curve with maximum equal to 2.5mm for tests (a)
and (b) and 1.25mm for tests (c). This protocol has been designed to evaluate the cyclic behaviour of the specimens.
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(a)

(b)

(c)

Figure 3. Virtual tests for the calibration of the macromodel.

(a)

(b)

(c)

Figure 4. Deformed shapes (magnification factor 50) at maximum displacement and force-displacement plots for
the virtual tests.
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In Figure 4, the deformed shapes and the force-displacement plots of the three specimens are
shown. It is possible to observe the different failure modes of tests (a) (flexural failure) and (b)
(shear failure with crack opening at the toes). Diagonal cracks are observed in test (c), with
additional flexural crack opening at the base. In terms of force-displacement, the first two tests
show quite stable plastic behaviour and reduced dissipation, characteristic of rocking behaviour.
On the contrary, the out-of-plane behaviour is characterized by large loss of strength at maximum displacement and significant stiffness degradation at unloading.
The virtual tests were then modelled with the macroscale approach. Twenty-node solid elements with average dimensions equal to 250mm×250mm ×175mm were used, and the material
model described in Section 2.3 considered for their nonlinear mechanical behaviour. The material parameters and their ranges of variation are displayed in Table 2
Parameter
E
ν
𝑓̃𝑏𝑜
ψ
ϵ
wt
wc
ft0
Gt
μ
fc,max
𝑓̃𝑦
𝑘𝑐,𝑓𝑚𝑎𝑥
ρc

Definition
Young’s modulus
Poisson’s ratio
Ratio between biaxial and uniaxial compressive
strength
Dilation angle
Flow potential eccentricity
Tension stiffness recovery factor
Compression stiffness recovery factor
Initial uniaxial tensile strength
Fracture energy in uniaxial tension
Parameter controlling stiffness degradation in
tension
Maximum uniaxial compressive strength
Ratio between uniaxial yielding stress and
maximum strength in compression
Plastic strain in compression at fc,max
Ratio of 𝑘𝑐,𝑓𝑚𝑎𝑥 where damage in compression
starts

Minimum
100 MPa
0.001
0.9

Maximum
5000 MPa
0.499
1.5

0°
0.05
0.0
0.0
0.01 MPa
1e-5 N/mm
0.0

90°
0.15
1.0
1.0
1.0 MPa
0.1 N/mm
1.0

5.0 MPa
0.01

30.0 MPa
1.0

1e-5
0.0

1e-2
1.0

Table 2. Material parameters for the micromodel.

The optimization problem (1) was solved by means of a Genetic Algorithm implemented in
software TOSCA-TS [22] for each of the virtual tests. Taking into account Eq. (2), the input
parameters for the macro-model were defined as to fit the mesoscale model force-displacement
plot. As more than one solution in terms of parameters gave similar levels of fitting, all these
models were considered solutions of the calibration problem. The material parameters so calibrated were consequently applied to the models simulating the other tests to investigate the
robustness of the solution in validation tests [23].
The results shown in Figure 5 allow to draw some conclusions on the calibration procedure
and on the macromodel employed. On the main diagonal of the matrix, the force-displacement
plots of the solutions are compared to the pseudo-experimental results obtained in the virtual
test used in the calibration. It is possible to see that in all cases a good agreement is obtained,
meaning that: (i) there exists at least a set of material parameters fitting with satisfactory accuracy any of the three tests used in the procedure, and (ii) the optimisation procedure is able to
find such solution. Conclusion (i) however does not guarantee that such three sets are coincident,
that is, there exists a unique set of parameters fitting with satisfactory accuracy all three virtual
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tests at the same time. It is important thus to study how the solutions predict the response in
tests not used in the calibration. This is shown in the off-diagonal plots in Figure 5.
In case of a calibration performed by means of test (a) or (c), the calibrated parameters applied to the other tests show both large variability and low accuracy (first and third rows in
Figure 5). In particular, maximum load and global stiffness are largely overestimated in both
tests (b) and (c) with the solutions from test (a), while with the solutions from test (c) stiffness
degradation is overestimated in tests (a) and (b), and initial stiffness is underestimated. The
curves in the second row in Figure 5, however, show that a calibration performed with test (b)
can predict reasonably well the behaviour of the specimen under test (a), while, again, relatively
large variability of the prediction is observed for test (c). Among this variability, it is possible
to find some solutions fitting with sufficient accuracy the response of the out-of-plane virtual
test.

Figure 5. Results of the calibration and validation.

Among all the solutions obtained by calibration with test (b), the one with minimum discrepancy from the mesoscale test (c) results was then assumed as final solution. This is characterised by the values displayed in Table 3.
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Parameter
E
ν
𝑓̃𝑏𝑜
ψ
ϵ
wt
wc
ft0
Gt
μ
fc,max
𝑓̃𝑦
𝑘𝑐,𝑓𝑚𝑎𝑥
ρc

Value
2850 MPa
0.31
1.23
16°
0.13
0.87
0.16
0.215 MPa
9.11e-3 N/mm
0.216
18.4
1.0
7e-4
0.299

Table 3. Final solution of the macroscale calibration.

The deformed shape and tensile damage pattern, which is an indicator of crack in the continuum, are displayed in Figure 6. Comparing those results with Figure 4, it is possible to appreciate that a correctly calibrated model seems to be able to capture the main damage patterns
as observed in the mesoscale representation in all cases.

(a)

(b)

(c)

Figure 6. Deformed shapes (same amplification as Figure 4) and tensile damage patterns for the calibrated macromodels.

4

CONCLUSIONS

In this paper, a novel multilevel calibration strategy has been proposed for the seismic assessment of brick/block masonry structures. Two scales of representation are utilised in a hierarchic approach, where a mesoscale model is firstly completely calibrated from simple and low
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invasive experimental tests on units and mortar, and then serves as virtual experiment for the
calibration of a more approximate but computationally more efficient homogeneous continuum
model. Three virtual tests are considered for the calibration, characterised by different failure
modes: (a) an in-plane shear test on a slender wall with flexural cracks, (b) an in-plane shear
test on a square wall with the formation of diagonal and horizontal cracks, and (c) an out-ofplane loading test. The results indicate that an imprecise calibration may lead to large errors in
the prediction of the response in different loading cases, and maximising the information content of the calibration test is paramount for the correct application of the methodology. In the
studied case, the most informative test seems to be test (b), where the response up to failure is
governed by plastic deformations and damage in compression, tension and shear. Ongoing work
will explore the use of multi-objective optimisation for model calibration of masonry structures,
as well as the use of surrogate models to decrease the computational burden of the procedure,
which can increase when larger tests are to be considered. Further validations against experimental tests and simulations of full-scale structures are also underway.
5
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Abstract
Probabilistic-based type of analysis seems to constitute a state-of-art approach for earthquake
engineers. Such strategy is, in the analysis of potential retrofitting measures for a building (or
typology), needed for the development of vulnerability or fragility curves. This information is
recognized to be extremely valuable within the decision process, since it allows the evaluation
of the collapse probability (or other defined limit state) of a given structure under a given intensity measure.
The computational development integrated with the advent of proper working methodologies
led to the increasing of research in the field. Nevertheless, the current numerical FE-based
modelling approaches are still cumbersome for the dynamic analysis of the masonry behavior.
In this scope, a novel stochastic methodology, based on the Latin Hypercube Sampling, using
homogenization concepts for the masonry characterization and employing a discrete-FE based
model is herein presented. Both running- and English-bond masonry textures are suitable to be
studied, being the system uncertainty considered on parameters affecting the material, mechanical, geometrical and loading conditions.
The approach has been implemented on an English-bond masonry mockup tested on a shaking
table in LNEC. An incremental dynamic analysis has been performed and fragility curves derived. It has been shown that the strategy is effective, accurate and very attractive from a computation point of view.
Keywords: Masonry, Macro-model, Homogenization, Seismic vulnerability, LHS method.
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1

INTRODUCTION

Performance-based earthquake engineering (PBEE) is a methodology in which a structure is
designed to reach a desired performance state given a seismic excitation level [1, 2]. The first
adoption of this philosophy dates from the Uniform Building Code ((PCBO) 1927) and current
design guidelines still incorporate it as, for instance, the ASCE (2000) provides the maximum
probability of a structure collapse according to the level of ground motion intensity. In the same
line, Eurocode 8 (2004) sets the returning period of the seismic event to be considered conditioned by the type of class of the building, for both the non-collapse and damage limitation
cases.
The 1994 M6.7 Northridge and 1995 M7.2 Hanshin-Awaji (Kobe) earthquakes showed that
code-compliant design allows structures to behave well from a non-collapse requirement, but
the damage control is hard to be assured leading to unacceptably high downtime and repair
costs. Nonetheless, design codes feature a semi-probabilistic character, i.e. although the definition of the system variables is based on a simplified probabilistic estimation through safety
factors, the final verification is purely deterministic because it relies on a ratio between the
capacity and demand for each structural element. Such cut and dry approach does not guarantee
the liability of engineers owing the uncertain nature of earthquakes.
Aiming a better control of the structural performance, reliability methods have been implemented within the PBEE frameworks; leading to the so-called second generation methods, as
the PEER-PBEE developed by the Pacific Earthquake Engineering Research center (for further
details see [6]). The PEER methodology introduced uncertainty in all the four stages of the
seismic loss assessment: (1) hazard analysis (seismic action); (2) structural analysis; (3) damage
analysis; and (4) decision analysis (consequences or loss). In this scope, the PEER-PBEE is the
state-of-art framework for seismic loss assessment (already set in a technical standard designated as FEMA P-58 [7] and, therefore, it may serve as basis for application.
In this paper it is presented an alike framework applied for the seismic assessment of an URM
structure. It is integrated with variables parametrization to account with probability-based concepts. Since it is computationally attractive, incremental dynamic analyses (IDA) are performed
proving its applicability.
2

PROBABILISTIC NUMERICAL STRATEGY

Although the PBEE methodology is being disseminated through basic explanation [2], its
multi-disciplinarily character, complexity and computational burden still precludes its use in
common engineering practice. Bearing that the structural analysis stage represents a considerable amount of time, a novel probabilistic-based assessment structural analysis, which can be
combined in such framework, is presented.
A two-step numerical procedure is introduced aiming to perform seismic vulnerability assessment studies for masonry structures. The strategy makes use of a classical first-order homogenization scheme and is so formed by: (i) the solution of the meso-scale problem; (ii) the mesoto-macro transition; and (iii) the solution of the macro-scale problem. The numerical framework
relies on a direct homogenization approach, which involves solving a meso-mechanical problem at a meso-scale and deriving average field variables. This information is then carried out to
the macro-scale to constitutively describe the behavior of the structure.
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Figure 1: The methodology of the proposed two-step numerical procedure.

2.1 Meso-scale
Retrieving models at a meso-scale, which are both accurate and implementable on simplified
two-step procedures is of most importance. Here, a three-dimensional meso-scale homogenized
model is used to characterize the behavior of masonry at a cell level. The definition of a proper
RVE is essential, once it may be statistically representative of the body under study. Here, the
RVE definition follows the recommendations by Anthoine [8]. The use of such sophisticated
approach, instead of a plate formulation, aims to guarantee that (i) the role of three-dimensional
shear effects is accounted irrespective from the thickness value of the walls (as it has a major
role as seen in [9]); and (ii) the presence of discontinuities in the thickness direction is accounted.

(a)

(b)

Figure 2: Meso-scale: (a) three-dimensional representative volume element (RVE) adopted; (b) multi-surface
plasticity model adopted for mortar joints.

To decrease the computational demand, the material nonlinearity is assumed to be lumped on
joints. This assumption seems to be adequate for strong block masonry structures. A multisurface plasticity model, firstly developed by Lourenço et. al. [10] (the so-called composite
interface model) and latter extended for three-dimensional interface elements by Van Zijl [11]
is adopted. The plasticity models can reproduce well fracture, frictional slip and crushing along
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the interface elements. The used strategy at a meso-scale has been already validated, see [9] for
further details.
2.2 Macro-scale
The macro-structural behavior is represented through a discrete element model, designated
as Rigid Body Spring Mass (RBSM), implemented in ABAQUS [12]. The discrete FE-method
based procedure stems from the model presented by the authors in [13, 14] and represents both
in- and out-of-plane deformation modes. The RBSM model, whose theoretical background is
inspired in the works of Kawai (1978), is composed by the assemblage of discrete quadrilateral
rigid plate elements interconnected, at its interfaces, through a set of rigid and deformable FE
truss-beams, see Figure 3. The truss-beam elements govern both the deformation and damage
of the structure, by being able to mimic the presence of the in- and out-of-plane failure modes
considered in Figure 3 and within a decoupled characterization. These can append the material
information of the meso-scale homogenized step and thus represent the masonry texture via an
equivalent continuum media, by accounting with its orthotropy and full softening behavior description.

Figure 3: The Rigid-Body-Spring-Mass model adopted at a macro-scale.

Regarding the representation of the inertial forces, which highly affect the dynamic behaviour
of a structure, the mass of the system shall be introduced. The mass of the system is embodied
by the quadrilateral rigid plates using an equivalent material density which, following a linear
displacement interpolation assumption, allows to achieve a consisted mass matrix. In this scope,
the discrete element approach has been implemented into the commercial finite element software ABAQUS [12]. A Concrete damage plasticity (CDP) model was assumed for the representation of plasticity and damage. The damage is based on a scalar parameter d and the
hysteretic behaviour given as depicted in Figure 4.
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Figure 4: The hysteretic response of the macro-model for a generic input curve (valid for both in- and out-ofplane behaviors) using the CDP model.

2.3 Meso-to-macro
The CDP constitutive model demands the use of stress-strain relationships as input for the
elements which govern the behaviour of the macro-model interfaces, i.e. the FE truss-beams.
Bearing this, ad-hoc meso-to-macro transition steps are carried with the target of correcting the
material input to be used by these interfaces in ABAQUS. Such transition is, however, only
conducted after the structural modelling because it is dependent on the size of the used discrete
mesh, particularly, from the values of H, e, L, t (Figure 3). Furthermore, for the sake of simplicity, rectangular-square elements are assumed and so only two different angles are considered for the interfaces: 0 and 90 degrees. The material orthotropy is reproduced at a structural
level because the approach offers the possibility to reproduce different input stress-strain relationships according to the trusses plane.
To what concerns with the in-plane behaviour, the stress quantities are directly derived from
the macroscopic homogenized values. For the out-of-plane system, the macroscopic homogenized moment values are adapted to represent stress values for the bending and torsional truss
beams through Eq. (1):
=(

.

=(

)

.

)

(1)

Here, M is the bending moment per unit of interface length, H the length of each quadrilateral
panel, t is the thickness of the wall,
is the bending truss area given by ( + 0.5#) and
is the torque truss area given by (# )⁄2, where # (value of 20 mm) is the gap between
the rigid plates, which ideally should be zero but in practice is assumed small enough to be able
to place trusses between elements, and L is the influence length of each truss (equal to half of
the mesh size, i.e. H/2).
After the previous stage, the stress-strain curves are regularized by affecting the elastic stiffness
and fracture energy terms. The regularization step is necessary to correctly identify the elastic
stiffness of each truss beam and to guarantee the input independence of the macro-mesh and
thus its objectivity in the nonlinear range. Through assuring the elastic energy equivalence,
between the discrete model and a continuum homogeneous plate, it is possible to derive the
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elastic stiffness of each truss-beam of the system. For the sake of conciseness, the demonstrations are disregarded.
The Elastic Young modulus of the in-plane axial trusses of a macro-unit cell for each plane
direction (if orthotropy is considered) are derived and reads as:
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+' +*
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For the in-plane shear trusses, the elastic Young modulus is given by:
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Regarding the out-of-plane behavior, the correct elastic Young Modulus of the out-of-plane
flexural trusses is calculated according Eq. 4:
&
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For the torsional movement, the correct elastic Young modulus of the torque trusses is defined
through Eq. 5.
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@
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88 . By correcting the strain axis to
Where G is the shear modulus and calculated as >̅ = 7(ABC)
calibrate the elastic stiffness value, the post-peak curve strains are also affected and so, in an
implicit way, the fracture energy itself (the so-called regularization).
The methodology is briefly described in Figure 1 whereas the homogenized curves are transferred to a macro-scale. Two steps are developed to turn the macro-input independent from the
macro-mesh i.e. the scaling and regularization of the homogenized quantities. The meso-scale
model was developed in DIANA and a fully automatic procedure was achieved by exploiting
the software programming capabilities [28]. This information is then carried out to the macroscale to constitutively describe the behaviour of the structure.

3

APPLICATION

3.1 Overview
The selected case study outcomes from the experimental works performed at LNEC by Candeias et al. [15]. Candeias et al. tested an unreinforced brick masonry structure composed by
three walls in a U-shaped plan arrangement. The main façade (East plan) presents a gable wall
and is linked with two transversal walls which act as abutments (North and South plans). These
are constructed with a clay brickwork in an English-bond arrangement of 235 mm of thickness.
The clay brick units have nominal dimensions of 235x115x70 mm3 and are laid and bound
together by mortar joints with a thickness ranging 15 to 18 mm. These geometrical features are
represented in Figure 5.
The brick mock-up was tested up to collapse in a shaking table under a unidirectional seismic
loading. The seismic input is applied in a perpendicular direction (E-W) to the main façade and
derives from the strong ground motion component registered after the February 21 of 2011
earthquake occurred in Christchurch, New Zealand. Although only quasi-static analyses are
developed, the numerical damage is compared with the observed experimental failure mechanisms.
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Figure 5: The geometry of the studied brick house mock-up (dimensions in meters) [27].

3.2 Random variables and correlation matrix
Uncertainties are commonly interpreted in engineering decision fields according to its origin
and, therefore, differentiated as physical (in the sense of nature), statistical or modelling uncertainties [16]. The consideration of the latter is possible, within a structural-oriented problem,
by defining the system variables as non-deterministic ones or, as typically designated in the
literature, as random variables (RV’s) [17, 18].
The set of random parameters which carry the uncertainty of the system can aggregate parameters from the loading input to the material and geometry of the structure. Complex methods
allow to represent these RV’s as, for instance, non-stationary stochastic processes [19, 20] although the definition of simple cumulative distribution functions and distribution parameters is
sufficient in the majority of the structural problems. This fact is well addressed in the JCSS
probabilistic model code [21], which puts together several valuable guidelines, rules, suggestions and/or explanations for a probabilistic-based structural design. Recommendations on the
distribution functions and parameters values are presented for several construction materials as
concrete, timber, and masonry thus serving to support the considerations gathered in Table 1.
Variables
 (kN/m3)
 (-)
EBrick (MPa)
EMortar (MPa)
fc,mortar (MPa)
ft,mortar (MPa)
>D,F (N/mm)
>DG (N/mm)
>DGG (N/mm)
c (N/mm)
(degrees)
t (mm)
tjoint (mm)
H (%)

Distribution
Deterministic
Deterministic
Lognormal
Lognormal
Lognormal
Lognormal
Lognormal
Lognormal
Lognormal
Lognormal
Lognormal
Normal
Normal
Deterministic

Mean
1,890
0.25
11,000
3,000
2.48
0.105
3.97
0.012
0.05
0.2
30
235
15
3

Table 1: Set of system variables considered.
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COV (%)
3% [11]
30 % [11]
25 % [18]
17 % [18]
*24 %
*17 %
*24 %
*24 %
40 % [18]
19 % [18]
5 % [11]
20 % [11]
-
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Selecting the proper n-dimensional array of random system variables I = JI: , I2 , I= , … , I L
is, in a probabilistic-based numerical analysis, of most importance once it has a direct impact
both in the necessary computational processing time and in the confidence level of the results.
In a non-computational and time illimitation scenario, all the system variables should gather a
level of uncertainty and, therefore, follow a probabilistic distribution. Mechanical, material and
geometrical properties of the masonry are eligible to be random but, owing the reduction of the
number of random variables, it has been decided that: (1) according to the low experimental
variability registered in the selected case study, both the masonry density and Poisson coefficient are deterministic variables (see Table 1); (2) a tornado analysis should be conducted to
support a rational decision of precluding any less relevant variable.
The results of the tornado diagrams from Figure 6 show that some parameters, as cohesion (c),
tensile strength (ft) and thickness (t) unequivocally govern both the local (peaks) and global
(energy) response of the homogenized  and  curves.
Peak moment Mxx
c
ft
t
E_brick
GfI
E_mortar
GfII
tjoint
phi
Gfc
fc
-100

Peak moment M xy

5% quartile
95% quartile
-50

0
50
Relative difference (%)

c
t
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100
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-50

0
50
Relative difference (%)

Energy M xx
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Figure 6: The tornado diagrams developed for the present case study.

On the other hand, it can be also addressed that the parameters concerning the compressive
regime seem to have a lower effect. These results support the expert judgement and experimental evidences which states that, in the case of weak mortar masonry, the tensile and shear
regimes tend to govern its overall behavior and, therefore, both the compressive strength and
fracture energy can be deterministic with a marginal effect in the obtained results. So, a total of
nine variables Xi are defined to be random and carry the aleatoric type of uncertainty:
I = M&

FN , &O

+

, P , >DG , Q, >DGG , R, ST

, SU

3.3 Latin Hypercube Sampling
For simple problems, and when uncertainty is being considered, the failure probability can
be evaluated solving the integral of the given limit state function [23]. For complex problems
in a multi-dimensional space the determination of the latter solution is only achievable using
probabilistic based methods, as the Monte Carlo (MC) or the Latin Hypercube (LH) [24].
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These methods are widely spread in several engineering fields being the Monte Carlo (MC)
approach developed first [25]. Both methods follow similar methodologies, i.e. the formulation
of four main steps: (i) define a probability distribution type, and associated statistical parameters, for each random variable; (ii) generate a sample set of random variables, according to its
distribution, potential correlation, and the number n of desired simulations; (ii) find the problems’ solution by using each set of deterministic variables values; thus repeating the process n
times; (iii) reach the failure probability through the ratio between the number of solutions which
respect the limit function (or functions) and the total number n of simulations
The key difference between the MC and LH is the way that the sampling process is performed.
Both suffer from a dimensionality curse, i.e. the more ns simulations are performed, the more
correct is the solution. The former uses a simple random sampling method to define the set of
random variables. The latter uses a stratified sampling technique, meaning that the existence of
overlapped simulations is avoided [26]. In this context, LHS methods allow a lower computational effort [24] due to the rational selection of the random variables set.
For the problem at hand, the LHS method within an inverse transform method is chosen to
assess the seismic vulnerability of the masonry case study. The sampling process intends to
derive a set of grouped values, accounting with every admitted random variable, to possibly the
estimation of the response variability under investigation. To enhance the representativity of
the sample analysed, correlation has been considered, since the random parameters are generated according a Cholesky factorization of the covariance matrix of the random vector by LHS
method according to the correlation coefficients.
& FN
⎡
⎢ & FN 1.0
⎢ &O +
⎢ P
⎢ >G
D
⎢
Q
⎢
GG
⎢ >D
⎢ PF
⎢ ST
⎣ S

&O + P
0.4 0.2
1.0

[\]

0.8
1.0

S
>DG Q >DGG PF ST
⎤
0.2 0.2 0.2 0.2 0.0 0.0⎥
0.6 0.6 0.4 0.2 0.0 0.0⎥
0.6 0.6 0.4 0.2 0.0 0.0⎥
1.0 0.6 0.4 0.2 0.0 0.0⎥
1.0 0.6 0.2 0.0 0.0⎥
⎥
1.0 0.2 0.0 0.0
⎥
1.0 0.0 0.0
⎥
1.0 0.2⎥
1.0⎦

(6)

In general, the following steps adopted: (1) define the set of random variables I =
JI: , I2 , I= , … , I L; (2) define the correlation matrix between the random variables; (3) develop
the inverse transform method for each random variable; (4) Associate the random values to
obtain a sample with ns = 2000 samples.
Figure 7 shows the obtained homogenized moment-curvature curves for Mxx, Mxy and Myy and
the five representative curves derived (percentile 5% and 95%, quartile 25% and 75% and median). Notice that, since it has been seen that correlation exists between the latter curves for
Mxx, Mxy and Myy, it is possible to attribute each one as a macro-model. In other words, five
macro-models are obtained whose input is defined by the latter curves (also in terms of 
curves).
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Figure 7: Homogenized moment-curvature curves obtained accounting with the derived LH sampling.

Figure 8 shows that the number of simulations adopted (ns=2000) seem to be adequate, once no
significant variation is found in respect to the average of each peak Mxx, Mxy and Myy after
ns=1500.

Figure 8: The mean value change of each random variable during the n simulations performed.

3.4 Incremental dynamic analysis (IDA)
Incremental dynamic analysis (IDA) is an intensive method which allows to give a better
evaluation of the seismic response of a given structure. A series of scaled accelerograms are
used to perform multiple nonlinear dynamic analyses [27, 28].The construction of IDA curves
demand the definition of (i) a proper set of ground motions and respective intensity measure
(IM); and (ii) a proper engineering demand parameter (EDP).
Regarding the former, the current code guidelines (as [5]) acknowledge the use of real and
artificial accelerograms. It is the earthquake engineer who should choice in conformity according to two key issues, the nature of application and the information at disposal. In regions where
a significant set of ground motion records of damaging earthquakes is not available, the use of
real earthquakes is difficult. Also, once each record has its own features in terms of wave characteristics contents (as frequency, duration, amplitude etc.) it is not expected that a similar seismic event occurs again. Bearing this, artificial accelerograms compatible with the elastic
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response spectrum defined through design codes is used here. In fact, these are convenient once
a significant number of random artificial motion records, compatible with the code design response spectrum, can be easily generated through existing tools. A total of 7 stationary signals
have been here generated through the software SIMQKE_GR [29], which is the minimum number according to the EC8 to be possible to consider the mean response.
( = 3% ; P = 475 years)
n

Pseudo-Spectral acceleration, S

d
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3

Elastic Spectrum
Mean of the 7 gen. spectrums
Bootstrap spectrums

2

1

0
0
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2.5
Period (s)
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Figure 9: Pseudo-acceleration response spectrum: elastic spectrum according to EC8; response spectrum of the
artificially generated earthquakes and mean spectrum of the 7 artificial earthquakes.

The non-stationary (in both amplitude and frequency content) signals are produced considering
a trapezoidal shape for the envelope function [30] and have a duration with an intense phase of
30 seconds. The signals have been high-pass in the range of frequencies of 0.2 Hz to 40 Hz and
filtered using a cosine function to attenuate potential accelerations drift. The resulting artificial
accelerograms are compatible with the elastic response spectrum for an earthquake type 1 (farfault earthquake) defined by EC8 [5] with a returning period of 475 years and for a 3% viscous
damping (ξ = 3%) coefficient. The suggested parameters by the Portuguese National Annex for
the region of Lisbon are followed for this study, as an importance factor I equal to 1.0 (Class
B buildings); a value of agr = 1.5 m/s2; a soil type A (rock, S=1). Note that the filtered signals
presented in Fig.10 are scaled for the reference PGA = 1 g (m/s2) and serve as reference. The
intensity measure defined is the peak ground acceleration (PGA).
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Figure 10: Artificial accelerograms generated to perform the IDA.
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To what concerns the engineering demand parameter (EDP), it has been considered that the
demand is given by the maximum out-of-plane displacement obtained at the top of the gable
wall, see Figure 11. A displacement-based parameter is typically adopted for the masonry structures, as [28]. The IDA curves obtained for each of the defined five macro-models, which represent 2000 samples with a total of nine random parameters, (including both material and
geometrical) are depicted in Figure 11. It is possible to conclude that, for the percentile 5%,
quartile 25% and median models, the structure shows a steep increase of the displacements after
a PGA of 0.4m/s2. On the other hand, the two models which have higher strength values (quartile 75% and percentile 95%) do not present any significant difference on the displacements
found.

Figure 11: IDA curves obtained for the five macro-models (7 earthquakes).

4

CONCLUSIONS

A two-step framework aiming the study of the dynamic response of a masonry structure has
been presented. It is able to account with the system uncertainties. The strategy was previously
validated in the quasi-static and dynamic ranges, being the enclosed novelty the parametrization
of the input variables in order to feature a probabilistic nature. This uses a homogenization
approach to characterize the random behaviour of the material at a meso-scale. At a macroscale, the masonry structures are represented through a discrete FE model which includes the
data obtained from the foregoing scale, namely the homogenized and curves. The
strategy allows the processing of dynamic analyses within an attractive computational time.
In this scope, a Latin Hypercube method was used to derive 2000 samples. Each sample corresponds to a set of seven mechanical and two geometrical parameters (thickness of the wall and
thickness of the masonry joints). At a macro-scale and considering the statistical variability of
the homogenized data, five representative models were defined. Incremental dynamic analyses
(IDA) were performed, where the out-of-plane displacement is the demand parameter and the
PGA the intensity measure (seven earthquakes from 0.1-0.7m/s2). The 245 IDA curves showed
a high response variability of the case study. It seems clear that PGA values higher than 0.4m/s2
lead to a steep increase of the observed displacements.
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At last, it may be noted that the probabilistic-based framework was successfully implemented.
It can be integrated within a seismic vulnerability assessment of masonry structures if proper
damage limits are accounted; or within a seismic loss estimation study if, additionally, consequence costs are included.
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Abstract
An overview of some simplified methods for assessing the seismic performance of ancient
churches is presented in this paper. In particular, the simplified methods proposed by the current Italian directive containing the guidelines for assessment and reduction of cultural heritage seismic risk are analyzed. These methods have an increasing precision level and they may
be applied as well in sequence at a different scale for screening and identifying the present
priorities and, consequently, for designing the required interventions. The work presented in
this paper concludes showing the applications on some case studies, too.
Keywords: Ancient masonry churches, cultural heritage, monuments, seismic vulnerability,
simplified methods.
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1

INTRODUCTION

Nowadays, the seismic protection of cultural heritage is a topic of great interest within the
scientific community. The recent seismic events hitting many countries all over the world
(L’Aquila 2009, Italy; Christchurch 2010, New Zealand; Tohoku 2011, Japan; EmiliaRomagna 2012, Italy; Lamjung 2015, Nepal; Middle-Italy 2016, Italy) have further highlighted the significant vulnerabilities of these earthquake-prone artefacts. Thus, it is necessary to
act for protecting those assets and to reduce the losses due to seismic events. The data provided by the World Bank [1] show that the cost of natural disasters is increasing in an uncontrolled way, reaching about 652 billion of US dollars during the 90’s of the last century. In [2]
it has been estimated that the cost to the global economy is about 50 billion of US dollars per
year. Regarding this aspect, it should be observed that only one third of this global expense is
used to predict and to mitigate disasters, while the other two thirds are the direct cost of repairing damages.
According to these observations, it is continuously growing the need to develop reliable
methods in order to allow planning of interventions aimed at protection and conservation of
cultural properties. This absolute need is evidenced in many worldwide documents provided
by many international bodies [3]–[6].
Recently, many efforts of scientific community have been addressed in order to evaluate
the actual seismic risk of cultural heritage, by exploiting limited financial and time resources.
Among the others it is worth to note the studies proposed in [16] – [21] for masonry buildings
and churches, and in [22] – [23] for old masonry bridges. In addition, such tools should allow
the identifications of future interventions also pursuing the possibility of realizing light and
progressive interventions to be modulated over the structure life-time. This design criterion is
the approach of the Italian directive [7], providing three different analysis levels (i.e. namely
LV1, LV2 and LV3) for seismic assessment of cultural heritage. The multilevel approach allows to perform preliminary analyses using easily available data and simple calculation tools.
Subsequently, once determined the intervention priorities, it is possible to perform, where required, more complex analyses with detailed investigations. The first two levels are based on
simplified analyses and allow a rapid assessment of seismic vulnerability.
In this article the simplified method indicated within the Italian Directive [7] is applied to a
series of case studies. In addition, also a new simplified method is applied [8], it being proposed as a Level of Evaluation 0 (LV0) in according to the Italian guidelines. This method has
the advantage to be very simple and to provide a first estimation not only of seismic vulnerability, but also of seismic risk at territorial scale. Therefore, it results very interesting in order
to provide a very fast appraisal method useful as decision-making tool, requiring only qualitative and historical information of churches.
The chosen case studies consist of ancient masonry churches belong to the Historical Centre of Matera, recognized as UNESCO site since 1993. More information about the considered
churches may be found in [9].
2

LV1 METHOD PROPOSED IN THE ITALIAN DIRECTIVE

This method represents, in accordance with the Italian Directive [7], the most simplified
procedure for monumental churches, particularly suitable for territorial scale evaluations. It
only requires in situ visual inspections able to estimate, by the means of a global vulnerability
index, the seismic performance in terms of acceptable ground acceleration. This procedure
does not allow of designing any structural intervention. The vulnerability index iv may be calculated as follows:
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where ρk is the weight of each collapse mechanism (corresponding to 0 for the mechanisms not present or not active, or ranging between 0.5 and 1 in the other cases), vki and vkp
are scores assigned to the k-th considered mechanism related to evaluated vulnerability and to
any seismic-resistant device, respectively. The weights are equal to 1 for the most important
macro-elements regarding the seismic behaviour of a church (such as façade overturning,
nave longitudinal transversal response, triumphal arch transversal response, etc.), while secondary mechanisms (such as prothyrum – narthex response, mechanisms of transepts and
chapels) may have a weight comprised between 0.5 and 1 [7]. The so-calculated iv may vary
between 0 and 1.
By knowing the vulnerability index iv, a ground acceleration corresponding to achievement of Damage Limit State (DLS) and Life-Safety Limit State (LSLS) may be estimated by
applying the following equations, both established on a statistical basis:

3

!"#$ % = 0.025 ∙ 1.8../012.3345 [8]

(2)

!"#"# $ = 0.025 ∙ 1.8-../0.1123 [6]

(3)

SIMPLIFIED SEISMIC ASSESSMENT METHOD AT A TERRITORIAL SCALE

The new simplified seismic assessment applied in this paper has been originally proposed
in [8] for seismic risk assessment, and then subsequently validated and applied as well for
vulnerability assessment in [9] and [10]. In general, the method is based on the use of three
different tools; each of them allows the assessment of one of the three components that contribute to the seismic risk assessment, expressed, as known, through the following expression:
!=#%&%'

(4)

where H is the hazard, V is the vulnerability, and E is the exposed elements or assets at risk.
The three tools (Tool 1, Tool 2 and Tool 3) are briefly described in the following:
• Tool 1: it allows the assessment of the exposition factor E of Eq. 4. It assesses
the cultural value of the asset by considering the conservation documents and
the classifications of the investigated cultural heritage;
• Tool 2: it allows the assessment of the hazard factor H of Eq. 4. The seismic
hazard score of the artefact can be obtained by considering different available
sources, such as, among the others, [5], [6] and [11].
• Tool 3: it allows the assessment of the seismic vulnerability factor V. The
seismic vulnerability is evaluated by considering some simplified methods already available in the literature, such as, among the others, [12] and [13].
This method may be used even for indirectly assessing the seismic vulnerability. Unless
the exposition factor E of Eq. 1, within the same territorial area the seismic risk increases as
seismic vulnerability increases [8], [9] and [10]. The final score is obtained as follows:
! = [$ + 1] ) *

(5)

where the hazard score is being added to unity for obtaining the resulting score R
greater than one. Therefore, for the scope of this paper, hereinafter are briefly described only
the Tool 2 and Tool 3 (valuation of the H and V scores). More details about the Tool 1 may be
found elsewhere [8].
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-

Tool 2: The hazard scores is obtained by considering different kinds of threats by dividing them on the basis of their frequency of occurrence in “sporadic events” and “continuous processes”. Among the “sporadic events”, is kept in count the seismic action,
expressed through the maximum Mercalli Intensity, considering the eventual landslide or
rock fracture as a consequence of an earthquake. The “continuous processes” kept in
count are: a) rainfall erosion, due to the precipitations amount depending on coastal distance, relative humidity, direction and speed of prevailing winds; b) physical stress to assess the material damage provoked by temperature oscillations as, for instance, particles
water icing with a consequent disintegration or cracking of materials; c) air pollution associated to traffic of vehicles, airplanes and boats, producing dissolution by acid rainfalls;
d) the socio-organizational threat analysing the overload or damage on the monuments
for the presence of intensive tourism and possible vandalism; e) demographic decline provoking monuments abandonment and maintenance lack.
The assessment of the relevance of each threat and its potential dangerousness is done by
using existing documents and other evidences reporting damages occurred in the past. As an
alternative, the damage estimation may be done on available literature data.
For each considered threat, three damage levels are considered and associated to a damage
score, as reported in Table 1. The resulting seismic hazard score is a dimensionless parameter,
ranging between 0 and 1, which is calculated as follows:
(

!=#

(6)
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Tool 3: the seismic vulnerability is assessed by considering several aspects that can be
listed as follows: a) foundation system and building position, in order to consider potential
weaknesses or deficiencies of foundations; b) plan and elevation irregularity, that may increase, as known, the vulnerability of the building against earthquakes; c) distance between walls, by considering wall slenderness, out of plumb, excessive length in plan
between two transversal walls and other potential weaknesses; d) non structural elements,
by considering potential failures of hanged elements or other accessories; e) roof configuration, by evaluating the roof deformability, its connection to the walls and the effects of
thrusts on the walls; f) conservation status, by considering eventual existing damages and
the global and local conservation situations; g) fire vulnerability.
For each parameter, four different vulnerability levels (A, B, C and D) are considered. The
level A corresponds to absent (or very low) vulnerability, whereas the level D is representative of a very high vulnerability. The scores associated to each vulnerability index and the related weights are reported in Table 2. The vulnerability factor V is then calculated as follows:
!=#

)*

(7)
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where vk,i is the vulnerability score of the k-th parameter and rk the associated weight.
Threats

Seismic action
Landslide or rock fracture
Erosion
Continuous
Physical stress
processes
Air pollution
Sporadic
events

Severity of damage hk,i
No damage/
No hazard
0
0
0
0
0
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Low or gradual

Catastrophic

0.20
0.15

0.40
0.25

0.05
0.05
0.01

0.10
0.10
0.05
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Socio - organizational
Demographic decline

0
0

0.01
0.01

0.05
0.05

Table 1–Seismic hazard scoring [9].

Parameter
1
2
3
4
5
6
7
8
9
10
11
12
13

Position of the building
and foundations
Floor plan configuration
or geometry
Elevation configuration
Distance between walls
Non-structural elements
Type and organization of
the resistant system
Quality of the resistant
system
Horizontal structures
Roof configuration
Conservation status
Environmental alterations
Construction system alterations
Fire Vulnerability

Weight rk

A
0

Vulnerability vk,i
B
C
1.35
6.73

D
12.12

0.75

0

1.35

6.73

12.12

0.5

0
0
0
0

1.35
1.35
1.35
1.35

6.73
6.73
6.73
6.73

12.12
12.12
12.12
12.12

1.0
0.25
0.25
1.5

0

1.35

6.73

12.12

0.25

0
0
0
0
0

1.35
1.35
1.35
1.35
1.35

6.73
6.73
6.73
6.73
6.73

12.12
12.12
12.12
12.12
12.12

1.0
1.0
1.0
0.25
0.25

0

1.35

6.73

12.12

0.25

Table 2 – Parameters scores and weights for seismic vulnerability evaluation [9].

4

CASE STUDIES

The seismic performance methods exposed herein has been applied to six churches located in the city centre of Matera. The chosen churches, shown in Table 1, are: SS Maria della
Bruna, San Giovanni Battista, San Pietro Caveoso, San Rocco, San Francesco d’Assisi and
Sant’Agostino. All churches are characterized by the same construction material: masonry
made by calcarenite blocks. This material is a limestone sedimentary rock, improperly called
“tufo”, although it has not a volcanic origin. This soft rock is employed in blocks with a quite
often standard dimensions (length=45-60cm, height=25-27cm, width=20-25cm). The blocks
are combined with mortar joints and used for both vertical walls and vaults. All the churches
have a one-nave plan configuration, with the exception of San Giovanni Battista and San
Pietro Caveoso; the roof structures are made of calcarenite in all cases with the exception of
San Pietro Caveoso and San Francesco d’Assisi, that have a wooden roof structure. All the
churches have a one-floor elevation configuration. In none of the considered churches are present structural interventions to reduce the structural vulnerabilities due to earthquakes. Details
about the considered churches may be found in [9], [10], [14], [15].
5

APPLICATION OF THE METHOD TO THE CASE STUDIES

The simplified methods previously described have been applied to the chosen case studies.
In particular, as for the new simplified LV0 method considered, the obtained vulnerability (V),
hazard (H) and risk (R) scores are numerically reported in Table 3. The lower risk score (i.e.
R=22.15) is obtained for the Matera’s cathedral (SS Maria della Bruna), while the higher one
is obtained for the S. Agostino church (i.e. R=50.49). These results are compared with the
ones obtained with the LV1 method in Figure 2. More details about the LV1 evaluation are

1386

D’Amato M., Formisano A., Gigliotti R., Laguardia R.

reported in [9] and [14]. As far as the LV0 results, the resulting seismic scores (Ri) are divided
by the minimum one (Rmin), and the obtained ratios (Ri/Rmin) are represented in ascending order. Whereas, the results of the LV1 method are represented through the dimensionless return
period (Ti,LSLS/TLSLSmin) and the dimensionless ground acceleration capacity (ai,LSLS/aLSLSmin) for
the Life Safety Limit State (LSLS). Both these dimensionless parameters are an indirect value
of the relative vulnerability. It results that the higher the ratio the lower the seismic vulnerability. As it can be clearly observed, the results between the two methods are in very good
agreement, confirming the capability of the simplified LV0 approach to provide a first and fast
classification of the seismic vulnerability at a territorial scale for a large group of ancient masonry churches.
SS Maria della Bruna
San Giovanni Battista
San Pietro Caveoso

San Rocco

San Francesco d’Assisi

Sant’Agostino

Figure 1: Front views of the considered case studies.

6

CONCLUSIONS

In this paper a comparison among two different simplified methods for seismic assessment of old masonry churches has been shown. The methods are easy to be applied and allow,
with a different knowledge level of a structure, to perform an appraisal at a territorial level.
The application to six case studies has confirmed that the new simplified method, named LV0
according to the Italian Directive, is a fast tool for seismic assessment capable of ranking the
priorities to be investigated more in detail within a multi-level seismic assessment methodology. As for the obtained results, it has emerged that the less vulnerable church is SS Maria
della Bruna, while the most vulnerable one is Sant’Agostino church.

Macro-element
1
2
3
4

Position and foundations
Floor plan configuration
Elevation configuration
Distance between walls

San
SS Maria
Pietro
della Bruna
Caveoso
A
C
A
C

A
C
A
D
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San
Rocco
B
C
A
D

San
Frances- San Giovanni
co
Battista
d’Assisi
A
A
D
C
A
A
D
D
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5
6
7
8
9
10
11

Non-structural elements
Type-organization of R.S.
Quality of the R.S.
Horizontal structures
Roofing
Conservation status
Environmental alterations
Construction system altera12
tions
13
Vulnerability to fire
Seismic vulnerability score (V)
1 Maximum Mercalli Intensity
2
Landslides/rock fracture
3
Erosion
4
Physical stress
5
Pollution
6
Socio-organizational
7
Demographic decline
Seismic hazard score
(H+1)
SEISMIC RISK [V x
(H+1)]

C
B
A
A
C
A
A

D
A
A
A
C
A
B

A

A

B
15.82
0.2
0.05
0.05
0
0.05
0.05
0
1.40
22.15

D
B
A
A
C
A
A

D
B
A
A
C
B
A

D
B
A
A
C
A
A
A

A

B
16.83
0.20
0.15
0.05
0
0.05
0.05
0

A
B
19.53
0.20
0
0
0
0.05
0.05
0

B
22.56
0.20
0
0.05
0
0.05
0.05
0

B
33.66
0.20
0
0.05
0
0.05
0.05
0

1.50

1.30

1.35

1.35

25.25

25.39

30.46

25.00

Table 3 – Seismic risk assessment according to the simplified procedure [8].

TLSLS/TLSLSmin - LV1
aLSLS/aLSLSmin - LV1

S S M ARIA DEL L A
B RUNA

S AN ROCCO

1.37
1.14

1.33
1.13
1.15

1.14
S AN PIETRO
CAVEOS O

1.00
1.00
1.37

2.28

S AN G IOVANNI
B ATTIS TA

1.60

1.47
1.13

1.00

1.46
1.51

2.59

3.33

Simplified approach - Risk assessment

S AN F RANCES CO S ANT ’AG OS TINO
D’AS S IS I

Figure 2 - Comparison among the results obtained with the LV0 and LV1 methods for the case studies considered.
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Abstract
In the Peruvian Andes, a major portion of heritage buildings are made of adobe masonry.
Due to the low mechanical properties of this material, historical constructions are mostly
characterized by a weak and brittle behavior especially when subjected to seismic loading. In
addition, heritage adobe buildings are characterized by timber roofs which do not guarantee
a box-type behavior and enable the occurrence of local mechanisms in the out-of-plane direction. During the last decades, there has been an increasing interest in understanding the
complex seismic response of this type of buildings. This task is usually conducted by means of
computational models together numerical simulations. The current approaches such as Finite
Element or macro-element methods present some important limitations such a high computational burden or over-simplified mechanical schemes that consider only the in-plane mechanisms of masonry. In this paper, an innovative numerical tool, which involves the combined
interaction between the in-plane and out-of-plane mechanisms with a reduced computational
demand, is used for the seismic assessment of an adobe church located in Cusco, Peru. This
discrete macro-element modeling approach is validated considering the results obtained with
a sophisticated computational tool in terms of capacity curves and collapse mechanisms.
These results demonstrate that the proposed modelling approach is capable of properly evaluating the seismic behavior of earthen buildings, and will allow further investigations in a
nonlinear dynamic context.

Keywords: Adobe Masonry, Stone Masonry, Nonlinear Static Analysis, Discrete Macroelement Model, HiStrA Software, FE Model.
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1

INTRODUCTION

In the last decades, the structural assessment of historical constructions has become an important topic within the scientific community. This task presents a significant complexity due
to the uncertainties related to structural, geometrical and material characteristics of this typology of buildings. The assessment of historical constructions is usually conducted by means of
numerical modeling, and the use of sophisticated computational approaches namely Finite
Element (FE) method. The investigations conducted with this approach are usually limited to
the static field since they require refined numerical models; and therefore, a large computational burden. In addition, simplified models based on equivalent frame models or twodimensional macro-elements have also been developed for the assessment of structures [1-4].
These models are described by a reduced number of degrees of freedom (DOFs), and their
formulation is based on the hypothesis that structures present a box-type behavior. Nevertheless, historical constructions are not commonly characterized by a global behavior, but by the
interaction of local mechanisms. Due to these limitations, the assessment of the structural response of historical constructions requires a suitable computational tool capable of simulating
their combined in-plane and out-of-plane response with a reduced computational demand. In
this regard, a discrete macro-element modeling approach, capable of reproducing the interaction between in-plane and out-of-plane mechanisms, has been developed for assessing the
seismic response of unreinforced masonry (URM) structures [5, 6]. The mechanical configuration of this approach, denoted as discrete macro-element model, is described by a low number of degrees of freedom which enables the application of sophisticated numerical
procedures. This model has been used for assessing the seismic response of historical churches made of brick through the application of nonlinear static analyses [7, 8].
Even though adobe is considered one of oldest and most spread construction materials,
most of the numerical investigations associated with historical structures have been focused
on fired brick or stone masonry as constituent material. In addition, adobe historical buildings
present a weak and complex behavior when subjected to seismic actions. Such behavior is related to low values of tensile and compressive strength, limited ductility, poor connection of
orthogonal wall, lack of maintenance, and large inertial forces when subjected to seismic
loading. In this sense, recent investigations have been conducted for the assessment of the
seismic response of these type of structures by means of refined and sophisticated numerical
models [9-11]. This papers presents the evaluation of an earthen historical construction by
means of the adopted discrete macro-element modelling approach. This assessment involved
the application of nonlinear static analyses, and the results were compared to the ones obtained from a FE model in terms of pushover curves and damage pattern. This paper demonstrates the capabilities of this modelling approach for assessing complex buildings with a
reduced number of DOFs, and therefore, a low computational demand.
2

DISCRETE MACRO-ELEMENT MODELLING APPROACH

A novel computational tool, denoted as discrete macro-element modeling approach, was
introduced by Caliò, et al. [5] aiming at the evaluation of the seismic response of masonry
structures. The initial mechanical scheme of this approach consisted of the assemblage of a set
of rigid edges (panel) connected by interface elements as illustrated in Figure 1a. It can also
be observed that two diagonal are used to connect each panel, and that the interface elements
are composed of a single row of transversal links and an additional link along its length. The
configuration of a single panel is described by four kinematic variables which allow the simulation of the main in-plane mechanisms of masonry structures considering the hypothesis of a
box-type behavior. These mechanisms, namely flexural, shear-diagonal, and shear sliding, are
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governed by a different set of nonlinear links. Subsequently, Pantò, et al. [6] presented an upgrade to the initial mechanical scheme aiming at the simulation of the out-of-plane mechanisms that rule the response of URM structures. In this upgrade, the interaction between
panels is given by new interface elements composed of a matrix of transversal links, a single
link along its length, and two additional links along its thickness (see Figure 1b). The kinematics of this mechanical scheme is now described by seven kinematic variables associated
with the rigid body motion (three traslations and three rotations) and with the shear deformability of the panel. An additional set of computational components, denoted as vertex elements, were introduced for the modeling of structures with irregular geometry. In this case,
the kinematics of this elements (see Figure 1c) is described by six DOFs which involve solely
the motion of a rigid body. Unlike the three-dimensional panels, the vertex elements are not
described by a shear deformability and there is not the necessity of introducing a diagonal link.
The connection between this type of elements and three-dimensional panels or other vertexes
is also conducted by means of interfaces. The adopted modeling approach has been implemented in the HiStrA (Historical Structure Analysis) software [12].

(a)

(b)

(c)

Figure 1 Mechanical configuration of the discrete macro-element modelling approach: (a) two-dimensional (initial) and (b) three-dimensional (upgraded) panels, and (c) vertex elements

The configuration of the three-dimensional panel is capable of simulating the combined inplane and out-of-plane mechanisms of URM buildings. The bi-flexural response is ruled by
the matrix of transversal links at the interface element. The in-plane sliding is described by
the single link along the length of the interface element, whereas the out-of-plane shear deformability and torsion responses are given by the two additional links along its thickness.
Lastly, the in-plane shear diagonal mechanism is governed by a single link placed in each
panel. Each set of nonlinear link require the application of adequate calibration procedures
and the definition of proper constitutive laws in order to accurately simulate these mechanisms. In the case of the transversal links, the calibration procedure is based on a fiber approach and the nonlinear behavior is given by a fracture energy approach. The sliding links
are also calibrated considering a fiber approach; however, the nonlinear response is governed
by a Mohr-Coulomb yielding criterion. Finally, the linear parameters of the diagonal link are
calibrated by enforcing an equivalence between a finite portion of masonry as a continuum
and homogeneous material and a single panel subjected to pure shear deformation. The nonlinear behavior of this link is also governed by a frictional phenomenon, and its yielding domain can be described by a Mohr-Coulomb or Trunsek Cacovic [13] criteria. Further details
regarding the calibration procedure and constitutive laws can be found in [6].
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3

SAN JUAN BAUTISTA DE HUARO CHURCH

San Juan Bautista de Huaro is a colonial church built at the end of the 16th and beginning of
the 17th century. The temple is located in the district of Quispicanchis, 42 km from the city of
Cusco. The church is of Renassance style and it is characterized by impressive mural paintings that cover the ceiling and the interior walls, showing the blending of Andean and colonial
styles. The church is composed of an elongated nave that ends in a presbytery, a choir loft in
the front part, a bell tower and six side chapels. In addition, the church has a triumphal arch
that separates the presbytery from the nave and a system of arches that supports the choir loft.
The church presents a structural system composed of adobe walls of 1.6m thick and 11m high
connected by timber beams. The foundation, the frame of the main entrance and the bell tower
are made of stone masonry. The triumphal arch is made of a timber frame filled with cane and
plastered with mud (“quincha” system), and the choir loft presents structural timber elements
with severe damage. The ceiling is a system of inclined and horizontal beams in an A-shaped
arrangement known as "par y nudillo".
A reverse engineering procedure was implemented for the generation of a Finite Element FE
model, and the subsequent seismic safety assessment of the church [11]. As shown in Figure 2,
a geometrical survey was carried out using terrestrial laser scanner and aerial photogrammetry
in order to obtain an integrated point could. Subsequently, a 3D solid model was implemented
from the integrated point cloud considering an accurate approximation of the current geometry of the structure. Finally, a refined FE model was built based on the solid representation of
the church. The FE model was composed of approximately 234000 TE12L tetrahedral elements (approximately 170121 DOF) with an average size of 0.5m. Due to the complexity of
simulating the rotation and sliding associated with the connection between the roof system
and the masonry walls, this component was not included in the FE model as recommended by
Fonseca and D'Ayala [14]. Nevertheless, the mass of the roof system was considered as
lumped mass elements on top of the masonry walls.

(a)

(c)

(b)

(d)

Figure 2 Reverse engineering procedure implemented: (a) geometrical survey, (b) integrated point could,
(c) solid model, and (d) FE model (adapted from Aguilar, et al. [11])
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4

SEISMIC ASSESSMENT

The seismic response of the San Juan Bautista de Huaro church was investigated through
the application of nonlinear static analyses based on a discrete macro-element modelling approach. The computational model was generated considering a solid model of the church obtained after a hybrid geometric survey as reported by Aguilar, et al. [11]. Some geometrical
simplifications were conducted to the discrete macro-element model in order to achieve a regular representation of the structure as illustrated in Figure 3. These simplifications involved
the identification and definition constant thicknesses along specific sectors of the structure as
well as the generation of regular curve openings. In the discrete macro-element model, threedimensional panels together with vertex elements were used to model adobe and stone masonry components (walls, gables and tower), whereas truss elements were used to simulate the
timber ties that connect both transversal walls. Overall, the computational model of this structures was composed of 1999 panels, 42 vertexes, and 15 trusses, presenting a total of 14,245
DOFs. The results obtained with the adopted approach were compared to the ones obtained
with a refined FE model investigated by Aguilar, et al. [11].

Figure 3 Discrete macro-element model of the San Juan Bautista de Huaro church

The nonlinearity of the discrete macro-element model was focused on the mechanical
properties of the materials, namely stone and adobe masonry. Values such as Young’s modulus E, specific weight γ, compressive strength fc, tensile strength ft and fracture energy in tension GfI and compression Gc were defined in accordance with values reported in [11]. The
shear modulus G was determined using the Poisson’s ν ratio considering masonry as an isotropic material. Due to the lack of information related to the shear-diagonal and shear-sliding
mechanisms, it was initially assumed that the shear strength fs and cohesion c (both under no
confinement conditions) presented a value equal to the tensile strength. It was also assumed
that the timber elements presented a linear-elastic behavior; therefore, no nonlinear parameters were defined for this material. A summary of the mechanical properties is reported in Table 1.
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Elastic parameters

Adobe
Stone
Timber

E
N/m
m2
350
2000
10000

Flexural response

Shear-diagonal
response
fs
μd

Shear-diagonal
response
c
μs

G

γ

fc

ft

Gc

GfI

N/mm2

N/mm3

N/mm2

N/mm2

N/mm

N/mm

N/mm2

-

N/mm2

-

1.86 E-5
1.48 E-5
4.62 E-6

140
833.33
4166.67

0.88
5.00
-

0.09
0.50
-

1.40
8.00
-

0.01
0.01
-

0.09
0.50
-

0.50
0.60
-

0.09
0.50
-

0.50
0.60
-

Table 1 Mechanical properties used for the discrete macro-element model of the San Juan Bautista de Huaro
church

Nonlinear static analyses involved the application of incremental mass distributed lateral
forces along the main four directions of the structure: +X, -X, +Y and –Y (see Figure 3). The
results of these analyses are presented in terms of pushover curves in which the horizontal axis is related to the horizontal top displacement of a monitored point, whereas the vertical axis
the ratio between base-shear and self-weight (load factor). Different monitored points were
selected for each of the analyzed directions. In order to compare the results of the discrete
model, the monitored points were defined in accordance with a refined FE model. In the case
of the X direction, the points P+X and P-X were placed in the middle span of the transversal
walls, whereas in the Y direction, the points P+Y and P-Y were located in the top of the back
and front facades, respectively. This comparison between discrete macro-element and FE
models was conducted not only in terms of pushover curves but also collapse mechanisms and
concentration of plastic strains.
The comparison between the discrete macro-element and FE models associated with the
seismic response of the San Juan Bautista de Huaro church due to de application of an incremental lateral force in the X direction is presented in Figure 4. In the case of the positive direction, it can be observed that there is a good agreement in terms of initial stiffness and
maximum load capacity. The discrete macro-element model experienced a rapid reduction of
capacity when a horizontal top displacement of approximately 140 mm was reached (see Figure 4a). This behavior was not identified in the FE model since the post-peak response was
characterized by a ductile behavior. It can also be observed that both models present a similar
concentration of strains in both transversal walls and in the back wall. There are some slight
differences in the main facade namely the concentration of damage in the corners with the
transversal walls. In the negative direction, the good resemblance in terms of initial stiffness
was also identified. In this case, the discrete macro-element model presented a maximum load
capacity with an increased value of 10% when compared to the FE model as depicted in Figure 4b. These results also showed that the discrete macro-element model presented ductile
behavior until a reduction of its maximum load capacity was attained at a horizontal top displacement of approximately 220 mm. It can be noted that the concentration of plastic strains
present a good agreement between the two computational models. The damage is located in
both lateral walls spreading horizontally at the middle height of these walls. Vertical concentration of strains can also be identified in the corners that connect the main facade and the
back wall with the transversal ones.
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Figure 4 Comparison between discrete macro-element and FE models when subjected to a lateral force in X direction: (a) positive and (b) negative

The discrete macro-element model of the church was also subjected to an incremental lateral load in the Y direction. The comparison of these results between the adopted approach
and the FE model are illustrated in Figure 5. The pushover curves when loading the structure
in a positive direction presented a slightly different behavior. At a horizontal top displacement
of approximately 6 mm, the discrete macro model was described by a reduction of the capacity which was caused by the detachment of the back wall from the transversal ones. Due to the
caused damage associated with this detachment, there was a reduction of the tangential stiffness of the structure; however, it was still capable of resisting lateral forces. Despite this behavior, both models presented the same initial stiffness and maximum load capacity. On the
other hand, the comparison between damage concentrations presented a good resemblance. As
shown in Figure 5a, the plastic strains are located mainly the connection between the back
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wall and the transversal walls. The main facade presented additional damage, especially in the
transition between adobe and stone masonry. Figure 5b shows the results when applying a lateral load in the negative direction. It can be observed that the initial stiffness of both models
present a similar value; however, the one related to the FE model presented a reduction at an
early stage of the analysis. The discrete macro-element model remained with the initial stiffness until a displacement of approximately 18 mm when it experienced a reduction of its capacity. Subsequently, the response of the adopted model presented a similar behavior when
compared to the FE model in terms of stiffness. However, the refined model was characterized by a lower maximum load capacity, and this difference corresponded to approximately
16%. The damage concentration of these models, which was mainly located in the main facade, also presented a good agreement.
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(b)
Figure 5 Comparison between discrete macro-element and FE models when subjected to a lateral force in Y direction: (a) positive and (b) negative
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5

CONCLUSIONS

This papers presents an initial assessment of an earthen historical structure using a novel
three-dimensional discrete macro-element model. In addition, the capabilities of this modeling
approach were demonstrated by the comparison of its results with a refined FE model. From
this investigation, the following conclusions were drawn.
 The discrete macro-element model is capable of assessing the seismic behavior of complex structures with a reduced number of DOFs.
 The adopted modeling approach is also capable of reasonably simulating the response of
sophisticated and refined FE models.
 The overall response of the structure subjected to static loading was governed mainly by
a flexural response due to the low value of tensile strength of the material (adobe).
 Further investigations need to be conducted in order to assess the influence of other nonlinear parameters, such as shear strength or cohesion, on the structural response of this
earthen structure.
 Due to the reduced number of DOFs that characterizes this modeling approach, it will allow to conduct a thorough parametric assessment of the seismic response of this structure
in the dynamic nonlinear field.
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Abstract
A great part of the Italian built heritage is constituted of historic masonry towers. Such structures, due to their intrinsic vulnerability are prone to seismic risk and, like every historic
structure, exhibit many constructive aspects which are difficult to be caught from a numerical
point of view. Among the most common: the restraint conditions is not exactly clear as they
are often embedded in other buildings (such as churches bell-towers); the material behavior
can’t be simply identified as the masonry walls are often multi-leaf walls, made of three layers, each one with different mechanical characteristics, etc. In this paper, with the aim to include most of the sources of uncertainties, to assess the seismic risk of historic masonry
towers a probabilistic approach is presented. The probabilistic framework, originally introduced by Gusella (1991), is herein discussed through an illustrative case study: the Torre
Grossa of San Gimignano, Italy. In a first part of the paper some experimental results, accelerations of some level of the tower under ambient noise, are employed to identify a numerical
model. Subsequently the tuned numerical model is employed to perform non-linear time history analyses which constitute the basis for the evaluation of the Collapse Probability.
Keywords: Seismic risk, Probabilistic framework, Masonry towers, Collapse Probability.
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1

INTRODUCTION

A great part of the Italian and European built heritage is constituted of historic masonry
towers. Such structures, due to their intrinsic vulnerability, are prone to seismic risk. In this
respect, recent earthquakes that have hit this territory ([1], [2]) have again highlighted the
need of improving the knowledge about the seismic response of historical masonry structures
in order to plan proper retrofits.
Cultural heritage buildings have a growing economic and social value in many countries.
Preservation of the built heritage is in fact considered an important issue in modern societies
as, in addition to their historical interest, historical buildings significantly contribute to economy in a context where tourism has become a major industry. Preserving historic constructions is therefore not only a cultural requirement but also an economic and developmental
demand ([3]). Their conservation, together with their monitoring and structural safety assessment, has become an actual concern also due to some recent dramatic events. In Italy it is possible to mention the sudden collapse of the Civic Tower in Pavia ([4], [5]), the abrupt collapse
of the Dome of the Noto Cathedral ([6]) and the recent dramatic collapse of the clock tower of
Finale Emilia after the May 2012 Emilia Romagna earthquake sequence ([2]).
While the structural behaviour of a new masonry construction is a relatively simple task
(thanks both to the presence of standard codes and inherent literature), the prediction of the
structural response of monumental buildings is a more challenging task due to different aspects ([7], [8], [9]). At first, each monumental building is “by definition” a unique building,
characterized by its own history, often resulting in a composite mixture of added or substituted structural elements, strongly interacting ([10], [11]). Moreover, the static and dynamic behaviour of ancient buildings is normally too complicated to be interpreted by simple
mechanical models, and usually cannot be reduced to any standard structural scheme because
of the uncertainties that affect both the structural behaviour and the mechanical properties distribution. Therefore the assessment of the static and dynamic behaviour of historical masonry
constructions poses important challenges to modern civil engineers and the study of these
constructions must be undertaken through modern technologies and knowledge.
The above considerations enlighten the need of specific modelling, analysis and experimental strategies for each historic masonry construction. Engineers involved in the study of
cultural heritage are called to have a particular care in the understanding of the historical process as modifications occurred through the building’s history produced several uncertainties
in the model definition (geometry, materials, connections etc.). A correct structural evaluation
should be based on a deep knowledge of: (i) building history and evolution, (ii) geometry, (iii)
structural details, (iv) crack pattern and material damage map, (v) masonry construction technique and materials, (vi) material properties, (vii) global behaviour ([8], [12]]). All these aspects have significant consequences on the assessment of vulnerability of such buildings, and
accordingly on the proper preservation strategies.
Part of this knowledge can be reached through both in-situ and laboratory experimental investigations, joined with structural analyses with appropriate models. As in most cases it is
quite difficult to perform reliable and extensive quantitative strength evaluations, due to the
difficulty of gathering experimental data on the mechanical properties of in-situ materials
([13], [14]), each experimental campaign requires a specific design aimed at assessing valuable results for structural assessment by identifying them with as fewer destructive and/or nondestructive tests as possible.
Based on this background, in this paper, with the aim to include most of the sources of uncertainties, a probabilistic framework (originally introduced by [15]) is proposed and applied
to assess the seismic risk of a historic masonry towers. The probabilistic approach, in particu-
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lar, is discussed through the discussion of a representative case study: the Torre Grossa of San
Gimignano (Italy).
2

DYNAMIC TESTS AND SIGNAL ANALYSIS

In the first part of the research experimental results (accelerations of some levels of the
tower under ambient noise) were processed in order to subsequently identify a numerical
model. The experimental tests were performed between the 29th-30th of March 2017 by the
DICEA-UNIFI Lab, employing 12 accelerometers. The position of the accelerometers is
shown in Figure 1. Each investigated level of the tower was equipped with three accelerometers to allow identification of the torsional mode shape. The N-S direction is the X axis and
the E-W direction (directed to the Town Hall) is the Y axis.
To perform the experimental tests, accelerometer transducers PCB 393C, with a voltage
sensitivity of 1000 mV/g, a resonance frequency greater than 3.5 kHz, an amplitude range of
±0.5 g pk, a resolution of 0.0001 g pk and a transverse sensitivity smaller than 5% were employed.
(a)

(b)

(c)

Figure 1. Torre Grossa: (a) N-S cross-section, (b) E-W cross-section and (c) accelerometers positions.

The sampling frequency was of 400 Hz, and the length of all the time series was about
2400 s. All the signals were first treated to avoid spikes, and then filtered between 0.5 Hz – 9
Hz with a Butterworth filter. Subsequently the signals were resampled at 25 Hz to have a
good frequency resolution, and a limited quantity of data points.
Taking into account that the city centre of San Gimignano, where the tower is, is restricted
to the ordinary vehicular traffic and that the wind was completely absent during the investigation, the recorded acceleration at each point were very weak (of the order of 10-4 m/s2). With
that low energy signals, the modal identification become challenging and the level of noise
can compromise the results of the modal identification.
The identification of the structural main frequencies and mode shapes was performed in
the framework of output-only identification methods ([16], [17]), being the source loads un-
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known. Fast Fourier Transformation (FFT) were performed, obtaining the medium spectral
tensor with the aim to perform a Frequency Domain Decomposition (FDD) based on a Singular Value Decomposition (SVD) of the Spectral Matrix in correspondence of each frequency:
𝑆𝑦𝑦 (𝜔) = 𝑈𝐺𝑈 𝐻

(1)

This decomposition allows to estimate the G diagonal matrix which had on his principal
diagonal the singular value of the Spectral Matrix:
𝐺1
𝐺2

𝐺=

⋱
[

𝑢11
𝑢21
;𝑈 =[ …
𝑢𝑟1
𝐺𝑟 ]

𝑢12
𝑢22
…
𝑢𝑟2

…
…
…
…

𝑢1𝑟
𝑢2𝑟
…]
𝑢𝑟𝑟

(2)

The procedure allows to estimate the structural frequencies and the associated mode shapes
(the r-column of the singular vectors matrix U represent with good approximation the rvibrating mode shape of the structure).

Figure 2. Singular values of the spectral matrix.

Despite the low level of excitation, it is possible to clearly distinguish the first two main
frequencies (Figure 2), that agree with the results obtained in a previous dynamic experimental campaign carried out by performing forced vibration test ([18]). The corresponding
mode shapes are illustrated in Figure 3: both are translational modes.
3

MODEL UPDATING

3.1 FE Numerical Model
A numerical 3D finite element model of the Torre Grossa was built by using the commercial finite element (FE) code ANSYS where the geometry was based on the result of the geometrical survey (Figure 4). Different techniques can be employed to model the mechanical
behaviour of the masonry ([19]): a) by modelling each brick, mortar face and interface separately (micro-modelling); b) by using a smeared model with homogenized properties (macromodelling); c) by utilizing a macro-elements modelling. Each method has its own advantages
and drawbacks. Micro-modelling requires a deeper knowledge of the actual geometry of the
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whole masonry and it is, obviously, inapplicable for large structures. It could be very effective
for limited portions of masonry buildings (i.e. a single wall).
It is noteworthy to remember that, apart the finite element technique, other approach have
been proposed, and are today available in the scientific literature, to investigate the nonlinear
response of masonry towers such as the ones proposes in [20], [21], [22], [23], [24].
In this study the macro-modelling approach was used, and the masonry was modelled as an
isotropic continuum. Masonry walls were modelled by means of solid elements (eight node
iso-parametric elements) paying attention to reproduce the main geometric irregularities in the
wall thickness. The major openings were reproduced together with the vaults at first levels.
Moreover, specific attention was paid in the modelling of the multi-leaf masonry walls: each
layer was modelled with its thickness (as estimated).

Figure 3. The first two mode shapes.

Figure 4. The FE model (fixed base model, and model with SSI).
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A relatively large number of finite elements were used to build the model, so the model results in a total of 24,730 nodes and 22,417 solid elements with 72,350 active degrees of freedom.
In order to account for the soil-structure interaction (SSI), and to quantify the effect of the
SSI on the seismic vulnerability of the tower, two different boundary condition were considered. A first numerical model was built assuming the model as fixed at the base (“fixed base
model”), while a second numerical model was built taking into account the soil stratigraphy
(SSI model) ([25]).
To account for the restraining effect introduced by the neighbouring structures, four layers
of longitudinal springs whose stiffness changes along the height of the tower have been introduced. These springs were inserted in the corner of the cross-section of the tower and are
aimed to reproduce the confining effect of the lower structures. Stiffness of these spring was
evaluated to fit the modal behaviour of the numerical model with the one experimentally observed.
3.2 Nonlinear modelling of masonry
To reproduce the nonlinear damage behaviour of the masonry (cracking in tension and
crushing in compression) a smeared crack approach was adopting by combining an elastoplastic law with a tension cut-off ([26]). To this aim, the Drucker-Prager (DP) plasticity model was combined with the Willam-Warnke (WW) failure criterion. The whole model requires
the knowledge of: i) the elastic parameters: E, ρ and υ; ii) the plastic parameters (DP criterion): c, φ and δ; and iii) the cracking and crushing parameters (WW criterion): 𝑓𝑐,𝑊𝑊 , 𝑓𝑡,𝑊𝑊 ,
𝛽𝑐 and 𝛽𝑡 .
The elastoplastic DP model is defined by the elastic parameters (E and ) and three further
parameters: the internal friction angle , the cohesion c and the dilatancy angle . Values of c
and  define the yield surface, the compressive strength fcDP and the tensile strength ftDP of the
material. The WW criterion is defined by two main parameters, i.e. the uniaxial compressive
and tensile strengths fcWW and ftWW. Two additional parameters, the coefficients t and c, rule
the shear stresses on the cracking planes.

Figure 5. DP & WW models

The combination of the plasticity model with the failure criterion allows for an elasticbrittle behaviour in case of biaxial tensile stresses or biaxial tensile-compressive stresses with
a low compression level. On the contrary, the material behaves as elastoplastic in the case of
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biaxial compressive stresses or biaxial tensile-compressive stresses with a high compression
level. Overall, the material behaves as an isotropic medium with plastic deformation, cracking
and crushing capabilities. To calibrate the parameters, the uniaxial tensile strength of the concrete model (ftWW) must be assumed smaller than the correspondent value of the plastic domain (ftDP) to reproduce the actual masonry cracking in tension. In addition, to reproduce the
correct plastic behavior of the masonry in mixed compression-traction zones, the compression
of the concrete model (fcWW) must be selected greater than the strength (fcDP) of the open curve
of the Drucker-Prager model.
Both models have been extensively used in the scientific literature to model the post-elastic
behaviour of masonry ([27], [28], [29]). Among the previous researches [26], based on the
results of experimental researches, proposed a proper calibration procedure between the failure and plasticity model that allows to reproduce the experimental test (both strength and deformability of masonry walls) with a good accuracy. These results are herein used to define
the proper intersection between DP and WW criteria, as shown in Figure 5.
3.3 GA Model updating
Genetic algorithms (GA) are global searching processes based on ideas from the Darwin’s
principle of natural selection and evolution that were introduced in the sixties by John Holland ([30]). To operate the GA starts with an initial population whose individuals (named
chromosomes, according to the terms of genetics) are subjected to the operations inspired by
genetics’ laws (selection, genetic operations and replacement) and consequently evolve. The
result is a population (i.e. a collection of chromosomes, where a single chromosome collects
the variable of the problem) with a higher fitness than the initial one. The term chromosome
refers to a candidate solution to a certain problem and, in its turn, a chromosome can be divided into genes, each of which encodes a particular element of the candidate solution. The selection operators choose, according to their fitness performance, those chromosomes in the
population that will be allowed to reproduce, and on average the fitter chromosomes produce
more offspring than the less fit ones. The basic flowchart of a GA works as follows:
• Start with a randomly generated population of n chromosomes (candidate solutions to a
problem; each chromosome is composed of m genes).
• Calculate the fitness ƒ(x) of each chromosome x in the population.
• Generate a new population selecting the chromosomes according to their fitness value
and recombining new chromosomes through crossover and mutation.
• Replace the current population with the new population: the individuals from the old
population are killed and replaced by the new ones.
• Step 2 to step 4 are repeated (iteration) until a termination criterion is verified.
The simplest form of GA above reported involves three types of operators: a) selection, b)
crossover and c) mutation. The first operator, the selection, selects the chromosomes in the
population for the reproduction: the fitter is the chromosome, the more times it is likely to be
selected for reproduction so that best chromosomes are chosen for reproduction than the poor
ones. The second operator, the crossover, creates two offspring crossing the selected parent
chromosomes at a randomly chosen point. The crossover implements the process of reproduction and several crossover techniques were proposed using different data structures. The last
operator, the mutation, replaces randomly a gene in a chromosome with one chosen from the
solution space. The purpose of mutation is to introduce diversity in order to prevent from
premature convergence (and avoid design towards a non-optimal solution).
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Crossover and mutation represent the two special features that make a genetic algorithm
different from the traditional direct search methods and make it interesting for optimization
and search problems. Being a robust search method, genetic algorithms have been extensively
employed in civil engineering to cover several optimization problems starting from structural
identification to model updating ([31], [32]). Despite the increasing number of successful applications of GA based procedures in civil engineering, it must be anyway remembered that
several limitations still exist. Among them: a) the problem of identifying a proper fitness
function; b) the premature convergence toward non-optimal solution (no effective and general
termination rules are available, and in some cases it could be useful to couple the GA with a
local search technique); c) the proper choosing of the various parameters that characterize the
algorithm (like the size of the population, the mutation and the crossover rate, the elitism rate,
the selection methods, etc.). Since optimization approaches rely on a forward model, the success of the procedure depends on the quality of the FE model and on the choice of the updating parameters. The proper identification of the updating parameters is consequently one of
the key aspects of a FE model identification method.
Herein updating parameters chosen are the stiffness of the corner springs and the elastic
property of the masonry. To build the chromosome a real-coded genetic algorithm (RCGA)
was employed, thus avoiding the need to introduce a linear scaling conversion to appropriately express the damage parameters. Chromosomes are so composed of genes encoding the
stiffness and elastic modulus.
The objective functions were built calculating the errors between experimental and numerical natural frequencies and mode shapes. To test the efficiency of the genetic algorithm, several numerical tests were performed analysing different fitness functions and considering
different algorithm parameters (crossover, mutation and elitism). The chosen updating parameters were the stiffness of the corner springs and the elastic properties of the tower’s material.
The procedure allowed to fit the numerical model with the experimental results.
4

PROBABILISTIC FRAMEWORK

In the second part of the research, the identified FE models ((“fixed base” and “SSI” model)
were employed to perform a statistically representative number of nonlinear time history
analyses using the Peak Ground Acceleration (PGA) as parameter to characterize the earthquake intensity.
4.1 Seismic vulnerability by nonlinear time-history analyses
The statistical samples were obtained performing over 100 time-histories, in order to carry
out a statistical study on the vulnerability of the tower.
The displacement of the top level of the tower was selected as control parameter. By varying this displacement in a range between 0.02%Hmax and 0.3%Hmax (Figure 6), it was possible
to statistically obtain an analytical formulation of the tower vulnerability expressed as Collapse Probability Function (CPF) by using the following expression:
𝑃𝑐 = exp(− exp (−𝛼1 (𝑎𝑝2 − 𝛼2 )))

(3)

The number of collapse assuming different levels of collapse displacement, and with different levels of PGA are reported in Table 1 and Table 2 for the fixed base model and for the
SSI model, respectively, while the obtained vulnerability functions according to Eq. (3) are
illustrate in Figure 7.
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Figure 6. Displacements selected for the parametric study.

Figure 7. Vulnerability functions (Fixed Base and SSI models).

PGA
0.10
0.15
0.20
0.25
0.30
0.40

0.04% Hmax
n°/20
Pc
12
0.60
18
0.90
19
0.95
20
1.00
20
1.00
20
1.00

0.10% Hmax
n°/20
Pc
1
0.05
4
0.20
13
0.65
16
0.80
20
1.00
20
1.00

0.14% Hmax
n°/20
Pc
0
0.00
0
0.00
2
0.10
11
0.55
16
0.80
20
1.00

0.20% Hmax
n°/20
Pc
0
0.00
0
0.00
2
0.10
8
0.40
14
0.70
19
0.95

Table 1: Collapses number and probability in Fixed base model.
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0.30% Hmax
n°/20
Pc
0
0.00
0
0.00
1
0.05
8
0.40
14
0.70
19
0.95
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PGA
0.10
0.15
0.20
0.25
0.30
0.40

0.04% Hmax
n°/20
Pc
13
0.65
18
0.90
19
0.95
20
1.00
20
1.00
20
1.00

0.10% Hmax
n°/20
Pc
1
0.05
7
0.35
12
0.60
15
0.75
17
0.85
20
1.00

0.14% Hmax
n°/20
Pc
0
0.00
1
0.05
5
0.25
11
0.55
15
0.75
19
0.95

0.20% Hmax
n°/20
Pc
0
0.00
1
0.05
2
0.10
7
0.35
7
0.35
15
0.75

0.30% Hmax
n°/20
Pc
0
0.00
1
0.05
2
0.10
5
0.25
5
0.25
15
0.75

Table 2: Collapses number and probability in SSI model

4.2 Yearly maximum CDF of the PGA
The probability that a given seismic event of a certain PGA will occur over a certain period
was evaluated (Table 3) obtaining the maximum annual Cumulate Damage Factor (CDF) of
the PGA in analytical form for fifty and two hundred years structural life (Figure 8).
A Fisher-Tippet distribution in which variable indices were estimated by using Ordinary
Least Squares (OLS) was adopted:
𝑘

𝑢
𝑃(𝑎𝑝 ) = 𝑒𝑥𝑝 [− ( ) ]𝑎𝑝 ≥ 0
𝑎𝑝

(4)

Goodness of fit tests were done to evaluate data interpretation of the functions.

Figure 8. Fisher-Tippet of Yearly maximum CDF of the PGA

4.3 Probabilistic seismic risk
The seismic risk, as function of the analysed parameter and of the structural life, was eventually evaluated by linking the tower vulnerability (for a given seismic event) with the probability of its occurrence by integrating the collapse probability density functions (Figure 9):
∞

𝑘+1

𝑘 𝑢
𝐶(𝑡) ≅ 𝑡 ∫ ( )
𝑢 𝑎𝑝
𝑎𝑝

𝑘

𝑢
exp[− ( ) ] exp(− exp (−𝛼1 (𝑎𝑝2 − 𝛼2 )))𝑑𝑎𝑝
𝑎𝑝
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Figure 9. Collapse probability density function.

Tr
[years]
30
50
100
200
300
400
475
500
700
975

P(ap)
0.9667
0.9800
0.9900
0.9950
0.9967
0.9975
0.9979
0.9980
0.9986
0.9990

1P(ap)
0.0333
0.0200
0.0100
0.0050
0.0033
0.0025
0.0021
0.0020
0.0014
0.0010

Prob[𝑎̌𝑝 ≥ 𝑎𝑝
50- year]
0.8160982
0.6358303
0.3949939
0.2216874
0.1523376
0.1176412
0.0997749
0.0952532
0.0676519
0.0487944

Prob[𝑎̌𝑝 ≥ 𝑎𝑝
200- year]
0.9988562
0.9824121
0.8660203
0.6330422
0.4837125
0.3938489
0.3432433
0.3299484
0.2443645
0.1813512

ap bedrock
[g]
0.047
0.059
0.069
0.101
0.118
0.132
0.141
0.143
0.159
0.176

Table 3: CDF (Cumulate Damage Factor).

t = 50 years
0.04% Hmax
0.10% Hmax
0.14% Hmax
0.20% Hmax
0.30% Hmax
t = 200 years
0.04% Hmax
0.10% Hmax
0.14% Hmax
0.20% Hmax
0.30% Hmax

R Fixed base [%]
94.00
21.00
6.30
5.88
5.40
R Fixed base [%]
100.00
84.00
25.00
23.50
21.60

R SSI [%]
96.50
25.40
8.86
6.70
5.74
R SSI [%]
100.00
100.00
35.50
26.77
23.00

Table 4: Seismic risk for 50 and 200 years.
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ap tower
[g]
0.0677
0.0850
0.0998
0.1453
0.1700
0.1900
0.2030
0.2063
0.2288
0.2534
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5

CONCLUSIVE REMARKS

From the point of view of the optimization of financial resources, the possibility to define a
schedule of intervention on the built heritage is of the utmost importance; strategies are often
outlined taking into account a limited number of results from experimental tests and a good
quantity of rules-of-thumb; this often gives rise to errors, scheduling interventions on structures which are not immediately at risk and postpone more urgent works.
The study herein presented obviously does not provide an exact tool to predict and assess
the seismic risk that a given structure can undergo, but is nevertheless extremely useful for the
planner as it can effectively compare structures built in a seismically homogeneous area and
exhibiting similar characteristics. The error introduced in each calculation will likely be the
same for each structure, thus leading to a much more robust schedule for possible interventions.
The fact that dynamic tests are employed to tune the parameters of the FE model allows a
certain reliability of the dynamic behaviour of the towers; the extrapolation of the structural
behaviour in the non-linear field and eventually until the structural collapse is performed on
the basis of the identification procedures and, even though historical buildings cannot be
forced so far, a sound foundation for the nonlinear analyses is provided.
In short, the present study evaluates risk and vulnerability indexes that, if calculated on
similar structural typologies, can allow to establish priority of intervention in order to reduce
the seismic risk of historic buildings which form our cultural heritage. Moreover, it can provide a quantification of the benefits that can be obtained by different typologies of retrofitting
simply evaluating the increasing of the safety indexes.
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Abstract
Masonry structures represent one of the most common worldwide structural typologies for
buildings. To date, many historical towns and villages in Italy are built from aggregates of
masonry buildings, in which each architectural unit interacts with others forming a complex
structural system. Local failure mechanisms are particularly important for the assessment of
the safety level of masonry buildings and, especially, of aggregates: recent seismic events
have provided evidence that masonry buildings are particularly vulnerable to out-of-plane
actions, triggering a wide number of local collapse mechanisms. For this reason, this contribution proposes a new fast computational tool for the automated seismic assessment of local
failure mechanisms in masonry aggregates through limit analysis. The proposed tool is based
on the NURBS geometric description of the aggregate, which is the common output of many
free form modelers. This peculiarity makes the tool easily interfaced with CAD design environments and requires no advanced computational skills to the user. The historical center of
Arsita (Italy), a beautiful example of masonry aggregate, which was hit by the 2009 L’Aquila
earthquake, is analyzed as a case study and the results are used to validate the proposed tool.
Keywords: Masonry aggregates, NURBS, Limit analysis.
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1

INTRODUCTION

Masonry constructions are the most widespread structures in the Italian historical centers,
which are often the result of an uncontrolled urban development based on buildings erected in
continuity to each other, so resulting in aggregates of constructions. These were generated by
the progressive transformation of the urban tissue, in which elevation floors were added to
existing constructions and adding structural units made plan extensions to the existing ones.
As a result, it is very difficult both to distinct the structurally independent units and to identify
the global response of the building aggregates. Therefore, seismic vulnerability assessment of
masonry aggregates in the Italian historical centers represents a specific and very actual problem [1].
The main difficulties of this task are related to the low knowledge level of the structures,
which were in many cases built in absence of anti-seismic design regulations, particularly due
to the absence of drawings or reports. In addition, even if in most practical cases, and as allowed by the Italian building codes [2,3], the safety assessment would mainly regard a single
building within an aggregate, the analysis of these complex constructions should require the
complete modeling of all structural units. The seismic response of masonry building included
in aggregates is influenced by several aspects, such as the topography and morphology of the
foundation soil, the plan configuration of the aggregate, the degree of connection between adjacent buildings, building position within the aggregate, homogeneity of structural characteristics and, finally, masonry textures (which can be strongly irregular in case of aggregates [4]).
A rigorous approach would require a detailed analysis of the entire aggregate, but because of
the inherent complexity of the aggregate itself, some approximations need to be introduced.
Simplified methods based on parametric analyses on large scale have been recently proposed
[5–7].
Recent seismic events have provided evidence of the high vulnerability of these structures
to out-of-plane actions, triggering a wide number of local collapse mechanisms [8–12]. Therefore, local analyses are particularly important for the assessment of the safety level of historical masonry buildings [13,14] and, therefore, aggregates. Local failure mechanisms can be
evaluated in simply way through limit analysis techniques by adopting the assumptions proposed by Heyman for masonry material, i.e. null value of ultimate tensile stress, infinite compressive strength and exclusion of sliding between blocks [15]. However, it is worth
mentioning the tensile strength is not always exactly null, but quite variable and uncertain. In
addition, the resistance to compression is at least an order of magnitude greater but finite, as
well as the shear resistance, especially in absence of meaningful normal compression, may
result quite low. The adoption of an isotropic no-tension material could result too simplistic
and suitable homogenization techniques should be preferred [16–19].
In this paper, a new fast computational tool for the automated seismic assessment of local
failure mechanisms in masonry aggregates through NURBS-based limit analysis [20] is proposed. According to this procedure, a given masonry structure can be modeled as a coarse rigid block assembly, where dissipation is allowed only along element edges. NURBS (NonRational Uniform B-Spline) [21] are special approximating basis functions widely used in the
field of 3D modeling for their ability to approximate the geometry of curved elements (i.e.
arches, vaults or walls with circular holes) in an extremely accurate way. Starting from the
obtained rigid bodies assembly, an upper bound limit analysis problem with very few optimization variables can be devised. The main aspects of masonry material are taken into account
through a homogenization approach based on a Method of Cells-type approach [18]. Due to
the very limited number of rigid elements used, the quality of the computed failure mechanism depends on the shape and position of the interfaces, where dissipation is allowed. Mesh
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adjustments are therefore needed: a meta-heuristic algorithm (e.g. genetic algorithm) is thus
implemented in order to modify the mesh and find the minimum kinematic load multiplier
(i.e. the collapse multiplier). It should be noted that this is the natural evolution of the previously published [22] open-source code ArchNURBS. Recent applications of this method can
be found in the literature [23–30].
The historical center of Arsita (Italy), which was hit by the 2009 L’Aquila earthquake [31]
and subsequently involved in the reconstruction plan performed by ENEA (Italian National
Agency for New Technologies, Energy and Sustainable Economic Development) [32,33], is
analyzed as a case study. In particular, the analysis of the masonry aggregate named “Il Torrione” is presented.
2

NURBS LIMIT ANALYSIS

In this section, we present the NURBS-based limit analysis procedure.
The analysis of the aggregate starts with a NURBS representation of the geometry. The
main advantage of NURBS is the wide range of geometries that can be represented with accuracy through very few elements. Another point is that NURBS entities can be directly interfaced with commercial CAD packages, such as Rhinoceros® [34]. NURBS basis functions
are built on B-splines basis functions, which are piecewise polynomial functions defined by
“knots” (i.e. points in a parametric domain)   {1 ,  2 ,...,  n  p 1} , where p and n denote the
polynomial order and the total number of basis functions, respectively. Given a set of
weights wi  and the i-th B-spline basis function ( N i , p ), then the NURBS basis function
Ri , p can be written as follows:
Ri , p ( ) 

N i , p ( ) wi
n

 Ni, p ( )wi

.

(1)

i 1

A NURBS surface of degree p in the u-direction and q in the v-direction is a parametric
surface in the three-dimensional Euclidean space defined as:
n

m

S(u, v)   Ri , j (u, v)Bi , j

(2)

i 0 j 0

where {B ij } form a bidirectional net of control points. A set of weights {wi , j } and two separate knot vectors in both u and v directions must be defined.
In the numerical simulations presented in this work, geometries are modeled within Rhinoceros as NURBS surfaces. This model is imported within a MATLAB® environment, in
which thickness and offset properties are assigned to each surface, through the IGES (Initial
Graphics Exchange Specification) standard [35]. At this point, NURBS properties may be
manipulated to define a NURBS mesh of the masonry mid-surface, in which each element is a
NURBS surface itself (see Figure 1).
Starting from the geometrical properties of each element, an upper bound formulation can
be obtained and implemented through an efficient internal point linear programming algorithm, e.g. using open programming codes as MATLAB, in order to assess the ultimate load
bearing capacity of a given masonry structure. Given an initial NURBS mesh, each element is
considered as a rigid body and his kinematics is thus determined by the six generalized velocity components {uxi , u iy , uzi , ix , iy , iz } of his center of mass, expresses in a global reference
system Oxyz . On the structure, dead loads F0 and live loads Γ are acting. Possible dissipation
is allowed only along element interfaces. In order to enforce closely compatibility along inter-
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faces and correctly evaluate the possible dissipated power, integrals are numerically evaluated
on interfaces by means of classic collocation method on several points Pi . On each point Pi ,
a local reference system (n, s, t ) is defined, where n is the unit vector normal to the interface,
s is the tangential unit vector in the longitudinal direction and t is the tangential unit vector
in the transversal direction, as sketched in Figure 2(a).
In the evaluation of the dissipated power, a rigid plastic behavior has been assigned to masonry material. In order to reproduce all the main aspects of masonry in aggregate buildings in
a simple way, such as no-tension material properties with finite values of compressive
strength, presence of different and irregular masonry textures for each structural units and disintegration failure modes, the use of homogenization techniques is recommended [17–19].
Therefore, in this work a homogenized three-dimensional failure surface has been adopted,
which includes, as it can be seen in Figure 2(b-c), a very low value of tensile strength (eventually null), a Mohr-Coulomb behavior in shear and a linear cap in compression.
The obtained linear programming problem is reported in Eq. 3, in which geometric constraints (a), compatibility constraints (b), non-negativity of plastic multipliers (c) and normalization of the power dissipated by live loads (d) are included.
 A eq u  0


T f
 u   σ

  0
P  1
 1


P  F0T u 
 min   in

P1 



(a)
(b)
(c )

(3)

(d )

For all cases in which the collapse mechanism may be complex, such as curved elements
or walls constrained at the edges in which the failure does not take place by a simple overturning, the initial mesh has to be modified. In other words, the optimal position of the fracture
lines needs to be found in order to avoid an excessive overestimation of the load multiplier. In
these cases, a progressive adaptation of the mesh is performed through a Genetic Algorithm,
which applies some modifications to the subdivision of NURBS surfaces optimizing, iteration
after iterations, the kinematic multiplier.
The reader is referred to [20,24,25] for further details about the NURBS-based upper
bound limit analysis procedure.

(a)

(b)

(c)

Figure 1. Passage to the initial NURBS surfaces in CAD environment (Rhinoceros®) to the initial mesh of the
NURBS model in MATLAB®.
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(a)

(b)

Figure 2. (a) NURBS element and local reference system at the interface and (b-c) assigned failure surface ((b)
2D section and (c) 3D linearized surface).

3

NUMERICAL SIMULATIONS: THE CASE OF ARSITA

Arsita is a town located in the district of Teramo (Abruzzo Region), near the Gran Sasso
Massif. The small and nice historic center, which includes a total amount of 17 masonry aggregates, presents very inhomogeneous built up with regard to earthquake damages, vulnerability, past interventions, maintenance and marks of past seismic events. Although the
intensity of L’Aquila 2009 earthquake may be considered moderate, the combination of several factors (mainly high potential vulnerability, particular topographic and soil conditions)
led to a non negligible widespread damage [31].
The masonry aggregate named “Il Torrione”, which is the 8th aggregate among the 17 according to the classification provided by ENEA [32], has been chosen as meaningful case
study for the presented work. This aggregate is characterized by an irregular horizontal plane,
foundations at different levels and three floors (roofing included). Four different structural
units have been identified. Structural units and a series of horizontal sections are depicted respectively in Figure 3 and Figure 4. According to the documents provided by ENEA [32,33],
all the several typologies of horizontal floors are characterized by the absence of chains and
concrete edgings; moreover, roofs do not apply horizontal thrusts on the perimeter walls. The
floor frame directions, which has been hypothesized by ENEA’s documents, is depicted in
Figure 4, whereas in Table 1 weight and variable loads associated with each horizontal floor
are reported. In Table 1 also seismic load combinations provided by [2] are shown.
The masonry aggregate has been analyzed by means of a procedure of linear kinematic
analysis provided by the Italian code for existing masonry construction [2,3]: for each rigid
block included in the model, a horizontal loads configurations, which is proportional to the
supported weights, is applied in addition to vertical loads. The horizontal multiplier α0, which
is the horizontal load multiplier associated with the activation of the local failure mechanism,
is evaluated by means of Principle of Virtual Work.
The NURBS-based limit analysis has been applied in order to perform the evaluation of the
horizontal multiplier automatically for each structural unit. Material parameters of masonry
material, associated with the homogenized failure surfaces depicted in Figure 2(b), are reported in Table 2. An appropriate nomenclature has been assigned to each wall (see Figure 5) in
order to show the several failure mechanisms in an orderly way. Results obtained are reported
from Figure 6 to Figure 10. In some cases, different hypotheses have been adopted for the
quality of connection between orthogonal walls (see for example Figure 8 and Figure 10). Finally, the results of the analysis on the whole façade on the west side of the building (walls
C1-D1 according to Figure 5) is presented in Figure 11. In this case, both the hypotheses of
multi-leaf wall and compact wall between the two structural units have been taken into account: as result, a lower horizontal multiplier has been found in case of multi-leaf wall.
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(a)

(b)

Figure 3. Aggregate “Il Torrione” of Arsita: (a) 3D CAD model and (b) subdivision in structural units in plan
view.

(a) Ground floor

(b) Mezzanine over the ground floor

(c) First floor

(d) Second floor

(e) Loft floor

(f) Roofing floor

Figure 4. Plane sections and floor frame directions.
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(b)

(a)

(c)

(d)

Figure 5. Nomenclature adopted for walls of each structural unit: (a) A, (b) B, (c) C and (d) D.

Structural
unit

A, B, C

D

Floor (thickness
[cm])
First (20+5)
Second (24+4)
Loft (18)
Roofing
First balcony (25)
Second balcony (17)
First
Second
Loft (18)
Roofing
First balcony (25)
Second balcony (17)

Self-weight
(G)
[kN/m2]

Variable
load (Q)
[kN/m2]

3.45
3.65
3
1
6
4.1
6
4
3
1
6
4.1

2
2
2
4
4
2
2
2
4
4

Seismic
combination
coefficient
(ψ2j)
0.3
0.3
0.3
0
0.6
0.6
0.3
0.3
0.3
0
0.6
0.6

Seismic
combination
(G+ψ2j·Q)
[kN/m2]
4.05
4.25
3.6
1
8.4
6.5
6.6
4.6
3.6
1
8.4
6.5

Table 1. Floor loads and seismic combinations (according to the Italian building code [2]).

Property
Specific weight
Ultimate tensile strength
Ultimate compressive strength
Cohesion
Friction angle

Symbol

γ
ft
fc
c
Φ
ρ
Φ2

Linear cap in compression

Value
18
0.01
2.4
0.01
37
0.5
10

Table 2. Mechanical properties adopted for masonry.
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(b)
(a)

0.068

0.087

0.138

0.528

2.604

0.891

1.081

0.286

(c)
Figure 6. Wall A1, local failure mechanisms and horizontal load multipliers α 0: (a) overturning, (b) horizontal
flexure at the top and (c) vertical flexure.

(b)

(a)
0.069

0.127

0.058

0.123

(d)

(c)
0.097

0.141

0.409

Figure 7. Walls A2-4, local failure mechanisms and horizontal load multipliers α0: overturning of (a) wall A1, (b)
wall A2, (c) wall A3 and (d) corner overturning of walls A3-4.
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(a)

(b)

0.184

0.427

(c)
0.069

0.095

0.160

0.873

Figure 8. (a) Wall B1 and (b-c) Wall C1, local failure mechanisms and horizontal load multipliers α0: overturning with (b) good and (c) low quality of connection with orthogonal walls.

0.135

0.142

Figure 9. Walls D2-4, local failure mechanisms and horizontal load multipliers α0.
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(a)
0.063

0.105

0.109

(c)
(b)
0.103

0.141

0.201

0.764

0.849

0.289

2.705

0.728

(d)
Figure 10. Wall D1, local failure mechanisms and horizontal load multipliers α0: overturning with (a) low and (b)
good quality of connection with orthogonal walls, (c) vertical flexure and (d) horizontal flexure at the top.

(a)

(b)

0.103

0.127

Figure 11. Walls C1 and D1, local failure mechanisms and horizontal load multipliers α 0 with different hypotheses for the boundary wall between units C and D: (a) multi-leaf wall and (b) compact wall.
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4

CONCLUSIONS

A new computational tool for the automated seismic assessment of local failure mechanisms in masonry aggregates has been presented. This procedure relies on a NURBS-based
upper-bound limit analysis and a meta-heuristic algorithm for the optimization of the kinematic load multiplier. The use of NURBS surfaces, which are very common on commercial CAD
packages, allows an accurate representation of complex geometries and makes the tool easily
interfaced with the CAD environment. The main characteristics of masonry material are taken
into account by means of homogenization techniques. The analysis of the aggregate “Il Torrione” in the historical center of Arsita (Teramo) has been presented as first result about this
work. A very fast evaluation of the most critical failure mechanisms of the aggregate is provided. Moreover, the proposed tool allows to take into account different conditions typical of
masonry aggregates, such as low or good quality of connections between walls and presence
of multi-leaf walls.
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Abstract
Finite Element Modeling (FEM) and Operational Modal Analysis (OMA) is herein presented
for the historical masonry Kütahya Kurşunlu Mosque within the framework of its seismic
performance assessment. The historical structure is located in Turkey which has a high-level
seismic activity. A FEM strategy was adopted to construct a numerical model of the structure
considering a simplified three-dimensional geometry and a macro-modeling approach for the
masonry. A representative numerical model of the existing structure was calibrated and
improved according to the OMA results obtained from ambient vibration measurements,
performed in-situ. The ambient vibration measurements were operated by using two triaxial
accelerometers, that one of the accelerometers was regulated as a reference station whereas
the other accelerometer was relocated to seven different points on the top of the walls.
Identification of the experimental modal parameters was achieved by performing two
different signal processing methodologies, namely the Enhanced Frequency Domain
Decomposition (EFDD) and the Stochastic Subspace Identification – Unweighted Principal
Components (SSI-UPC). Results obtained from both methods were compared in terms of the
Modal Assurance Criterion (MAC) which considers the mode shapes derived in a specific
range of frequency. The SSI-UPC method was employed in achieving the experimental modal
response of the structure and the results were compared with the eigenvalue analysis results
of the preliminary numerical model. A calibration process was carried out in terms of
minimizing the difference between the experimental and numerical modal response by a trial
and error approach and an average error of 4.9% was calculated for the modal frequencies
of the first four global modes of vibration.
Keywords: Finite Element Modeling, Operational Modal Analysis, Model Calibration,
Historical Masonry Structure, Eigenvalue Analysis.

1428

Aşıkoğlu A. et. al.

1

INTRODUCTION

Architectural heritage defines the identity in communities as well as its legacy provides a
particular creative quality, a uniqueness, originality, and authenticity that makes the universal
value of humankind [1]. Those type of structures is facing several detrimental effects by
human and environmental origin. In order to prevent the loss of architectural heritage,
necessary preservation and conservation actions need to be taken. Within this sense, ICOMOS
stresses that the principle of minimum intervention must be applied for the conservation of
historic structures. Accordingly, the assessment of those particular structures is challenging
due to their complex geometry and diverse materials. Additionally, they are usually exposed
to structural changes mainly based on long-term effects, imposed damage or repair works [2,
3]. Therefore, a non-conventional approach is required in which a set of qualitative and
quantitative tasks are carried out. Still, visual inspections and experimental testing can
complement on constructing a precise representation of the structure. In the present paper,
Kütahya Kurşunlu Mosque, which is located in Turkey, was investigated. A brief description
related to the structure’s location, the geometric features and the generation of the numerical
model is presented. Next, the representative scheme was improved by means of the calibration
process, by considering the results obtained from the experimental modal analysis.
Turkey is located in the second most seismically active zone on the Earth, namely the AlpineHimalayan Belt. The major faults are the North Anatolian Fault (NAF), the East Anatolian Fault
(EAF) and the Aegean Graben, and additionally, there are several local faults throughout the
country. In Figure 1, the contour distribution of Peak Ground Acceleration (PGA) is given with a
10% probability of exceedance within a period of 50 years. The red color indicates the highest
seismicity nearly up to 0.8g while the white color depicts the lowest seismic activity in the region
and the black lines represent the faults. Accordingly, Figure 1 presents how crucial is to ensure
seismic safety for historical structures. In fact, according to General Directorate of Cultural
Heritage and Museums of the Republic of Turkey and the Ministry of Culture and Tourism, there
are approximately 107,000 immovable cultural properties that have to be preserved, not only for
seismic risk but also protected against any detrimental effects.

Figure 1. Seismic hazard map of Turkey [4]
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The Kütahya Kurşunlu Mosque is located in the Kütahya province with a high seismic
exposition (the peak ground acceleration ranges between 0.22g and 0.53g, [4]), which
enforces the seismic assessment aiming to ensure safety for future events. The Kütahya
Kurşunlu Mosque, from the 13th century, in which, according to the restitution report prepared
by the Kütahya Regional Directorate of Conversation of Cultural Assets, was constructed by
using ruins of a pre-existing building in the late 1370s. It is noted that the Mosque was
undergone several conservation and restoration interventions between the 13th and 19th
centuries. In fact, the Directorate General of Foundations of Turkey started restoration works
and seismic retrofitting interventions on the Mosque in 2013. The Kütahya Kurşunlu Mosque
is located in the residential area of the city, but it is an isolated structure from its neighbor
buildings. The Mosque has a rectangular plan with a length of 13.0 m and width of 9.3 m
(Figure 2 and Figure 3). The minaret has a rectangular base with a polygonal transition
section to a circular body, and a total height of 28.0 m. In the main body, the load-bearing
masonry walls were constructed with three-leaves, having a height of 7.8 m, and the top point
of the dome is 11.0 m. The construction material is cut stone and brick, and the outer layer of
the walls were built with cut stone; whereas rubble stone was used for the inner layer and core
of the load-bearing walls. The dome, vaults, pendentives, and octagonal drum were
constructed using brick. The minaret base and circular body are constituted with cut stone and
brick, respectively. The seismic retrofitting was adopted by the implementation of steel girder
elements, having a U160 section and placed on the top of the structural walls and the top and
base parts of the drum in order to provide global structural behavior. Double row steel
elements were anchored on the load-bearing walls whereas single row ones were inserted at
the spaces of the drum section, where the total loss of timber elements was observed.

(a) North-East façade

(b) South façade

Figure 2. Kütahya Kurşunlu Mosque

1430

Aşıkoğlu A. et. al.

(a) Plan

(b) North elevation

(c) East elevation section cut

Figure 3.Geometry of the Mosque

2

GENERATION OF THE NUMERICAL MODEL

Different methodologies can be adopted for the seismic assessment of historical masonry
structures. Several approaches are available to model and analyze a structure depending on
the level of complexity, the time requirement to perform an assessment, the sources that a
practitioner has, and financial issues [5]. The Finite Element Method (FEM), which was
adopted in the present paper, is the most profound strategy to perform a seismic assessment of
existing masonry structures and, therefore, is preferred in the expertise field. However, the
adopted methodology has major difficulties in the numerical modeling, particularly for
ancient masonry structures, such as the lack of information about the geometry, especially the
internal morphology, the sophisticated architectural features, and the variability in mechanical
properties of the material and the global structural system [5]. Therefore, a set of certain
simplifications is required, and every detail of the structure cannot be considered during the
description of the geometry, in which simplified versions of the numerical models are
adopted.
In this context, a three-dimensional representative model of the Mosque was prepared by
using Midas FX+ for DIANA [6] (Figure 4). The macro-modeling approach, which assumes a
homogenous material behavior [7], was adopted. The linear material properties are given in
Table 1. The majority of the structural volume was included in the numerical model, except
the minaret, since no structural damage was reported. An optimized numerical model of the
Mosque was constituted by beam, shell, and solid elements. Steel girder elements on the
retrofitted structural scheme were modeled by a set of beam elements (L13BE). On the other
hand, the load-bearing walls, arcades, piers, dome, drum, and pendentives above the portico
were numerically modeled by shell elements (T15SH). Due to computational concerns, lintel
elements were also defined, as addressed in [8] (see Figure 5). The section properties of the
shell elements are provided in Table 2. In fact, the shell elements are present the middle plane
of the structural elements and, therefore, simplified arrangements were required. In specific,
the structural configuration between the dome, octagonal drum, and load-bearing walls differs
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from the real system due to middle planes assumption of the shell elements (Figure 6(a)-(b)).
Moreover, a set of solid elements (tetrahedron TE12L) appeared to be more suitable to model
the complex volumetric geometry of the pendentives, as given in Figure 6(c)-(d). Since the
internal morphology and variation in the thickness of the dome are unknown, different
thickness values, tapered to the top, were defined based on the architectural drawings, in order
to have a better representation of the dome component, as presented in Table 2. Besides, it is
noted that a constant thickness was defined for the slab above the portico to prevent high
deformations due to bending.

Material legend:
• Brick
• Cut Stone
• Timber
• Steel

(a) The configuration of the materials

(b) Plan view

Figure 4. Numerical Model of the historical Kütahya Kurşunlu Mosque

(a) North façade

(b) East façade

Figure 5. Elastic lintel elements (colored in yellow)

The adopted triangular mesh size was considered to be 200 mm for the load-bearing walls
and arcades, in order to minimize convergence problems affected by mesh size and mesh
distortions during nonlinear analysis, while a coarser mesh size, of 300 mm, was adopted for
the dome, drum, pendentives, and vaults. The numerical model of the retrofitted Mosque
accounts for 27,250 elements, in which 428 are beam elements, 22,978 are triangular shell
elements, and 3,844 are tetrahedral solid elements, with a total of 12,892 nodes and 72,950
degrees of freedom. The degrees of freedom located at the foundation of the structural system
were assumed as fully fixed.
Material
 (t/m3)
Cut Stone
2.1
Brick
2
Timber
0.7
Steel
7.85
*Calibrated parameters

E (MPa)
1500*
2500*
11000
235000

Table 1. Linear material properties
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 (Poisson ratio)
0.2
0.2
0.3
0.3
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(a) Top view

(b) 3D geometry model

(c) Pendentive
(d) Solid element model of the pendentives, blue colored
Figure 6. Adopted geometrical simplifications
Elements
South wall
East wall
West wall
North wall
Dome_0.5m
Dome_0.4m
Dome_0.3m
Dome_0.2m
Drum
Portico walls
Interior west arcade
Interior east arcade
Exterior arcades
Piers
East Lintel
West Lintel
Vaults
Portico Slab

Thickness (mm)
1000
1000
1000
1200
500
400
300
200
800
1000
700
700
800
900
1000
1200
200
600

Material
Cut stone
Cut stone
Cut stone
Cut stone
Brick
Brick
Brick
Brick
Brick
Cut Stone
Cut Stone
Cut Stone
Cut Stone
Cut Stone
Timber
Timber
Brick
Brick

Table 2. Physical properties of the shell elements
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3

IDENTIFICATION OF MODAL PARAMETERS

According to ICOMOS [9], the original configuration of a monumental structure shall be
respected, and minimum interventions should be applied. In this respect, structural diagnosis is
preferred to be performed in the most non-destructive way in order to identify existing properties
and conditions. There are several experimental methods which are used to identify local or global
properties of these structures and experimental modal identification tests are one of the most
common and effective methods, on a more global basis. Several numerical studies have been
carried out by using experimental modal identification tests on the historical structures, and
identification of the modal parameters was achieved successfully [10–13].
Dynamic-based modal identification includes numerical and experimental modal
analyses, as presented in Figure 7. An ambient vibration test was performed on the Mosque
using environmental vibrations as a source of excitation. Following that, an Operational
Modal Analysis (OMA) was performed, and experimental modal parameters were extracted
using ARTeMIS Modal software [14]. A preliminary eigenvalue analysis was performed, and
FEM responses were compared with OMA responses in terms of mode shapes and natural
frequencies. The model was improved by using a trial and error approach until the difference
between the results, which is defined as “J”, was minimized to an acceptable error ratio.
AMBIENT VIBRATION TESTING

FINITE ELEMENT ANALYSIS (FEA)

OPERATIONAL MODAL ANALYSIS (OMA)

FEA RESPONSES
(natural frequencies and mode shapes)

OMA RESPONSES
(natural frequencies and mode shapes)

Difference J between
OMA and FEA

NO
MODEL UPDATING

Min J ?

YES

OPTIMAL MODEL

Figure 7. Dynamic-based assessment of the structure, adapted from [10]

3.1

Ambient Vibration Measurements on the Mosque

Reference-based ambient vibration measurements were performed due to a limited
number of accelerometers. Two digital triaxial accelerometers, which have a frequency range
of DC-100 Hz with a sensitivity range from ±0.1 to ±4.0g and 10 V/g of resolution, were
used. Additionally, a data acquisition system with 24 bits resolution was used for collecting
the data. During the measurements, a reference station was fixed on a certain point while
another accelerometer was relocated to seven different points on the top of the structural
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walls, as shown in Figure 8. Ambient vibration data were recorded for approximately 20
minutes at each station, whereas the reference station was continuously operated during the
measurement. The location of each station on the Mosque was decided based on the modal
response of a preliminary numerical model, with respect to identification of the in-plane and
out-of-plane movement of the structural components.

Figure 8. Station layout and sensor directions

(b) 4th station

(a) Base and 1st station

(c) An accelerometer at the base station
Figure 9. Test equipment
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3.2

Operational Modal Analysis

In the present paper, OMA was carried out by using two different signal processing
methodologies, namely the Enhanced Frequency Domain Decomposition (EFDD) and the
Unweighted Principal Components-Stochastic Subspace Identification (SSI-UPC) methods, and
the comparison of the two was performed in terms of Modal Assurance Criterion (MAC). Aguilar
et al. addressed that the reliability of the results mainly depends on the environmental noise,
structural components, quality of measurement of the system and technical expertise from the
experimental campaign personnel [12]. The EFDD is a non-parametric method, which is mostly
developed in the frequency domain, while the SSI is defined as a parametric method, originated in
the time domain. Still, both methods can be used, however, the results of the non-parametric
methods are mainly influenced by the quality of the environmental noise, and this drawback can
be overcome by using parametric methods [15].
The analyses performed using the EFDD and SSI methods are shown for the first four modes
of vibrations in Figure 10 and Figure 11, respectively. The EFDD method resulted in several
sharp peaks within the range of 4 Hz-15 Hz. However, the selected modes of vibrations marked
by circles (see Figure 10) do not correspond to the peak ones. The main reason is that the results
obtained from the peaks appear to be local vibrations and, therefore, the influence of the undesired
source of vibrations might be included. On the other hand, the identification of the modes of
vibrations was conducted by the selection of the stable pole columns and linkage of setups with
each other. The selection process of the poles was mainly based on the frequency values and
mode shapes. Calculated MAC values obtained from both methods are presented in Table 3. In
the present paper, the latter was considered to be as the experimental modal response of the
historical mosque.

Figure 10. The EFDD method, with singular values of spectral densities of all setups
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Figure 11. The SSI-UPC method, with selection and linking process of modes across all test setups

SSI-UPC

EFDD

f (Hz)
Mode 1 5.762
Mode 2 7.666
Mode 3 10.889
Mode 4 12.354

Mode 1

Mode 2

Mode 3

Mode 4

5.718

7.852

10.688

12.547

0.870
0.158
0.112
0.005

0.129
0.728
0.009
0.059

0.117
0.313
0.661
0.107

0.019
0.216
0.489
0.783

Table 3. Comparison between the SSI-UPC and the EFDD results in terms of MAC

4

CALIBRATION OF THE NUMERICAL MODEL AND EIGENVALUE
ANALYSIS

Once the OMA only allows the identification of the elastic structural behavior of the Mosque,
the elastic stiffness of the structure was calibrated, whereas the modulus of elasticity of the
masonry materials, namely cut stone and brick masonry, was considered to be the variable
parameter in the calibration process. The numerical calibration was performed over the retrofitted
model and was achieved by fitting the obtained numerical eigenvalues with the experimental ones,
through a trial and error approach. The comparison is given in Table 4 in terms of MAC values,
numerical and experimental frequencies, and their relative differences. It is important to note that
higher MAC values, generally greater than 0.8 and not lower than 0.4, are desired for each
mode shape [10]. However, the calibration process was based on the minimization of the
difference in the frequency content. In fact, the MAC values obtained for the second and third
modes presented poor correlation. Still, the calibration of the model was achieved by having
an average error of 4.9 % of the first four frequencies (Table 4). Finally, the calibrated
Young’s modulus was found to be 1500 MPa and 2500 MPa for cut stone and brick,
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respectively. The mode shapes of the experimental and numerical analyses are given in Figure
12.
Mode

fexp (Hz)

fnum (Hz)

Error (%)

1
2
3
4

5.72
7.85
10.69
12.55

5.77
7.87
9.77
11.32

0.9
0.2
8.6
9.8

Average Error (%)

MAC

4.9

0.75
0.40
0.51
0.85

Table 4. Comparison of the experimental and calibrated numerical results

fnum = 5.77 Hz

fexp = 5.72 Hz

fexp = 7.85 Hz

(a) 1st mode

(b) 2nd mode

fnum = 9.77 Hz

fexp = 10.69 Hz

fnum = 7.87 Hz

fnum = 11.32 Hz
fexp = 12.55 Hz
(d) 4th mode

(c) 3rd mode

Figure 12. Experimental and calibrated numerical modes of vibrations

Accordingly, it can be concluded that the first four modes obtained from the calibrated
numerical model characterize the dynamic behavior of the mosque sufficiently with nearly
70% of mass participation in x and y-direction. As indicated in [16], the first few modes
provide accurate results for such N-DOF system. The global frequencies range from 5.77 Hz
to 11.32 Hz for the first four mode shapes whereas the cumulative mass participation ratio
was found to be 70.83% and 67.28% in the x (transversal) and y (longitudinal) direction,
respectively (Table 5).
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Cumulative Mass Participation (%)
Mode

f (Hz)

Period (s)
X component

Y component

Z component

1

5.78

0.17

60.72

≈ 0.00

≈ 0.00

2

7.87

0.13

61.13

66.95

≈ 0.00

3

9.77

0.10

70.80

67.27

≈ 0.00

4

11.32

0.09

70.83

67.28

≈ 0.00

100

59.32

0.02

90.35

89.84

82.69

Table 5. Modal response of the numerical model for the first 100 modes in each direction

5

CONCLUSIONS

Numerical modeling and experimental modal identification of the historical Kütahya
Kurşunlu Mosque is presented in the current paper. Firstly, a finite element model of the
Mosque was prepared by taking account several strategies, such as a simplified geometry, the
non-consideration of the minaret, and specifically, an adaptation of the macro-modeling
approach. It is noted that a preliminary eigenvalue analysis is useful to find out proper
locations for the sensors which are to be used for the ambient vibration tests. The referencebased ambient vibration test provided sufficient data to obtain the global modal response of
the real structure. However, the OMA results show that undesired sources of vibration have
influenced the data obtained, regardless of the methodology adopted for identification.
Eventually, second and third modes of vibration show poor correlation, while the first and
fourth mode shapes give reliable results in terms of MAC. Even so, the calibration approach
based on the error minimization of the frequency values, between the operational and
eigenvalue analyses, is considered reliable enough, since the mass participation ratio of the
first mode is nearly 61%, which is more than expected in these particular structures.
Therefore, an average error of 4.9% in the frequency for the first four modes is considered to
be acceptable. Once the OMA only concluded on estimating the elastic stiffness of the
structure, the calibration of the numerical model was adopted for the structural material masonry in the present case- in the linear range.
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YLEUDWLRQ WHVWV >±@ FRQWLQXHG E\ GLDJQRVWLF LQYHVWLJDWLRQV DQG )LQLWH (OHPHQW )(  QX
PHULFDOVLPXODWLRQV2YHUWKH\HDUVFDVHVWXGLHVDQGUHFRPPHQGDWLRQV>±@ZHUHGHYHO
RSHG E\ UHVHDUFKHUV IRU GLDJQRVWLF LQYHVWLJDWLRQV DQG DGYDQFHG QXPHULFDO DSSURDFKHV > 
@
7KH FDVH VWXG\ RI WKLV SDSHU LV WKH 6FLUL WRZHU D FLYLF WRZHU ORFDWHG LQ 3HUXJLD ,WDO\ 7KH
VWXG\FRQFHUQVWKHFULWLFDODQDO\VLVRIWKHPDVRQU\WRZHUG\QDPLFEHKDYLRXULQWKHDJJUHJDWH
FRQGLWLRQVVWDUWLQJIURPWKHDQDO\VLVRIWKHVDPHVWUXFWXUHDVLVRODWHFRQVWUXFWLRQLQRUGHUWR
ILQGDFRUUHODWLRQWKDWDOORZVWRLPSOHPHQW DQDSSURSULDWHDQDO\WLFDOIRUPXODWLRQWRHVWLPDWH
LWVIXQGDPHQWDOYLEUDWLRQSHULRG
7KHPDLQYLEUDWLRQSHULRGLVHYDOXDWHGWKURXJKDQDO\WLFDODQGQXPHULFDOPHWKRGV,QSDUWLFX
ODUZLWKUHJDUGWRQXPHULFDOPHWKRGVDQDO\VHVDUHKHUHLQSHUIRUPHGXVLQJ0XULVRIWZDUH
7KURXJKWKLVVRIWZDUHZKLFKDOORZVWRSHUIRUPPRGDODQDO\VLVDFFRUGLQJWR,WDOLDQVWDQGDUGV
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>±@LWLVUHSURGXFHGWKHWRZHUG\QDPLFEHKDYLRXUEDVHGRQWKHUHVXOWVRIDPELHQWYLEUD
WLRQWHVWVSHUIRUPHGE\WKHWHDPRIWKH8QLYHUVLW\RI3HUXJLD

D

E

G
F
)LJXUH3LVD7RZHU D 6W0DUFREHOOWRZHULQ)ORUHQFH E 6W0DULD0DJJLRUHEHOOWRZHULQ5DYHQQD F 6W
$SROOLQDUH%DVLOLFDEHOOWRZHULQ5DYHQQD G 

 $1$/<7,&$/678'<


7KHRUHWLFDOEDVLV

7KH SDUDPHWHU PDLQO\ FKDUDFWHUL]LQJ WKH VHLVPLF DFWLRQ LV WKH 3HDN *URXQG $FFHOHUDWLRQ
3*$ ZKLFKLVDQLQGLFDWRURISRWHQWLDOGDPDJHWREXLOGLQJV
7KH JURXQG PRYHPHQW FDQ GDPDJH EXLOGLQJV GXH WR WKH LQHUWLD GHYHORSHG E\ WKH VWUXFWXUH
PDVVYLEUDWLRQ$VLPSOLILHGPRGHOZKLFKUHSUHVHQWVWKHVHLVPLFEHKDYLRXURI6LQJOH'HJUHH
RI)UHHGRP 6'2) VWUXFWXUHVVXEMHFWHGWRVHLVPLFDFWLRQVLVWKH³VLPSOHRVFLOODWRU´RQH
7KHRVFLOODWRUVXEMHFWHGWRDFHUWDLQDFFHOHUDWLRQRUGLVSODFHPHQWEHJLQVWRRVFLOODWHZLWKDQ
RVFLOODWLRQ SHULRG 7KH IXQGDPHQWDO SHULRG RI D VWUXFWXUH LV WKH WLPH H[SUHVVHG LQ VHFRQGV 
QHFHVVDU\WRSHUIRUPDFRPSOHWHRVFLOODWLRQFDXVHGE\WKHLQLWLDOSHUWXUEDWLRQ,WFDQEHFDOFX
ODWHGRQWKHEDVLVRIWKHIROORZLQJUHODWLRQVKLS

ZKHUH
LVWKHSXOVDWLRQ
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PLVWKHPDVV
NLVWKHVWLIIQHVV
&RQVLGHULQJWKHWRZHUFDVHVLQFHLWFDQEHVLPSOLILHGDVDFDQWLOHYHUEHDPZLWKXQLIRUPO\GLV
WULEXWHGPDVVDORQJWKHKHLJKWWKHRVFLOODWLRQSHULRGFDQEHGHWHUPLQHGE\WKHIROORZLQJH[
SUHVVLRQ

ZKHUH
LVWKHWRZHUKHLJKW
LVWKHVHFRQGPRPHQWRIDUHDUDGLXV
LVWKHZDOOVSHFLILFZHLJKW
LVWKHHODVWLFPRGXOXV
LVWKHJUDYLW\DFFHOHUDWLRQ
7KHUHDFWLRQVFRQWUDVWLQJVHLVPLFDFWLRQVDUH
 (ODVWLFUHDFWLRQ5HZKLFKGHSHQGVRQPDWHULDODQGJHRPHWULFDOFKDUDFWHULVWLFV

 9LVFRXVUHDFWLRQRIWKHGDPSLQJHOHPHQW5YZKHUHGDPSLQJLVWKHDELOLW\WRGLVSHUVHHQ
HUJ\WKURXJKFRPSOH[GLVVLSDWLYHSKHQRPHQD SODVWLFEHKDYLRXUIULFWLRQPHVKLQJVOLGLQJ
HWF 

 0DVVLQHUWLDUHDFWLRQ5LZKLFKRSSRVHVWRWKHPRYHPHQW

7KHWRWDOUHDFWLRQDSSOLHGDWHDFKLQVWDQWWRWKHPDVVLV
  
7KHHTXDWLRQRIWKHRVFLOODWRU\PRWLRQLVREWDLQHGIURPWKHEDODQFHEHWZHHQDFWLRQVDQGUHDF
WLRQVDVIROORZV

,QSUDFWLFHLWLVQRWQHFHVVDU\WRNQRZWKHVWUXFWXUHUHVSRQVHDWHDFKLQVWDQWEXWLWLVLPSRUWDQW
WRNQRZWKHPD[LPXPUHVSRQVHGXULQJWKHHDUWKTXDNHDFWLRQLQWHUPVRIDFFHOHUDWLRQRUGLV
SODFHPHQW7KHUHVSRQVHVSHFWUXPSURYLGHVWKHPD[LPXPUHVSRQVHYDOXHRIWKHVWUXFWXUH LQ
WHUPV RI DFFHOHUDWLRQ RU GLVSODFHPHQW  DV D IXQFWLRQ RI WKH YLEUDWLRQ SHULRG ,Q SDUWLFXODU
PD[LPXP GLVSODFHPHQWV LQFUHDVH DV WKH SHULRG LQFUHDVHV DQG WKH\ GHFUHDVH ZKHQ GDPSLQJ
IDFWRULQFUHDVHV
,QWKHFDVHRIPDVRQU\WRZHUVWKHVHLVPLFEHKDYLRXULVLQIOXHQFHGE\VRPHIDFWRUVVXFKDV
VOHQGHUQHVV GHJUHH RI FRQQHFWLRQ EHWZHHQ WKH ZDOOV DQG SUHVHQFH RI DGMDFHQW VWUXFWXUHV
ZKLFKDFWDVFRQVWUDLQWVWRWKHKRUL]RQWDOGLVSODFHPHQWV


(YDOXDWLRQRIWKHILUVWYLEUDWLRQSHULRGWKURXJKHPSLULFDOIRUPXODV

7KHILUVWYLEUDWLRQSHULRGLVLPSRUWDQWIRUWKHVHLVPLFGHVLJQRIVWUXFWXUHVVLQFHLWDOORZVWKH
HYDOXDWLRQRIVHLVPLFIRUFHV,QWHFKQLFDOOLWHUDWXUHWKHUHDUHVHYHUDODSSUR[LPDWHIRUPXODWLRQV
IRUFDOFXODWLRQRIWKHYLEUDWLRQSHULRG>@,QWKHFXUUHQWVWXG\WKHIROORZLQJUHODWLRQVKLSV
KDYHEHHQFRQVLGHUHGIRUFRPSDULVRQSXUSRVH 7DEOH 
 ,WDOLDQ³7HFKQLFDOFRGHVIRUFRQVWUXFWLRQV´ 17& >@DSSOLFDEOHIRUEXLOGLQJVZKLFK
GRQRWH[FHHGKHLJKWVRIP
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ZKHUH+LVWKHEXLOGLQJKHLJKW LQPHWHUV IURPWKHIRXQGDWLRQOHYHO
 ,WDOLDQ ³8SGDWLQJRI7HFKQLFDOFRGHVIRUFRQVWUXFWLRQV 17& >@ DOVR DSSOLFDEOHIRU
EXLOGLQJVZKLFKGRQRWH[FHHGKHLJKWVRIP

ZKHUHGLVWKHHODVWLFODWHUDOGLVSODFHPHQWRIEXLOGLQJWRSSDUW H[SUHVVHGLQPHWHUV GXHWR
WKHIROORZLQJORDGFRPELQDWLRQ>@
 
EHLQJ*WKHGHDGORDG*WKHQRQVWUXFWXUDOORDGV4WKHJHQHULFYDULDEOHDFWLRQDQG M
WKHFRUUHVSRQGHQWFRPELQDWLRQFRHIILFLHQW
 &15>@
 
ZKHUH
LVWKHKRUL]RQWDOVWDWLFIRUFHRIWKHLWKVWRUH\
LVLWKVWRUH\GLVSODFHPHQW
 7DNHXFKL  >@
  
ZKHUH
LVWKHFRQVWUXFWLRQKHLJKWH[SUHVVHGLQPHWHUV

 LVWKHUDWLREHWZHHQWKHOHQJWKRIZDOOVRIHYHU\VWRUH\VDQGWKHWRWDODUHDRIHYHU\
VWRUH\V

LVDFRHIILFLHQWYDULDEOHEHWZHHQDQG
 +RXVQHU  >@
  
ZKHUH LVWKHEXLOGLQJVWRUH\VQXPEHU
 ,WDOLDQ³&LUFRODUH//33Q´>@XVHGIRUPDVRQU\EXLOGLQJV
  
ZKHUH+DQG%DUHKHLJKWDQGEDVHOHQJWKRIWKHFRQVWUXFWLRQUHVSHFWLYHO\
 ,WDOLDQ(QJLQHHUPDQXDO³1XRYR&RORPER´  >@
  
ZKHUH
LVWKHZHLJKWSHUXQLWRIKHLJKW WRQVP 
LVWKHHODVWLFPRGXOXVRIWKHPDWHULDO WRQVP 
LVWKHVHFRQGPRPHQWRIDUHDRIWKHVWUXFWXUHVHFWLRQ P 
LVWKHKHLJKW P 
 *RHOHWDO  >@
LI
LI
ZKHUH LVWKHWRWDOKHLJKW P 
 (XURFRGH±81,(19  >@

 
 

  
ZKHUH LVWKHODWHUDOGLVSODFHPHQWRIWKHWRSVWRUH\
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 5DLQLHULDQG)DEEURFLQR  >@
 
ZKHUH LVWKHKHLJKW P 
6RXUFH

)RUPXOD

17&  
17&  
&15  
7DNHXFKL  
+RXVQHU  
,WDOLDQ&LUFRODUH//33Q
 
1XRYR&RORPER0DQXDO  
VH
VH

*RHOHWDO  
(XURFRGH  
5DLQLHULDQG)DEEURFLQR  

7DEOH$QDO\WLFDOIRUPXODVIRUHVWLPDWLQJWKHILUVWYLEUDWLRQSHULRGRIPDVRQU\FRQVWUXFWLRQV

 7+(6&,5,72:(5


+LVWRULFDOQHZV

7KH 6FLUL WRZHU LV D PHGLHYDO PDVRQU\ FLYLF WRZHU ORFDWHG LQ WKH DQFLHQW GLVWULFW RI 3RUWD
6DQWD6XVDQQDLQ3HUXJLDZKLFKZDVSUREDEO\EXLOWLQWKHWKFHQWXU\ )LJXUH 2ULJLQDOO\
RZQHGE\WKH2GGLQREOHIDPLO\LQWKHWKFHQWXU\LWEHFDPHSURSHUW\RIWKH6FLULIDPLO\
7KHWRZHUZDVLQLWLDOO\XVHGDVDJUDQDU\ZKHUHDVVXEVHTXHQWO\LWEHFDPHDQLQWHJUDOSDUWRI
WKH&RQVHUYDWRU\
7KHWRZHUKDVIUHHIDFDGHVRQDOOIRXUVLGHVDQGLWLVYLVLEOHIURPPDQ\SDUWVRIWKHFLW\DVD
WDQJLEOH VLJQ IRU LGHQWLI\LQJ WKH KLVWRULF FHQWUH DUHD 7KLV LV WKH RQO\ WRZHU UHPDLQHG LQWDFW
DPRQJ WKH PDQ\ RQHV EXLOWLQ WKH0LGGOH $JHV 2Q  2FWREHU WK VWUXFWXUDO XSJUDGLQJ
LQWHUYHQWLRQVDQGFRQVHUYDWLYHUHVWRUDWLRQRIWKHWRZHUZHUHVWDUWHG5HQRYDWLRQDQGUHWURILW
WLQJRIWKHWRZHUZHUHFRPSOHWHGRQ-DQXDU\WKDQGRQ-DQXDU\WKRIWKHVDPH\HDULW
ZDVLQDXJXUDWHGDQGRSHQHGWRSHRSOH
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)LJXUH3KRWRVRIWKH6FLULWRZHU

*HRPHWU\DQGPDWHULDOV

7KH6FLULWRZHULVPHWHUVKLJKDQGLVPDGHRIVTXDUHGZKLWHOLPHVWRQHEORFNV,WGHYHORSV
LQSODQHZLWKDQDOPRVWVTXDUHVKDSHRIGLPHQVLRQV[PHWHUVZKHUHWKHVKRUWHVWVLGH
LVSDUDOOHOWR9LDGHL3ULRUL7KHWRZHUKDVRSHQLQJVWKHODUJHVWRSHQLQJKDVDUHDRI[
PHWHUV ZKLOH WKH VPDOOHVW RQH FRYHUV D VXUIDFH RI [ PHWHUV )ROORZLQJ WKH XSJUDGLQJ
LQWHUYHQWLRQV SHUIRUPHG RQ  WKH WRS RI WRZHU FDQ EH UHDFKHG E\ D VWDLUFDVH ZLWK 
VWHSV
,QWKHWRZHUWKUHHVWUXFWXUDOSDUWVFDQEHGLVWLQJXLVKHG
 7KHILUVWSDUWKDYLQJKHLJKWRIPZKLFKLVFKDUDFWHUL]HGE\PWKLFNZDOOV
 7KHVHFRQGSDUWPKLJKZKLFKLVPDGHRIPWKLFNZDOOV
 7KHWKLUGSDUWLQFOXGLQJWKHURRIZKLFKLVPKLJKDQGLVPDGHRIPWKLFNZDOOV
,QWKHILUVWPWKHVWUXFWXUHLVVXUURXQGHGE\RWKHUPDVRQU\EXLOGLQJVZKLFKFUHDWHDOOWR
JHWKHUDQDJJORPHUDWHRIFRQVWUXFWLRQVNQRZQDVDJJUHJDWH,QSDUWLFXODULQWKHSDVWWKHFRQ
YHQWDQGWKHWRZHUZHUHDXQLTXHRUJDQLVPDQGWKHDFFHVVWRWKHWRZHUZKLFKZDVRFFXSLHG
E\FRQYHQWVSDFHVDWWKHILUVWIRXUIORRUVZDVDOORZHGDWWKHIRXUWKIORRURIWKHDUWHIDFW)LJXUH
VKRZVWKHVLJQLILFDQWSODQOD\RXWRIWKHWRZHU9LHZVRIIDFDGHVDQGVWUXFWXUDOVHFWLRQVDUH
VKRZQLQ)LJXUHVDQGUHVSHFWLYHO\
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)LJXUH3ODQOD\RXWVRIWKH6FLULWRZHU



D




E

)LJXUH9LHZVRIWKH6FLULWRZHUIDoDGHVLQLVRODWH D DQGDJJUHJDWH E FRQILJXUDWLRQV
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D




E

)LJXUH6WUXFWXUDOVHFWLRQVRIWKH6FLULWRZHUIDoDGHVLQLVRODWH D DQGDJJUHJDWH E FRQILJXUDWLRQV


 180(5,&$/$1$/<6,6


7KHLVRODWHWRZHU

7KH ILUVW DQDO\VLV VWHS FRQVLVWV RQ LVRODWLQJ WKH 6FLUL WRZHU IURP WKH FRPSOH[ RI EXLOGLQJV
ZKHUHLWLVSODFHGLQRUGHUWRVHWXSDPDFURHOHPHQWPRGHOZLWKWKH0XULVRIWZDUH )LJXUH 
7KLVVWUXFWXUDODQDO\VLVSURJUDPLVDEOHWRSHUIRUPOLQHDUVWDWLFDQGG\QDPLFLQYHVWLJDWLRQVRQ
PDVRQU\ VWUXFWXUHV XVLQJ WKH PDFURHOHPHQWV DSSURDFK ZKLFK VFKHPDWLVH PDVRQU\ ZDOOV DV
DVVHPEODJHRIGHIRUPDEOH SLHUVDQGVSDQGUHOV DQGULJLG QRGHSDQHOV HOHPHQWV,QDGGLWLRQ
QRQOLQHDU VWDWLF DQDO\VHV FDQ EH SHUIRUPHG WKURXJK WKH VRFDOOHG )UDPHE\0DFURHOHPHQW
DSSURDFK ZKHUH PDVRQU\ ZDOOV PDGH RI PDFURHOHPHQWV DUH WUDQVIRUPHG LQWR HTXLYDOHQW
IUDPHV$VIDUDVWKHWRZHUPRGHOOLQJLVFRQFHUQHGDOLPLWHGNQRZOHGJH /& DFFRUGLQJWR
WKH,WDOLDQFRGH17&>@LVWDNHQLQWRDFFRXQWIRUPDVRQU\ZDOOVPDGHRIOLPHVWRQHEORFNV
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( 1PP* 1PPZ N1P 2QWKHWRZHUPRGHODPRGDODQDO\VLVLV
FDUULHGRXWDOORZLQJWRREWDLQWKHPDLQYLEUDWLRQPRGHVGHSLFWHGLQ7DEOH
9LEUDWLRQ SHULRGV FDOFXODWHG WKURXJK PRGDO DQDO\VLV DUH FRPSDUHG ZLWK WKRVH REWDLQHG
WKURXJKWKHHPSLULFDOIRUPXODWLRQVVKRZQLQ6HFWLRQ 7DEOH )URPWKHFRPSDULVRQLWLV
REVHUYHG WKDW WKH IRUPXODV WKDW EHWWHU DSSUR[LPDWH WKH SHULRG FDOFXODWHG WKURXJK D PRGDO
DQDO\VLVDUHWKRVHSURYLGHGE\17&(XURFRGHDQG*RHOHWDO )LJXUH 
,QRUGHUWRIXUWKHUYDOLGDWHWKHSUHYLRXVUHVXOWVSDUDPHWULFDQDO\VLVYDU\LQJZDOOWKLFNQHVV W 
DUHFDUULHGRXW7DEOHVKRZVUHVXOWVRQWKHWRZHUKDYLQJWKLFNQHVVRIFPFPDQG
 FP UHVSHFWLYHO\ )RU WKH VDPH WKLFNQHVVHV YLEUDWLRQ SHULRGV REWDLQHG WKURXJK PRGDO
DQDO\VLVFDQEHREVHUYHGLQ7DEOH
)URPWKHDQDO\VLVUHVXOWVLWLVDSSDUHQWWKDWIRUZDOOWKLFNQHVVHVOHVVWKDQFPWKHHPSLULFDO
IRUPXODWLRQV SURYLGHG E\ 17& (XURFRGH  DQG *RHO HW DO JLYH YLEUDWLRQ SHULRG YDOXHV
YHU\ FORVH WR WKRVH FDOFXODWHG WKURXJK QXPHULFDO PRGDO DQDO\VLV &RQWUDU\ IRU ZDOO WKLFN
QHVVHVPRUHWKDQFPWKHEHWWHUDQDO\WLFDOIRUPXODWLRQLVWKDWJLYHQE\*RHOHWDO





)LJXUH0DFURHOHPHQWPRGHORIWKHLVRODWHWRZHU

P[  
P\ NJ 
P\  
0RGH 7 V 
P[ NJ 













7DEOH9LEUDWLRQSHULRGVREWDLQHGIURPPRGDODQDO\VLV


(PSLULFDOIRUPXODWLRQ
7 V 
17&  

17&  

&15  

7DNHXFKL  

+RXVQHU  

,WDOLDQ&LUFRODUH//33Q    [  \ 
(QJLQHHUPDQXDO1XRYR&RORPER  

*RHOHWDO  

(XURFRGH  

5DLQLHULDQG)DEEURFLQR  


7DEOH9LEUDWLRQSHULRGVREWDLQHGIURPHPSLULFDOIRUPXODV
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0RGDODQDO\VLVB;GLUHFWLRQ



0RGDODQDO\VLVB<GLUHFWLRQ



17& 
17& 

7 V



&15 



7DNHXFKL 
+RXVQHU 



,WDOLDQ&LUFRODUH//33B;GLUHFWLRQ 



,WDOLDQ&LUFRODUH//33B<GLUHFWLRQ 
(QJLQHHUPDQXDO1XRYR&RORPER 



*RHOHWDO 



(XURFRGH 
5DLQLHULDQG)DEEURFLQR 






)LJXUH&RPSDULVRQDPRQJQXPHULFDODQGWKHRUHWLFDOYLEUDWLRQSHULRGV


(PSLULFDOIRUPXODWLRQ
17&  
17&  
&15  
7DNHXFKL  
+RXVQHU  
,WDOLDQ&LUFRODUH//33
Q  
(QJLQHHUPDQXDO1XRYR
&RORPER  
*RHOHWDO  
(XURFRGH  
5DLQLHULDQG)DEEURFLQR
 

W FP
7 V 






W FP
7 V 






W FP
7 V 






 [  \ 

 [  \ 

 [  \ 






















7DEOH9LEUDWLRQSHULRGVREWDLQHGIURPHPSLULFDOIRUPXODVRQWKHWRZHUZLWKYDULDEOHWKLFNQHVVHV W RIZDOOV

:DOOWKLFNQHVV>FP@ 7[ V  7\ V 




 
 
 


7DEOH9LEUDWLRQSHULRGVREWDLQHGIURPQXPHULFDOPRGDODQDO\VLV


6XEVHTXHQWO\ D VWXG\ RQ WKH YLEUDWLRQ SHULRG RI WKH WRZHU DVVLPLODWHG WR D FDQWLOHYHU EHDP
KDYLQJPDVVXQLIRUPO\GLVWULEXWHGDORQJWKHKHLJKWLVFDUULHGRXWXVLQJWKH(T  
3DUDPHWULF DQDO\VHV YDU\LQJ WRWDO KHLJKW DUH FDUULHG RXW DQG D FRPSDULVRQ EHWZHHQ SHULRGV
GHULYLQJIURP(T  DQGWKRVHDFKLHYHGIURPQXPHULFDOPRGDODQDO\VLVLVGRQH )LJXUH 
)URPWKLVFRPSDUDWLYHDQDO\VLVLWLVQRWLFHGWKDW(T  SURYLGHVUHVXOWVRQWKHVDIHVLGHVLQFH
LWXQGHUHVWLPDWHVWKHYLEUDWLRQSHULRGVREWDLQHGIURPQXPHULFDODQDO\VLV
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&DQWLOHYHUEHDP

7 V




0RGDODQDO\VLV
;GLUHFWLRQ


0RGDODQDO\VLV
<GLUHFWLRQ










+ P








)LJXUH&RPSDULVRQEHWZHHQ(T  YLEUDWLRQSHULRGVDQGQXPHULFDOPRGDODQDO\VLVRQHV






7KHDJJUHJDWHWRZHU

7KHEXLOGLQJDJJUHJDWHZKHUHWKHWRZHULVORFDWHGKDVDKHLJKWRIDERXWPHWHUVDQGLWLV
LQVHUWHGZLWKLQDUHFWDQJXODUSODQVKDSHRIP[PHWHUVZKLFKLVUHGXFHGSURJUHV
VLYHO\ZLWKKHLJKW )LJXUHVDQG 7KLFNQHVVHVRIPDQGPDUHGHWHFWHGIRUSH
ULPHWHU ZDOOV DQG LQWHUQDO RQHV UHVSHFWLYHO\ )ORRUV DUH PDGH RI WLPEHU PHPEHUV 7KH
FOXVWHUHGEXLOGLQJVZLWKWKHWRZHUKDYLQJIUHHKHLJKWRIPDUHPRGHOOHGXVLQJWKH0XUL
VRIWZDUH ZLWK WKH WDUJHW RI HYDOXDWLQJ WKH YLEUDWLRQ SHULRGV RI WKH DJJUHJDWH WRZHU )LJXUH
D 


D 






E 
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F 


)LJXUH7RZHULQDJJUHJDWHFRQGLWLRQKDYLQJIUHHKHLJKWRIP D P E DQGP F 


,QWKLVFDVHWKHVRIWZDUHGRHVQRWDOORZWRHYDOXDWHGLUHFWO\WKHYLEUDWLRQSHULRGVRIWKHWRZHU
VLQFHLWJHQHUDWHVZLWKWKHDGMDFHQWFRQVWUXFWLRQVDXQLTXHVWUXFWXUDOERG\)RUWKHWRZHUSH
ULRGFDOFXODWLRQWKHKDUPRQLFPRWLRQIRUPXOD (T LVXVHG,QVXFKDUHODWLRQVKLSPLVWKH
WRWDOPDVVJLYHQE\WKHVXPRIZDOOVDQGIORRUVPDVVHVGHULYLQJIURPERWKWKHWRZHUDQGWKH
DJJUHJDWHFRQVWUXFWLRQVZKLOHNLVWKHVWLIIQHVVFDOFXODWHGFRQVLGHULQJVHFRQGPRPHQWRIDUHD
DQGKHLJKWRIWKHWRZHUIUHHSDUW7KHYLEUDWLRQSHULRGVRIWKHWRZHUDUHUHSRUWHGLQ7DEOH 
)XUWKHUPRUHLQRUGHUWRLQYHVWLJDWHWKHHIIHFWRIWKHYDULDWLRQRIWKHWRZHUKHLJKWRQWKHDV
VHVVPHQWRISHULRGVIUHHKHLJKWVRIP )LJXUHE DQGP )LJXUHF ZKLFKDUHUH
VSHFWLYHO\ OHVVHU DQG JUHDWHU WKDQ WKDW RI WKH WRZHU EDVLF FRQILJXUDWLRQ DUH FRQVLGHUHG 7KH
YLEUDWLRQSHULRGVRIWKHVHQHZWRZHUFRQILJXUDWLRQVDUHUHSRUWHGLQ7DEOH

7RZHUIUHH
KHLJKW

(

, [

,\

N[

N\

P

7[

7\

>P@

>N1P@

>P@

>P@

>N1P@

>N1P@

>N1@

>V@

>V@









   















 















 




7DEOH9LEUDWLRQSHULRGVYDU\LQJWKHWRZHUIUHHKHLJKW


)URP WKH DQDO\VLV RI WKH WKUHH PRGHOV LW FDQ EH REVHUYHG WKDW DV WKH WRZHU IUHH KHLJKW LQ
FUHDVHVWKHYLEUDWLRQSHULRGLQFUHDVHVDVZHOO2QWKHFRQWUDU\WKHWRZHUVWLIIQHVV GHFUHDVHV
ZKHQDJJUHJDWHGKHLJKWLQFUHDVHV)LJXUHVDQGVKRZWKHDJJUHJDWHWRZHUYLEUDWLRQSH
ULRGVDVD IXQFWLRQRI LVRODWHWRZHURQHV VHH6HFWLRQ  LQWKH [DQG\ GLUHFWLRQVUHVSHF
WLYHO\7KHILJXUHVVKRZWKDWWKHWUHQGVDUHYHU\VLPLODUDQGWKDWWKH\DUHZHOODSSUR[LPDWHG
E\OLQHDUHTXDWLRQV
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7$* V





7$* 7,6 


















7,6 V




)LJXUH&RPSDULVRQEHWZHHQLVRODWHWRZHUYLEUDWLRQSHULRGVDQGDJJUHJDWHWRZHU¶VRQHLQ[GLUHFWLRQ





7$* V




7$* 7,6 














7,6 V





)LJXUH&RPSDULVRQEHWZHHQLVRODWHWRZHUYLEUDWLRQSHULRGVDQGDJJUHJDWHWRZHU¶VRQHLQ\GLUHFWLRQ


)LQDOO\WKHG\QDPLFEHKDYLRXUVWXG\RIWKH6FLUL7RZHULVFRPSOHWHGFRQVLGHULQJDQHZLVR
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FRQVLGHUHGDUHFDUULHGRXW
7DEOH  VKRZV D VXPPDU\ RI DOO WKH VWXGLHG FDVHV )URP WKH FRPSDULVRQ EHWZHHQ YLEUDWLRQ
SHULRGVFDOFXODWHGWKURXJKWKHKDUPRQLFPRWLRQIRUPXODDQGWKRVHREWDLQHGIURPQXPHULFDO
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7DEOH&RPSDULVRQDPRQJWKHRUHWLFDODQGQXPHULFDOYLEUDWLRQSHULRGVRILVRODWH ZLWKGLIIHUHQWIUHHKHLJKWV 
DQGDJJUHJDWHWRZHUV

&RQWUDULO\LQFDVHRIDJJUHJDWHWRZHULWLVDSSDUHQWWKDWWKHWKHRUHWLFDOSUHGLFWLRQRIYLEUDWLRQ
SHULRGV SURYLGHV FRQVHUYDWLYH YDOXHV ZKLFK DUH YHU\ FORVH WR QXPHULFDO DQDO\VLV UHVXOWV
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7KHUHIRUHWKHWKHRUHWLFDOUHODWLRQVKLSJLYHVUHOLDEOHUHVXOWVRQO\LQWKHFDVHRIWKHDJJUHJDWH
WRZHU$VDFRQFOXVLRQIURPWKHFRPSDULVRQLQWHUPVRIQXPHULFDODQDO\VLVSHULRGVLWFDQEH
QRWHGWKDWWKHDJJUHJDWHWRZHUVKRZVSHULRGVODUJHUWKDQWKRVHRIWKHRWKHUWZRLVRODWHWRZHU
FDVHVGXHWRWKHG\QDPLFHIIHFWSURYLGHGE\DJJUHJDWHFRQVWUXFWLRQV7KLVHIIHFWFRXOGLQIOX
HQFH PRUH WKDQ WKH IXQGDPHQWDO PRGHV WKH VXEVHTXHQW YLEUDWLRQ SHULRGV ZKRVHLQYHVWLJD
WLRQ ZLOO EH GRQH WRJHWKHU ZLWK WKH H[HFXWLRQ RI DPELHQW YLEUDWLRQ WHVWV DV D IXUWKHU
GHYHORSPHQWRIWKHVWXG\
 &21&/86,216
,QWKHFXUUHQWSDSHUWKHVHLVPLFEHKDYLRXULQWKHOLQHDUG\QDPLFILHOGRIWKH6FLULWRZHULQ3H
UXJLD KDV EHHQ LQYHVWLJDWHG 7KH UROH SOD\HG E\ WKH DJJUHJDWH FRQVWUXFWLRQV DGMDFHQW WR WKH
WRZHURQLWVVHLVPLFUHVSRQVHKDVEHHQIRFXVHGDQGWKHEHKDYLRXUDOGLIIHUHQFHZLWKUHVSHFWWR
WKH LVRODWHG FDVH KDV EHHQ KLJKOLJKWHG )LUVWO\ GLIIHUHQW OLWHUDWXUH HPSLULFDO PHWKRGV KDYH
EHHQDSSOLHGWRHVWLPDWHWKHIXQGDPHQWDOYLEUDWLRQSHULRGRIWKHWRZHUDOVRFRQVLGHULQJWKH
YDULDWLRQ RI WKH WKLFNQHVV RI ZDOOV )URP FRPSDULVRQ LW KDV EHHQ IRXQG WKDW IRU ZDOO WKLFN
QHVVHVOHVVWKDQFPWKHHPSLULFDOIRUPXODWLRQVSURYLGHGE\,WDOLDQFRGH 17& (XUR
FRGHDQG*RHOHWDOSURYLGHYLEUDWLRQSHULRGYDOXHVYHU\FORVHWRWKRVHFDOFXODWHGWKURXJK
QXPHULFDOPRGDODQDO\VLV2QWKHRWKHUKDQGIRUZDOOWKLFNQHVVHVPRUHWKDQFPWKHEHW
WHUDQDO\WLFDOIRUPXODWLRQLVWKDWJLYHQE\*RHOHWDO
6XEVHTXHQWO\ FRQVLGHULQJ WKH WRZHU DV D FDQWLOHYHU EHDP ZLWK PDVV XQLIRUPO\ GLVWULEXWHG
DORQJWKHKHLJKWDQGYDULDEOHZDOOWKLFNQHVVDFRPSDULVRQEHWZHHQWKHFDOFXODWHGWKHRUHWLFDO
SHULRGV DQG WKRVH DFKLHYHG IURP QXPHULFDO PRGDO DQDO\VLV LV GRQH )URP WKLV FRPSDUDWLYH
DQDO\VLVLWLVQRWLFHGWKDWWKHWKHRUHWLFDOUHODWLRQVKLSSURYLGHVUHVXOWVRQWKHVDIHVLGHVLQFHLW
XQGHUHVWLPDWHVWKHYLEUDWLRQSHULRGVREWDLQHGIURPQXPHULFDODQDO\VLV,QDGGLWLRQWKHGLIIHU
HQFH RI EHKDYLRXU EHWZHHQ WKH DJJUHJDWH WRZHU DQG WKH LVRODWH RQH KDV EHHQ HYDOXDWHG DQG
VLPSOHOLQHDUUHODWLRQVKLSVLQERWKDQDO\VLVGLUHFWLRQVKDYHEHHQIRXQGWRHVWLPDWHWKHDJJUH
JDWHWRZHUSHULRGIURPWKHNQRZOHGJHRIWKHLVRODWHWRZHURQH
)URPWKHFRPSDULVRQEHWZHHQYLEUDWLRQSHULRGVFDOFXODWHGWKURXJKWKHKDUPRQLFPRWLRQIRU
PXODDQGWKRVHREWDLQHGIURPQXPHULFDOPRGDODQDO\VLVLWHPHUJHVWKDWWKHIRUPHUYDOXHVDUH
QRWRQWKHVDIHVLGHZKHQWKHLVRODWHWRZHULVFRQVLGHUHG&RQWUDU\LQFDVHRIDJJUHJDWHWRZHU
LWLVDSSDUHQWWKDWWKHWKHRUHWLFDOSUHGLFWLRQRIYLEUDWLRQSHULRGVSURYLGHVFRQVHUYDWLYHYDOXHV
ZKLFKDUHYHU\FORVHWRQXPHULFDODQDO\VLV UHVXOWV )LQDOO\ WKH DJJUHJDWH HIIHFWFRXOGLQIOX
HQFHPRUHWKDQWKHILUVWYLEUDWLRQPRGHVWKHVXEVHTXHQWPRGDOSHULRGVZKRVHLQYHVWLJDWLRQ
WRJHWKHU ZLWK ERWK WKH H[HFXWLRQ RI DPELHQW YLEUDWLRQ WHVWV DQG WKH QXPHULFDO FDOLEUDWLRQ RI
H[SHULPHQWDOYLEUDWLRQSHULRGVZLOOUHSUHVHQWWKHIXWXUHGHYHORSPHQWRIWKHUHVHDUFK

5()(5(1&(6
>@ *%UDQGRQLVLR*/XFLEHOOR(0HOH$'H/XFD'DPDJHDQGSHUIRUPDQFHHYDOXD
WLRQRIPDVRQU\FKXUFKHVLQWKH/¶$TXLODHDUWKTXDNH(QJLQHHULQJ)DLOXUH$QDO\
VLV
>@ ') '¶$\DOD 6 3DJDQRQL $VVHVVPHQW DQG DQDO\VLV RI GDPDJH LQ /¶$TXLOD KLVWRULF
FLW\FHQWUHDIWHUWK$SULO%XOOHWLQRI(DUWKTXDNH(QJLQHHULQJ  
>@ '/R3UHVWL06DVVX//X]L)3DFRU'&DVWDOGLQL*7RVDWWL&0HLVLQD'=L
]LROL)=XFFD*5RVVL*6DFFDURWWL'3LFFLQLQL$5HSRUWRQWKH6HLVPLF6H
TXHQFH LQ (PLOLD 1RUWKHUQ ,WDO\  WK ,QWHUQDWLRQDO &RQIHUHQFH RQ &DVH +LVWRULHV LQ
*HRWHFKQLFDO(QJLQHHULQJ&KLFDJR86$$SULO0D\
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*9DLDQR,9HQDQ]L$)RUPLVDQRDQG)8EHUWLQL

>@ *)LRUHQWLQR$)RUWH(3DJDQR)6DEHWWD&%DJJLR'/DYRUDWR&1XWL66DQ
WLQL 'DPDJH SDWWHUQV LQ WKH WRZQ RI $PDWULFH DIWHU $XJXVW WK  &HQWUDO ,WDO\
HDUWKTXDNHV%XOOHWLQRI(DUWKTXDNH(QJLQHHULQJ  
>@ 1DWLRQDO
,QVWLWXWH
RI
*HRSK\VLFV
KWWSHPLGLXVPLLQJYLW&37,

DQG

9ROFDQRORJ\

&37,

>@ 09DOHQWH*0LODQL 1RQOLQHDU G\QDPLF DQG VWDWLF DQDO\VHV RQ HLJKW KLVWRULFDO PD
VRQU\WRZHUVLQWKH1RUWK(DVWRI,WDO\(QJLQHHULQJ6WUXFWXUHV
>@ 09DOHQWH*0LODQL 6HLVPLF DVVHVVPHQW RI KLVWRULFDO PDVRQU\ WRZHUV E\ PHDQV RI
VLPSOLILHG DSSURDFKHV DQG VWDQGDUG )(0 &RQVWUXFWLRQ DQG %XLOGLQJ 0DWHULDOV

>@ )3HxD3%/RXUHQoR10HQGHV'92OLYHLUD 1XPHULFDO PRGHOV IRU WKH VHLVPLF
DVVHVVPHQWRIDQROGPDVRQU\WRZHU(QJLQHHULQJ6WUXFWXUHV  
>@ 09DOHQWH*%DUELHUL/%LRO]L'DPDJHDVVHVVPHQWRIWKUHHPHGLHYDOFKXUFKHVDIWHU
WKH  (PLOLD HDUWKTXDNH %XOOHWLQ RI (DUWKTXDNH (QJLQHHULQJ    

>@ *0LODQL56KHKX09DOHQWH(IIHFWVRI)53DSSOLFDWLRQRQWKHVHLVPLFUHVSRQVHRI
DPDVRQU\FKXUFKLQ(PLOLD5RPDJQD ,WDO\ $,3&RQIHUHQFH3URFHHGLQJVYRO

>@ )&OHPHQWL$3LHUGLFFD*0LODQL9*D]]DQL03RLDQL6/HQFL1XPHULFDOPRGHO
XSJUDGLQJRIDQFLHQWEHOOWRZHUVPRQLWRUHGZLWKDZLUHGVHQVRUVQHWZRUNLQ3URFHHG
LQJVRIWKHWK,QWHUQDWLRQDO0DVRQU\&RQIHUHQFH0LODQ,WDO\
>@ ) &OHPHQWL $ 3LHUGLFFD $ )RUPLVDQR ) &DWLQDUL 6 /HQFL 1XPHULFDO PRGHO XS
JUDGLQJRIDKLVWRULFDOPDVRQU\EXLOGLQJGDPDJHGGXULQJWKH,WDOLDQHDUWKTXDNHV
WKHFDVHVWXG\RIWKH3RGHVWDCSDODFHLQ0RQWHOXSRQH ,WDO\ -RXUQDORI&LYLO6WUXFWXUDO
0RQLWRULQJ  ±
>@ )8EHUWLQL1&DYDODJOL$.LWD *&RPDQGXFFL $VVHVVPHQWRID PRQXPHQWDOPD
VRQU\EHOOWRZHUDIWHU&HQWUDO,WDO\VHLVPLFVHTXHQFHE\ORQJWHUP6+0%XOOHWLQ
RI(DUWKTXDNH(QJLQHHULQJ  ±
>@ )8EHUWLQL*&RPDQGXFFL1&DYDODJOL$/3LVHOOR$/0DWHUD]]L)&RWDQD(Q
YLURQPHQWDOHIIHFWVRQQDWXUDOIUHTXHQFLHVRIWKH6DQ3LHWUREHOOWRZHULQ3HUXJLD,WDO\
DQGWKHLUUHPRYDOIRUVWUXFWXUDOSHUIRUPDQFHDVVHVVPHQW0HFKDQLFDO6\VWHPVDQG6LJ
QDO3URFHVVLQJ±
>@ /.UVWHYVND/7DVKNRY11DXPRYVNL*)ORULR$)RUPLVDQR$)RUQDUR5/DQ
GROIR,QVLWXH[SHULPHQWDOWHVWLQJRIIRXUKLVWRULFDOEXLOGLQJVGDPDJHGGXULQJWKH
/ƍ$TXLOD HDUWKTXDNH LQ &267 $&7,21 & 8UEDQ +DELWDW &RQVWUXFWLRQV XQGHU
&DWDVWURSKLF(YHQWV±3URFHHGLQJVRIWKH)LQDO&RQIHUHQFHSS±,6%1
1DSOHV
>@ $3HOOHJULQHOOL$)XULQL35XVVR (DUWKTXDNHV DQG DQFLHQW OHDQLQJ WRZHUV *HRGHWLF
PRQLWRULQJRIWKHEHOOWRZHURI6DQ%HQHGHWWR&KXUFKLQ)HUUDUD ,WDO\ -RXUQDORI&XO
WXUDO+HULWDJH  
>@ $6DLVL&*HQWLOH 3RVWHDUWKTXDNH GLDJQRVWLF LQYHVWLJDWLRQ RI D KLVWRULF PDVRQU\
WRZHU-RXUQDORI&XOWXUDO+HULWDJH  
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>@ 0)HUUDLROL/0LFFROL'$EUX]]HVHDQG$0DQGDUD'\QDPLFFKDUDFWHULVDWLRQDQG
VHLVPLFDVVHVVPHQWRIPHGLHYDOPDVRQU\WRZHUV1DWXUDO+D]DUGV  ±
>@ 2%HUJDPR*&DPSLRQH*5XVVR7HVWLQJRIµ*OREDO<RXQJ¶V0RGXOXV(¶RQDUH
KDELOLWDWHG PDVRQU\ EHOO WRZHU LQ 9HQLFH (QJLQHHULQJ )DLOXUH $QDO\VLV 

>@ $)RUPLVDQR*9DLDQR))DEEURFLQR*0LODQL6HLVPLFYXOQHUDELOLW\RI,WDOLDQPD
VRQU\FKXUFKHV7KHFDVHRIWKH1DWLYLW\RI%OHVVHG9LUJLQ0DU\LQ6WHOODWDRI%RQGHQR
-RXUQDORI%XLOGLQJ(QJLQHHULQJ
>@ -+H\PDQ/HDQLQJWRZHUV0HFFDQLFD  
>@ 5*LDQQLQL73DJQRQL3(3LQWR,9DQ]L 5LVN DQDO\VLV RI D PHGLHYDO WRZHU EHIRUH
DQGDIWHUVWUHQJWKHQLQJ6WUXFWXUDO6DIHW\ ± 
>@ (&RVHQ]D,,HUYROLQR &DVH 6WXG\ 6HLVPLF 5HWURILWWLQJ RI D 0HGLHYDO %HOO 7RZHU
ZLWK)53-RXUQDORI&RPSRVLWHVIRU&RQVWUXFWLRQ  
>@ )0LQJKLQL(%HUWROHVL$'HO *URVVR*0LODQL$7UDOOL 0RGDO SXVKRYHU DQG UH
VSRQVHKLVWRU\DQDO\VHVRIDPDVRQU\FKLPQH\EHIRUHDQGDIWHUVKRUWHQLQJ(QJLQHHULQJ
6WUXFWXUHV
>@ 6&DVROR*0LODQL*8YD&$OHVVDQGUL&RPSDUDWLYHVHLVPLFYXOQHUDELOLW\DQDO\VLV
RQ WHQ PDVRQU\ WRZHUV LQ WKH FRDVWDO 3R 9DOOH\ LQ ,WDO\ (QJLQHHULQJ 6WUXFWXUHV

>@ *0LODQL6&DVROR$1DOLDWR$7UDOOL6HLVPLF$VVHVVPHQWRID0HGLHYDO0DVRQU\
7RZHULQ1RUWKHUQ,WDO\E\/LPLW1RQOLQHDU6WDWLFDQG)XOO'\QDPLF$QDO\VHV,QWHU
QDWLRQDO-RXUQDORI$UFKLWHFWXUDO+HULWDJH&RQVHUYDWLRQ$QDO\VLVDQG5HVWRUDWLRQ
 ±
>@ 3%/RXUHQoR5HFRPPHQGDWLRQV IRUUHVWRUDWLRQRIDQFLHQWEXLOGLQJVDQGWKHVXUYLYDO
RIDPDVRQU\FKLPQH\&RQVWUXFWLRQDQG%XLOGLQJ0DWHULDOV  SS
>@ 0LQLVWU\RI,QIUDVWUXFWXUHVDQG7UDQVSRUWV0LQLVWHULDO'HFUHH-DQXDU\8SGDW
LQJRI7HFKQLFDO&RGHVIRU&RQVWUXFWLRQV LQ,WDOLDQ 2IILFLDO*D]HWWHQRI
2UGLQDU\6XSSOHPHQWQ
>@ 0LQLVWU\RI,QIUDVWUXFWXUHVDQG7UDQVSRUWV0LQLVWHULDO'HFUHH-DQXDU\ 7HFK
QLFDO FRGHV IRU FRQVWUXFWLRQV LQ ,WDOLDQ  2IILFLDO *D]HWWH Q   )HEUXDU\ 
$YDLODEOHDWKWWSZZZJD]]HWWDXIILFLDOHLWHOLLG*VJ
>@ 0LQLVWU\RI,QIUDVWUXFWXUHVDQG7UDQVSRUWV0LQLVWHULDO&LUFXODU)HEUXDU\Q
,QVWUXFWLRQVIRUDSSOLFDWLRQRI1HZWHFKQLFDOFRGHVIRUFRQVWUXFWLRQV LQ,WDOLDQ 2IIL
FLDO*D]HWWHQ)HEUXDU\
>@ 2%HOOX]]L6FLHQ]DGHOOH&RVWUX]LRQL&DS;;;,9 ±/HYLEUD]LRQL LQ,WDOLDQ  =DQL
FKHOOL HG %RORJQD,WDO\
>@ ( 3HUUL 0RGHUQD LQJHJQHULD DQWLVLVPLFD &DS ;9,, ± /D OLEHUD YLEUD]LRQH GL XQD
VWUXWWXUD LQ,WDOLDQ 8WHW HG 7XULQ,WDO\
>@ $&DVWLJOLRQL,QWURGX]LRQHDOOD'LQDPLFDGHOOH6WUXWWXUH LQ,WDOLDQ 7DPEXULQL HG 
0LODQ,WDO\
>@ (*LDQJUHFR,QJHJQHULDGHOOH6WUXWWXUH9RO,,/DGLQDPLFDVWUXWWXUDOH&DS9,,,RI*
)DHOODDQG55DPDVFR LQ,WDOLDQ 8WHW HG 7XULQ,WDO\
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>@ 35LFFL*09HUGHUDPH*0DQGUHGL,OSHULRGRHODVWLFRGHJOLHGLILFLLQFDWDPSR
QDWL LQ,WDOLDQ 3URFRIWKH1DWLRQDO&RQIHUHQFH$1,',6%RORJQD ,WDO\ -XQH
-XO\
>@ &15$FWLRQVRQEXLOGLQJV LQ,WDOLDQ 5HVHDUFKHV1DWLRQDO&RXQFLO
>@ $'L*HQQDUR$SSUR[LPDWHIRUPXODVRIWKHIXQGDPHQWDOYLEUDWLRQSHULRGRIEXLOGLQJ
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DO\
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Abstract
The province of Groningen in the north of the Netherlands was involved since 1990s in induced seismic episodes caused by gas extraction. The intensity and frequency of these events
have been growing until the achievement, in 2012, of a maximum magnitude of 3.6 (Richter
Scale). The Netherlands are tectonically inactive, therefore Dutch constructions are not generally designed to withstand remarkable horizontal forces: common residential buildings, as terraced houses, are made of unreinforced masonry (URM) cavity walls (often with the use of
calcium silicate (CS) bricks for load-bearing inner leafs) and concrete floors, arranged in rows
up to 10 housing units. Despite the magnitude mentioned above (not high in comparison with
those of countries with medium-high seismic hazard), some buildings were lightly damaged
and there is a need for insight in the consequences of potentially larger earthquakes. Therefore, the identification of reliable procedures for the seismic vulnerability assessment of the
existing structures has become of primary importance.
In the paper, the 3D extension of a Fibre Flexural Model (FFM) implemented in DIANA FEA
to represent the in-plane flexural behavior of masonry components in the typical configuration
of terraced houses, made of slender piers and long transversal walls, is discussed. The model
was calibrated on the basis of laboratory experimental test results and sensitivity analyses,
also taking into account various types of connections among walls and floor.
The results demonstrated the good accuracy of the simplified model to reproduce the pre-peak
flexural behavior of Dutch masonry structures, with reduced computational efforts in comparison with full 3D solid and shell type FE analyses. For this reason, FFM, is considered to have
potential for seismic analyses of common residential buildings, although further research is
necessary to improve the results in the post-peak regime.
Keywords: Finite element modeling, equivalent frame model, fiber flexural model, unreinforced masonry, induced seismicity
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1

INTRODUCTION

In the last years the region of Groningen in the North of the Netherlands started to face the
phenomenon of induced seismicity associated to underground gas extraction. Since the Netherlands is not a country prone to tectonic ground motions, Dutch constructions are not designed to withstand remarkable lateral forces. Thus, a seismic vulnerability assessment of the
existing structures, which are for most unreinforced masonry buildings, became of primary
importance. For this reason, a research campaign was activated at Delft University since
2014, focusing mainly on the structural behaviour of terraced house typology [1-5].
Currently, numerical simulations have the capability to provide an accurate prediction of the
structural behaviour of masonry structures. However, this accuracy often implies high computational effort and time, so that these analyses are not considered cost-effective for the structural assessment of standard buildings. Therefore, at TU Delft, an alternative equivalent frame
model, defined as Fibre Flexural Model (FFM), has been introduced to reduce the computational effort of numerical modelling. A preliminary study [6] proved capability of this approach to capture the pre-peak flexural behaviour of masonry components (piers and
spandrels) and of two-dimensional structures (façades).
Within this framework, the present work aims at extending the FFM to three-dimensional
configurations, focusing on the capability of the model to properly describe the in- plane flexural behaviour of Dutch masonry constructions.
Based on the experimental tests performed at the TU Delft laboratory, numerical models were
created adopting the FFM approach. Pushover analyses were executed first at a component
level, then considering three–dimensional assemblages. First, a single calcium silicate brick
wall, TUD_COMP-20, was considered to define and calibrate the parameters needed to run
the analyses. Following, sensitivity studies to investigate the influence of connections between vertical and horizontal elements were performed at a structural scale: both a CS brick
masonry assemblage and CS block masonry assemblage were considered. The results are then
compared with the outcomes of experimental tests. Additionally, a final comparison with a
traditional continuum model is shown.
2

THE FIBRE FLEXURAL MODEL

The Fibre Flexural Model (FFM) is an alternative equivalent frame model developed in a
general-purpose finite element software, DIANA FEA [7]. It adopts numerically integrated
beam elements to represent the structural components of a masonry structure (i.e. piers and
spandrels) aiming at providing a reliable representation of the masonry flexural behaviour
with a low computational effort: the number of nodes and integrations points are in fact reduced compared with continuum FE models.
Class III Mindlin Beam elements, including both flexural and shear deformations, are adopted. These elements are numerically integrated along every isoparametric direction, that coincides with the bar axis and over the cross-sectional area. Each element comprises two
controlling sections along the bar axis. The flexural response of the structure is mainly determined with fibre-section discretization: the cross-sectional area is divided into quadrilateral
integration zones named integration points (IP) or fibre (Figure 1a) and each fibre may follow
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a material uniaxial nonlinear stress-strain relation. As the flexural behaviour of masonry is
governed by the material properties of the bed joints, the proposed FFM describes the uniaxial
fibre stress-strain of the bed joints via a linear softening curve in tension and a parabolic curve
for the behaviour in compression (Figure 1b) [6].

(b)

(a)

Figure 1: (a) Fibre section discretization and controlling sections (gauss points) along the bar axis; (b) Fibre
stress strain relation describing the bed joint behavior in tension and compression [6].

3

REFERENCE EXPERIMENTAL TESTS

In order to investigate the behaviour of Dutch masonry buildings at material, component and
assemblage level, since 2014 several experimental tests on masonry samples were performed
at the laboratory of TU Delft [1-5]. The experimental campaign focused mainly on a terraced
house typology widely built in the Netherland during 1960-1980 (Figure 2). Terraced houses
are usually composed of 5 to 10 housing units. Each unit is typically a two-storey high masonry building characterized by concrete floors and large daylight openings in the façades.
The loadbearing structure therefore is composed of slender piers and wide transversal walls.
The walls are mainly cavity walls composed of an inner loadbearing leaf made of CS masonry
and an outer leaf of clay masonry, connected each other by steel ties. The material was characterized via compressive, bending and bond wrench tests executed on replicated masonry
specimens. Afterwards, the mechanical behaviour of masonry piers was investigated through
in-plane and out-of-plain quasi–static cyclic tests [8]. The specimens were differentiated by
geometry, overburden level and boundary conditions. Finally, two full-scale building specimens were built and tested through a quasi-static cyclic pushover test. The assemblages, representing the scheme of a typical 2-storeys terraced house, differ in masonry type, pier-tofloor connection at the first level and interlocking between the long walls and the piers.
The first specimen (Figure 3) was built using CS bricks masonry with a nominal dimension of
210x71x102 mm widely used from1960 to 1980, while the second one (Figure 4) adopting
calcium silicate elements with a size of 897x643x100mm, which characterize the buildings
built after the 1980. The structure consists of two loadbearing walls, on the west and east
side, and two façades composed by a wide (on the left) and a narrow pier (on the right). The
piers are continuing in front of the first-floor edge in the CS bricks masonry assemblage,
while in the CS elements assemblage floor slab is supported on top of the piers at each floor
level.
To extend the Fibre Flexural Model to the three-dimensional configurations, both assemblages were numerically reproduced in DIANA adopting beam elements and the results compared
with the experimental ones. The analyses parameters adopted were established performing
preliminary studies on the displacement capacity of a single pier. To this aim the CS brick
wall named TUD_COMP-20 was considered [5]. The panel, having dimensions
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1110x2770x102mm, was tested for the in-plane behaviour in a cantilever configuration applying a vertical load of 0.63 MPa. A quasi-static cyclic pushover test in displacement control
was performed (Figure 5). The material properties used are presented in Table 1.

Figure 2: Typical Dutch terraced house, façade [1].

(b)

(a)

Figure 3: Calcium silicate brick assemblage: (a) Laboratory specimen; (b) Façades [4].

(b)

(a)

Figure 4: Calcium silicate element assemblage: (a) Laboratory specimen; (b) Façades [4].
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(b)

(a)

Figure 5: (a) TUD_COMP-20; (b) TUD_COMP-20 before the collapse [5].

Material parameters
CS bick
Young’s Modulus
8206 MPa
Poisson’s Ratio
0.16
Mass Density
1805 T/m3
Tensile strength
0.08 N/mm2
Fracture Energy
0.05 N/mm
Comp. Strength
6.35 N/mm2
Comp. Fracture Energy
20 N/mm

CS element
9256 MPa
0.16
1824 T/m3
1e-07 N/mm3
0.005 N/mm
13.93 N/mm2
20.09 N/mm

Table 1: Material properties CS masonry.

4

NUMERICAL INVESTIGATION OF THE DISPLACEMENT CAPACITY OF A
SINGLE PIER

The numerical investigation of the displacement capacity of a single pier was performed reproducing with the FFM the in-plane test executed at the TU Delft laboratory on the
TUD_COM-20 specimen (Figure 6a). The model was prepared in DIANA FEA environment:
6 Class III beam elements were adopted to reproduce the high of the sample considering at the
upper and lower extremity a beam element with a length of 100 millimetres, whereas four elements with the same size were used to model the middle part (Figure 6b). The rotations and
translations at the base were fixed to reproduce the cantilever configuration of the specimen
(Figure 6c). Nonlinear analyses in displacement control were performed applying a lateral
load at the top beam element. The iteration method chosen is the Newton Rapson one, with
force and displacement norms to be simultaneously smaller than the set tolerance equal to
10-3.
In order to select the optimal integration scheme, which may provide reliable results with the
lowest computational effort, a number of analyses were performed considering the rectangular
cross section of the beam elements both as uniform and subdivided into 3 parts allowing to
verify the influence of the density integration points in the cross sections (Figure 7a,b). Five
analyses were run for each case considering an increasing number of integration points (Table
2): 11, 15, 27, 33, 41 IP were adopted for the uniform cross section beam elements; 5 ,9, 11,
15, 21 IP per zone were used for the three-divided cross section elements (total number of 15,
27, 33, 45, 63 IP along the cross sections). The capacity curves show that after the achievement of the maximum peak strength (in both cases in good agreement with the experimental
results with an underestimation of about 10 %), each configuration is characterized by a grad-
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ual decrement in force. Moreover, a sudden drop occurs when a high number of IP (i.e. 33 and
41 IP) is adopted in the uniform cross section and every time in the three-divided one (Figure
8 a,b). To assess this behaviour, the relationship between the pier capacity curves and the
stresses distribution in the cross-section area were studied. The graphs in Figure 8 show the
variation of the stress ‘curves in the cross section at displacement increasing in the capacity
curves considering, as example, the analyses with 15 IP (for the one-zone cross sections) and
with 27 IP (for the three-zones cross section). It is possible to observe that the reaching of the
maximum peak strength in the capacity curve, as expected, is related with the reaching of the
maximum compressive stress’ value in the cross section. After that, a reduction of the specimen lateral capacity of the masonry due to the action of the lateral load occurs: at the increasing of the imposed displacement values reached by the model in fact, the capacity curves
show a decrease of base shear force of the panel ( Figure 9 a,c), which is related to a decrease
of the compressive stress values in the base cross sections (Figure 9 b,d). Moreover, it is possible to note that, when a drop in the force-displacement curve occurs, the stresses in the cross
sections decrease up to zero. The extreme part of the cross section therefore cannot longer afford the lateral load and it can be considered collapsed, according with the experimental outcomes. Adopting the uniform cross section, the collapse of the panel is reached only with 33
and 41 IP while, considering a three-zones cross section, the panel collapse is always reached.
The use of a three-zones cross section with 27 integration points is thus recommended to simulate the pier’s collapse with a low computational effort.

(a)

(b)

(c)

Figure 6: TUD_COMP-20 (a) Test configuration; (b) FFM geometrical configuration; (c) FFM meshed configuration.

(a)

(b)
Figure 7: Controlling sections of the beam element. (a) Uniform cross section; (b) Three -zones cross section.
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Analysis
1
2
3
4
5

One – zone cross section
n. IP
11
15
27
41
63

Three – zones cross section
n. IP per zone
n. IP tot
5
15
9
27
11
33
15
45
21
63

Table 2: Number of integration points in the cross-section area.

(a)

(b)

Figure 8: Results for TUD_COMP-20 wall panel. (a) Force- Displacement curves. One zone cross section; (b)
Force- Displacement curves. Three- zones cross section.

(a)

(b)

(c)
(d)
Figure 9: 15 integration points: (a) capacity curve; (b) stresses distribution in the cross-section area; 27 integration points: (c) capacity curve; (d) stresses distribution in the cross-section area.

5

3D EXTENSION OF THE FIBRE FLEXURAL MODEL

To evaluate the capability of the Fibre Flexural Model to fit three-dimensional models, two
masonry assemblages experimentally tested were numerically simulated. A CS brick assem-
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blage and a CS element assemblage were created adopting Class III Beam elements with
three-zones cross section and 27 IP for the piers and the loadbearing walls, whereas flat shell
elements were used to simulate rigid floors (Figure 10a). Pushover analyses were performed
considering the Newton Rapson iteration method, both force and displacement norms were
satisfied choosing a tolerance equal to 10-2. Sensitivity studies were developed focusing on
the influence of the type of connection between vertical and horizontal elements at assemblages’ corners. These connections were created through tying elements: a master node (red
nodes in Figure 11, Figure 12) at the top beam of each pier and loadbearing wall were tied
with slave nodes (blue nodes in Figure 11,Figure 12) lying on lines belonging to the floor.
The length of the slave line was equal to the pier or loadbearing wall one. The behaviour of
the horizontal structures was therefore dependant to the vertical structures.
Three models were produced for the CS brick masonry assemblage having the piers continuing in front of the first-floor edge (Figure 11): Model A considers the piers of the facades at
the first level completely disconnected from the floor; Model B maintains the piers of the facades at the first level disconnected from the floor but tied using tying elements which constrain the translations; Model C presents the piers at the first level disconnected to the floor
and a stiff beam is used to link the top node of the beam to the slave line belonging to the adjacent transversal wall. In the three models the loadbearing walls are tied coupling translations
and rotations at both levels. As regards the CS element assemblage, in which piers are
clamped between each floor level, five models were developed (Figure 12): Model 1 doesn’t
consider any type of specific connections between horizontal and vertical structures; Model 2
couples only the rotations between vertical and horizontal structures; Model 3 uses tying elements connecting translations and rotations in each direction both for the piers and loadbearing walls with the floors; Model 4 presents a different type of connections for piers and
loadbearing walls with the floors. . The loadbearing walls are connected with floors coupling
translations and rotations, the piers are connected coupling only the rotations. For this latter
model, in the four described models the connections are the same at both levels. Additionally,
Model 5 adopts a different type of connections for the two floors. The vertical structures are
connected with the floor at the second level coupling translations and rotations, while at the
first floor coupling just the rotations.
The results obtained from the different models are analysed in terms of capacity curve and
compared to the curve of the experimental tests (Figure 13). The elastic stiffness and the maximum peak strength presented by the curves of the numerical models are in good agreement
with the laboratory test, therefore it’s possible to say that the model is able to capture the prepeak behaviour of the masonry structures.
The investigation of the connections between the vertical and horizontal elements at the corner of the assemblages proved to be essential to create correct models providing results in accordance with the experimental tests. Reproducing accurately the connection of the structural
elements in the real assemblage, Model C and Model 5 are, as expected, the most representative of the experimental results. These models showed also to be able to provide an adequate
force redistribution between the vertical and horizontal elements when lateral loads are applied (Figure 14b,d). The experimental tests in fact, proved the importance of the transmission
of the forces at the floor levels to trig the rocking mechanism of the piers constituting the façades: it is essential therefore the capability of the model to capture this aspect.
5.1 Fibre flexural model and continuum model comparison
In order to further examine the reliability and effectiveness of the FFM in representing the
pre-peak behaviour of masonry structures an additional comparison was made using a contin-
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uum model. The assemblages were modelled with the CM adopting curved shell elements
with 200 mm size quad fixed at the base constraining translations and rotations in all the directions (Figure 10b). The rotating total strain crack model was used. The tensile behaviour of
the masonry was described via a linear softening curve and the compressive behaviour was
based on a parabolic curve. Pushover analyses were performed considering the Newton Rapson iteration method, with force and displacement norms to be simultaneously smaller than
the set tolerance equal to 10-2.
The results are presented in terms of capacity curves: Figure 15a is referred to the calcium
silicate brick masonry assemblage while Figure 15b is referred to the calcium silicate element
assemblage. The grey curves report the capacity curves of the models tested with FFM. The
red curves indicate the results obtained performing the analyses with the continuum model.
As highlighted, in both cases the elastic stiffness and the maximum peak strength of the models simulated with the CM are comparable with the outcomes obtained testing the assemblages with the FFM and especially with Model C and 5, the ones considered as the most
representative of the behaviour. Therefore, the results obtained with the FFM are proved to
be acceptable in terms of pre-peak behaviour and maximum peak strength not only considering experimental outcomes but also when compared with numerical macro-models. When the
maximum peak strength is reached on contrary, the capacity curves of the CM present a sudden drop while the FFM can’t experience a failure mechanism. This may be explained considering the experimental tests where, during the failure, the piers are invested by a concentrated
normal force, experiencing therefore not only a rocking failure, but also shear splitting that,
due to the small size of the building, turns out to be crucial for the collapse. Since the work is
focused on the flexural behaviour of the structures, the FFM which doesn’t consider the shear
failure can’t reproduce so far this aspect, while the crack pattern plotted for the CM (Figure
10 c,d) displays shear diagonal cracks on the piers after the reaching of the maximum peak
strength.

(a)

(c)

(b)

(d)

Figure 10: Numerical models. (a) FFM; (b) CM; (c) Crack pattern CS brick assemblage; (d) Crack pattern CS
element assemblage.
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Figure 11: CS brick assemblage connection scheme. (a) Real structure and models A (b), B (c), C (d).
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Figure 12: CS element assemblage connection scheme. (a) Real structure and models 1 (b), 2 (c),
3 (d), 4 (e), 5 (f).

(a)

(b)

Figure 13: Force Displacement Curves: (a) CS brick masony assemblage; (b) CS element masonry assemblage.

(a)

(b)
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(c)

(d)

Figure 14: Model (c);(a) Capacity curve; (b) Axial Forces. Model (5); (c) Capacity curve; (d) Axial Forces.

(b)

(a)

Figure 15: FFM and CM comparison. (a) CS brick masonry assemblage; (b) CS element masonry assemblage.

6

CONCLUSIONS

The study presented in this paper led to the following conclusions about 3D extension of Fibre Flexural Model (FFM):
- The use of a three-zones cross section with 27 integration points is recommended to
obtain a post -peak behaviour in good agreement with the experimental tests and minimizing the computational effort.
- The numerical models proved to be able to provide good results concerning the prepeak behaviour of the structure when compared to experimental results;
- The study of the connections between vertical and horizontal elements proved to be
essential to generate models which are able to provide results in accordance with the
experimental outcomes;
- The comparison between FFM and Continuum Model (CM) confirmed the results obtained in representing the pre-peak behaviour of the structure not only according with
experimental results but also with well-knows reliable modelling techniques.
- The current applications show limitations regarding the post-peak regime, too ductile
to be considered reliable in predicting the failure mechanisms of the structures.
The model can be considered to have potential for cost-effective simulations of the seismic
behavior of Dutch terraced buildings characterized by flexural behavior, although further research is necessary to improve the results in the post-peak regime.
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Abstract
URM buildings suffer generally of their weak vertical structure and absence of horizontal
connections between the walls. Nevertheless, traditional building practice in Veneto plains,
where poor soil conditions are extremely common, required to build very deformable and
lightweight houses to adapt to differential foundation settlement.
Such peculiar features must be considered in the restoration and adaption to present safety
criteria of those buildings. Therefore, ‘improvement’ interventions as defined by Italian
technical standards, rather than structural retrofitting, seems to be more appropriated for
reducing both, the alteration of the seismic behavior and the structural weight on foundations.
Thanks to the regularity, both in plan and in elevation, of this set of buildings, equivalent
frame modeling (EFM) is a viable way to perform global analysis if compared to the
complexities of a continuum finite element model (FEM). In the paper, two software will be
used for the implementation of the EF model, i.e., TRE Muri and Midas GEN, and their
results will be compared with a continuum FE model built with DIANA FEA. In the three
models, global seismic behavior through pushover analyses, as the building is and after
interventions, is explored. Structural interventions are intentionally limited to horizontal
structures stiffening.
The case study is represented by a medium sized building placed just outside the old town of
Noale, in the metropolitan district of Venice (Italy), dating back to the XVII cent.
Keywords: Equivalent frame modeling, unreinforced masonry building, compatible
intervention, diaphragm stiffening
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1
1.1

INTRODUCTION
Traditional manor houses in Veneto: Palazzo Carraro

In Venice hinterland old manor houses share the same architectural patterns, inspired to the
palaces of its ancient capital city.
These buildings are generally isolated and rectangular in plan, with the long side parallel to
the street. Inside, a tripartite layout is the rule: a main central hall, crossing the building’s
entire depth, serves both as a state parlour and as a passage to other flanking rooms, which are
separated by wooden partitions or slender brick walls loaded onto the floors. The longer
facades are the primary –and almost unique– source of light, and therefore the façades are
considerably pierced by windows, sometimes at the limit of their structural capacity. In fact,
simple joists floors load the transversal walls, placed some 4-5 m apart, according to timber’s
standardized dimensions [1]. On the contrary, roof rafters thrust on the long façades.
Despite their simple building technique and architectural layout, both in plan and elevation,
the building type shows several vulnerabilities, in both a) vertical and b) horizontal structures:
a) slender bearing walls; isolated masonry pillars; chimneys, niches and other reductions of the thickness of the walls; opening next to the corners of the building; misalignments of walls between storeys;
b) highly deformable floors (joist and wooden boarding); stairs and chimneys interrupting the joists; double height spaces; joist and other timber elements undersized
for structural needs; thrusting roofs.
As about structural materials, vertical structures are made of clay bricks bounded by lime
mortar with clayey components in the mix; stones, often too heavy for the soft soils, are used,
if any, in foundations only. Horizontal structures and stairs are made of timber: fir in richer
and better built houses, poplar and elm in the poorest [2].
Palazzo Carraro is a good example of the described building typology. The case study is an
historical building located in Noale, in the metropolitan area of Venice, built during the XVII
cent. and therefore listed as National cultural heritage, in accordance with the regulatory law
No. 42/2004[3].
A regular geometry characterizes both the plan and the elevation: the layout of the building
is rectangular, with sides in proportion of 1:2, and it develops on three levels. Windows are
regularly distributed onto the main facades, but in the northern one two big chimneys cut the
entire eight of the walls. Joists are parallel to the main façade (assumed as the building’s main
X direction, Figure 1), while roof rafters are perpendicular to them (Y). Floor finishing is the
traditional cocciopesto, not structurally integral with the timber structure beneath, while roof
layers result of thin clay bricks (or pianelle) and a concrete layer above.
1.2

Classes of structural interventions in seismic area

Technical regulation 17/01/2018 (henceforth named as NTC 2018) [4] in par. 8.4 (‘Classes
of Interventions’) devise three different level of seismic strengthening interventions for
existing buildings: a) local interventions; b) improvement; c) retrofitting. The last one
corresponds to the achievement of the safety level of a new building, while structural
‘improvement’ is expressed as a percentage (capacity vs. demand) of that level. Consequently,
the service life of an improved structure is shorter than a retrofitted one [5][6]. On the other
hand, local interventions, focusing on single elements within a building, must not alter its
global response.
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Figure 1. Plans and main elevations of Palazzo Carraro

In relation to modern restoration criteria, seismic improvement aims at preventing radical
alterations of a building’s fabric, and, under a structural point of view, at limiting changes in
seismic behavior. Thus, it can be defined also as a collection of compatible interventions onto
a building.
When it comes to the ratio of different techniques, Italian standards point, as a first ‘minimum’ intervention, at the formation of floor diaphragms wherever absent [7], thus stressing
their importance in the qualification of a building’s global behavior. However, the
effectiveness of this intervention may be reduced if no specific countermeasures against other
vulnerabilities (poor masonry or loose wall-to-wall and wall-to-floor connections) are taken,
as recent seismic events have demonstrated [8].
As for the building in question, horizontal structure stiffening often appears as the simplest
way of intervention, provided that adequate mutual connections are guaranteed or added,
since masonry is generally compact and well preserved. Therefore, this paper deals with the
building’s response to variations of floors’ in-plane stiffness.
1.3

Numerical modeling

The study aims at evaluating how models respond to changes in the diaphragm capacity of
horizontal structures. Since no experimental data are available, different structural models are
implemented to overcome known limits about each of them. Thanks to the regularity of the
buildings in question, both in plan and elevation, equivalent frame modeling (EFM) can be
considered a viable alternative to more refined but demanding models, such as continuum
finite elements (FEM) [9][10]. Thus, two models are developed into codes considered as the
state-of-the-art in their own field (TREMURI and DIANA FEA), while the third (Midas GEN)
may be considered as a peculiar application of a tool otherwise commonly used in the
simulation of r.c. and steel structures.
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2

STRUCTURAL MODELING AND ANALYSES

2.1

EF model

TREMURI [11][12][13] belongs to the equivalent frame codes but, actually, its approach is
a bidimensional implementation of former EFM contributions by Magenes et al. [14]. As
stated in par. 1.3, the regularity, both in plan and height, of Venetian manor houses make
them suitable to equivalent frame modeling. TREMURI code (v. 11.45) relies on a twodimensional discretization of masonry load-bearing walls into piers, lintels and rigid nodes.
Plastic hinges are modeled between rigid nodes and both piers and lintels, according to law
reported in Figure 2a.
Midas GEN 2019 v1.2 environment allowed for generating an equivalent frame model
closer to [14], adopting 1D beam finite elements. The frame was defined according to the
rules stated by Dolce [15] in the definition of the effective height of masonry pillars, adjusting
them where the numerical definition given by equation (1) was not consistent with
geometrical constraints:
(1)
The structural non-linear model relies on a lumped plasticity model, where nonlinearities
are concentrated at the interfaces pillar-rigid node and spandrel-rigid node as plastic hinges
(Figure 2b).

a)

b)
Figure 2. Plastic hinge law implementation in a) TREMURI [12] and b) Midas GEN [16]

2.2

Continuum FE model

The modeling approach followed to assess the seismic behavior of the structure in FE
environment is the so-called continuum macro-modeling one. The code DIANA FEA (v. 10.2)
[17] was used to generate mesh, starting from geometrical CAD surfaces. 8-noded curved
shell elements (Figure 3a) were used to discretize both vertical masonry structures and
horizontal diaphragms, while regular truss elements were used to simulate timber joists at the
second floor.
Material model implemented was Total Strain Based Crack model (Figure 3b):
compressive law was described adopting a parabolic curve, whereas tensile behavior was
described with an exponential softening one. Both relationships rely on the definition of
fracture energy. The shear behavior was implemented adopting a rotating crack approach,
thus avoiding shear stiffness reduction after cracking.
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b)

a)

Figure 3. a) Curved shell element model (DIANA FEA BV, 2017) b) Constitutive model according to Total
Strain Based formulation (DIANA FEA BV, 2017)

2.3

Mechanical properties

Palazzo Carraro, and Venetian manor houses in general, are made of masonry vertical
structures and single planking timber floors. Destructive tests are not allowed in the case
study, being it protected by Italian law as Cultural Heritage. Thus, material properties were
taken from Italian codes [7] and scientific literature. Table 1 lists the masonry values for each
numerical model.
Table 1. Material properties of vertical masonry structures

Compressive strength [MPa]
Compressive fracture energy [N/mm]
Tensile strength [MPa]
Tensile fracture energy [N/mm]
Elastic modulus [MPa]
Shear modulus [MPa]
Poisson’s ratio
Weight density [kN/m3]

TREMURI

Midas GEN

DIANA

3,2
0,076
1500
500
0,2
18

3,2
0,076
1500
500
0,2
18

3,2
9,6
0,076
0,015
1500
500
0,2
18

Since horizontal structures were modeled by equivalent plates in each modeling approach,
the main issue was to determine their equivalent mechanical properties, due to the timber
typology and conservation state, and the intervention techniques suitable to them. These
aspects were studied through the following steps:
1) Conversion of equivalent stiffness into equivalent in-plane shear modulus, as measured
by experimental campaigns available in literature on timber joists floor without or with
in-plane stiffening interventions [18][19];
2) Theoretical expression available in literature, as collected by [20] ;
3) Classical lamination theory (CLT), with the caveat that, in fact, the various plies, which
the boards are assumed to, are not exactly bounded together. Therefore, values obtained by CLT can be considered as an upper limit of a board’s mechanical properties.
The main parameter, therefore, is the equivalent in-plane shear modulus, Gxy, which affects
the degree of coupling between orthogonal walls and consequently the structural box behavior.
Table 2 reports the values obtained with the procedures described above for the four
diaphragm types considered in the study, i.e.: a) single planking timber floor (SPT),
composed by unidirectional timber joists and one timber board leaning on them; b) double
planking timber floor (DPT), based on previous one with the addition of one planking layer
(with a lay orthogonal to the underlying); c) triple planking timber floor, result of the addition
of two planking layers crossed at 45°, superposed to SPT board; d) reinforced concrete
diaphragm (RCD).
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Floor type
Single planking timber floor
(SPT)
Double planking timber floor
(DPT)
Triple planking timber floor
(TPT)
R.c. diaphragm (RCD)

Gxy [MPa]
4,05
15,8
24,6
295,3

Table 2. Values of the in-plane shear modulus Gxy [MPa] per each floor typology simulated

Structural models thus generated are shown in Figure 4.

a)

2.4

b)

c)
Figure 4. Numerical models of the building according: a) TREMURI; b) Midas GEN; c) DIANA

Analysis procedure

Seismic assessment of the models was performed linear modal and nonlinear pushover
analyses. The former leads to the extrapolation of vibrational modes and frequencies, while
the latter is used in the assessment structural horizontal shear capacity. According to Italian
code [3], two horizontal forces distribution are applicable to the structure: mass and mode
shape proportional. Because of the scarce participating modal mass activated by former mode
shapes, especially in continuum model with deformable diaphragms, all the analyses were
executed according to a uniform mass distribution of forces, in both main directions X and Y
(Figure 1).
3

RESULTS

Table 2 reports the results obtained at variation of diaphragm types. Modal analysis data were
elaborated in terms of mode shapes and frequencies, which give an outlook on structural
global stiffness and dynamic behaviour. Pushover analysis, moreover, are presented as base
shear-displacement capacity curves and failure configurations.
3.1

Modal analysis

Table 3 and Table 4 report mode shapes and frequencies, calculated for diaphragms
increasing stiffnesses. The participating mass of former modes increase at slabs stiffness
increasing. It is also interesting to notice how the stiffness of a DPT floor is enough to make
buildings parts work together, being participant mass of first mode always higher than 50%.
In particular, the FE continuum model, the only able not to implement a box-like behavior,
sees its participant mass move from 29.22% to 55.93%.
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In addition, the TPT floor is the first one (in order of stiffness increasing) able to increase
the participant mass of the first mode (always higher than 65%) enough to make structural
behavior become global (at least in X direction), according to Italian code [3].
Finally, RCD floors, as expectable, are able to make former participant masses, in both X
and Y directions, higher than 65%, showing a complete global behavior of the building.
TREMURI
Mode
1
2
3
4
5
6
7
8
9
10

f

SPT
Mx

My

3,79
4,00
4,52
4,90
5,28
5,42
5,59
10,67
11,00
11,30

31,23
61,34
0,01
0,08
0,07
0,01
0,00
0,17
4,18
0,41

0,02
0,04
24,05
20,39
19,99
21,73
3,32
0,26
0,00
0,09

Midas GEN

f

DPT
Mx

My

3,86
4,06
4,71
5,07
5,35
5,46
5,88
10,81
11,06
11,45

55,06
37,53
0,03
0,02
0,08
0,01
0,00
0,16
4,82
0,55

0,01
0,07
44,53
9,80
13,15
19,73
2,21
0,22
0,00
0,12

f

SPT
Mx

My

3,14
4,44
4,75
5,37
5,41
6,17
6,32
6,40
6,81
6,86

19,4
0,4
67,7
0,00
0,28
0,32
0,02
0,60
0,16
0,02

0,02
21,6
0,09
0,00
0,00
1,86
2,85
0,05
5,06
34,0

DIANA

f

DPT
Mx

My

4,39
5.40
5,43
5,46
6,29
6,98
7,71
8,08
8,31
8,52

69,0
0,00
0,44
6,12
13,0
0,11
0,18
0,60
0,11
2,84

0,12
0,27
21,3
20,5
1,46
3,95
13,9
0,19
15,3
4,66

f

SPT
Mx

My

f

DPT
Mx

My

2,80
3,52
4,14
4,95
5,71
5,96
7,06
7,50
7,83
7,97

29,22
0,09
22,53
0,00
0,06
0,08
1,87
0,10
27,44
0,34

0,02
9,90
0,03
0,01
13,84
3,01
1,07
18,22
0,00
0,01

4,48
4,69
6,31
7,07
7,21
7,70
8,69
9,65
9,90
10,29

55,93
1,31
18,0
0,00
0,03
0,00
0,34
0,32
2,67
5,55

0,49
14,54
0,00
15,73
1,15
17,81
18,19
0,31
0,92
0,06

Table 3. Modal frequencies f [Hz] and participant mass percentage Mx and My for single planking (SPT) and
double planking (DPT) timber floors
TREMURI
Mode
1
2
3
4
5
6
7
8
9
10

f

TPT
Mx

My

3,89
4,15
4,84
5,24
5,47
5,56
6,23
11,09
11,09
11,52

74,57
18,05
0,04
0,00
0,05
0,02
0,00
0,22
5,00
0,47

0,00
0,12
62,07
1,90
16,03
8,04
1,35
0,21
0,00
0,14

Midas GEN

f

RCD
Mx

My

3,94
4,91
5,12
6,37
7,18
8,46
10,36
11,12
11,56
12,03

91,74
0,73
0,20
0,09
0,00
0,00
0,00
4,94
1,02
0,37

0,00
19,35
69,97
0,06
0,13
0,15
0,01
0,05
0,29
0,01

f

TPT
Mx

My

4,48
5,40
5,45
5,55
6,82
7,04
7,86
8,16
8,50
8,70

74,8
0,00
0,44
4,11
8,06
0,83
0,10
0,69
0,04
2,57

0,08
0,02
0,68
45,1
0,44
5,36
11,5
0,65
14,3
4,63

DIANA

f

RCD
Mx

My

4,77
5,41
5, 47
6,47
7,55
9,64
11,64
12,29
12,71
13,12

81,0
0,00
6,17
0,04
0,04
1,32
3,23
1,07
0,33
0,17

0,00
0,00
0,00
69,9
10,4
0,00
0,42
0,00
6,60
2,15

f

TPT
Mx

My

f

RCD
Mx

My

4,80
4,98
6,84
7,32
7,43
8,22
9,19
10,01
10,26
10,59

68,0
0,96
11,0
0,01
0,02
0,00
0,24
0,97
2,39
4,37

0,35
19,6
0,00
23,3
3,94
15,7
14,7
0,21
0,66
0,01

5,52
7,39
8,47
12,20
12,55
13,01
13,82
13,83
14,56
16,40

80,5
0,02
0,24
2,67
0,00
0,05
0,00
0,01
0,15
0,13

0,02
67,9
0,12
0,01
6,59
2,42
0,30
1,47
0,00
0,00

Table 4. Modal frequencies f [Hz] and participant mass percentage Mx and My for triple planking timber floors
(TPT) and reinforced concrete diaphragms (RCD)

3.2

Pushover analyses

In the following, the most significant capacity curves, among the many, calculated by
pushover results are discussed.
For what concerns pushover analyses along Y transversal direction, an increment of
seismic shear capacity was shown at diaphragms stiffness growing, as well captured by
TREMURI and DIANA (Figure 5). On one hand, TREMURI records an increment in terms of
ultimate displacement: it is interesting to observe that TPT ultimate capacity is very similar to
RCD one. DIANA reports a growth in global stiffness, with a decrement in terms of
displacement. This could be due to different assumptions which rule the two codes. In fact,
TREMURI is based on the box behaviour, neglecting out-of-plane resistance, while DIANA
is able to capture also out-of-plane contribution.
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Figure 5. Capacity curves along Y direction according to TREMURI and DIANA

In addition, the increment of floor stiffness affected the structure collapse configurations:
this is particularly clear in the E1 tensile strain diagram in DIANA (Figure 6). The
improvement of slabs redistributes the forces all through the vertical structures of the
buildings, differently from the SPT configuration.

a)

d)

c)

b)

Figure 6. Diagram of E1 tensile strain for a) SPT; b) DPT; c) TPT; d) RCD in DIANA.

For what concerns Y direction, Midas GEN confirmed the benefits the improvement of slabs
has on displacement capacity. Actually, DPT, TPT and RCD configurations register an
ultimate displacement double than SPT (Figure 7).

b)

d)

a)

c)

e)

Figure 7. a) Capacity curves along X direction according to Midas GEN; b), c), d), e) diagram of hinge
yield status in Midas GEN (from red (failure) to blue (linear)).
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4

CONCLUSIONS

The comparison of EFM (TREMURI and Midas GEN) and FEM (DIANA) approaches,
applied to building typologies such as Venetian manor houses and Palazzo Carraro, that is
with a regular distribution of openings, vertical and horizontal structures, showed that the
improvement of timber diaphragms with double-planking technique can sufficiently improve
the seismic behavior of a masonry existing building. This type of floor has low density and a
stiffness compatible with existing masonry building, making the high stiffness of r.c. slabs
above necessary. In a more general context, the study demonstrated that: a) stiffening
interventions of existing timber floors (in masonry buildings) considerably affect the seismic
behavior of the building; b) triple planking timber floors should be preferred among other
timber slab improvement techniques, being often able to give a global behavior to the
building. c) Finally, although further studies and comparisons are in need, it seems that EF
models generated in finite element environment, such as Midas GEN, have good match with
continuum FE models.
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Abstract
On August 21st 2017 an earthquake of magnitude Mw = 3.9 (Md = 4) occurred in Ischia Island (Napoli, Italy), causing numerous damages to ordinary and monumental buildings. In
September 2017 teams from the University of Napoli Federico II carried out usability checks
on churches. The damage evaluation of churches was performed by filling the II level survey
form (A-DC). The surveys allowed constructing a significant database of 27 churches. A detailed analysis of the inspected churches was performed in order to identify: i) the percentage
of usability; ii) the most recurrent structural typologies; iii) the most recurrent damages and
failure mechanisms. Based on the collected information, statistical inquires were carried out
for the inspected churches as a prodromal step for subsequent vulnerability analysis.
Keywords: Churches, Seismic Vulnerability, Risk Mitigation, Cultural Heritage, Structural
Damage.
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1

INTRODUCTION

On August 21st 2017, an earthquake of magnitude Md = 4.0 struck the Ischia Island with
epicenter in Casamicciola Terme. This event caused two fatalities and many injured people.
Despite the low magnitude, the earthquake produced significant damages to masonry and reinforced concrete (RC) buildings. The event in fact showed many deficiencies of the building
stock in Casamicciola Terme and Lacco Ameno municipalities[1][2]. Above all, the churches
of the island have shown numerous damages. Past studies [3]-[12], indeed, highlighted that
monumental buildings, in particular churches, are considerably vulnerable to dynamic actions
due to their intrinsic vulnerabilities (open plan, greater height-to-width ratio, projecting parts,
large openings, slender bell towers, absence of proper transversal connections).
Ischia Island is located in the Gulf of Napoli, about 30 kilometres far from the city of Napoli (Italy). It is a volcanic island with a surface area of 46.3 square kilometres. The island is
very densely populated, with around 60,000 residents. There are six municipalities on the island: Ischia, Barano d’Ischia, Casamicciola Terme, Forio, Lacco Ameno, and Serrara Fontana.
The island has always been historically characterized by a significant seismicity, especially
in Casamicciola Terme area. The intrinsic seismicity is linked to the nature of the island. Ischia is, indeed, a volcanic island that has been frequently characterized by low-magnitude
earthquakes (located in the northern part of the island, mostly beneath the town of Casamicciola Terme at very shallow depths). In 1881 and 1883, Casamicciola Terme was hit by two of
the most devastating earthquakes of the seismic history of the Ischia Island.
Table 1 summarizes the main events that shocked the island since the XIII century, with
the corresponding moment magnitude and maximum macro-seismic intensity recorded according to MCS scale [15]. Figure 1 shows a map of the epicentres of the historical seismic
events that hit Ischia Island since the XIII century.
Year

Municipality

Lat

Lon

Mw

IMCS,max

1275

Ischia

40.743

13.942

4.01

40.721

13.953

3.5

VIII-IX
Not
Available

40.746

13.909

3.5

VI-VII

40.735

13.919

3.5

Not
Available

40.746

13.909

3.88

VIII

40.745

13.899

4.01

IX

40.749

13.899

3.25

VI

40.746

13.909

2.87

V

40.746

13.909

2.99

V-VI

40.747

13.895

4.14

IX

40.744

13.885

4.26

X

40.718

13.89

4.37

V

1557
1762
1767
1796
1828
1841
1863
1867
1881
1883
1980

Ischia
Casamicciola
Terme
Barano d’Ischia
Casamicciola
Terme
Casamicciola
Terme
Casamicciola
Terme
Casamicciola
Terme
Casamicciola
Terme
Casamicciola
Terme
Casamicciola
Terme
Serrara Fontana

Table 1: Historical seismic events in Ischia
(http://comunicazione.ingv.it/).
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1841

1881
1863-1867-1762
1883

1275

1828
2017

1767

1557

1980

Figure 1: Historical seismic events in Ischia Island.

2

SEISMIC EVENT

On August 21st, 2017 at 18:57:51 UTC (20:57:51 local), an earthquake of a duration magnitude Md = 4 struck the Ischia Island with the epicentre in Casamicciola Terme (40.74° latitude and 13.90° longitude). The earthquake produced significant damages, especially to
churches and masonry buildings [1].
2.1

Macro-seismic intensity surveys

Immediately after the earthquake, macro-seismic surveys [16], [17] were performed by the
emergency group QUEST (QUICK Earthquake Survey Team) of INGV, in collaboration with
ENEA, aimed at assessing damages to buildings and estimating the macro-seismic intensities
according to the European EMS scale [18].
According to the surveys, a “red zone” was outlined in the district of Casamicciola Terme,
close to the epicentre. In this area, most of the buildings were made of masonry, with absence
of reinforcing elements (i.e. tie rods). The most commonly used material was tuff, a soft volcanic stone typical of Ischia subsoil and, more in general, of the whole Campania region.
Moreover, an overall high vulnerability was found for old masonry buildings. This was attributable not only to the poor quality of masonry used, but also to significant structural
changes performed in the buildings over the time.
Figure 2 reports some examples of the damage observed on ordinary masonry buildings in
the red zone of Casamicciola Terme [19].
Table 2 shows the list of investigated locations by the QUEST group and the assigned
macro-seismic intensities according to the European EMS scale [18].
The macro-seismic characteristics of the 21st August 2017 earthquake show a concentration of damages in the epicentre area with a very strong intensity attenuation, even at very
small distances. This is a typical result of shallow earthquakes in volcanic areas (generally
associated to low magnitude earthquakes).
Furthermore, the localized distribution of damage within the red zone highlights a possible
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site effect in the hilly area of Casamicciola Terme, in agreement with what was observed after
the 1883 destructive earthquake [16].

a)

b)

c)

d)

Figure 2: Damages recorded in the red zone of Casamicciola Terme (Ischia, Napoli) immediately after the August 21st 2017 event [19]: a) façade overturning in Via Ottringolo, Piazza Maio; b) partial collapse of a masonry
building in Via Montecito, Piazza Maio; c) corner overturning in Via Montecito, Piazza Maio; d) shear cracks on
masonry external walls in Via Montecito, Piazza Maio.

Location

IEMS

Location

IEMS

Casamicciola Terme (red zone)

VIII

Forio

IV-V

Bagni

VII

Perrone

IV-V

Fango

VII

Piedimonte

IV-V

Marina di Casamicciola

VI

Buonopane

IV

Fontana

V-VI

Ischia

IV

Cretaio

V

Panza

IV

Lacco Ameno
Ciglio

V

Sant'Antuono

IV

V

Campagnano

III-IV

Fiaiano

V

Cuotto

III-IV

Monterone

V

San Domenico

III

Serrara

V

Sant’Angelo

III

Barano

IV-V

Succhivo

III

Table 2: EMS intensity for different areas of Ischia Island [16], [17].
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3

INSPECTIONS

Immediately after the earthquake, several teams from University of Napoli Federico II carried out, under the coordination of the Ministry of Cultural Heritage (MiBACT), the usability
checks on churches and monumental buildings, whose aim was to define provisional safety
measures for the safeguard of buildings and their artistic content.
A total of 27 surveys were performed on churches in the most affected areas of the island.
The most damaged municipalities were: Casamicciola (6 inspected churches), Forio (17 inspected churches) and Lacco Ameno (4 inspected churches).
Figure 3 shows the map of the island with the epicentre of the earthquake and all the inspected churches.
In order to perform the inspections, the A-DC survey form [20] was adopted. The main
aim of this form is to directly provide during the emergency phase usability checks for heritage buildings hit by an earthquake. The application of this form is described in Section 4.
001
002
003
004
005
006
007
008
009
010
011
012
013
014

SMBC
SMP
MSI
SAP
SPB
SMMP
SG
SCB
SLE
SFS
SML
SMLO
SS
SGT

Santa Maria del Buon Consiglio
Santa Maria della Pietà
Santuario Maria SS Immacolata
Sant'Antonio di Padova
San Pasquale Baylon
Santa Maria Maddalena Penitente
San Gennaro
San Carlo Borromeo
San Leonardo
San Francesco Saverio
Santa Maria di Loreto
Santa Maria di Loreto - Oratorio
San Sebastiano
San Gaetano

015
016
017
018
019
020
021
022
023
024
025
026
027

SFA
SMS
SMAP
SSFP
SV
CSSA
SRPM
SSA
CDA
BSR
SMA
SLU
SD

San Francesco d'Assisi
Santa Maria del Soccorso
San Michele Arcangelo (del Purgatorio)
Santuario San Francesco di Paola
San Vito
Congrega SS Annunziata
San Rocco Pio Monte S. Anna
Santissima Annunziata
Congrega dell'Assunta
Basilica Santa Restituta
San Michele Arcangelo
Santa Lucia
San Domenico

Figure 3: Inspections performed in churches of Ischia Island after the August 21st 2017 event.
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3.1

Typological characterization of inspected churches

The inspected churches were classified according to a set of significant typological information, in order to properly analyze the typological features and the related sources of vulnerability.
A total of 27 surveys were performed on churches in three Ischia municipalities: Casamicciola (22%), Forio (63%) and Lacco Ameno (15%).
Figure 4a reports the distribution of inspected churches subdivided by municipalities,
showing that most of the churches (63%) were located in Forio municipality, quite far from
the epicentre. Figure 4b, on the other hand, reports the distribution of churches according to
the EMS macro-seismic intensity assigned [16], [17]. It is worth noting that a consistent part
(78%) of the inspected churches fall in the class IEMS ≤ V, meaning that most of the churches
were affected by slight damages. This is consistent with the damage recorded overall on the
island, since it was noticed that a very strong attenuation effect was found even at small distances from the epicentre. The remaining churches were affected by higher values of macroseismic intensities, even if only 2 churches were located close to the red zone and have
IEMS = VIII.
In order to define homogeneous structural classes related to the seismic vulnerability, the
inspected churches were examined according to plan shape, type of façade, type of bell tower,
volume of the construction and type of masonry. Six types of plan shape were considered as
shown in Table 3.
A first subdivision is performed according to the number of naves, then a further classification is carried out considering the presence of apse and/or transept. A circular (central) plan
church class is also considered. The distribution reported in Figure 4 is summarized in Table 3.
According to this subdivision, the most common typology within the inspected churches is
a one-nave church with apse (16 out of 27, i.e. 59% of the total). A typical example is the
‘Santa Maria della Pietà’ church, located in Casamicciola Terme (Figure 5).

a)

b)

Figure 4: Distribution of inspected churches for a) belonging municipalities and b) EMS macro-seismic intensity
recorded [16], [17].
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1

2

Plan type
One-Nave churches
Three-Nave churches
Circular plan

3

4

Church type
1
2
3*
4**
6
5
Not available
Total

5

6

No of churches
1
16
3
2
3
1
1
27

%
3.7%
59.3%
11.1%
7.4%
11.1%
3.7%
3.7%
100%

* 1 church with timber-framed structure
** 1 church with iron-framed masonry structure

Table 3: Distribution of plan shapes.

b)

a)

c)

Figure 5: Santa Maria della Pietà: a) façade; b) nave; c) bell gable.

It is important to note that among classes 3 and 4, two particular structural typologies have
been found: a timber-framed masonry church (Santuario Maria SS Immacolata in Casamicciola Terme) and mixed timber-framed and iron-framed masonry churches (Santa Maria Maddalena Penitente in Casamicciola Terme). Figure 6b reports the timber frame of Santuario
Maria SS Immacolata church. This structural typology was significantly widespread in the
past, especially in seismic regions like Calabria and Campania that suffered some catastrophic
events, given its adequacy to resist earthquake. The combination of two different materials
(wood and stones), indeed, ensured a good performance under seismic actions.
Figure 7b,c report both the timber and iron frames found in Santa Maria Maddalena church,
which is a unique example of mixed iron-masonry and timber-masonry structures in the national construction heritage. The church was totally rebuilt after its collapse under the strong
1883 earthquake. The presbytery and apse areas contain the timber-framed structure, while
the nave and the transept are characterized by an iron-framed structure, both embracing the
masonry structure made of local green and yellow tuff stones.
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a)

b)

Figure 6: Santuario Maria SS Immacolata: a) façade, b) timber frame.

c)

d)

e)

Figure 7: Santa Maria Maddalena Penitente: a) façade, b) iron frame, c) timber frame.

The second subdivision of the collected database considers the façade type (Figure 8). In
particular, three types of façade were identified: salient (Figure 8b), quadrangular/rectangular
(Figure 8c), and gabled shaped (Figure 8d). The most common façade has a quadrangular/rectangular shape (56%), followed by a typical gabled shape (37%).
As for the bell tower, bell gable (Figure 9a) is found in most of the churches (44%), as reported in Figure 9. The information about the bell tower is not available in only 1 case (4%)
while in the remaining cases (52%) a bell tower is present. Typically, the bell tower is partially or completely integrated (Figure 9c, d) within different portions of the church (about 52%,
37% integrated bell tower and 15% partially integrated bell tower).
About the masonry types encountered during the inspections, all churches were made of
stone masonry, mostly of great dimensions and good quality, such as tuff (Figure 10a). Moreover, poor anti-seismic protection devices, such as tie rods (Figure 10b), were found.
The size and the geometrical characteristics of the inspected churches were also taken into
account. In Figure 11, the mean plan surface encountered is reported for each church plan
shape. Nevertheless, it is important to note that, according to Table 3, only class 2 is significantly populated of a sufficient amount of churches. Table 4 summarizes the mean dimensions found for each plan shape.
It can be concluded that the typical church in Ischia Island is a one-nave church with apse,
a quadrangular or polygonal façade with a bell gable. The common height is 8 m with a surface of 120 m2. The identification of a typical church could be a useful tool in the evaluation
of detailed vulnerability analysis.
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a)

b)

c)

d)

Figure 8: a) Statistical distribution of façade typology. Examples of: b) salient façade in San Leonardo church
(Forio); c) quadrangular or polygonal façade in ‘San Francesco d’Assisi’ church (Forio); d) gabled shape façade
in ‘Santa Maria della Pietà’ church (Casamicciola Terme).

a)

b)

c)

d)

Figure 9: a) Statistical distribution of bell tower typology. Examples of: b) bell gable in ‘San Carlo Borromeo’
church (Forio); c) partially integrated bell tower in ‘San Francesco di Paola’ sanctuary (Forio); d) integrated bell
tower in ‘Congrega SS. Annunziata’ church (Forio).
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a)

b)

Figure 10: a) tuff masonry in Santa Maria Maddalena Penitente church in Casamicciola Terme; b) tie rods in the
façade of Santa Lucia church in Forio.

400

Mean plan surface [m2]

350

Plan shape
type
1
2-3-5-6
4

300
250
200
150

Average dimensions
[m2]
50
100
350

Table 4: Mean dimension for each plan shape.

100
50
0
0

1

2

3

4

5

6

7

Plan shape

Figure 11: Mean plan surface for each church plan shape.

4
4.1

DAMAGES RECORDED
A-DC form

During the emergency phases, the A-DC survey form [20] is aimed at providing usability
checks for heritage buildings affected by an earthquake [21]. Immediately after the 2017 Ischia earthquake, several inspections were carried out on churches. A total of 27 surveys were
performed on churches in the most damaged municipalities (Casamicciola Terme, Lacco
Ameno and Forio). Figure 12a shows the usability outcomes distribution for the inspected
churches of the database. Within such inspections, 56% of the structures resulted safe, 33%
safe with precautions and the remaining 11% resulted unsafe.
Figure 12b shows the distribution of usability outcomes as a function of the macro-seismic
intensity observed. It is clear that for increasing values of macro-seismic intensity there is an
increase of unsafe conditions. Moreover, the number of inspected churches, N, for each value
of macro-seismic intensity, IEMS, is reported in the graphs. It is worth noting that most of the
inspected churches were characterized by IEMS = V, about 50% of them resulted safe and
about 40% were safe with precautions. Only 2 churched were unsafe.
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N=5

N=16

N=3

N=1

N=2

11%

Safe
Safe with precautions

33%

56%

Unsafe

a)
b)
Figure 12: a) Usability outcomes for all inspected churches; b) usability outcomes as a function of macro-seismic
intensity.

4.2

Damage index

The A-DC survey form [20] analyses 28 damage mechanisms (i.e. the façade, the colonnade, the vaults, the chapels, the apse, the transept, the dome and the bell tower) in order to
verify their activation and the level of damage reached (D1-D5), defined according to the European macro-seismic scale [18].
The survey form also provides a formulation for evaluating a global damage index according to the following equation:
(1)
where n is the number of activated mechanisms and dk is the level of damage recorded for
each mechanism that varies from 0 to 5.
The obtained values of damage index id for the whole population of analyzed churches are
shown in Figure 13. For all 27 analyzed churches of Ischia Island, the mean value of damage
index is 0.12, with maximum values of 0.30 in only three cases. Most of the churches are, indeed, characterized by a low damage index, lower than 0.25.
Figure 14 shows the correlation between the damage index and the macro-seismic intensity
according to ESM scale [18]. About 80% of churches (i.e. 21 out of 27) are characterized by
IEMS ≤ V. For higher macro-seismic intensity the database is not sufficiently populated for
making reliable statistical consideration. Nevertheless, it is also clear from Figure 14 that two
churches characterized by the highest macro-seismic intensity (i.e. VIII) present the highest
damage index.

1492

Claudia Casapulla, Francesca Ceroni, Antonio Formisano, Piera Salzano and Andrea Prota

Figure 13: Damage indexes for the 27 inspected churches in Ischia.

Figure 14: Correlation between the damage index and the macro-seismic intensity.

4.3

Activated mechanisms

The A-DC survey form [20] analyses the possibility of activating 28 mechanisms. The
listed mechanisms are reported in Table 55.
M1-Overturning of the façade is one of the most studied out-of-plane mechanisms [22],
[23] (see Figure 15).
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M1
M2
M3

M8

Overturning of the façade
Overturning of the gable
Shear mechanism in the façade
Porch and narthex.
Transversal vibration of the
nave
Shear mechanism in the
nave lateral walls
Longitudinal vibration of the
central nave
Vaults of the central nave

M9

Vaults of the lateral naves

M10

Overturning of the transept
façade
Shear failure in the transept
walls
Vaults of the transept

Transept

Kinematic chain in the triumphal arches
Collapse of the dome and
the Tiburio
Collapse mechanism of the
lantern

Triumphal
arches
Dome and
Tiburio

M4
M5
M6
M7

M11
M12
M13
M14
M15

Façade

M16
M17

Overturning of the apses
Shear failure in the apses
and presbytery walls

M18

Vaults of the apses and of
the presbytery

M19

Hammering and damage in
the nave roof
Hammering and damage in
the transept roof
Hammering and damage in
the apses roof
Overturning of the chapels
walls
Shear failure in the chapel
walls
Collapse mechanism in the
chapel vaults
Interaction between elements of different behaviour
Overturning of the standing
out elements
Global collapse of the bell
tower
Mechanism in the bell cell

Naves

M20
M21
M22
M23
M24
M25
M26
M27
M28

Apses

Roof

Chapels

Bell tower

Table 5: Damage mechanisms and macro-elements defined in A-DC survey form [20].

a)
b)
Figure 15: Mechanism M1, overturning of the façade: a) scheme, and b) real case in San Sebastiano church (SS).

Figure 16 presents the correlation between the possible and activated mechanisms in the
inspected churches of Ischia. As is clear from the figure, some mechanisms present a higher
percentage of occurrence. In particular, M3 and M6 (shear mechanism in the façade, Figure
17a, b, and shear mechanism in the nave lateral walls, Figure 18a, b, respectively) are the
most frequent in the surveyed churches, characterized by a highest mean damage. Those
mechanisms were activated in over 50% of churches.
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Figure 16: Percentage of possible and activated mechanisms in the whole database.

a)
b)
Figure 17: M3, shear mechanism in the façade: a) scheme, and b) real case in San Pasquale Baylon church (SPB).

a)

b)

Figure 18: M6, Shear mechanism in the nave lateral walls: a) scheme, and b) real case in San Michele Arcangelo
(del Purgatorio) church (SMAP).
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High occurrence, though lower, is observed for M1 (Figure 15a), M13 and M17 mechanisms (overturning of the façade, kinematic chain in the triumphal arches and shear failure in
the apses and presbytery walls, respectively, Figure 19a, b), that were activated in over 30%
of churches.

a)

b)

Figure 19: a) M13, kinematic chain in the triumphal arches and b) M17, shear failure of the apses and presbytery
walls.

4.4

Damage probability matrices (DPMs)

Damage Probability Matrices (DPMs) based on statistical elaborations of the inspected
churches damage are also herein implemented. DPMs are aimed at performing vulnerability
analysis since they provide direct relationship between the observed damage (id) and the seismic action in terms of macro-seismic intensity (IEMS).
Actually, this kind of relationship is quite reliable for ordinary buildings, since using the
EMS scale different classes of vulnerability are inherently correlated to the damage levels.
For the churches, instead, vulnerability classes are not provided by EMS scale [18] and there
are some difficulties in defining them without specific inspections, meaning that the application of the EMS scale can be inaccurate.
However, a possible way is to define homogeneous groups of macro-seismic intensities
and to transform the damage index id into a discrete variable, associating it to the level of
damage dk, as reported in Table 6 (similarly to [24]).
Figure 20 reports the DPMs obtained for different intervals of macro-seismic intensities. It
has to be noted that the database is not sufficiently populated to properly fill all the macroseismic intervals. In fact, only for IEMS=V the data interval is more substantial. Nevertheless,
it is clear from Figure 16 that churches characterized by a low macro-seismic intensity (i.e.
IEMS ≤ VI), suffered low damage (damage level D0), while for higher intensities, higher levels
of damage (damage levels D1-D2, corresponding to a damage index id = 0.2÷0.3) are reached.
Level of damage dk
Damage index id

D0
0
0÷0.1

D1
1
0.1÷0.25

D2
2
0.25÷0.4

D3
3
0.4÷0.6

D4
4
0.6÷0.8

Table 6: Correlation between level of damage dk and damage index id.
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IEMS ≤ IV - N=5
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a)
IEMS =V - N=16

60%
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Data

60%

50%

50%

Churches

Churches

40%

30%

40%
30%

20%

20%
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4

0

5

1

2

3

4

5

Damage level

Damage level

b)

c)

Figure 20: DPMs for different values of macro-seismic intensity.

5

CONCLUSIONS

The earthquake that struck the Ischia Island on August 21st 2017 caused significant damages to churches and masonry building in Forio, Lacco Ameno and Casamicciola Terme municipalities.
This paper presents a general description of the event and the subsequent need of inspecting structures during the post-earthquake emergency phase. Numerous inspections were performed on churches and monumental buildings, with the aim of defining provisional safety
measures for the safeguard of their value and artistic content.
The damage evaluation was performed through the II level survey form (A-DC) filled in
situ. A database of 27 churches was constructed and a detailed examination of building typologies was carried out. The main outcome of the typological analysis was to identify the most
recurrent characteristics of the churches in Ischia Island. It was found that most churches have
a one-nave church with apse, a quadrangular or polygonal façade, and a bell gable. The average height is about 8 meters, while the surface is around 120 m2. The identification of a typical church configuration is essential for performing further and more detailed vulnerability
analysis.
Consequently, a detailed analysis on the usability outcomes and the damage recorded during the inspections was carried out. During the emergency phase, most of the churches resulted safe (56%). For some churches, provisional safety measures were needed (36%), especially
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in areas where V ≤ IEMS ≤ VII was registered. The remaining churches (33%) were found to
be unsafe, they being mostly characterized by higher values of macro-seismic intensity.
Few significant damages were detected into inspected churches. Most churches showed
damage index id < 0.25 and the mean damage recorded was equal to 0.12, consistently with
the low magnitude of the earthquake. Several cases of higher damage were found in Casamicciola Terme close to the epicentre area, since the earthquake was very superficial with a
strong intensity attenuation, even at very small distances.
Finally, an accurate study of the activated damage mechanisms was carried out, showing a
clear predominance of in-plane shear ones.
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Abstract
Non-structural masonry elements represent a significant part of the masonry cultural heritage due to their
historical and artistic value. A significant portion of the total losses in recent earthquakes worldwide has been
attributed to damage to non-structural elements, that are often very dangerous for public safety. These elements,
i.e. merlons, pinnacles, sundial, gable, often undergo out-of-plane failures also for low values of peak ground
acceleration. The assessment of the safety of these elements requires a correct evaluation of the seismic demand,
to be performed considering the amplification and filtering effects due to the underneath structure, since they are
often placed on the upper storeys of the buildings. To that end, the floor spectra are a powerful tool for assessing
the earthquake acceleration and displacement requirements on non-structural elements. This paper focuses
specifically on the linear and nonlinear kinematic analysis of freestanding masonry elements, comparing the
previous Italian Building Technical Code (2008) with that of in force. The out-of-plane overturning mechanism
of the protruding portion of the façade of a small chapel is studied, in order to better identify the main parameters
that influence the evaluation of seismic safety of such a type of non-structural elements. The seismic demand in
acceleration and displacement is computed by floor spectra both through a simplified approach and by using all
modes assumed to be significant in the activation the out-of-plane mechanism of the considered protruding
element.

Keywords: masonry building, freestanding elements, floor spectra, linear and nonlinear
kinematic analysis.
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1

INTRODUCTION

Recent earthquakes have shown the significant seismic vulnerability of historic buildings
that characterize Italian urban centres. Based on seismic damage catalogued, this paper
specifically investigates the damage mechanisms suffered by non-structural masonry elements
in order to assess their effective vulnerability. According to NTC 2018 [1] “non-structural
elements are those with rigidity, strength and mass that significantly influence the structural
response and those that, while not affecting the structural response, are equally significant
for the safety and/or safety of people”. Although this is a very relevant and common problem,
literature papers and seismic codes are still in development. An in-depth analysis is then
necessary to define reliable rules for modelling and analysing the most significant seismic
effects on protruding elements such as merlons, pinnacles, sundial, gable, etc. Furthermore,
the damage found is influenced by both the frequency component of each earthquake but also
by the different characteristics of the building, which may vary depending on the period of
construction, the materials and the morphology of the ground. The observed damage
mechanisms are generally those due to the in-plane shear failure [2] and the out-of-plane
overturning. Usually the most activated mechanism is the second one. The overturning
mechanism of freestanding elements is more frequent and is dangerous for both the structural
integrity of buildings (it has strong impact on the conservation) and for public safety, even
because can occur with low values of peak ground accelerations.
In [3] there is an analysis of a group of castles, to find a relationship between construction
features and damage and a table proposal is included to catalogue the main damage
mechanisms identified in the castles affected by the 2012 earthquake in Emilia. However, this
table was defined considering only a limited number of cases coming from the Emilia region;
so it has a limited range of possible applications for cataloguing the damage caused by future
earthquakes somewhere else and, above all, for the identification of all the vulnerable
elements in order to undertake a preventive conservation [4, 5]. In [6, 7] the authors extended
the study to two strong Italian earthquakes (Irpinia 1980 and Emilia 2012), considering a
larger number of cases coming from different areas, implicitly considering different
characteristics of the earthquake, ground type, distance from epicentre, type of construction,
materials, technologies and state of conservation. In the paper [2], the number of seismic
events considered has been further extended, including the earthquakes of Central Italy in
2016.
The protruding elements most studied in literature are the merlons and many studied
examples are available: the castle of Arquata [8], the castle of Rancia in Tolentino (Figure 1)
and the fortress of Visso [9].

(a)

(b)

Figure 1: Rancia castle: (a) The merlons of the west tower; (b) The east façade with collapsed merlons [10].
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Also in the case of the Castles of Giovannina (in San Giovanni in Persiceto), Pio (in Carpi),
and Galeazza, the fortresses of Emilia and Reggiolo, the Gonzaga ducal palace (in Revere),
referring to the earthquake of 2012, the Castle of Monte (in Montella), referring to the Irpinia
earthquake of the 80’s, in some masonry castles damaged by the Friuli earthquake and in the
Castle of the Tower of Lorca, referring to the earthquake of Lorca in 2011, the seismic
damage mechanisms are noticeable [2, 11].
Field surveys have shown that some seismic retrofitting interventions have not always been
effective. In particular, the concrete ring beams introduced in the twentieth century were even
harmful and, starting from the earthquake of Umbria-Marche in 1997 [12], seismic events
have more highlighted how these interventions have been harmful. Unfortunately, several are
the cases in which even strengthening interventions led to failure mechanisms or even the
collapse of historic masonry buildings, as in the case of the San Felice sul Panaro fortress [13].
A paradigmatic example is the Urbisaglia Castle which has two different types of merlons:
thin swallow-tailed merlons on the donjon and squat rectangular shaped merlons on the
defensive walls (Figure 2). It is worth noting that only the thin ones were damaged by the
earthquake. In theory, squat merlons should be more vulnerable to sliding shear failure.
Nevertheless, no cases are reported in the analysed literature, even sliding shear damage could
occur and, then, should be taken into account as possible failure mechanism for merlons.
Considering all of this evidence, the case studies analysed in [2] show that damage and
collapse of merlons can occur even with low values of peak ground accelerations (PGA),
starting from about 0.05 g, especially for overturning mechanisms.

Figure 2: Urbisaglia Castle in Emilia [10]

From a structural point of view, blackbirds behave like a rigid block that can slide or rock
and the oscillations of this type have been extensively studied in literature [14, 15].
Determining the type of dynamic response under earthquake is fundamental because it
regulates the subsequent motion and the consequent type of failure. In the Ferretti et Al. paper
[16] the rocking behaviour of blackbirds is studied performing nonlinear kinematic analysis.
Churches and palaces represent another important class of buildings that frequently
suffered serious damage under earthquakes. Several times the existing heritage consists of
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buildings with slender and non-structural elements at the top, as shown in Figure 3 and 4:
these frequently have veils with bells or clocks, which mainly characterize relevant or
municipal buildings. Furthermore, the study by Sorrentino et Al. [15] highlights that the
damage in churches is often concentrated in the upper part of the façade. Finally, parapets are
very vulnerable even in buildings that have been or reworked or strengthened, as can be seen
even after the Canterbury earthquake [17].

(a)

(b)

Figure 3: (a) S. Giovanni in Laterano Palace, Rome; (b) Montecitorio Palace, Rome.

(a)

(b)

Figure 4: (a) City Hall, Rieti; (b) University of Bari, Bari.

Also Milani [18] has generally found that the façades (and in particular the tympanums)
present an extremely high vulnerability. The reason is related both to the geometry of the
façades and to the very poor or inexistent connection with the perpendicular walls. Through
three types of approaches, (linear kinematic analysis, global pushover analysis and FE upper
bound limit analysis), it has been shown that, in almost all cases, the same failure mechanism
is very likely. However, an important feature of all the analysis should be their ability to
identify all those structural elements that can undergo a failure mechanism at low horizontal
accelerations.
This paper investigates specifically the out-of-plane overturning mechanism of protruding
portions of façades, in order to identify the main parameters that influence the assessment of
their seismic safety. The focus is set on the linear and nonlinear kinematic analyses,
comparing the previous Italian Building Technical Code [19] with that of in force [1].
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2

KINEMATIC ANALYSIS OF FREESTANDING MASONRY ELEMENTS

The safety assessment of non-structural and secondary elements can be performed by the
equilibrium limit analysis, according to the kinematic approach. This requires the choice of
the collapse mechanism to be analysed, based on the possible presence of cracks, even of nonseismic nature, the quality of connection between walls, the presence of tie-rods and the
interaction with other elements of the building or of adjacent buildings.
In this paper, the out-of-plane overturning mechanism of protruding portions of façades is
analysed through linear and non-linear kinematic analysis, comparing the results obtained
according to the 2008 and 2018 version of the Italian Building Technical Code [1, 19] and
related Instructions [20, 21].
Linear kinematic analysis
The main changes between the two code versions mainly concern the seismic demand: the
2019 Instruction [20] explicitly takes into account the filtering effect exerted by the
underneath structure, requiring to compute the floor response spectrum at the base of the
examined element. The acceleration spectrum SeZ (T,) at a given level z is computed by:




(1)

where:













(2)






(3)

and Se(T,) is the elastic response spectrum at the ground level, for the period T and the
viscous damping ratio  of the element; T1 is the first period of the structure; SeZ,k is the
contribution to the floor response spectrum provided by the kth vibration mode of the structure
with Tk period and k damping; a and b are factors that define the range of maximum
amplification of the floor spectrum, equal to 0.8 and 1.1 respectively; k, k(Z) and () are
the kth modal participation factor, the kth modal shape and the damping correction factor of the
main structure.
According to [20], the safety index, for each limit state (damage and mechanism
activation), has to be evaluated as the ratio between the acceleration ag, computed by Eqn (1),
which equals the capacity of the mechanism in terms of acceleration and the peak ground
acceleration (PGA).
The previous version [21] instead required that the following equation be satisfied:
(4)
where o is the load multiplier that activates the mechanism, e* is the fraction of participating
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mass of the structure, FC is the confidence factor, Se(T1) is the elastic response spectrum for
the first period T1 of the main structure, (Z) is the first vibration mode of the main structure
(advised to be assumed equal to (Z) = Z/H, where z is the height of the constraint lines
between the block undergoing the mechanism and the remaining structure), is the modal
participation factor of the main structure, equal to 3n/(2n+1), where n is the number of stories;
q is the behavior factor, equal to 1 for the limit state of damage (LSD) and equal to 2 for the
limit state of mechanism activation (LSA). Eqn. (4) immediately provides the safety index for
both the limit states as ratio between capacity and demand in terms of acceleration.
Non-linear kinematic analysis
In the nonlinear kinematic approach, the behaviour of the protruding element is
represented by a descending capacity curve in terms of seismic acceleration and displacement
of a reference point, chosen as the mass center of the element. However, before the activation
of the mechanism, the dynamic response of most protruding elements is substantially the one
of a linear elastic cantilever; therefore, the 2019 Instruction requires the introduction of an
initial linear elastic branch in the acceleration-displacement curve, linking the acceleration to
the displacement by the period Ta of the freestanding element.
In both code instructions [20, 21], the capacity at LSA is evaluated on the accelerationdisplacement curve, in correspondence of the lesser displacement between:
- the displacement dU = 0.40 dO, being dO the displacement at which the spectral acceleration
is equal to zero [20, 21].
- the displacement corresponding to a reduction in capacity, in terms of acceleration, greater
than 50% of the maximum value for the failure of some structural elements [20]; the
displacement corresponding to locally incompatible situations for the stability of the element
[21].
Moreover, the 2019 Instruction also requires the safety assessment at the limit state of
collapse (LSC), assuming the displacement capacity equal to the lesser between 0.60 dO and
the one corresponding to locally incompatible situations for the stability.
In [20], the safety assessment is performed by computing the ground acceleration that
produces a displacement demand on the mechanism equal to that corresponding to the
achievement of the considered limit state (LSA or LSC). To this end, it is necessary to
evaluate, on the capacity curve acceleration-demand, the characteristic equivalent period of
the two limit states, suitably reduced with respect to those corresponding to the ultimate
displacement, to consider the dispersion of results near the dynamic instability threshold:
(5)
where the factor k depends on the state limit, assuming 1.68 for the limit state of activation
(LSA) and 1.56 for the limit state of collapse (LSC).
The demand is therefore computed by the acceleration spectrum at the level z (Eqn.1),
transformed into a displacement spectrum, that is multiplying by T2/4 2:
(6)
As for the linear kinematic analysis, Eqn. (6) allows to evaluate the acceleration demand,
for each limit state, and compare it to the peak ground acceleration (PGA).
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In [21], instead, the displacement demand was to be computed on the displacement
spectrum at the level z of the element, but the code allowed to perform the seismic assessment
by means of the following equation:
(7)
where the secant period TS = 2 (dS/aS)1/2 was computed for the displacement dS = 0.4 dU.
3 CASE STUDY
The updating proposed by the 2019 version of the Italian code for linear and nonlinear
kinematic analysis is investigated by analysing a simple masonry building, that is a chapel in
the outskirts of Nola, province of Naples. The church was built around the seventeenth
century, as reported by the bell dated 1622, by the Count "Bracciolla". It was defined the
“Second Porziuncola of St. Francesco” for its similarity and reduced dimensions compared to
that of Assisi (Figure 5). It is a structure with single nave approximate 8 m long and consists
of two rooms. The first, wider, devoted to liturgy, is 4.25 m wide, 5.00 m long and 4.00 m
high. The second room, of a smaller size, is the sacristy and is 4.25 m wide, 1.75 m long and
3.45 m high. The walls are in tuff masonry, and are 0.45 m thick; the concrete roof is flat.

(a)

(b)

Figure 5: Chapel Second Porziuncola of St. Francesco in Nola: façade (a), detail of protruding element (b)

The façade has a total height of 6.05 m. The protruding element has a triangular shape
similar to a tympanum, with a maximum height of 2.25 m, is 0.30 m thick and is leans on the
roof at level of 3.80m.
Regarding the seismic input, the site has latitude 40.936503 and longitude 14.513228.
Assuming the soil class A, the topographical category T1, Table 1 summarizes the seismic
parameters computed for the three limit states considered in the following.
ag [g]

F0

Tc*[sec]

LSD

0.067

2.318

0.312

LSA

0.180

2.382

0.355

LSC

0.227

2.452

0.363

Table 1: Values of seismic parameters
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4

ANALYSIS AND RESULTS

The local mechanism involving simple overturning of the protruding part of façade of the
studied chapel is envisaged in this section. Obviously, this mechanism do not cover the
totality of the possible ones.
Initially, a dynamic characterization of the building was performed through a threedimensional FE model. Figure 6 shows the first and third vibration mode: the first is
translational in the transverse direction to the construction, the third, as the second one, is
instead translational in the longitudinal direction. The fundamental period T1 of the building is
equal to 0.083 sec. The analysis allowed to select the modes assumed to be significant for the
considered mechanism, i.e. those that activate the out-of-plane response of the considered
protruding element. Table 2 contains the dynamic parameters of the modes used to compute
the floor spectra (i.e. those that have the largest participation vector modes).

(a)

(b)

Figure 6: First and third vibration mode of the analysed chapel

Mode





K(z)

K(z)

3

0.0613

-6.0443

-0.1750

1.0576

2

0.0757

6.5804

0.0207

0.1365

4

0.0530

-0.1665

-0.0907

0.0151

16

0.0257

-0.2138

-0.0185

0.0040

15

0.0260

-0.1624

-0.0058

0.0009

22

0.0216

-0.1251

-0.0049

0.0006

Table 2: Dynamic parameters of the modes assumed to be significant

From the structural point of view, the un-cracked freestanding portion can be modelled as a
linear elastic cantilever while after cracking at the base it behaves as rigid blocks that could
overturn with respect a cylindrical hinge at the top of facade.
The first period Ta of the protruding portion of façade estimated by means of the threedimensional FE model (thus considering the actual triangular geometry of the element) is
0.070 sec, whereas the period determined by considering a cantilever of unit width and 1.75 m
long is equal to 0.078 sec.
In the kinematic analyses, the block self-weight applied at its mass centre and the
corresponding inertial horizontal force are only considered to act; dead and the live loads due
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to the roof are assumed equal to zero because the masses associated to floor gravitational
loads don't participate to the failure mechanism.
The presented results are based on the hypothesis of infinite compressive strength of
masonry. Moreover, it is known that the out-of-plane response is influenced by the section
morphology and the masonry quality, and the rotation axis could be back-warded with respect
to the outside corner of the block. This would cause a reduction in the safety index, as well as
a downward translation of the capacity curve.
The new code version [1, 20] requires to perform the safety assessment using the floor
response spectra. The latter are strongly influenced by the non-linearity level of the main
structure: they usually present a significant amplification in correspondence with the
fundamental period of the elastic structure, which is reduced when the main structure enters
the non-linear range of behaviour. The code takes into account this effect advising to assume
elongated periods and incremented equivalent viscous damping of the main structure.
The increase in the fundamental period is nevertheless a crucial point: the increase is
dependent on the level of shaking and the consequent extent of nonlinearity which is attained
within the structure. However, this effect has been more frequently observed in experimental
tests and theoretically studied for r/c buildings, while few data are available for masonry
structures. Therefore, the modification of periods of the main structure could involve
unreliable changes in the safety indexes. And in this context it must not be forgotten that the
amplification on non-structural elements also depends on the relationship between the periods
of the elements and the structure. Finally it should be considered that the elongation of the
periods should be different for each limit state.
In the analyses that follow, in the absence of reliable data on this issue and wanting mainly
to perform a comparison between the two versions of the Italian code, it was considered
appropriate do not change the fundamental period of the building at LSD and to impose the
same elongation of 50% (the minimum advised by [20]) at LSA and LSC.
On the other hand, it is important to take into account the effects of the nonlinear
behaviour on the damping, considering the influence on both the floor spectrum (due to the
non-linearity of the main structure) and the displacement demand (due to the non-linearity of
the mechanism involving the protruding element). Few data are available for tuff masonry:
therefore, comparing the two seismic codes, it was believed suitable to perform the analyses
for a damping k of the main structure equal to 5% and 10%; the damping a of the
mechanism has been constantly assumed equal to 5% in the linear kinematic analyses and
equal to 8% and 10% (as required by the 2019 Instruction) in the nonlinear kinematic analyses
respectively at LSA and LSC. This assumption is also based on the evidence that many
protruding elements collapse for small values of acceleration, and therefore in almost total
absence of damage to the main structure, especially as in the case under consideration, the
construction being particularly low.
Linear kinematic analysis
Applying the principle of virtual work, the load multiplier o is equal to 0.20. Therefore,
the acceleration ao that activates the mechanism (Eqn. 4) is equal to 1.96 m/sec2 (the fraction
of participating mass of the structure e* is equal to 1.0, the confidence factor FC has been
assumed unitary).
According to [21], the safety indices IS (capacity to demand ratio) at LSD and LSA,
computed for T1 = 0.05 H3/4 = 0.136 sec, k(z) = 1.00 and k1, are summarized in Table 3.
The 2019 code version requires to compute the seismic demand by means of floor response
spectra (Eqn.1), considering all significant modes of vibration of the main structure. However,
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for structures with masses uniformly distributed along the height (regular buildings), the code
provides that a simplified approach can be used, neglecting the contribution of higher modes
(because they are not very significant) and considering only the contribution of the first mode
in the direction of interest. The code advises to assume the same expressions foreseen by [21]
for the first vibration mode and the modal participation factor. However, the equation of the
first vibration mode would be correct if it is not close to an inverted triangle.
Table 3 also contains the results of linear kinematic analyses performed according to [20]:
IS is the safety index computed considering all significant modes of vibration of the main
structure (Table 2) while IS,1 is computed using simplified values of k(z) and k

MIT 2009
k
LSD
LSA

5%

IS
1.29
0.96

MIT 2019
k

a

5%

5%

IS

IS,1

0.45

0.40

0.19

0.46

k

a

10 %

5%

IS

IS,1

0.66

0.60

0.33

0.63

Table 3: Results of linear kinematic analyses

The difference in safety indices computed according to [20] and [21] is obviously due to
the different method of calculating the demand: the new code version more correctly requires
to compute it through floor spectra and not only referring to ground spectra, as considered in
the past. Table 3 shows that the new IS values are significantly smaller, regardless of the
damping value k.
Table 3 also shows a not negligible difference between the safety indices at LSA computed,
according to [21], considering all the significant modes (IS) and those assessed according to
the simplified approach (IS,1). This is mainly due to the difference between the period of the
most significant mode (0.061 sec) and the approximate value of the period used in the
simplified approach (0.136 sec), also in relation to the period of the protruding element (0.078
sec). The above period, in fact, influences both the value of Se(Tk,k) in Eqn (3) and the range
of periods for which there is the largest amplification in the floor spectra. Its influence is also
strongly dependent on the assumed elongation considering the non-linearity of the main
structure.
Finally, a role in the difference between safety indices is also played by the parameters a
and b which modify the range of maximum amplification of floor spectra (Eqn.2). The
extension of the period range may or not involve the significant period of the structure and
therefore may affect the amplification provided by the floor spectra. In the case under
examination, the parameter a provides this type of influence.
The previous considerations highlight the importance of a reliable evaluation of the
elongation of the most significant period of the main structure in the kinematic analysis of
freestanding elements.
Nonlinear kinematic analysis
The displacement capacity of the mechanism is assessed, as required by both codes, on the
acceleration-displacement curve (dU = 0.40 dO). According to [20], is equal to 0.06 m at LSA
and 0.09 m at LSC, the secant periods TS are respectively equal to 1.192 sec and 1.660 sec.
While according to [21], dU is equal to 0.06 m, dS = 0.40 dU = 0.024 m and the secant period
TS is equal to 0.897 sec.
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Table 4 summarized the results provided by the nonlinear kinematic analysis in terms of
safety indices IS and shows that, in this case, the difference between the two codes at LSA is
particularly small.
MIT 2009
k
LSA
LSC

5%

IS
1.50
-

MIT 2019
k
5%

a

IS

IS,1

8%

1.39

1.39

10 %

1.23

1.23

k
10 %

a

IS

IS,1

8%

1.39

1.39

10 %

1.23

1.23

Table 4: Results of nonlinear kinematic analyses

Moreover, referring to the procedure provide in [20], the results are the same both
considering all the significant vibration modes and considering only the first one. In the
present case, also the variation in the damping k of the main structure does not imply
significant variations in the IS indices. This is due to the particularly small magnitude of the
displacement demand determined at the TS periods, whereby changing the number of modes
or the damping k the variation in displacement demand is at most irrelevant.
Linear kinematic analysis vs nonlinear kinematic analysis
In [20] it is stated that the simplified verification with behaviour factor through linear
kinematic analysis should be performed when the capacity curve acceleration-displacement is
not calculated, and only the multiplier that activates the mechanism is computed. And this
simplification should be convenient for complex mechanisms, for which the execution of a
nonlinear kinematic analysis would be problematic. The case study examined in this paper
does not fall into this ambit: a nonlinear kinematic analysis should therefore preferably be
carried out.
However, the above does not justify the marked difference in the values of the IS indices
computed through linear and non-linear kinematic analyses. Nor should the experience that
indicates how frequently non-linear kinematic analyses lead to greater values of the capacityto-demand ratio should be comforting. In the case under examination, in fact, the difference is
very significant. This is due to the closeness of the fundamental period of vibration of the
main structure (or that of the most significant mode) and the period of the protruding element.
This closeness implies an amplification in the acceleration demand (linear kinematic) which
does not correspond to an analogous amplification in terms of displacement demand (nonlinear kinematic). Furthermore, the assessment of the displacement dS at which to calculate
the secant period TS and the evaluation of the latter also seem to have a non-negligible role,
since they can significantly affect the displacement demand.
5 CONCLUSIONS
The paper deals with the assessment of the seismic safety of freestanding masonry
elements. For this purpose the protruding element of the façade of a small church is studied.
The analyzes were carried out according to the linear and non-linear kinematic approach, also
comparing the last Italian seismic code with the previous one.
A small and simple construction was deliberately analyzed to investigate in detail the main
features of the new version of the code, that involves a significant improvement compared to
the past, introducing more clearly the use of floor spectra in the evaluation of seismic demand.
The simplicity of the construction also allowed clear indications to be given on some features
of the verification procedure.
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The analysis confirmed that the elongation of the vibration periods of the main structure,
needed to consider the non-linearity of the structure's response, plays a particularly crucial
role in the assessment of seismic safety. Especially for tuff masonry building for which few
information is available on this topic.
As is known, in fact, the floor spectra provide the largest amplification in correspondence
with the fundamental period of the main structure (or that of the most significant mode):
therefore, in small and low buildings, such as the one examined here, generally characterized
by the closeness between the period of the main structure and that of the protruding element,
the assessment of the aforementioned elongation has an evident considerable influence.
For these constructions, moreover, the closeness between the two aforementioned periods
implies an amplification in the acceleration demand which does not correspond to an
analogous amplification in terms of displacement demand: this involves a significant
difference among the safety indices computed by linear and nonlinear kinematic analyses.
And this could lead to confusion in practical applications by professional technicians.
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Abstract. The in-plane response of masonry walls is analyzed by using a novel macromechanical damage model. This is able to capture the directional mechanical properties characterizing
regular masonry textures by adopting an orthotropic description of the elastic and inelastic
behavior. A damage matrix, defined in terms of damage independent scalar variables, is introduced in the constitutive law to describe and distinguish the stiffness degradation due to
tensile, compressive and shear states along masonry natural axes, fixed as the parallel and normal direction to bed joints. The model is implemented in a finite element procedure, where the
mesh-dependency drawback is overcome by adopting a classical nonlocal integral approach.
Comparisons of numerical and experimental results are performed to test the model capability
of describing influence of the orientation of applied stresses with respect to bed joints direction.
Moreover, a numerical study is conducted with reference to different masonry textures with the
aim of evaluating the effect of bricks and mortar relative arrangement on the elastic properties
of the homogenized material. Finally, the response of a large scale masonry wall subjected to
seismic loads is studied and the obtained pushover curve is compared with those collected from
existing literature models .
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1

INTRODUCTION

Masonry is a composite material, made of units, bricks or blocks, properly connected with or
without mortar. Its heterogeneous nature leads to mechanical behavior characterized by complex stress distributions in the constituent materials, with nonlinear, non-symmetric and usually
anisotropic macroscopic response. To numerically reproduce these peculiar features several
modeling strategies [1] have been developed, ranging from simplified to very sophisticated
models. Within the Finite Element (FE) framework, multiscale [2, 3, 4] and micromechanical
[5, 6] approaches provide accurate predictions of the structural response, as these naturally account for geometry, arrangement and constitutive behavior of masonry constituents. Enhanced
formulations were also proposed based on multidomain models [7, 8]. The main drawback of
such modeling techniques consists in the high computational burden required and, consequently,
their applicability is limited to the analysis of small elements or structural details.
To date, macromechanical models, which consider masonry as an equivalent homogeneous
medium where the constituent materials are no longer distinguishable, represent the best compromise between accuracy and computational cost. These models establish proper relationships
between average masonry strains and stresses, commonly making use of constitutive laws with
damage and plasticity inner variables. Despite isotropic models are largely adopted [9, 10, 11],
because of their simplicity and reduced number of material parameters needed, these do not
allow to describe the anisotropic nature of the response, typical of masonry with regular texture
in which mortar joints act as plane of weakness. Thus, the most advanced macromodels account
for the substantial discrepancy among mechanical properties observed in different material directions by making use of anisotropic plasticity or damage formulations [12, 13, 14].
It should be remarked that the anisotropic behavior usually reduces to an orthotropic one,
as shown by the experimental correlation [15] between the ratios Young’s modulus-to-Poisson
coefficient defined along the masonry natural/material axes, fixed as the normal and parallel
direction to bed joints orientation. In heterogeneous materials, onset and evolution of nonlinear
phenomena can modify the initial orthotropic response, leading to a more general anisotropic
behavior. However, for masonry it is reasonable to assume that damage development does not
alter the initial material symmetries [13], as microcracks are usually located at brick-mortar
interface and follow the directions of material axes. Hence, failure criteria for masonry can
not be expressed only in terms of principal stresses or strains, as usually adopted for isotropic
materials, but have to take into account influence of orientation of applied stresses with respect
to bed joints direction. As suggested in [16], two alternative representations are possible: the
criterion can be expressed either in terms of principal stresses and their orientation with respect
to bed joints or in terms of stresses referred to the natural axes, being this latter representation
more suitable for finite element modeling.
Basing on the previous considerations, this paper presents an orthotropic macromechanical
model with damage tailored to the 2D analysis of masonry structures, able to distinguish stiffness and strength mechanical properties along the material axes. Failure mechanisms due to
crushing, cracking and shear are captured by properly defining a damage matrix, considering
independent damage variables. Model performance is evaluated through numerical and experimental comparisons and, then, the effect of adopted masonry texture on the level of orthotropy
of the elastic response is evaluated. Finally, the pushover analysis of a masonry wall is performed and the effect of damaging mechanisms on the structural response is investigated.
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2

ORTHOTROPIC MACROMECHANICAL DAMAGE MODEL

The real heterogeneous masonry material is modeled as a fictitious 2D homogenized orthotropic medium with the natural axes (T, N ) as axes of orthotropy. First, the constitutive law
is defined in the material axes system (T, N ), then, is expressed in the global (x, y) coordinate
(see Figure 1) by using standard transformation rules.
y N
Homogenization

T
ϑ

x
Figure 1: Global (x, y) and material (T, N ) axes of the homogenized masonry material.

The stress-strain relationship, derived on the basis of the damage mechanics energy equivalence
principle, results as:
σT N = (I − D)T CT N (I − D)εT N

(1)

In Eq. 1, CT N is the elastic orthotropic constitutive matrix of the undamaged material for plane
stress conditions, I is the 3 × 3 identity matrix and D the damage matrix containing the three
scalar variables DT , DN and DT N , as follows:


DT 0
0
0 
D =  0 DN
(2)
0
0 DT N
To account for the unilateral effect typical of masonry material, the introduced damage variables
DT and DN are defined as a proper combination of damage parameters for tensile, Dit , and
compressive, Dic (i = T, N ), strain states, as follows:
DT = αT DT t + (1 − αT )DT c
DN = αN DN t + (1 − αN )DN c

(3)

The weighting coefficients, αT and αN , are introduced to rule the stiffness recovery related to
the re-closure of tensile cracks when the material undergoes compressive states.
All the damage variables, Dit , Dic and DT N , can range between 0, corresponding to the
undamaged material, and 1, representing the completely degraded state. Furthermore, these
have to satisfy the irreversible thermodynamic condition such that Ḋit ≥ 0, Ḋic ≥ 0 and
ḊT N ≥ 0 and the constraints Dit ≥ Dic . Each damage variable is associated to a peculiar
failure mode, as sketched in Figure 2, thus distinguishing degrading mechanisms due to tensile
and compressive states, parallel and normal to bed joints, and shear states. Accordingly, to drive
the evolution of damage, associated variables are defined on the basis of the strain state acting
in the material axes system. These result as:
YT = εT + ν̃N T εN
YN = εN + ν̃T N εT
Y T N = γT N
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where ν̃N T = [(1 − DN )/(1 − DT )]νN T and ν̃T N = [(1 − DT )/(1 − DN )]νT N are the degraded
Poisson ratios under uni-axial stress state.

(a)

(b)

(c)

(d)

(e)

Figure 2: Failure modes associated to (a) DT t , (b) DN t , (c) DT c , (d) DN c and (e) DT N .

Furthermore, a proper limit surface is introduced to rule damage activation, being geometrically defined as the intersection of an ellipsoid and an elliptic cone in the space of the damage
associated variables. Only few material parameters are needed to construct the surface, that
is the uni-axial damage thresholds in the parallel, YT t0 and YT c0 , and normal, YN t0 and YN c0 ,
direction to the bed joints orientation (by distinguishing them to account for the non-symmetric
behavior in tension and compression, as the subscripts ‘t’ and ‘c’ indicate), the pure shear Ys0
threshold and bi-axial compressive Ycc0 threshold (see Figure 3).

YTc0

YTN

YNt0

YN

YTt0

YT

Ys0

YN

YNc0

YT

Ycc0
(a)

(b)

Figure 3: Damage limit surface in the (a) YT N -positive damage associated variables space and (b) YT -YN plane.

According to the damaging criterion, points lying inside the surface represent material elastic
states, otherwise damage evolution occurs and the damage thresholds YT 0 , YN 0 , YT N 0 have to
be identified. Once evaluated the activation thresholds, the following rational evolution rules
are assumed:
Dit =

Yi − Yi0
(Yi ≥ 0) ,
at Y i + bt

Dic =

|Yi |−|Yi0 |
|YT N |−|YT N 0 |
(Yi < 0) , DT N =
ac |Yi |+bc
as |YT N |+b̄s
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with i = T, N and at , ac , as , bt , bc , b̄s material parameters selected on the basis of uni-axial
tension, compression and pure shear tests. Peak strengths of stress-strain relationships are
mainly governed by bt , bc and b̄s parameters, while at , ac and as influence the slope of softening branches. It should be underlined that a linear variation of b̄s with the compressive stress
c
c
σN
(b̄s = bs + |σN
|bs ) is introduced to phenomenologically capture the well-known increment
of the fracture energy associated to MODE II of failure with the normal compressive stress. As
emerges from Eq. 5, the sign of YT and YN variables permits to distinguish between damage in
tension and compression along each material axis.
The presented model is introduced in a 4-node isoparametric FE and implemented in the
FEAP code [17]. A classical nonlocal integral procedure [18] is adopted to overcome the meshdependency drawback emerging in case of strain-softening behavior. Thus, the local damage
associated variables in Eq. 4 are replaced by their integral definition, depending on the nonlocal
radius lc .
3

BI-AXIAL FAILURE DOMAINS

To validate the proposed model and show its capability of describing influence of the applied
stresses with respect to bed joint direction, the experimental tests performed by Page [19, 20]
are numerically reproduced. Test conditions were designed to impose bi-axial stresses, oriented
at various angles ϑ with respect to the bed joints, on square panels made of half-scale solid clay
units arranged in running bond texture. Failure surfaces were obtained in terms of principal
applied stresses and their orientation with respect to the material axes.
Table 1 contains the material parameters used to perform the numerical analyses, which are
selected according to data provided by Page et al. [19, 20, 21].

ET [MPa]
5700

Elastic parameters
EN [MPa] νT N GT N [MPa]
5600
0.19
2350

YT t0
6.8E-05

at/c/s
0.99

Damage parameters
bt
bc
bs
4E-05 2E-03 1E-04

Damage thresholds
YT c0
YN t0
YN c0
Ys0
6.8E-04 4.2E-05 1.2E-03 1.3E-04

Ycc0
1.1YN c0

Table 1: Material parameters for Page panels.

A good agreement emerges between numerical and experimental outcomes, as Figure 4 shows
by comparing the experimental (dots) and numerical (solid lines) failure domains for different
values of ϑ angle. To be noted is that, in case of ϑ = 0°, non-symmetric shape of the failure
surface, with respect to the bisecting axis, is found. This is due to the different mechanical
properties defined along material axes T -N , which correspond to the principal stress directions.
By varying ϑ, the asymmetric characteristic of the failure surface is gradually lost until the
symmetric shape is fully resorted at ϑ = 45°(see Figure 4(c)), as a consequence of the stress
acting along the material axes.
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Figure 4: Failure surface for (a) ϑ = 0°, (b) ϑ = 22.5°and (c) ϑ = 45°: comparison between numerical (solid line)
and experimental (dots) results from Page [19, 20].

4

EFFECT OF TEXTURE

As known, the level of orthotropy of the homogenized material response depends on geometry, size, mechanical properties and arrangement of the constituent materials. Hence, to
investigate the effect of bricks and mortar relative arrangement on the elastic properties of the
homogenized material, different masonry textures are here analyzed.
Figures 5(a-d) show examples of masonry-like composite textures with rectangular bricks,
namely running, English, Flemish and header bond. Brick dimensions are 250 ×120 ×60 mm3 ,
whereas 10 mm thick mortar is considered.
To evaluate the effective elastic properties, a homogenization procedure [22] is adopted, based
on the selection of a cell representative of the periodic masonry (RVE), which generates the
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regular arrangement by repeating itself in the real medium. The selected cells for each texture
are highlighted in Figure 5 with white blue windows.

(a)

(b)

(c)

(d)

Figure 5: Masonry textures: (a) running, (b) English, (c) Flemish and (d) header bond.

Each RVE is modeled at the microlevel by separately discretizing bricks 0 b0 and mortar 0 m0
by 4-node quadrilateral FEs. Linear elastic isotropic constitutive laws are adopted for both with
Young’s moduli Eb = 10000 MPa and Em = 1000 MPa, and Poisson ratios νb = νm = 0.15.
Then, the macroscopic strain vectors [1 0 0], [0 1 0] and [0 0 1] are sequentially imposed to the
RVE as input kinematic conditions. On the basis of these, the microscopic displacement field
at each point of the RVE is expressed as the superposition of two different parts, as follows:
u = ū + ũ

(6)

where ū is the assigned displacement, depending on the kinematic map linking the macro and
micro level, and ũ is the fluctuation field satisfying the periodicity conditions on the RVE
boundary. The microscopic strain field is then derived by applying the compatibility conditions
and the stresses are computed on the basis of the constitutive response of each constituents.
Then, by applying the Hill-Mandel equivalence principle, the macroscopic stresses associated
to the assigned macroscopic strains, and representing the columns of the homogenized elastic matrix CT N , are obtained as shown in Table 2. Here, it can be noted that different levels
of orthotropy emerge depending on the adopted masonry texture, with the more significant
anisotropic response obtained for the running bond arrangement.
Moduli [MPa]
Running bond
English bond
Flemish bond
Header bond

CT N (1, 1)
6988.3
6260.4
6494.6
5610.8

CT N (1, 2) = CT N (2, 1)
584.7
551.9
562.3
524.1

CT N (2, 2)
4367.1
4313.3
4331.2
4259.8

CT N (3, 3)
1745.7
1681.9
1701.5
1625.9

Table 2: Elastic moduli of the homogenized masonry in Figure 5.

To summarize, notwithstanding the initial elastic characteristics can be significantly modified
due to onset of nonlinear mechanisms, these can provide useful information to identify cases
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where it is required to resort to anisotropic material description instead of a simplified isotropic
one.
5

PUSHOVER RESPONSE OF A TWO-STORY MASONRY WALL

To further validate the proposed model, the response to lateral loads of a one-bay unreinforced masonry wall is analyzed and compared with that obtained by existing literature models
[23, 24]. Geometry of the structure (thickness t = 0.6 m) and loading conditions are shown
in Figure 6(a). The wall is subjected to self-weight (ρ = 2 t/m3 ) and uniformly distributed
masses at floor levels, resulting in additional vertical loads about equal to p1 = 60 kN/m and
p2 = 40 kN/m at first and second floor, respectively. Then, horizontal forces are applied mimicking a first mode distribution as sketched in Figure 6(a), where V represents the value of the
base shear force.
As concerns the mechanical parameters, these are selected according to the data adopted by
Salonikios et al. [23]. The authors considered different modeling strategies based on equivalent
frame model, macromechanical and discrete element approaches. In the discrete model, bricks
and mortar were modeled as elastic material and elastic-plastic interface elements, respectively
(Eb = 2400 MPa and Em = 400 MPa). The assumed tensile and compressive strengths for
joints were ft = 0.1 MPa and fc = 3 MPa, whereas cohesion was set equal to 0.09 MPa. Moreover, to reduce the computational effort, overvalued size of brick was assumed (0.50 × 0.25 m
instead of 0.2 × 0.1 m). On the basis of these mechanical and geometrical parameters, the elastic properties of the homogenized masonry are here derived through the procedure described in
Section 4 with reference to the RVE depicted in Figure 6(a) and setting νm = νb = 0.2. Furthermore, to distinguish between strength properties along masonry natural axes, the representative
cell is analyzed at microlevel by using the micromechanical model adopted by Sacco [25], that
assumes all the nonlinear mechanisms occurring in mortar joints and accounts for damage and
friction phenomena. Setting mechanical properties of constituent materials according to Salonikios et al., the RVE is subjected to macroscopic tensile strain histories parallel and normal
to bed joints. The responses plotted in Figure 6(b) in terms of homogenized strain and stress
components (red lines) are obtained. On the basis of these, the material parameters to be used in
the proposed orthotropic model are derived as contained in Table 3. These correspond to tensile
strengths parallel and normal to bed joints equal to 0.15 MPa and 0.1 MPa respectively, according to micromechanical analyses results (see Figure 6(b)) . Shear strength is assumed equal to
0.09 MPa, whereas compressive strengths parallel and normal to bed joints are 2.5 MPa and
3 MPa.
ET [MPa]
1838.8

Elastic parameters
EN [MPa] νT N GT N [MPa]
1610.4
0.18
617.4

YT t0
7.9E-05

YT c0
7.9E-04

at/c/s
0.99

Damage parameters
bt
bc
bs
1.0E-05 3.5E-03 1.0E-04

Damage thresholds
YN t0
YN c0
Ys0
6.0E-05 1.5E-03 1.5E-04

Ycc0
1.1YN c0

Table 3: Material parameters for the two-story masonry wall.
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0.57 V

p2

0.2

1.50

micro: parallel to bed joints
micro: normal to bed joints
macro: parallel to bed joints
macro: normal to bed joints

0.16
2.00

0.43 V

p1

1.50

σT/N [MPa]

3.50

0.12

0.08

RVE

3.50

2.75

0.04

0
1.50

1.50

1.50

0

2

4

εT/N

(a)

6

8
×10-4

(b)

Figure 6: Two-story wall: (a) geometry (dimension in [m]) and loading conditions, (b) responses to tensile strains
parallel and normal to bed joints direction.

A mesh made of 444 4-node FEs is used to perform the numerical simulation, setting the
nonlocal radius lc = 350 mm on the basis of mesh and brick sizes. A two-step analysis is carried
out: first the vertical loads are applied, then, the wall is subjected to incremental horizontal
forces at floor levels, as shown in Figure 6(a). The structural response, in terms of pushover
curve (base shear vs. horizontal displacement of the middle point at the top of the building) is
depicted in Figure 7(a) with black line. To be noted is that due to the force-controlled loading, it
can not be captured the possible softening branch. The obtained curve correlates well with the
results deriving from others studies, as emerges from the comparison provided in Figure 7(a).
As concerns the activated failure modes, Figure 7(b) and Figure 8(a,b) show the damage
maps for DT , DN and DT N at the end of the analysis. These are in agreement with the failure
patterns obtained by Salonikios et al. [23] with damage mainly located at the base of the piers
of first floor due to the rocking failure mechanisms and in the spandrels at both levels. Damage
DT localizes at the corners of the openings, whereas damage DN is located at base of piers of
the both levels, where the maximum tensile stresses normal to bed joints occur.
6

CONCLUSIONS
• An orthotropic macromechanical model with damage has been proposed to analyze the
in-plane response of masonry walls. The model, accounting for the variation of the mechanical properties observed for different material directions, has been implemented in a
4-node isoparametric finite element in the FEAP code.
• A study has been performed to analyze the effect of bricks and mortar relative arrangement on the elastic properties of the homogenized material. It has emerged that different
level of orthotropy can occur depending on the adopted masonry texture, thus providing useful information to identify cases in which it can not be neglected the anisotropic
macroscopic characteristic of the response.
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300
Discrete element [23]
Equivalent frame [23]
Equivalent frame [24]
Proposed macromechanical model

Base shear V [kN]
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(a)

(b)

Figure 7: Two-story wall: (a) comparison between different models and the obtained load-displacement curve, (b)
distribution of damage DT at the end of the analysis (amplified deformation).
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Figure 8: Two-story wall: distributions of damage (a) DN and (b) DT N at the end of the analysis (amplified
deformation).

• Numerical analyses have been performed to test the capability of the proposed model of
describing masonry nonlinear behavior. The comparison between numerical and experimental failure domains obtained under bi-axial stress states have highlighted the model
ability in capturing influence of orientation of the applied stresses with respect to bed
joints. Moreover, the seismic response of a two-story masonry wall, simulated by means
of horizontal loads mimicking the first mode shape distribution, has correlated well with
results obtained by existing literature models both in terms of pushover curve and damage
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distributions.
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[14] L. Pelà, M. Cervera, P. Roca, An orthotropic damage model for the analysis of masonry
structures. Construction and Building Materials, 41, 957–967, 2013.
[15] L. Cavaleri, M. Papia, G. Macaluso, F. Di Trapani, P. Colajanni, Definition of diagonal
Poisson’s ratio and elastic modulus for infill masonry walls. Materials and Structures, 47,
239–262, 2014.
[16] M. Dhanasekar, A.W. Page, P.W. Kleeman, The failure of brick masonry under biaxial
stresses. Proceedings of the Institution of Civil Engineers, 79, 295–313, 1985.
[17] R.L. Taylor, FEAP-A finite element analysis program. Version 8.5. Department of Civil
and Environmental Engineering, University of California at Berkeley, California. 2017.
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Abstract
In this contribution, three numerical models are considered and compared, with the main
purpose of simulating the dynamic behavior of monolithic and multi-drum freestanding ancient stone columns. The behavior of such classical and historic structural elements, typical
of the Mediterranean area and that are frequently subject to seismic actions, is characterized
by a strong nonlinearity due to sliding and rocking.
A simple and effective rigid beam model, able to numerically solve the equations of motion of
the column also accounting for Housner’s hypotheses, is introduced for first and validated
with respect to a software based on the Discrete Element Method (DEM), which has already
proven its effectiveness in representing the behavior of columns and, more generally, masonry
structures. Furthermore, a rigid block model accounting for the nonlinear behavior of the interfaces between the blocks is considered. On one hand, the rigid models can represent columns behavior with a not significant computational effort; on the other hand, the DEM is able
to better describe the strong nonlinearity of columns behavior, with the detection of new contacts and the results in terms of collapse mechanisms characterized by large displacements
that may be experienced by the blocks during the dynamic excitations.
In this contribution several preliminary comparisons between the models are carried on by
considering a multi-drum column and an equivalent monolithic one subject to a set of harmonic excitations with varying input frequency and acceleration amplitude.
Keywords: Masonry, Columns, DEM, Rigid Beam Model, Dynamic response.
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1

INTRODUCTION

Monolithic and multi-drum stone columns are structural elements typical of ancient temples that can be found in the Mediterranean area, thanks to the diffusion of Greek and Roman
civilizations. In the original constructions, columns were connected by top beams in order to
transfer vertical loads from the top roof to the ground; however, due to damage caused by historical events and seismic events that struck the Mediterranean regions during their life, many
columns are now free-standing and more prone to collapse for earthquake actions.
Starting from the last century and until the current days, the analytical and numerical assessment of monolithic and multi-drum column behavior has received particular attention. The
pioneering analytical model proposed by Housner [5] studied the behavior and the possible
overturning of a single rigid block subjected to horizontal excitations. Further research activities focused on studying the behavior of monolithic elements both numerically and experimentally; as well as on the behavior of columns made of multi-drums (e.g. [1, 8, 10]).
In these studies, the Discrete Element Method (DEM), initially introduced for the analysis of
rock masses [7]. The advantage of the approach lies in its possibility to simulate each drum as
an independent body, which can be subject to large displacements during an excitation. According to [1], although three-dimensional analysis can provide a more realistic and accurate
representation of the dynamic behavior of ancient columns, two-dimensional analysis can still
be performed using DEM since they are more time efficient and less sensitive to the contact
parameters
In this work, a new simple and effective numerical model for studying the dynamic behavior
of both monolithic and multi-drum columns is proposed. The model considers a multi-drum
column as an assemblage of vertically aligned rigid beam elements, where each drum is represented by a beam element and each contact is represented by a node. The dynamic equilibrium equation of the system is solved by means of a Runge-Kutta solver for ordinary
differential equations accounting for a nonlinear moment-rotation law at each joint and without considering sliding failure.
The accuracy and effectiveness of the proposed model is validated by comparing its numerical
results with those given by the two-dimensional DEM code UDEC [6]. A series of dynamic
analyses were performed in which monolithic and multi-drum ancient columns subjected to
different in frequency and amplitude harmonic excitations, as per [10]. Furthermore, a simpler
comparison between the proposed rigid beam model and a rigid block model undertaken, for
evaluating the influence of the no-sliding hypothesis in the numerical results.

a

b

c

Figure 1: Scheme of monolithic (a) and multi-drum (b) columns; freestanding columns in Athens Acropolis (c).
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2

NUMERICAL MODELS

As stated in the introduction, three numerical models are considered for studying the behavior of a monolithic column (Fig. 1a) and of an equivalent in size multi-drum column (Fig.
1b). The models aim to simulate the behavior of free-standing columns typical of ancient
Greek and Roman temples (Fig. 1c).
2.1

Rigid Beam Model

Let us consider a generic multi-drum column composed of n drums. Then a rigid beam
model can be developed which is composed of n beam elements and n+1 nodes as shown in
Fig. 2a, b. Each beam element represents a drum of the column and each node represents an
interface between the drums. In particular, the first node/interface represents the contact between the ground and the first drum. Since the aim of this work is the assessment of columns
behaviour subject to horizontal excitation, only horizontal translational degrees of freedom
are considered, namely ui, ui , and ui represent, respectively, nodal horizontal translation, velocity and acceleration. It is worth noting that the proposed model is also able to describe the
behavior of a monolithic column by setting n = 1.
B2 B2 B2
Ni+1Ni+1Ni+1
n+1 n+1n+1
n n n
Mi+1
Mi+1Mi+1
Ti+1Ti+1Ti+1
ui+1 ui+1ui+1
θi θi θi
m
i
m
i
m
i
i+1 i+1 i+1
H HH
hi hi hi
i di i idi di
Pi Pi Pi
i

1

1 1

1

i

i

ui ui ui
Ti Ti Ti
Mi MiMi
Ni Ni Ni

1 1

B1 B1 B1
A

b

c

Figure 2: Multi-drum column (a), corresponding rigid beam model (b), generic beam element (c).

Each i-th beam element is characterized by a mass mi, which depends on material density and
on the volume of the corresponding drum, which is considered for simplicity as a rectangular
prism having an average width with respect to upper and lower drum width (Fig. 2a). Furthermore, due to the rigid beam hypothesis, each element is subject to a rigid rotation depending on the horizontal end translations and beam height hi (Fig. 2c):

i 

ui 1  ui
hi

(1)

Internal forces of the beam are given by a shear force Ti, and a bending moment Mi, acting at
each beam end (Fig. 2c); a normal force Ni is also present. The translational and rotational
equations of motion for a beam element may be written as follows:

ui 1  ui
mi  Ti 1  Ti
2
h
h
i I Gi   M i 1  M i  Ti 1 i  Ti i
2
2
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Where IGi is the polar inertia of the drum corresponding to the beam element. For simplicity,
the static equilibrium in vertical direction, which allows to define normal forces as function of
the gravity loads Pi, is not written in detail. Considering a column subject to a horizontal
ground acceleration ag(t), equations of motion (2) are subject to the following boundary conditions at column base and top nodes:

u1  ug  ag (t )
Tn 1  0

(3)

M n1  0
that allow to write in matrix compact form the two set of equations of motion (2) for the entire
multi-drum column:

T  M au  A g
M  GT  I G u  B g

(4)

In the equations above, vectors T and M collect shear forces and bending moments from node
i to n: T = [T1 T2 … Tn]T, M = [M1 M2 … Mn]T; whereas vector u collects horizontal accelerations from node 2 to n+1: u  [u2 u3 ... un1 ]T . Matrices Ma, G, and IG can be called, respectively, mass coefficient matrix, geometric coefficient matrix, and polar inertia coefficient
matrix. Vector Ag is characterized by null values except the first component, representing the
acceleration at the base of the column: A g  [ag (t )m1 / 2 0 ... 0 0]T ; and, similarly,
B g  [ag (t ) I G1 / h1 0 ... 0 0]T . Substituting the first of Eq. (4) into the second one, the system
of differential equations to be solved for obtaining the displacements of the multi-drum column is:

M(θ)  GMau  GA g  IGu  B g

(5)

Where each bending moment Mi in M depends on the rotation θi of the corresponding i-th
drum (Eq. 1). The system of differential equations in (5) is solved by means of a Runge-Kutta
ODE solver. At this stage, the nonlinear behavior that can affect the multi-drum column is the
rocking phenomenon at each interface between the drums, whereas, following Housner’s hypothesis, shear failure can not occur. The bending moment Mi at each interface must follow a
bi- or tri-linear moment-rotation relationship, which represents the maximum stabilizing moment for varying block rotation (Fig. 3), and it is slightly modified with respect to Housner’s
law by means of an initial elastic stiffness KM,i and a smoothing parameter ξ ≤ 1.

Mi
Mu,i
ξ

ui
i

αi

Figure 3: Moment-rotation relationship.
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The maximum stabilizing moment in Fig. 3 is given by:

M u ,i 

di
2

n

m
j i

j

g 

di
2

n

P
j i

j

(6)

where di is the width of the i-th drum, hence di/2 represents the maximum eccentricity of the
normal force at the i-th joint. The angle αi represents the critical angle of the generic drum [5].
2.2

Discrete Element Model

The DEM and, in particular, the computer code UDEC [6], have been successfully adopted
by several researchers to study the dynamic behavior of monolithic and multi-drum columns
[1, 3]. With UDEC, blocks can be modelled as rigid or deformable blocks. However, model
movements are mainly given by the relative displacements between the blocks, rather than
single block deformability. Blocks interact together by means of contact points, and the contacts between the blocks are continuously detected during a dynamic analysis. Contact behavior is characterized by normal and shear forces, fn and fs, with respect to contact surface
orientation. Such forces in the elastic range are governed by a normal and a shear stiffness:

f n  kn un Ac
f s  ks us Ac

(7)

where Δ denotes the increment of forces and relative normal and shear displacements (un, us)
and Ac is the contact area. Assuming dry joints, only compressive normal forces are admitted,
and the maximum shear force depend on the friction angle φ of the contact surface: fs,max = fn
tan(φ).
2.3

Rigid Block Model

A rigid block model was also adopted for performing further numerical comparisons with
the first two models. Rigid block models were introduced for representing in- and out-ofplane elastic behavior of one-leaf masonry panels [11], and it has been extended accounting
for material nonlinearity [12]. The model assumes blocks as rigid bodies; hence degrees of
freedom are given by block center translations and block rigid rotation with respect to each
center. The joints between the blocks are modelled as elastic-plastic one dimensional interfaces. Incremental interface actions, namely a normal and a shear force, (ΔFn, ΔFs), and a bending moment ΔM, depend on block relative displacements (Δun, Δus) and relative rotation Δθ
and follow a Mohr-Coulomb yield criterion characterized, in this case, by a null cohesion and
the same friction angle φ adopted with the DEM. Normal and shear elastic stiffness parameters are assumed equal to those of the DEM multiplied for the entire joint area A, whereas the
bending stiffness is equal to the normal stiffness multiplied for joint moment of inertia I:

Fn  K n un  (kn A)un
Fs  K s us  (ks A)us
M  K r   (kn I )

(8)

It is worth noting that interface actions can be directly compared with the nodal forces of the
rigid beam model. Furthermore, the bending stiffness and the moment-relative rotation law
can be assumed coincident with those adopted with the rigid beam model, (Fig. 3). Recent
developments of this model also allow to consider generic quadrilateral or polygonal rigid elements [13]. Therefore, the actual trapezoidal section of the monolithic column and of each
drum can be taken into account.
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3

NUMERICAL TESTS

A parametric investigation of the response of the columns subjected to harmonic excitations in horizontal direction was performed. The case studies already considered in the recent
contribution by Sarhosis et al. [10] were chosen. In particular, the monolithic column has a
height (H) equal to 5 m, base width (B1) equal to 0.96 m and top width (B2) equal to 0.66 m.
The multi-drum column has the same overall dimensions of the monolithic one and it is composed of 12 equally spaced drums. Masonry density was taken as 1600 kg/m3 and the block
elastic modulus as 2500 MPa. Also, the joint normal and shear stiffness was equal to 5×1010
and 2.5×1010 N/m3, respectively. Results recently obtained with DEM are given by a set of 30
different dynamic analyses with frequency varying from 0.66 to 4 Hz and base acceleration
amplitude (a) varying from 0.1 g to 0.5 g. The rigid beam model allows to perform a larger set
of analyses, in order to obtain a more accurate safe-unsafe domain for both column types. The
rigid block model used herein to performing pushover analyses with forces equivalent to the
horizontal excitation.
3.1

Monolithic column subject to harmonic horizontal excitation

0.2 g

Displacement [m]

0.4 g

Displacement [m]

Initially, numerical simulations were performed to assess the dynamic behavior of the
monolithic column. Figs. 4 and 5 compare the base and top column displacements obtained
with the rigid beam model and with the DEM model, respectively, for several acceleration
amplitude and frequency values. Top displacements turn out to be in quite good agreement
between the two models, even if the rigid beam model already shows a collapse with 0.66 Hz
and 0.2 g. Base displacements obtained with the rigid beam model were generally larger than
those obtained with the DEM model. Collapse mechanisms for this column type are not represented for simplicity, given that they are characterized by a simple overturning of the column.

0.66 Hz

1 Hz

2 Hz

Time [s]

Time [s]

Time [s]

Figure 4: Base (red continuous line) and top (black dashed line) displacements for a monolithic column subject
to several harmonic excitations. Rigid beam model results.
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1 Hz

2 Hz

Time [s]

Time [s]

Time [s]

Displacement [m]

0.4 g

0.2 g
Displacement
[m]

0.66 Hz

Figure 5: Base (red continuous line) and top (black dashed line) displacements for a monolithic column subject
to several harmonic excitations. DEM (UDEC) results.

Fig. 6 compares the safe-unsafe domains obtained with the rigid beam model and the DEM
model. Both domains show a collapse acceleration that increases for increasing input frequency. The small computational effort required by the rigid beam model allows to obtain a more
accurate domain, with smaller collapse acceleration amplitudes with respect to the DEM for
small input frequency values. However, further developments of this work will also try to define a more detailed safe-unsafe domain by means of the DEM. For decreasing input frequency, the collapse acceleration given by the rigid beam model is close to 0.16 g, slightly smaller
than the collapse acceleration obtained with the rigid block model, equal to 0.205 g. Such difference is due to the approximated rectangular column shape assumed by the rigid beam model.

Figure 6: Safe-unsafe domain for a monolithic column subject to harmonic excitations. Rigid beam model results
(symbols and continuous line), DEM (UDEC) results (dashed line).
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3.2

Multi-drum column subject to harmonic horizontal excitation

0.2 g

Displacement [m]

0.4 g

Displacement [m]

A comparison of the dynamic behavior of the multi-drum column was also undertaken.
The multi-drum column was subjected to different in amplitude and frequency harmonic loads.
Figs. 7 and 8 present the base and top column displacements determined with the rigid beam
model and with the DEM, respectively, for several acceleration amplitudes and input frequencies. Base displacements obtained with the rigid beam model are generally larger than those
obtained with the DEM model. In this case, it was found that the multi drum column analyzed
using the rigid beam model is more prone to collapse with respect to the one analyzed using
by the DEM model.
0.66 Hz

1 Hz

2 Hz

Time [s]

Time [s]

Time [s]

0.2 g

Displacement [m]

0.4 g

Displacement [m]

Figure 7: Base (red continuous line) and top (black dashed line) displacements for a multi-drum column subject
to several harmonic excitations. Rigid beam model results.
0.66 Hz

1 Hz

2 Hz

Time [s]

Time [s]

Time [s]

Figure 8: Base (red continuous line) and top (black dashed line) displacements for a multi-drum column subject
to several harmonic excitations. DEM (UDEC) results.
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The safe-unsafe domain of the multi-drum column modelled by rigid beams is shown in Fig. 9.
For the development of the safe-unsafe graph, some DEM results were obtained from [10] in
which the authors have carried out the analyses. Although there is a difference in the results
obtain between the rigid block model and the DEM model, it shows that the multi-drum column modelled by rigid beams is subject to collapse for accelerations up to 0.2 g for frequencies less than 1 Hz. In addition, for increasing input frequency, the collapse acceleration
slightly increases up to 0.36 g with 2 Hz. The collapse accelerations turn out to be smaller
than those obtained with the DEM. Such a difference is mainly given by the effect of sliding,
which is neglected by the rigid beam model. The pushover analysis with the rigid block model
is characterized by a collapse acceleration equal to that obtained in the previous case, accordingly to the well-known hypothesis of monolithic behavior of a multi-drum column subject to
static actions [14].
Focusing only on the proposed rigid beam model and comparing the safe-unsafe domains obtained for the monolithic column and the equivalent multi-drum one, the former case turns out
to be less prone to collapse with respect to the latter case. This aspect is not in agreement with
the information obtained with the column types modelled by DEM, which are characterized
by a smaller unsafe region of the domain with the multi-drum column.

Figure 9: Safe-unsafe domain for a multi-drum column subject to harmonic excitations. Rigid beam model results (dashed line), DEM (UDEC) results (continuous).

4

CONCLUSIONS

A simple and effective rigid beam model for studying the dynamic behavior of freestanding monolithic and multi-drum columns has been proposed. The model assumes each drum as
a rigid beam element and each joint between the drums as a node able to move horizontally.
The nonlinear behavior of the model is obtained by setting a bi or tri-linear moment-rotation
nonlinear law. The rigid beam model turned out to be in sufficient agreement with the DEM
assumed as reference for performing harmonic tests with varying acceleration amplitude and
input frequency. The rigid beam model is characterized by larger base displacements with respect to the DEM model and by a smaller safe domain for both column types, with small col-

1534

Daniele Baraldi, Gabriele Milani and Vasilis Sarhosis

lapse acceleration values for decreasing frequency with respect to the DEM model. Also, the
rigid block model, even if it has been adopted for simple pushover tests, shows an intermediate behavior between the DEM and the rigid beam model. In further developments of this
contribution, harmonic tests will be performed also with the rigid block model. It is worth
noting that the proposed analyses were limited to the 2D case. In particular, the 2D DEM
model considered in this study assumes a unitary thickness of the column, leading to a rectangular column cross-section. The proposed rigid beam model and the rigid block model, instead, are able to account for the actual circular cross-section of the column, leading to more
accurate results that can be compared with more complex 3D analyses.
Further developments of the proposed rigid beam model will regard the use of real ground
motions for performing numerical tests on monolithic and multi-drum columns. Results will
be compared with existing numerical and laboratory results. Further developments of the proposed rigid beam model will take into account the possible sliding between the drums, by assuming, for instance, a Mohr-Coulomb frictional law for restraining nodal shear actions and
by allowing relative horizontal displacements at joint level.
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Abstract
The definition of proper intervention strategies for the selection of optimal (and minimum)
interventions on exiting masonry buildings is a quite complex task. The choice has to take into
account several aspects such as construction time, cost/benefit analysis, use of the building
during the execution of interventions, resilience of the structure in case of exceptional events.
Moreover, it is necessary to study the effectiveness of interventions to guarantee adequate
safety levels as well as the reliability of numerical tools for structural analysis and design.
In this framework the research activities presented here aim at assessing the effectiveness of
strengthening interventions executed on an unreinforced masonry building hit by the Central
Italy earthquake swarm of 2016 (max Mw=6,5). The structure, constructed in 1940, is
equipped with a dynamic monitoring system, managed by the Seismic Observatory of Structures (OSS) of the Italian Department of Civil Protection (DPC), that was able to record the
dynamic response during each seismic sequence.
Ambient vibrations and strong motion data were used to calibrate and validate numerical
models, built with the equivalent frame approach using 3Muri software. Then parametric
nonlinear static analyses on the calibrated models were implemented in order to assess the
effectiveness of interventions performed on vertical and horizontal structural elements. The
incremental application of interventions was also evaluated, and various strengthening technique tested, comparing the response in terms of structural performance and seismic capacity.
Keywords: masonry structures, numerical modelling, seismic assessment, strengthening interventions
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1

INTRODUCTION

In 2016 a strong earthquake swarm with a maximum magnitude Mw=6.5 hit the Central Italy, causing extensive damages on the historic and built heritage. Some strategic structures
(e.g. schools, courtyards, city hall, fire or police stations) in the seismic crater have been
equipped by the Seismic Observatory of Structures (OSS) of the Italian Department of Civil
Protection (DPC) with dynamic monitoring systems, able to record the global response both
under ordinary conditions and in case of seismic events.
On of those structures is the Fabriano former Court, located in the city of Fabriano, province of Ancona, Marche region. Among the aspects that have most influenced the seismic response of buildings are the proximity of them to the epicenter of the earthquake, and the
presence of previous retrofitting interventions.
With regard to the former Court of Fabriano, many structural interventions were carried
out in the past both on vertical elements (mainly grout injections and jacketing), horizontal
diaphragms (improvement of the in-plane and out-of plane stiffness of floors) and connections
(ring beams, ties and grouted reinforcing bars at the corners among walls). For this reason, it
was chosen as a case study to investigate the effectiveness of consolidation interventions performed through numerical approaches and parametric analysis.
This paper initially presents the framework of the case study (geometric, structural and
critical survey and review of previous investigations). This information was partly provided
by the OSS, and partly derives from historical-bibliographic and documentary research, as
well as visual surveys performed by the authors.
The information collected was used for the creation and successive calibration of numerical models with the equivalent frame method, through the commercial software 3MURI [1-2].
In particular, results of dynamic identification based on dynamic monitoring data were used to
calibrate numerical models at the current state.
Subsequently parametric numerical analyses were carried out to investigate the effectiveness of the structural interventions performed both on masonry walls and floors.
2

FABRIANO FORMER COURT: THE KNOWLEDGE PHASE

2.1 Historic notes and local seismicity
Built around the 1940s as a school, it has changed function several times, now it is known
for its activity since 1999 as a branch of the Court of Ancona. However, at present, the building is almost completely abandoned. The structure is isolated from the surrounding buildings,
except for a portion on the East side. In its "T" shape in plan two bodies are recognizable, one
longer in a North-South direction to which a second body is attached, of smaller dimensions,
on the East side.
Throughout history the city of Fabriano, given its position along the Apennine mountain
chain (one of the most seismic areas in Italy), has been affected by several earthquakes, some
of high magnitude. Among these, the one with a greater importance from the purely seismological-historical point of view, is the earthquake in 1741 which struck the central-northern
Marche region with a magnitude of 6.2.
At the current state the seismicity of the site is given by the Italian code [3]: starting from
the geographical coordinates, the independent parameters of the seismic action can be obtained and, consequently, the elastic response spectrum. The reference peak ground acceleration (ag), considering a return period of the seismic action at the Ultimate Limit State (ULS)
of TR = 475 years, is equal to 0.206g. A soil type B is considered with a topographic category
T1, provided that the building is not on a slope.
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The seismic events that struck Central Italy between 2016 and 2017, defined by INGV the
Amatrice-Norcia-Visso seismic sequence, began in August 2016 and ended in January 2017;
numerous aftershocks, of magnitude less than 5, occurred also in the following months. The
main shocks of the seismic swarm are basically 5 events with a magnitude between
Mw,min=5.4 and Mw,max=6.1. The building is equipped with a dynamic monitoring system that
was able to capture every single seismic event, providing strong-motion data on the dynamic
response of the structure during earthquakes. The maximum peak ground acceleration (PGA)
recorded by the monitoring system was 0.09g, during the second event of the earthquake occurred on 26/10/2016 (Mw=5.9), with an epicenter distance from Fabriano former Court of
about 50 km.
Given the low accelerations to which the building was subjected and the rather good state
of conservation of the structures (thanks also to some important strengthening intervention
performed in 1999), the level of damage induced by the earthquake sequence was absent or
very low.
2.2 Geometric survey
The building is on four levels: three above ground and one basement, for a maximum
height of 16.8 m. The inter-storey heights are therefore particularly high, as well as the wall
thicknesses that vary between 50 cm and 110 cm. The average area in plan is around 1220 m2.
Elevations are quite simple with a regular repetition of openings.
a)

b)

Figure 1 – a) Plan and b) section of the Fabriano former Court

2.3 Structural survey
The building consists mainly of a load-bearing masonry walls made of split stones with
good arrangement. The thickness of walls varies between 80 and 110 cm on the ground floor,
and between 50 and 90 cm for the upper levels.
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a) MUR1

b) MUR2

c) MUR3

Figure 2 – Masonry typologies surveyed on the building

Three masonry typologies have been identified, i.e.:
- MUR1: it is the most widespread type of masonry, characterized by split stones with a
good arrangement and, as demonstrated by inspections, by the presence of solid bricks.
Variable thickness between 110 and 50 cm (Figure 2a);
- MUR 2: solid brick masonry that was found on some masonry walls in the attic floor
and also on some interior walls of the lower floors. Variable thickness between 25 and
45 cm (Figure 2b);
- MUR3: it is the type of masonry belonging to the perimeter walls of the ground and
first floors. As for MUR1 category, it is made by split stones of good arrangement,
characterized, however, by an external brick masonry layer (Figure 2c).

Figure 3 – Masonry typologies distribution on the five levels of the building

Some strengthening and retrofitting interventions were carried out on masonry walls in
1999. In particular:
- Grout injections of masonry walls made of stones (MUR1 and MUR3)
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-

Jacketing performed with a reinforcing steel net (10x10cm, ø6mm), with a plaster
thickness varying from 3.5 and 10 cm on MUR1, MUR2 and the inner side of MUR3.
Some experimental investigations were performed on the building, focusing in particular
on masonry elements through single and double flat-jack tests, penetrometric tests and sampling on mortar, sonic pulse velocity tests. Inspection results confirm a rather good quality of
masonry for all the identified masonry typologies. In particular, the value of the modulus of
elasticity of masonry MUR1, obtained through flat jack tests, is equal to 1500 MPa, in line
with the average value proposed by the Italian code for this type of masonry [4].
As for the horizontal structures, the building has various types of floors due to the different
construction periods. Horizontal diaphragms can be classified into four categories:
- SOL1: it is made by steel beams (80 cm spacing) with brick vaults and on the top a reinforced concrete slab 6 cm thick;
- SOL2: it is made by steel beams (35-40 cm spacing) with hollow brick elements and on
the top a reinforced concrete slab 6 cm thick;
- SOL3: is made of IPE-type steel profiles (85 cm spacing) with a corrugated steel sheet
and a r.c. slab 6 cm thick;
- SOL4: attic floor composed of Ω steel profiles, arranged with a spacing of 145 cm and
wooden planks 3.5 cm thick.
The roof of the building is composed by wooden trusses and it is configured as a light, basically non-thrusting structure.
The horizontal diaphragms were also subjected to strengthening interventions with the
main aim of increasing the in-plane stiffness (insertion of x-shape steel braces) and improving
the connections with the surrounding walls by means of steel bars and connectors.
The effectiveness of connections between orthogonal walls is guaranteed by a quite good
wall texture of stone blocks which, at the corners, are sufficiently interlocked. To improve the
connections seismic strengthening interventions have been implemented also on connections
by means of jacketing and insertion of steel bars at the corners and at the “T-connections” between walls.
3

MODELLING AND CALIBRATION

3.1 Modelling
The knowledge phases provided all the necessary information to construct a numerical
model of the building using the equivalent frame approach implemented in the commercial
software 3MURI. This modelling strategy is based on the identification of macro-elements,
defined from a geometrical and kinematic point of view through finite elements (solid, shell
or frame) and described from a static point of view through their internal generalized forces.
Masonry walls are idealized as a frame, in which deformable elements (where the nonlinear
response is concentrated) connect rigid nodes (parts of the wall which are not usually subjected to damage). Focusing on the in-plane response of complex masonry walls with openings,
usually two main structural components may be identified: piers and spandrels. Piers are the
main vertical resistant elements carrying both vertical and lateral loads; spandrel elements,
which are intended to be those parts of walls between two vertically aligned openings, are
secondary horizontal elements which couple the response of adjacent piers in the case of lateral loads [1].
Material characteristics were derived from on-site testing, wen available (e.g. for MUR1
mansory tpology) or from the italian code NTC2008 and the instructions for the application of
the national code “Circolare n. 617/2009”.
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At first a static analysis was carried out. This allows to compare the numerical result of
compressive stress (σ = 0.2 MPa) with the experimental data obtained with a single flat jack
(σ = 0.43 MPa) in the same part of the external masonry.
Afterwards an eigenvalue analysis was performed. In Figure 4 mode shapes of the first
three modes simulated numerically are compared to the same modes experimentally identified.

a)

b)

Figure 4 – Modal shapes and frequencies obtained by numerical analyses and experimental tests.

Before performing the calibration, a sensitivity analysis has been performed to identify
mechanical parameters that have a larger influence on the dynamic response of the structure,
determinin a sensitivity index Sn, calculated as follows:

Where:
Rmax is the maximum result obtained in frequiencies
Rmin is the minumum result obtained in frequiencies
Pmax is the maximum value of the specified parameter
Pmax is the minimum value of the specified parameter
The sensitivity indices shown in Figure 5 demonstrate that the elastic modulus and the
mass density of MUR1 and MUR3 masonry typologies have the greater influence on the dynamic response of the structure in termos of natural frequency.
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Figure 5 – Sensitivity analyses results obtained on walls related parameters.

3.2 Calibration
Taking advantage of the performed sensitivity analysis, it was possible to calibrate the
model according to the experimental results.
Thus the model has been corrected by taking the minim values of the Italian National Code
of the Young and shear modules instead of the experimental values and reducing by 15% the
corrective coefficient proposed by the code for the adopted strengthening techniques, expect
for MUR1-A where the corrective coefficient has been reduced by 25%.
Table 1 - Comparison of MAC number and frequencies of numerical analyses and experimental tests

Table 1 shows good agreement between the calibrated numerical model and the experimental frequencies. The maximum percentage error is 6.15% and the average frequency calculation error is 2.95%. The modal shapes are similar to those found in the numerical model,
where the first mode shape is torsional, the second and the third are bending in the Y and the
X direction. However, the order of the modes in not the same with the first and second mode
that are inverted.
4

PARAMETRIC ANALYSES FOR ASSSESSING STRENGTHENING
INTERVENTIONS

After the calibration a pushover analysis has been performed to assess the seismic response
of the structure at the current state. The results obtained from the non-linear static analysis are
shown below as the capacity curves for the two cases, with αSLV minor, in the longitudinal and
the transversal.
The capacity curve defines the ratio between the load coefficient α and the horizontal displacement of the control node.
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Where the ∑FH is the shear at the base of the model and ∑FV is the weight of the model.

Figure 6 – Capacity curves respectively in the longitudinal and transversal direction.

Hence a parametrical analyses has been performed to assess the effectiveness of the most
used strengthening techniques in the usual practice. Thus has been created a set of numerical
models.

Figure 7 – Set of models with different strengthening techniques.
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The Figure 8 shows the results obtained on a part of the set of parameters. It can be noticed
that the most effective strengthening techniques is to increase the stiffness of the slab in order
to guarantee the boxing-behavior of the structures.

Figure 8 – Sensitivity analyses results obtained on walls related parameters.

5

CONCLUSIONS

This paper presented the work carried out on a structure monitored by the OSS during the
2016 earthquake swarm of Central Italy. Taking advantage of the data above, it was possible
to calibrate the numerical model with an equivalent frame method strategies.
After the calibration an extensive study on the effectiveness of the most recurrent strengthening techniques has been carried out.
The results of the pushover analysis shows that the horizontal stiffness is the most influential parameter, due to his importance in redistribute the seismic force. In fact, considering only
deformable floors it has been observed that the seismic behavior of the structure is extremely
limited, while , after the intervention, there is a considerable increase in term of capacity
equal to 123%.
Once the stiffness of the floors was increased, the various types of walls were modified by
means of reinforced plaster interventions and injections and it was possible to observe that:
- only reinforced plaster increase of 3.4%;
- the injections increase of 18.3%;
- both interventions increase the response by 31.8%.
Another model that recorded significant results is that in which, beside the interventions already in place, a further consolidation intervention was hypothesized concerning the reinforced plaster on all the perimeter walls. In this case an efficacy increase of 36% was found
compared to the case with only rigid floors.
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Abstract
The objective of this work is to use machine learning techniques to analyze a big database of
papers published since 1990 regarding the conservation of masonry buildings considered as
historical heritage. In this study, a database of nearly three thousand papers obtained from
Scopus database [1] were investigated. In a first stage, the papers are analyzed using basic
statistics in order to describe the evolution of the research during the past thirty years. In the
second stage, Genetic Algorithms (GA) were implemented to create bibliometric maps for the
visualization of co-word analysis that was performed using the provided database. The obtained diagrams constitute comprehensive maps of relevant characteristics among the investigated literature such as similarities between author keywords or author names. The maps are
constructed using a rigorous methodology that involves the mapping of each item (for example,
a keyword) to a two-dimensional point. The distances between the items represent their dissimilarity for a specific characteristic. The numerical procedure for the construction of the bibliometric map involves an optimization task solved by means of GA. The obtained result is a
powerful tool for data analysis, which provides a deep insight of relevant characteristics of a
large database in a very short time.

Keywords: Multidimensional Scaling, Bibliometric Mapping, Co-Word Analysis, Optimization, Knowledge Management, Masonry, Historical Structures.
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1

INTRODUCTION

The number of research articles published in scientific journals or conference proceedings
has shown an exponential growth during the last decades. Journal articles first appeared in 1665
and according to the work of Arif E. Jinha [2] there were around 50 million scholarly articles
in existence already in 2010 and the number has grown significantly since then. Bornmann and
Mutz [3] investigated the rate at which science has grown since the mid-1600s, identifying three
essential growth phases in the development of science. A recent study by Van Noorden [4]
showed that the evolution of global scientific output is equivalent to a doubling every nine years,
on average.
Scopus [1] is Elsevier’s abstract and citation database launched in 2004 and it is available
online by subscription. It is the largest abstract and citation database of peer-reviewed literature,
with bibliometrics tools to track, analyze and visualize research. Scopus contains abstracts and
citations for academic journal articles, covering nearly 36,377 titles from approximately 11,678
publishers, of which 34,346 (as of May 2019) [5] are peer-reviewed journals in top-level subject
fields: life sciences, social sciences, physical sciences and health sciences. According to Elsevier, Scopus has 55 million records dating back to 1823 where 84% of these contain references
dating from 1996.
A simple Scopus search within the subject area of “Engineering” (query string “SUBJAREA
( engi )”) gave us 13,274,640 document results in a query made in June 2019, with the first
paper being published in 1861 and the last to be published in 2020 . Figure 1 shows the evolution of these papers in time with the focus period being 1900-2018 (12,977,414 papers in this
period). The blue line shows the number of papers published each year and the orange line
shows the cumulative sum since 1900. The dotted red line shows the trend as a line in the graph,
where of course the y-axis is in logarithmic scale.

Figure 1: Basic search of the Scopus database with the search terms “masonry+historical”.

For writing a literature review paper, a researcher nowadays needs to analyze a vast amount
of research papers which is a highly demanding task. It is nearly impossible to read all the
relevant papers and manually extract all the important information using traditional reading
methods and the task keeps getting even harder as the production of scientific papers continues
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to grow exponentially. To deal with this problem, new automated techniques have evolved,
called bibliometric analysis, bibliometrics, scientometrics, scientific mapping etc., where with
the aid of computer algorithms, an automated analysis of a vast amount of research papers is
possible. These techniques can significantly help an individual researcher on exploring the literature, writing literature reviews and can even automate, to some extent, these processes [6].
The present study is a continuation and improvement of a previous relevant work [7], but
the application and focus is now on a slightly different subject. The objective is to use automated machine-learning techniques to analyze a big database of papers published since 1990
regarding the conservation of masonry buildings considered as historical heritage. A database
of nearly three thousand papers obtained from Scopus database [1] were investigated. In a first
stage, the papers are analyzed using basic statistics in order to describe the evolution of the
research during the past thirty years. In the second stage, Genetic Algorithms (GA) were implemented to create bibliometric maps for the visualization of co-word analysis that was performed using the provided database. Bibliometric maps take into account associations among
keywords, authors or others (e.g. references), through their distances on a two-dimensional map,
revealing significant information about how the objects studied are inter-related, i.e. appearing
simultaneously in research papers. The obtained diagrams constitute comprehensive maps of
relevant characteristics among the investigated literature such as similarities between author
keywords or author names. The maps are constructed using a rigorous methodology that involves the mapping of each item (for example, a keyword) to a two-dimensional (x, y) point.
The distances between the items represent their dissimilarity for a specific characteristic. The
numerical procedure for the construction of the bibliometric map involves an optimization task
solved by means of GA [8]. The obtained result is a powerful tool for data analysis, which
provides a deep insight of relevant characteristic of a large database in a very short time.
2

PAPERS DATASET AND DATA COLLECTION METHODOLOGY

The present study uses data that have been collected from the Scopus database [1]. Figure 2
shows a basic Scopus search, where we search for the terms “masonry+historical” in the Article
title, Abstract, Keywords. The equivalent query string is “TITLE-ABS-KEY (masonry+historical)”. TITLE-ABS-KEY is the default search field in Scopus, where TITLE is the title of a
manuscript, ABS is its abstract (a condensed summary of the full-text) and KEY are the Author
keywords or Index keywords, to be explained later.

Figure 2: Basic search of the Scopus database with the search terms “masonry+historical”.

Figure 3 shows an advanced Scopus search, where we search for the terms “masonry+historical” or “masonry+monument” or “masonry+heritage” in the Article title, Abstract, Keywords. The equivalent query string is “TITLE-ABS-KEY (masonry+historical) OR TITLEABS-KEY (masonry+monument) OR TITLE-ABS-KEY (masonry+heritage)”.
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Figure 3: Advanced search with the search terms
“masonry+historical” OR “masonry+monument” OR “masonry+heritage”.

In the study, we decided to limit the search to the years from 1990 (inclusive) to 2019 (inclusive). It has to be noted that the indexing of year 2019 is obviously not complete, which may
also be the case for the year 2018, due to delays in indexing. Nevertheless, we decided to use
both these years in our study to be able to include the latest trends in the field. The full query
used is the following:
( TITLE-ABS-KEY (
sonry+heritage ))
( PUBYEAR , 2017
( PUBYEAR , 2014
( PUBYEAR , 2011
( PUBYEAR , 2008
( PUBYEAR , 2005
( PUBYEAR , 2002
( PUBYEAR , 1999
( PUBYEAR , 1996
( PUBYEAR , 1993
( PUBYEAR , 1990

masonry+historical ) OR
AND (LIMIT-TO ( PUBYEAR
) OR LIMIT-TO ( PUBYEAR
) OR LIMIT-TO ( PUBYEAR
) OR LIMIT-TO ( PUBYEAR
) OR LIMIT-TO ( PUBYEAR
) OR LIMIT-TO ( PUBYEAR
) OR LIMIT-TO ( PUBYEAR
) OR LIMIT-TO ( PUBYEAR
) OR LIMIT-TO ( PUBYEAR
) OR LIMIT-TO ( PUBYEAR
) )

TITLE-ABS-KEY ( masonry+monument ) OR TITLE-ABS-KEY ( ma, 2019 ) OR LIMIT-TO ( PUBYEAR , 2018 ) OR LIMIT-TO
, 2016 ) OR LIMIT-TO ( PUBYEAR , 2015 ) OR LIMIT-TO
, 2013 ) OR LIMIT-TO ( PUBYEAR , 2012 ) OR LIMIT-TO
, 2010 ) OR LIMIT-TO ( PUBYEAR , 2009 ) OR LIMIT-TO
, 2007 ) OR LIMIT-TO ( PUBYEAR , 2006 ) OR LIMIT-TO
, 2004 ) OR LIMIT-TO ( PUBYEAR , 2003 ) OR LIMIT-TO
, 2001 ) OR LIMIT-TO ( PUBYEAR , 2000 ) OR LIMIT-TO
, 1998 ) OR LIMIT-TO ( PUBYEAR , 1997 ) OR LIMIT-TO
, 1995 ) OR LIMIT-TO ( PUBYEAR , 1994 ) OR LIMIT-TO
, 1992 ) OR LIMIT-TO ( PUBYEAR , 1991 ) OR LIMIT-TO

The query was made on 4 June 2019 and returned 3293 results (papers) in total. Scopus
provides a lot of information for each entry (paper), which includes but is not limited to the
following: Authors, Title, Year, Source title, Volume, Issue, Cited by, DOI, Authors with affiliations, Abstract, Author keywords, Index Keywords, Publisher, ISSN, among others. The full
information was extracted first in csv format and then it was converted to MS Excel xlsx compressed format.
2.1 Papers per year
Figure 4 shows the total number of papers published for each year (left vertical axis, blue
color). Not all these papers contain keywords. The solid blue line shows all papers, while the
dashed blue line shows only the papers with (author) keywords. Especially in the past or depending on the journal/conference where the paper is published, some papers have no keywords
at all. If a paper has no keywords, then it is not included in the sum of the dashed line, but it is
included in the one of the solid line. In our case, out of 3293 papers, 2437 of them have (author)
keywords while the others (856 papers) have no keywords.
We see that there is a significant increase in the number of papers published from 1990 to
2019 in the field. In 1990, only 3 papers had been published in the area, while the corresponding
number of papers for 2017, 2018 and 2019 is 359, 354 and 259, respectively. The decrease in
2019 (and possibly 2018) is because indexing for these years is not yet complete in Scopus.
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Figure 4: Total number of papers and total number of keywords, for each year (1990-2019).

3

KEYWORD ANALYSIS

3.1 Author keywords vs Index keywords
Scopus distinguishes two kinds of keywords: Author keywords and Index keywords. Author
keywords are chosen by the author(s) as the keywords which, in their opinion, best reflect the
contents of their document, while Index keywords are keywords chosen by content suppliers
and are standardized based on publicly available vocabularies. Unlike Author keywords, the
Index keywords take into account synonyms, various spellings, and plurals. Scopus has no influence over either Author or Index keywords because these are both determined by third parties.
AUTHKEY is the term used for author keywords, INDEXTERMS is used for only index
keywords, while KEY is used for both author keywords and index keywords. In the present
study, we used both types of keywords (with ΚΕΥ) in our initial search in the database. So, the
search result (3293 papers) is obtained based on both types of keywords. Yet, in the continuation of the study, we use only the Author keywords in our analysis, unless otherwise stated.
Figure 4 (above) depicts the total number of (author) keywords of papers for each year (right
vertical axis, orange color). A significant increase is revealed regarding the number of keywords
of published papers, following the same trend as the papers. In 1997, the total number of keywords of published papers was 29 (with 30 published papers of which 6 had author keywords),
while the corresponding number for 2017, 2018 and 2019 is 1682, 1667 and 1319, respectively.
Figure 5 shows the average number of keywords per paper for each year. The blue line considers all papers (with or without author keywords), while the orange line takes into account
only the papers with keywords. The orange line shows that the keywords/paper ratio remains
almost constant with values ranging from 5 to 6 in most cases. This means that authors use 5 to
6 keywords (on average) in most cases, lately and also in the past. The blue line can be misleading as it implies that more keywords are used lately, but this is not the case. The increasing
trend of the blue line is because of the relativity decreasing number of papers with no author
keywords at all, over the years (in the past, relativity more papers had no keywords), which
makes the average ratio go up.

1551

Vagelis Plevris, German Solorzano and Nikolaos Bakas

Figure 5: Average number of (keywords per paper), for each year (1990-2019).

3.2 Top keywords
Figure 6 presents the number of occurrences of the top-15 keywords in the total 3293 papers
(2437 papers with keywords) in the period 1990-2019 (30 full years). The top-5 keywords are
“masonry”, “cultural heritage”, “seismic vulnerability”, “masonry structures” and “strengthening”, as shown in the figure. “Masonry” outperforms all other keywords, which is expected and
makes sense due to the nature of the query made, as the word “masonry” was present in all the
three alternatives of the search (“masonry+historical” or “masonry+monument” or “masonry+heritage”).

Figure 6: Νumber of occurrences of each of the top-15 keywords in the total 3293 papers.
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3.3 Time series of the top keywords
Figure 7 depicts the time series of the occurrences of the top-10 keywords for all 3293 papers
in the period 1990-2019, i.e. how many times each keyword appeared in each year. In Figure 7,
it is shown that all keywords exhibit an increasing trend in their occurrences from past to present.
This is mainly due to the general increase in the number of papers and keywords, as we approach from the past years to the latest years (see Figure 4).

Figure 7: Total number of occurrences of each of the top-10 keywords, for each year.

Figure 8 presents the same time series in a normalized way, where the number of occurrences
of each keyword has been divided by the total number of papers (with keywords) for each year.
Papers with no keywords have not been taken into account in this figure. Thus, Figure 8 presents
the time series of the average number of keyword occurrences per paper, for each of the top10 keywords, for a more objective representation. Since before 1995 there were years with no
papers with keywords, to avoid division by zero problems, in this figure we focus on years from
1995 until 2019.
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Figure 8: Average number of keyword occurrences per paper (with keywords),
for each of the top-10 keywords, for each year.

Figure 9 depicts the matrix of Pearson Correlation coefficients for the normalized time series
presented in Figure 8. Correlation between sets of data is a measure of how well they are related.
In the particular case of Figure 9, if a cell has a value close to 1 (close to yellow color) then
there is a strong positive relationship between the normalized time series of the corresponding
keywords, i.e. the two time series show similar behavior (either increase together or decrease
together with time). If a cell has a value close to -1 then again there is a strong relationship
between the time series of the corresponding keywords, but in the opposite direction, i.e. the
occurrence of one keyword increases with time while the other decreases. If a cell has a value
close to zero then there is no correlation between the corresponding keywords.

Figure 9: Color representation of the Pearson Correlation coefficients
for the normalized time series of the top-10 keywords.

By examining Figure 9 it can be observed that the time series of some specific keywords
have a good correlation with some others, while for many others there is no correlation. For
example, the time series of the pairs “seismic vulnerability” and “limit analysis” show a strong
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correlation with r=0.78. The normalized time series for these two keywords are depicted in
Figure 10 where it is clearly shown that there is a correlation between the two.

Figure 10: Average number of (keywords per paper), for each year (1990-2019).

3.4 Co-occurrence Matrix for the top keywords
It is interesting to observe the co-occurrence of keywords in papers. Some keywords tend to
have simultaneous occurrences (be present in the same paper) while others tend not to co-exist.
The co-occurrence matrix for the top-10 keywords is depicted in Figure 11 where the colors
correspond to a scale from zero to 32, indicating the number of simultaneous occurrences of
the keywords in papers of the database. The diagonal of the matrix has been set to zero for
better presentation of the results.

Figure 11: Colored representation of the co-occurrence matrix for the top-10 keywords.

The importance of the co-occurrences stems from their link to the conceptual association
among the keywords. For example, the pair of keywords “masonry” and “strengthening” has a
high number of co-occurrences (32), which is also the case for the pairs “masonry” and “cultural
heritage” (22) and “masonry” and “seismic vulnerability” (23) which clearly indicates that the
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masonry related literature deals with the improvement of the structural characteristics of existing rather than new buildings. Similarly, the co-occurrence of the keywords “cultural heritage”
and “seismic vulnerability” is 9, while the association of “seismic vulnerability” with “limit
analysis” is 7. These results are significant from a statistics perspective, since they are based on
a large number of papers (2437 papers with keywords) which cover a wide range of years (practically 1995-2019 since before 1995 there are many years with no papers with keywords).
Although meaningful and interesting conclusions can be made just by looking at the cooccurrence matrix of Figure 11 (which depicts the co-occurrence of the top-10 keywords only),
it is very difficult to interpret this matrix globally, especially if the total number of unique keywords (6222 items in our case) was taken into account which would make the co-occurrence
matrix extremely large (6222×6222). For a high number of keywords, the associations between
them can be further analyzed utilizing the bibliometric maps methodology which will be presented in the following section.
4

BIBLIOMETRIC MAPS

A bibliometric map is a visual representation of the solution of the multidimensional scaling
problem [9]. It is based on the assembly and further processing of the co-occurrence matrix.
The procedure is generic; thus, the term “object” will be used to denote either keywords, authors
or references from the studied database. This work considers maps in two-dimensions and each
object represents a point with coordinates (x, y). A pair of objects that have a high value of cooccurrence should be close to each other whereas objects with low co-occurrence must be distant from one another. For a set of n objects, there is a total of
t=

n  (n − 1)
2

(1)

unique pair of combinations (or distances) between them. The exact solution of this problem
usually does not exist due to the impossibility of matching t specific distances in only twodimensions. Instead, optimization algorithms are applied to find approximated solutions. The
general procedure implemented for the construction of the bibliometric map is presented in
Table 1 followed by a detailed description of each step.
1.
2.
3.
4.

Assembly of the co-occurrence matrix c
Computation of the similarity s and dissimilarity ds matrices
Initialization with a random position (x, y) to all the objects
Optimization algorithm:
• minimize objective function
NO
• is the convergence criterion satisfied?

pre-processing

processing

YES
5. Visual representation of the bibliometric map

post-processing

Table 1: General procedure for the construction of the bibliometric map.

Similarity Matrix: In order to facilitate the construction of the maps, the co-occurrence matrix
c is scaled to a range of [smin, smax] with a linear transformation. The scaled values of the cooccurrence matrix are denoted as the similarity matrix s and each term is computed as
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sij =

smin ( cmax −cij ) + smax ( cij −cmin )
cmax −cmin

(2)

where cmax and cmin are the maximum and minimum values of the co-occurrence matrix c. In
this study, for the case of the top-15 keywords, it is cmin=0 and cmax=32. The parameters smin
and smax have been set to smin=0.25 and smax=10 as will be described in detail later on.
Dissimilarity Matrix: The terms of the dissimilarity matrix ds are computed from the similarity matrix s as follows
dsij =

1
sij

(3)

There are other methods that could be used to define the dissimilarity values from the similarity values, for example a linear transformation. Nevertheless, the above non-linear transformation has been chosen as an attempt to consider the influence of the low average number of
co-occurrences among all objects into the solution. This comes from the fact that as more objects are studied, there are more low values (or even zeros) in the c matrix. A plot of the function
of Eq. (3) is given in Figure 12.

Figure 12: Non-linear mapping of similarity values into dissimilarity values for smin=0.25 and smax=10.

The average value of similarity and the centroid of the curve are represented with vertical
lines. These two lines lie close to one another and it is an indicator that Eq. (3) suits the task. It
provides low dissimilarity values between objects with a higher similarity than the average and
high dissimilarity values to objects with lower similarity than the average.
The parameters smin and smax have a high influence on the shape of the curve. In our case, by
using smin=0.25 and smax=10, the maximum and the minimum distances between any two points
in the map are fixed to 1/10=0.1 and 1/0.25=4 units, respectively. Thus, avoiding zero or infinite
values which can produce difficulties in the graphical representation or the numerical procedure.
Furthermore, these values have shown better performance among other tested sets of parameters.
Optimization Problem: For the construction of the bibliometric map, the objective function
to minimize is the mean absolute error. It is calculated by comparing, for each pair of objects,
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their real dissimilarity value with their measured distance in the two-dimensional map. In order
to restrict the search space and to facilitate the visualization, a constraint is imposed that limits
the coordinate values to a range of zero to two times the maximum dissimilarity value. The
optimization problem is then formulated as follows
minimize:
with:

f ( x) =

1 n n dsij − dij
,

t i =1 j =i +1 dsij

(4)

x = {x1 , y2 , x1 , y2 ,..., xn , yn }
dij =

(x

− xi ) + ( y j − yi )
2

j

2

, 0  yi  2
smin
smin
Considering that the matrix ds is symmetric, and that the information of the diagonal is omitted since the similarity of an object with itself is meaningless to the problem; therefore, to reduce the number of operations, the summation in Eq. (4) is only computed for the non-repeated
values of ds and when i  j.
Optimization Algorithm: The Non-dominated Sorting Genetic Algorithm (NSGA-II) [8]
was used to solve the optimization problem. The implementation was done by adapting the
open source package MOEA Framework [10]. Genetic Algorithms are a key element of machine learning techniques and they use operators inspired in nature such as mutation, crossover
and selection. By adjusting these operators properly, they can generate high quality solutions
for all kind of optimization problems.
The vector of decision variables x is first populated with random values and then it is processed by the optimizer. A maximum number of 10,000 function evaluations has been chosen
as the termination criterion. It has been noticed, for this particular problem, that a higher number
does not improve the results.
subjected to:

0  xi  2

4.1 Bibliometric map for the top-15 keywords
Utilizing the described approach, a bibliometric map is constructed to analyze the co-occurrence of the top-15 keywords (see Figure 6) in the provided database. The results are shown in
Figure 12.

Figure 13: Bibliometric map for the top-15 keywords.
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The characteristics of the map are summarized below:
• Each object (i.e. keyword in the case of Figure 13), is represented as a bubble with a
position (xi, yi) and a specific color.
• The distance between any two objects is an indicator of their dissimilarity.
• The area of each bubble is proportional to its number of occurrences.
• The co-occurrences between each pair of objects is represented with a line between the
objects. The thickness of each line can be proportional to the number of co-occurrences
between the connected objects. In Figure 13 the latter characteristic (line thickness) is
only implemented and shown for the central keyword “masonry” to avoid image clutter
and for better clarity.
All the information is embedded on the map and a clear visual representation is achieved.
As expected, the keyword “masonry”, which was used as the main query to obtain the database,
appears in the middle surrounded by words that share a high similarity value with it (high number of co-occurrences).
According to the map, the keyword “masonry” is closely related to the keywords “strengthening”, “earthquake”, “cultural heritage” and “historical buildings”. Thus, a quick conclusion
can be made that most of the literature regarding the conservation of masonry historical buildings, deals with their rehabilitation due to the damage received during earthquakes, especially
since keywords related to earthquakes were not included in the original query.
4.2 Bibliometric map for the top-50 keywords
The analysis of even more keywords can reveal additional information and lead to the identification of new patterns, especially if a proper digital visualization is employed e.g. with
zooming and panning capabilities.

Figure 14: Bibliometric map for the top-50 keywords.
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A new bibliometric map for the top-50 keywords is shown in Figure 14 using the same visual
characteristics as described before. The position of all the keywords shows concordance with
the dissimilarity matrix, therefore, the proposed optimization method also proves to be effective
for large numbers of decision variables.
By inspecting the obtained map, some areas have been manually identified containing keywords close to each other (clusters) that can be related to specific areas of research. For example,
the solid-lined cluster in Figure 14 contains words related to the restoration of masonry buildings, such as “heritage”, “vulnerability”, “stone masonry”, “historical building” and “rehabilitation”. On the other hand, the dashed-lined cluster has mostly words associated with structural
dynamics, like “pushover analysis”, “finite element analysis”, “non-linear analysis”, “dynamic
analysis”, among others. This observed characteristic is a further indicator of a successful implementation.
4.3 Bibliometric map for the top authors
Following the same procedure, a bibliometric map is constructed to analyze the top-50 authors and their co-occurrence (i.e. co-authorship) among papers of the provided database. The
obtained map is shown in Figure 15. In this investigation, all papers (3293 papers) have been
taken into account, even the one with no author keywords.

Figure 15: Bibliometric map for the top-50 authors.

By browsing the map, well-defined clusters of specific authors can be found. For example,
in the middle cluster defined by a solid line in the figure, “Laurenco P.B.”, “Ramos L.E.” and
“Oliveira D.V.” appear to be strongly related (“Laurenco P.B.” being the most significant contributor with a high number of co-authored papers) and share multiple connections to other
authors/clusters. Similarly, in the bottom area (dashed-lined cluster) “Yamada S.”, “Araya M.”,
and “Iwasaki Y.” also share strong connections but only with each other, thus, creating an isolated research group. A similar group is also identified on the left with the dotted line. Such
connectivity suggests the existence of large and small research groups working in the field.
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4.4 Computational time and efficiency
The java computer language was used for this implementation because of its vast set of tools
(either native or external open-sourced) for mathematics, two-dimensional rendering and the
creation of user-friendly interfaces. All numerical tests were carried out on a regular personal
computer with an Intel i7-6700HQ @2.60GHz processor and 16 GB or RAM.
Due to the stochastic nature of the genetic algorithms and the use of random numbers, a
different solution is found every time the algorithm is executed. Furthermore, the obtained objective value (or error) varies depending also on the number of objects studied. The error can
never be expected to be minimized to zero for all practical applications, because of the twodimensional limitation of the problem (2D map). In addition, multiple solutions exist for the
same problem, i.e. corresponding to a different rotation of the map. Rotation is a transformation
of the map for which the value of the objective function remains unchanged, but the positions
of the objects will be different. Thus, it can be said that every execution of the algorithm will
produce similar maps, but with a different random rotation.
As the number of objects increases, the pre-processing, processing and post-processing parts
demand more computations; however, the most time-consuming task is the optimization procedure which consumes about 80% of the total execution time. According to Eq. (4), the required operations that must be performed by the optimizer grow exponentially. Figure 16 shows
the needed computational time vs the total number of objects considered and confirms the increasing trend.

Figure 16: Computational time required to construct the bibliometric map.

5

CONCLUSIONS

A new approach to the multidimensional scaling problem using Genetic Algorithms was
applied for the construction of bibliometric maps. With the presented numerical procedure, a
sophisticated tool was developed for the analysis of large databases of research papers, with the
aim of identifying relevant characteristics such as the associations between keywords, authors,
references, etc. The database used contained 3293 papers downloaded from Scopus database
[1]. The word “masonry” in combination with “historical”, “monument” and “heritage” was
used as query. In the case of the author maps, all papers have been taken into consideration,
while in the case of keyword maps, only the 2437 papers containing author keywords were
taken into account. The data is processed, and the map is rendered in just a few seconds revealing interesting features. For example, by looking into the co-occurrence of keywords, it was
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found that seismicity and numerical modeling are topics closely related to the investigated
query. This strongly suggest that the damage in historical masonry buildings comes from mostly
earthquake excitations. Additionally, by analyzing the co-authorship, groups of researchers
working together in the field or in isolation were identified.
The quality of scientific research can be improved by using machine learning techniques for
bibliometrics. Therefore, the outlook of this work is to improve the presented methodology and
the developed software, in order to create a powerful tool with an intuitive graphical user interface that allows a quick processing of any database and a smooth visualization of the results.
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Abstract. We present some peculiar results about the solitary-wave dynamics of novel tensegritybased metamaterials. It has been previously shown that one-dimensional chains of triangular tensegrity prisms with stiffening behavior support the propagation of compressive solitary
waves. We show that such result can be generalized to two-dimensional and three-dimensional
modular tensegrity lattices composed of polygonal and polyhedral units. Differently from the
one-dimensional case, the stiffening response of these lattices originates at the interface between adjacent units, not from the unit themselves. We present numerical results on the response
to impulsive loads of slender assemblies composed by square units in two-dimensions, and cubic units in three-dimensions. We observed compact compressive waves forming at impact
locations, together with localized thermalization effects. Such compact waves propagate with
nearly constant speed and energy, while maintaining their shape, and emerge from collision
with other compact waves almost unaltered, losing a small fraction of their energy. These results suggest the investigation of the dynamics of regular and quasi-regular tessellations formed
by other types of polygonal and polyhedral units.
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1

INTRODUCTION

Nonlinear tensegrity metamaterials based on triangular tensegrity prisms have been proposed
in the recent years as candidate for novel acoustic devices, owing to their ability to support the
propagation of both compression and rarefaction solitary waves [12, 15, 16]. Such ability depends in turn on the possibility of designing tensegrity prisms with either stiffening or softening
elastic response to external loads, by a suitable choice of geometry and prestress parameters
[13, 14].
In this work we present some numerical investigations on the behavior of novel multidimensional tensegrity beams, more precisely, two-dimensional and three-dimensional slender modular assemblies with stiffening behavior composed by selected tensegrity units. We
observed that compressive solitary waves appears also in these systems when subjected to impulsive loads.
In the next section, we describe the peculiar geometry and the origin of stiffening behavior
of the structures we consider, together with our modeling assumptions. In Section 3 we present
the results of numerical experiments. Our concluding remarks are given in Section 4.
2

INTERFACE-LEVEL STIFFENING BEHAVIOR AND MODELING ASSUMPTIONS

Differently from the one-dimensional case described in [12, 15, 16], the polygonal and polyhedral units we consider (Figs. 1, 2) do not feature a stiffening behavior by themselves; instead,
such behavior results from the internal mechanism which is formed at the interface between
adjacent units in modular assemblies, as explained below.
By considering the large-displacement static response of the two-cable systems in Fig. 3 (left)
when subjected to a transverse load, it is easy to see that the load-vs-displacement relationship
is nonlinear, and it is represented by a stiffening cubic curve with the inflection point located at
the origin, Fig. 3 (right), with the slope at the inflection point being proportional to the prestress
initially present in the system.
By connecting several units together as in Figs. 1 and 2, two-cable subsystems similar to
the one in Fig. 3 are formed between adjacent units, conferring to the assembly the anticipated
stiffening behavior when subjected to external actions.

Figure 1: Two-dimensional assemblies: regular assemblies of polygonal cells.

We make the following assumptions: bars can resist both tension and compression while
cables can resist tension only; bars and cables are linearly elastic; mass is lumped at bars’
endpoints; there is no dissipation. We perform computations in a regime of large displacements
by integrating numerically the (second-order nonlinear) equation of motion (cf. [11])
Mẍ + A(x)t(x) = 0
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Figure 2: Three-dimensional assemblies: connecting two cubic cells at intermediate nodes (left); a 2×2×1 (center)
and a 2×2×2 (right) assembly of cubic cells.

Figure 3: Nonlinear stiffening response of a two-string system: two-string systems subjected to a transverse load
(left); force vs. displacement relationship (right). The slope tan α of the tangent at the origin is directly proportional to the prestressing force.

Figure 4: Deformed configuration and colormap of the elements’ total energy after impact for different value of
v0 .
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with assigned initial conditions. In (1), x is the vector of the 3n nodal coordinates, with n the
number of nodes, M is the (constant) mass matrix, A is the equilibrium matrix, and t is the
vector of the e elements’ axial forces, with e the total number of elements.
The above equation of motion is solved in Matlab by using the built-in routine ode45.
R

3

NUMERICAL EXPERIMENTS ON 2D AND 3D TENSEGRITY BEAMS

In this section’s examples, we adopt the following geometric and material properties. The
units’ side length is 20 mm; bars have a diameter of 1.75 mm and are realized in titanium alloy Ti6 Al4 V with Young’s modulus equal to 120 GPa and mass density of 4.42 g/cm3 ; cables
are realized in Nylon 12 fibers and have a diameter of 0.25 mm with a Young’s modulus of
500 MPa and a yield strain of over 30% (with a mass density of 1.03 g/cm3 ) [27]. Extra mass
is added to the structure by attaching spheres of radius 2.5 mm in lead, with mass density equal
to 11.34 g/cm3 , to the bars endpoints. Cables initially carry a nearly null axial force, with a
prestrain assigned equal to 10−5 .
We consider first a cantilevered rectangular 3 × 50 assembly of square units constrained at
one end and subjected to an impact loading at the other end (indicated, respectively, by black
dots and a thin arrow in Fig. 4). A horizontal initial velocity of magnitude v0 is assigned to the
four nodes of the middle module at the impacted side. Simulation results are show in Fig. 4
as energy colormaps at a certain time instant. Each bar is assigned its elastic energy plus the
kinetic energy relative to the lumped mass at the bar’s end nodes, while each cable is assigned
just its elastic energy. Each energy value is then expressed as a percentage of the total energy
of the system.
Simulation results shows two distinct effects (Fig. 4): (i) a thermalization effect in the region
near the impacted side, where a portion of the impact energy spreads around in a chaotic motion,
and (ii) the appearance of a solitary compression wave with compact support, or compacton,
originating from the impacted side and traveling toward the constrained side. The compacton
spans about three units in the longitudinal directions and maintains its shape and traveling speed
nearly unaltered. Figure 4 shows a comparison of the effects of impacts of different magnitude,
i.e, obtained by assigning different value to v0 . In the three cases shown, we see that the traveling time (traveling speed) decreases (increases) in a nonlinear way when v0 increases.
Our second example regards the collision of two compactons on a 2×80 assembly of square
units (Fig. 5). Initial velocities of magnitude v0 and opposite directions are assigned to the
middle module nodes at both ends of the assembly. Two compactons originate from the thermalization regions near impact locations. Figure 5 (top) shows the energy colormaps, obtained
as in the previous case, before and after collision. Figure 5 (bottom) shows three snapshots of
the horizontal component of the velocity of the nodes which are located along the blue (grey)
line on the top panel of Fig. 5. The compactons emerge from collision nearly unaltered in shape,
while each compacton’s energy slightly decreases, passing from from 30.28% to 28.27%. The
energy is lost in a slight thermalization of the center region of the assembly. As to the horizontal
component of nodal velocity, we see from Fig. 5 (bottom) that it remains almost the same after
collision, while thermalization motion spreads away from the center.
In the third example we simulated a 2×2×20 assembly of cubic units with a setup similar to
that of the first example (Fig. 6). An initial velocity v0 is imposed to the nodes of the leftmost
modules, while the rightmost nodes are constrained not to move. Energy colormaps are computed in the same way as in the previous examples and are shown in Fig. 6 for four different time
instant, before and after reflection at the constrained end. We observe the same effects as in the
two-dimensional example: thermalization near the impacted side and formation of a compact
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Figure 5: Deformed configuration and colormap of the elements’ total energy.

compression solitary wave which maintains its shape and traveling speed nearly unaltered. In
addition, after wave reflection, we observe some thermalization effects at the constrained end.
4

CONCLUSIONS

We studied the solitary-wave dynamics of tensegrity-based metamaterials. We showed that
results previously obtained for one-dimensional chains of tensegrity prisms, regarding the formation of compression solitary waves by impact loading, can be generalized to two-dimensional
and three-dimensional assemblies of polygonal and polyhedral units, where the stiffening behavior originated at the interface between adjacent units. We observed the formation of compact compression waves emerging from a thermalization region at the impact location. Such
compact waves maintain their shape, energy, and traveling speed nearly unaltered during propagation, with slight losses after collision with another compact wave and after reflection. In
a future study we envisage to combine together different polygonal (polyhedral) units so as to
form regular or quasi-regular assemblies to obtain systems with wave-steering properties and to
search for other peculiar behaviors.
5
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Figure 6: Deformed configurations with superimposed colormaps of elements’ energy fractions at different times
after impact with initial velocity v0 = 1.25 m/s, on a 2 × 2 × 20 beam of cubic cells.
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Abstract. Tensegrity is a structural principle in biomechanics and architecture enabling to
design rigid and mechanically stable structures by combining prestressed cables and isolated
beams in compression. The present work reports a new class of tunable tensegrity-type metamaterials capable of manipulating the propagation of elastic waves by varying the level of
prestrain in incorporated strings or/and manipulating the angle of rotation of inclined bars. We
numerically demonstrate the generation of broadband low-frequency band gaps in the proposed
meta-structures and analyze their evolution for different geometric and mechanical parameters.
The transmission analysis demonstrates excellent wave attenuation efficiency by using a few
metamaterial building blocks that makes the proposed meta-structures promising candidates
for multiple engineering applications. Our design approach enriches the emerging class of
mass-lattice metamaterials and provides meta-structures capable of attenuating elastic waves
at broadband ranges in challenging low-frequency regimes.
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1

INTRODUCTION

Recent progress in additive manufacturing [1, 2] has enabled the production of architected
metamaterials with advanced dynamic characteristics, uncommon for natural materials. Among
their properties are negative effective parameters [3], band-gap effect [3, 4, 5], acoustic cloaking [6], wave focusing [7], topologically protected states [8] (see also [9, 10, 11] for details).
Great potential for engineering applications have lattice and porous metamaterials due to
their high stiffness to weight ratio and enhanced energy absorption, among others. Most such
configurations have however a fixed geometry that restricts possibilities of these metamaterials
for incorporating tunable functionality. Inspired by the configurational diversity of tensegrity
structures, we have uncovered their potential to induce phononic band gaps at frequencies governed by the level of the structural prestress [12]. Further, we have extended the tensegrity
designs to robust configurations with bending-stiff connections, less dependent on prestress,
and have demonstrated strong wave suppression in light-weight meta-structures at broadband
low-frequency ranges [13, 14].
As a continuation of these studies, the present work reports tensegrity-type metamaterials
with mechanical and dynamic responses controlled by the rotation of the base elements. The
metamaterials are composed of tensegrity prisms with solid triangular bases (Fig. 1). When prestrain in the incorporated strings is varied, the solid elements rotate relative each other, and the
distance beetween them is changed. This alters the effective structural stiffness and, as a result,
allows shifting the band-gap frequencies in wide frequency ranges. Through numerical simulations, we demonstrate that the rotations and involved deformations can be exploited to globally
tune or even switch off the wave attenuation ability of the tensegrity-type metamaterials.
2

TENSEGRITY STRUCTURE MODEL
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top view
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Figure 1: Configuration of a minimum regular tensegrity prism with strings indicated in blue.

We consider a three-dimensionsal tensegrity structure represented by a classic minimum
regular prism (Fig. 1) [15, 16]. The two end bases, perpendicular to the central axis of the prism,
are equilateral triangles of length l with vertices 1-2-3 and 4-5-6. Three bars 1-4, 2-5, 3-6 and
three strings 1-6, 2-4, 3-5 are of length b and s, respectively. For any loading, symmetric with
respect to the axis of the prism, the nodal displacements of the prism can be expressed through
the angle of rotation φ or the vertical displacement of the top base relative to the bottom.
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3

STATIC ANALYSIS

We first analyze static properties of the tensegrity prism, including its stable equilibrium
configuration and the axial stiffness, and establish the influence of prestress in the strings on the
geometric and mechanical characteristics of the prism.
To this purpose, we assume a non-deformable, rigid behavior for the bars and the base triangles, and a linear elastic response for the strings with spring constant ks . This assumption is
reasonable for realistic structures, if the strings are more compliant than the bars [15, 16, 17].
We introduce traction-free pinned connections at the bar ends to allow free rotation of the bases.
In the Cartesian coordinates with the origin at the centroid of the bottom base, the vertices
have the following coordinates: 1 {−a/2, −l/2, 0}, 2 {a, 0, 0}, 3 {−a/2, l/2, 0}, 4 {−l sin(φ)/2−
a cos(φ)/2, l cos(φ)/2−a sin(φ)/2, h}, 5 {a cos(φ),
a sin(φ), h}, and 6 {l sin(φ)/2−a cos(φ)/2,
√
− a sin(φ)/2 − l cos(φ)/2, h}, where a = l/ 3 [17].
The constraint on a fixed length of the bars enables to estimate the height of the prism:
h=

q

b2 − 2a2 (1 − cos φ).

(1)

The length of the strings s is then expressed as follows:
s=

√
b2 + 2 3a2 cos (φ + π/6).

q

(2)

Let us denote the natural length of the string as sN . For s = sN in the tensegrity placement,
the prism can achieve a self-equilibrium condition at φ0 = 5π/6 under zero prestrain (p0 = 0)
in the strings [15]. Then, the equilibrium height of the prism h0 and equilibrium length of the
strings s0 are
q
q
√
√
2
2
s0 = b2 − 2 3a2 .
(3)
h0 = b − a (2 + 3)
Since the strings are not prestrained, one obtaines sN = s0 .
To mofidy the geometry of the tensegrity prism, one can apply external torque or force loading that leads to rotation of the bases relative to each other. The corresponding relations between
the torque/force densities and induced vertical displacements are derived in Refs. [15, 16, 17].
Here we use another approach based on a unique feature of tensegrity designs that implies that
the system can be prestressed to get the same configuration as if external loads are applied [16].
In other words, the tensegrity allows us to design various configurations by specifying an appropriate level of prestress or, equivalently, prestrain in the strings. The prestrain can be introduced,
for instance, by applying external loading or using micro-stereolitography for manufacturing
strings [13].
We introduce the prestrain as
sp − sN
,
(4)
p=
sN
sp is the length of the presstrained string. Changes is the string length induce the variation of the
angle of rotation φp and the prism height hp , which can be evaluated from (2), (1) as follows:
s 2 − b2
π
φp = − + arccos p√ 2 ,
6
2 3a
!

hp =

q

b2 − 2a2 (1 − cosφp ).

(5)

For example, let l = 2 cm and b = 2.5 cm. Then a = 1.15 cm, sN = 1.28 cm, and h0 = 1.13
cm. The relation between the angle φp and the prestrain p is shown in Fig. 2a. As can be seen,
in the absence of prestrain the prism is in self-equilibrium configuration with φp = φ0 = 5π/6.
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Figure 2: The relation between the prestrain in the strings and (a) the angle of rotation φp , (b) the height of the
prism hp , (c-d) the axial stiffness Kp for a minimum regular tensegrity prism with l = 2 cm and b = 2.5 cm.

As the prestrain increases,
√ 2 φp decreases and approaches −π/6. The increase of p above 160%
2
2
leads to (sp − b )/(2 3a ) > 1 in Eq. (5) that is beyond the domain of admissible arguments
of function arccos for real result. (Obviously, the limiting value of the prestrain depends on l
and b.) The estimated range −π/6 ≤ φp ≤ 5π/6 falls within the feasible values of φ for a
minimum regular tensegrity prism, spanning from −π/3 (the strings interfere) to π (the bars
interfere) [15].
The dependence of hp as a function of p is shown in Fig. 2b. As the prestrain increases from
0 to 1.5, the height of the prism also increases from h0 to b corresponding to φp = 0 when the
bars are perpendicular the bases. Further increase of the prestrain naturally leads to the decrease
of hp , as the bars become inclined again.
Finally, by considering the equilibrium conditions for a prestressed prism, one can evaluate
its axial stiffness (see Ref. [17] for details):
√
"
#


h2p
π
3 3ks p
sin φp +
+ 2 2
(6)
Kp (hp , φp ) =
sin φp 1 + p
6
2a sin φp


9ks h2p
π
2
+ 2
sin
φ
+
,
(7)
p
6
s (1 + p) sin2 φp
where ks = Es As /sN , Es is the material Young’s modulus, and As is the cross-sectional area
of the spring, which is supposed to be unchanged during the deformation. One can easily see
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that the axial stiffness depends on the prestrain in strings and the angle of rotation φp . In the
self-equilibrium state for φp = φ0 and p = 0, Kp is zero. For very small non-zero p, we can
neglect the variations of φp from φ0 , and the stiffness
√
12 3ks h20 p
(8)
Kp (h0 , φ0 ) =
a2
1+p
is then governed solely by the level of prestrain. However, for larger p, the variations of φp from
φ0 can not be neglected. For instance, as φp approaches 0, the three terms in (7) tend to infinity.
This behavior is in agreement with the introduced assumtion on infinite stiffness of the rigid
bars, which appear to play the main role as φp tends to 0. Note that due to the assumption on
rigid behavior of the bases and bars, their geometric parameters have no influence on the prism
stiffness and can be arbitrary.
The dependence of Kp on p is illustrated in Fig. 2c,d for small/medium and large levels
of the prestrain. The calculations are performed for the strings of diamater 0.28 mm made of
commercially available PowerPro c Spectra fibers with Young’s modulus Es = 5.48 GPa [17].
The string constant is then ks = 0.193 MPa·m. For different p, the prism demonstrates the
nonlinear stiffening response with Kp varying in broad ranges. Hence, by varying the prestrain
in the prism, one can significanlty modify its mechanical response. We use this property to
design tensegrity-based metamaterials capable of attenuating elastic waves at broadband lowfrequency scales.
4

TENSEGRITY-BASED METAMATERIAL

To comply with the periodicity requirements for a phononic structure, we compose a metamaterial building block from two tensegrity prisms, one of which is a mirror-reflected configuration of another along the prism axis (Fig. 3a). This ensures that for any angle of rotation
φp the top and bottom bases of the building block remain parallel to each other and preserve
identical coordinates in horizontal planes.
Further, we get rid of the assumption on rigid behavior of the bars and the bases and assign to
them a linear elastic behavior. In this case, the static properties derived above remain valid, if the
material of the bars and the bases is at least one orders stiffer than that of the strings. Finally,
we replace the pinned connections between the bars and the bases by continuity conditions
(bending-stiff connections). This is done, first, to simplify the envisioned experimental tests on
samples manufactured by means of EBM technique, which does not allow the introduction of
spherical hinges [18]. Second, as we show below, the continuity conditions allow the design of
configurations with various φp , eliminating the necessity of prestrain in the strings. Note that for
bending-stiff connections, the results of the conducted static analysis are unvalid, and another
model, e.g. the “stick-and-spring” model, can be used to extimate the axial stiffness [18].
The dynamic analysis is performed numerically by means of the finite-element method implemented in Comsol Multiphysics 5.2. In the simulations, the bars and the bases are made
of titanium alloy Ti6A14V with Young’s modulus Et = 120 GPa, Poisson’s ratio νt = 0.33,
and mass density ρt = 4450 kg/m3 [13], which is more than 20 times stiffer than the string
material. The titanium alloy is the most widely used material in 3D-printing of metallic structures, the performance of which for manufacturing tensegrity configurations has been verified
in [18]. The geometric parameters, in addition to those specified in Section 2, are the thickness
of the bases t = 1 mm, diameter of the end spheres dsp = 1.7 mm, and diameter of the bars
db = 0.7 mm.
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front view

top view

(a)

(b)

Figure 3: (a) Building block of the tensegrity-type metamaterial composed of two tensegrity prisms with one of
them being the mirror-reflected of another. The top and bottom bases have identical horizontal coordinates. (b)
Dispersion relation for the block with φp = φ0 and zero prestrain in the strings. The insets present the mode shapes
with black color indicating zero motions and bright yellow (or white) describing intense (maximum) motions.

4.1

Dispersion analysis and band-gap tunability

The wave dispersion is evaluated for a single building block with the Floquet-Bloch conditions at the external top and bottom faces. The lateral faces of the block are supposed to be free
of stresses. The related eigenfrequency problem is solved for positive real wave numbers kz
varying between the edges Γ and Z of the irreducible Brillouin zone in the reciprocal space.
Figure 3b shows the dispersion relation for the tensegrity-type metamaterial with φp = φ0
and p0 = 0, which corresponds to the self-equilibrium state of a tensegrity prism with pinned
connections. The color of the bands indicates the amount of deflection of the bases f (0 ≤ f ≤ 1)
out of the horizontal plane (the corresponding expression can be found in [13]). Specifically,
almost zero values of f , indicated by blue, describe the states when movements of the bases
are confined in the horizontal plane, while the values close to unity and shown by red refer to
the cases with dominant motions in the axial direction. The latter type of movements is due to
non-zero bending stiffness of the connections between the bases and the bars, which cannot not
captured by the model developed in Section 2 [13].
The dispersion relation exhibits three low-frequency band gaps of width 50%, 31%, and
20%. Typical mode shapes are shown in Fig. 3b as insets. The mode shapes for the flat bands
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(a)

(b)

(c)

Figure 4: (a-c) Dispersion relations for the tensegrity-type metamaterial with φp = 4.5π/6 (a), φp = 2π/2 (b),
φp = π/3 (c) and the corresponding prestrain p.

describe localized resonances in the bars or the bases.
The ability of the tensegrity-type metamaterial to generate band gaps becomes even more
appealing due to an additional feature of the band-gap tunability. This tunability can be understood in a global or local sense. Under the global tunability we imply the possibility to shift
band gaps to different frequency ranges or wide variations of the band-gap width. The local
tunability describes the cases when the band-gap bounds are up to several percent.
The local tunability is introduced by changing the prestrain in the strings. Such variations
do not modify signicantly the angle φp and allow to perform fine tuning of the localized modes
and the band-gap width to desired values (see Ref. [13] for more details).
The global tunability is achieved by modifying the angle of rotation φp . For example, Fig. 4a
shows the dispersion relation for φp = 4.5π/6. The comparison with the relation in Fig. 3
reveals that the first and the thrid band gaps are almost of the same width as those in Fig. 3b.
Instead, the second gap in Fig. 4a is opened at much lower frequencies as compared to that in
Fig. 3b. For φp = 2π/3, all the low-frequency band gaps are closed (Fig. 4b). For φp > 2π/3,
the band gaps are generated again with the lower bound of the first band gap shifted to extremely
low frequencies (Fig. 4c). Therefore, by changing φp , the wave attenuation performance of the
the tensegrity-type metamaterial can be switch on/off or tuned to specified frequencies in a
broad frequency range. It is important to remember, however, that the continuity conditions
apply contraints on the variation of φp , the value of which should be specified at the manufacturing stage. At the same time, these conditions enable to eliminate prestrain in the strings that
greatly simplifies the utilization of the tensegrity-type metamaterials. The underlying reason
of insensitivity of the dispersion relations to p is that in the analyzed elastic model, the axial
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stiffness is governed by the elastic response of the bars and the bases, while the stiffness of the
strings is one order lower and can be neglected. Note that the on-cite global tunability can be
introduced for tensegrity structures with pinned connections that will be studied experimentally
in our subsequent work.
In contrast to the most other phononic materials [19, 20, 21, 22, 23], for which the tunability requires significant modifications of the structural geometry and/or the use of specific
(compliant, piezoelectric) materials, the proposed tensegrity-type metamaterials preserve their
configuration. This can be explained by the presence of a specific wave attenuation mechanism relying on inertial amplification [24, 25] in addition to Bragg’s scattering in thin bars and
local resonances of isolated masses [13]. The comlicated interplay between various wave attenuation mechanisms induced by the peculiar geometry of the tensegrity prism allows opening
extremely wide band gaps in light-weight structures (see e.g. the lowest band gap of 154%
width in Fig. 4c).

Figure 5: Normalized transmitted total displacements for a tensegrity-type metamaterial chain with φp = 5π/6
averaged upon the volume of two bases of the 6th element. The shaded regions correspond to the band-gap
frequencies indicated in Fig. 3b.

4.2

Transmission analysis

Finally, we estimate the wave attenuation ability of the designed metamaterials by analyzing
transmission of elastic waves through a finite-size meta-chains. We consider a chain composed
of 10 identical building blocks with the angle of rotation φp = 5π/6, the dispersion relation of
which is given in Fig. 3b.
The transmission simulations are performed in the frequency domain by using Comsol Multiphysics 5.2. One end of the sample is excited with distributed displacements uz or uy and uz
of magnitude 0.1 µm uniformly distributed at the triangular surface [13, 26]. The other end is
attached to a perfectly matched layer (of 5 unit cell size) to minimize undesired wave reflections.
The simulation results are shown in Fig. 5 for p = 0 by averaging the total displacements of
the bases of the 6th building block and normalizing them with respect to the applied excitation.
As can be seen, in case of the axial, symmetrically distributed loading, the chain efficiently
attenuates waves in very broad frequency ranges, exceeding those predicted by the dispersion
analysis (the dashed blue line). It occurs since this type of loading minimizes the excitation of
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deflection-dominanted modes. Instead, when the non-axial loading is present (the case uy &uz ),
one observes the transmission dips within the estimated band gaps, as expected. The attenuation
level reaches at least 1.5 order, which is appropriate, but can be improved further by increasing
the number of the building blocks.
Similar results are obtained for other angles φp . Namely, regardless of prestrain p, the transmission dips are observed within the band gaps, if the loading has non-axial components. In
case of symmetrically distributed axial excitation, the wave attenuation is always enhanced.
5

CONCLUSIONS
• We analyzed the metamaterial configurations based on tensegrity structures and shown
that they are capable of strongly attenuating elastic waves at broadband low-frequency
scales by means of a few building blocks.
• The proposed structures are characterized by local and global tunability of the wave manipulation performance. The local tunability (fine tuning of the band-gap ranges) can be
achieved by varying the prestrain in the incorporated strings. The global tunability, including switch on/off wave attenuation, is introduced by varying the angle of rotation φp
of the bases relative to each other. For the analyzed bending-stiff connections between
the bases and the bars, the angle can be specified only at the manufacturing stage, while
truly tensegrity configurations admit on-site variations of φp and will be studied in future.
• The proposed tensegrity-type metamaterials have low mass and can be easy-to-manufacture
by means of additive manufacturing techniques that makes them promising candidates for
various applications including vibration mitigation, impact and shock wave protection,
and others.
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Abstract. A new numerical approach for the time dependent wave and heat equations as
well as for the time independent Laplace equation on irregular domains has been developed.
Trivial Cartesian meshes and simple 9-point stencil equations with unknown coefficients are
used for 2-D irregular domains. The calculation of the coefficients of the stencil equations is
based on the minimization of the local truncation error of the stencil equations and yields the
optimal order of accuracy. The treatment of the Dirichlet and Neumann boundary conditions
in the new approach is related to the development of high-order boundary conditions with the
stencils that include the same or a smaller number of grid points compared to that for the
regular 9-point internal stencils. At similar 9-point stencils, the accuracy of the new approach
is two orders higher than that for the linear finite elements. The numerical results for irregular
domains also show that at the same number of degrees of freedom, the new approach even much
more accurate than the quadratic and cubic finite elements with much wider stencils. Similar
to our recent results on regular domains, the order of the accuracy of the new approach for
the Laplace equation on irregular domains with square Cartesian meshes is higher than that
with rectangular Cartesian meshes. The new approach can be directly applied to other partial
differential equations.
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1

INTRODUCTION

The development of numerical techniques for an accurate solution of partial differential
equations on complex domains is an active area of research. The finite element method, the
finite volume method, the isogeometric elements, the spectral elements and similar techniques
represent very powerful tools for the solution of PDE for a complex geometry. However, the
generation of non-uniform meshes for a complex geometry is not simple and may lead to the
decrease in accuracy of these techniques if ’bad’ elements (e.g., elements with small angles)
appear in the mesh. Moreover, the conventional derivation of discrete equations for these techniques (e.g., based on the Galerkin approaches) does not lead to the optimal accuracy. For
example, it has been shown in many publications on wave propagation that at the same width
of the stencil equations of a semi-discrete system for regular rectangular domains with uniform
meshes, the accuracy of the conventional linear finite elements can be improved from order two
to order four (e.g., see [1, 12, 13, 32, 34, 38, 43, 51, 14, 23, 25, 24] and others), the accuracy of
the conventional high-order finite and isogeometric elements can be improved from order 2p to
order 2p + 2 where p is the element order (e.g., see [2, 49, 50, 39, 48] ). However, the improvement in the order of accuracy for the high-order elements in [2, 49, 50, 39, 48] is not optimal. In
[21, 22, 19] the order of accuracy of the high-order elements on rectangular domains has been
improved to 4p and this order is optimal at a given width of stencil equations.
There is a significant number of publications related to the numerical solution of different
PDE on irregular domains with uniform embedded meshes. For example, we can mention the
following fictitious domain numerical methods that use uniform embedded meshes: the embedded finite difference method, the cut finite element method, the finite cell method, the Cartesian grid method, the immersed interface method, the virtual boundary method, the embedded
boundary method, etc; e.g., see [44, 47, 6, 40, 41, 11, 16, 52, 36, 31, 29, 30, 28, 27, 15, 7, 5, 4,
35, 42, 10, 8, 9, 37, 26, 3, 46, 33, 45, 17] and many others. The main objective of these techniques is to simplify the mesh generation for irregular domains as well as to mitigate the effect
of ’bad’ elements. For example, the techniques based of the finite element formulations (such
as the cut finite element method, the finite cell method, the virtual boundary method and others)
yield the p + 1 order of accuracy even with small cut cells generated by the complicated irregular boundary (e.g., see [47, 6, 40, 41, 36, 33, 45] and many others). The main advantage of the
embedded boundary method developed in [31, 29, 30, 37, 26] is the use of a simple Cartesian
mesh. The boundary conditions or fluxes in this technique are interpolated using the Cartesian
grid points and this leads to the increase in the stencil width for the grid points located close
to the boundary (however, the numerical techniques developed in [31, 29, 30, 37, 26] provide
just the second order of accuracy for the global solution). Therefore, the development of robust
numerical techniques for the solution of PDE on irregular domains that provide an optimal and
high order of accuracy is still a challenging problem.
A new numerical approach suggested in this paper is the generalization of our previous
numerical algorithms developed for the improvement of accuracy of linear and high-order finite element techniques for wave propagation problems and heat transfer problems for regular
rectangular domains with uniform meshes. For example, in [23, 25, 24, 19, 18, 20] we have
improved the accuracy of the linear finite elements and the high-order isogeometric elements
used for wave propagation from order 2p to order 4p where p is the order of the polynomial
basis functions. These techniques have been based of the reduction of the numerical dispersion
error. Because the numerical dispersion error is based on the existence of exact and numerical harmonic solutions of systems of partial differential equations and its discrete counterpart
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then the application of these approaches were limited to wave propagation problems for regular
rectangular domains with uniform meshes only (the numerical dispersion error is defined on
uniform meshes). In [21, 22, 19] we have improved the accuracy of the linear finite elements
and the high-order isogeometric elements for time dependent and time independent heat transfer problems for regular rectangular domains with uniform meshes. In contrast to the use of
the numerical dispersion error, the approach in [21, 22, 19] was based on the minimization of
the order of the local truncation error and did not require the existence of exact and numerical
harmonic solutions. However, the use of uniform meshes in [21, 22, 19] reduces the application
of the technique to rectangular domains and significantly restricts the value of the proposed approach. Moreover, in our paper [19] it was shown that the direct application of some techniques
with improved accuracy on uniform meshes (e.g., the MIR techniques in [12, 51, 24]) to nonuniform meshes leads to a significant degradation in the order of accuracy (e.g., by three orders
for the wave equation). In this paper we show that the approach based on the minimization
of the local truncation error is very general and can be applied to different partial differential
equations on complex irregular domains. This approach we will call the optimal local truncation
error method (OLTEM).
The idea of the proposed OLTEM is very simple. We start the development of a new numerical technique by assuming the stencil equations of a discrete or semidiscrete system of
equations used for the solution of a system of partial differential equations. A stencil equation
is a linear combination of the numerical values of the function (for a discrete system) or the
function and its derivatives (for a semidiscrete system) at a number of grid points where the
coefficients of the stencil equations are assumed to be unknown. These unknown coefficients
are determined by the minimization of the order of the local truncation error for each stencil
equation. This procedure includes a Taylor series expansion of the unknown exact solution at
the grid points and its substitution into the stencil equation. As a result, we obtain the local
truncation error in the form of a Taylor series. At this point, no information about partial differential equations is used. Then, the corresponding partial differential equations are applied at the
grid points in order to exclude some partial derivatives in the expression for the local truncation
error. Finally, the unknown coefficients of the stencil equation are calculated from a small local
system of algebraic equations obtained by equating to zero the lowest terms in the Taylor series
expansion of the local truncation error. The coefficients of the stencil equations are similarly
calculated for the regular stencils located far from the boundary and for the cut stencils located
close to the boundary. Then, a fully discrete or semidiscrete global system can be easily solved.
The main advantages of the new approach are a high optimal accuracy and the simplicity of the
formation of a discrete (semi-discrete) system for irregular domains. As a mesh, the grid points
of a uniform rectangular (square) Cartesian mesh as well as the points of the intersection of the
boundary of a complex irregular domain with the horizontal, vertical and diagonal grid lines of
the uniform Cartesian mesh are used; i.e., in contrast to the finite element meshes, a trivial mesh
is used with the new approach. Changing the width of the stencil equations, different linear and
high-order numerical techniques can be developed.
We should mention that the OLTEM can be also used for the improvement of accuracy of the
existing numerical techniques. Usually, many known numerical techniques finally reduce to a
system of algebraic equations with respect to the unknown numerical solution at the grid points
(or they can be often rewritten in this form). The coefficients of the final system of algebraic
equations are defined by the corresponding numerical technique and in many cases do not yield
the optimal accuracy. Therefore, the coefficients of the stencil equations for the corresponding
numerical techniques can be recalculated by the minimization of the order of the local truncation
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error as described above. E.g., using this idea, in [21, 22, 19] we have improved the accuracy
of the linear finite elements and the high-order isogeometric elements for time dependent and
time independent heat transfer problems on regular domains with uniform meshes.
In this paper we show the application of the new numerical approach to the time-dependent
wave and heat equations as well as to the time-dependent Laplace equation on irregular domains. Wave propagation in an isotropic homogeneous medium is described by the following
scalar wave equation in domain Ω:
∂ 2u
− c2 ∇ 2 u = f .
∂t2

(1)

Similarly, the heat equation in domain Ω can be written as:
∂u
− a∇2 u = f .
∂t

(2)

The Laplace equation in domain Ω has the following form:
∇2 u = f .

(3)

x, t) is the loading term,
In Eqs. (1)-(3), c is the wave velocity, a is the thermal diffusivity, f (x
n
u is the field variable. The Neumann boundary conditions · 5u = g1 on Γt and the Dirichlet
boundary conditions u = g2 on Γu are applied where n is the outward unit normal on Γt ,
and Γt and Γu denote the boundaries with the Dirichlet and Neumann boundary conditions,
x, t = 0) = g3 , v(x
x, t = 0) = g4 in Ω for the wave
respectively. The initial conditions are u(x
x, t = 0) = g3 in Ω for the heat equation where gi (i = 1, 2, 3, 4) are the given
equation and u(x
functions.
Remark. Time and the right-hand side in Eqs. (1) and (2) can be rescaled as t̄ = ct, f¯ = f /c2
and t̄ = at, f¯ = f /a, respectively. In this case the material parameters c and a will not be
presented in the rescaled Eqs. (1) and (2). However, in order to keep the derivation of the righthand side for the numerical technique without confusions, we will use the original notations
given by Eqs. (1) and (2). For the rescaled Eqs. (1) and (2), the formulas presented below in
the paper can be easily modified by putting c = a = 1.
According to the new approach we assume that the stencil equation for the wave and heat
equations after the space discretization with a rectangular Cartesian mesh can be written as an
ordinary differential equation:
L
X
i=1

(h2 mi

dn unum
i
+ c̄ki unum
) = f¯ ,
i
dtn

(4)

dn unum

where unum
and dtin are the numerical solution for function u and its time derivative at the
i
grid points, mi and ki are the unknown coefficients to be determined, L is the number of the grid
points included into a stencil, f¯(t) is the discretized loading term (see the next Sections), n = 2
and c̄ = c2 for the wave equation and n = 1 and c̄ = a for the heat equation, h is the mesh size
along the x− axis. The stencil equation for the Laplace equation after the space discretization
can be written as an algebraic equation:
L
X

ki unum
= f¯ .
i

i=1
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Many numerical techniques such as the finite difference method, the finite element method,
the finite volume method, the isogeometric elements, the spectral elements, different meshless
methods and others can be finally reduced to Eqs. (4) and (5) with some specific coefficients
mi and ki for the wave, heat and Laplace equations. In order to demonstrate a new technique,
below we will assume a 9-point stencil in the 2-D case that correspond to the width of the
stencils for the linear quadrilateral finite elements on Cartesian meshes. However, the stencils
with any width can be used with the suggested approach.
Let us introduce the local truncation error used with the new approach. The replacement of
the numerical values of the function and its time derivatives at the grid points in Eq. (4) by the
n
exact solution uj and ddtuni to the wave or heat equation, Eq. (1) or (2), leads to the residual of
this equation called the local truncation error e of the semidiscrete equation, Eq. (4):
L
X

dn ui
e =
(h mi n + c̄ki ui ) − f¯ .
dt
i=1
2

(6)

Calculating the difference between Eqs. (6) and (4) we can get
L
X
dn ui dn unum
i
num
] + c̄ki [ui − ui ]} =
(h2 mi ēvi + c̄ki ēi ) ,
e =
{h mi [ n −
n
dt
dt
i=1
i=1
L
X

2

n

(7)

dn unum

where ēi = ui − unum
and ēvi = ddtuni − dtin are the errors of function u and its time derivai
tives at the grid points i. As can be seen from Eq. (7), the local truncation error e is a linear
combination of the errors of the function u and its time derivatives at the grid points i which are
included into the stencil equation. The local truncation error e for Eq. (5) can be obtained from
Eqs. (6)-(7) with mi = 0 and c̄ = 1.
For the derivation of many analytical expressions presented below we use the computational
program ”Mathematica”.
2
2.1

A NEW NUMERICAL APPROACH FOR THE 2-D WAVE AND HEAT EQUATIONS.
Zero load f = 0 in Eqs. (1) and (2).

Y
h
uA−1,B+1

uA,B+1

uA+1,B+1

uA−1,B

uA,B

uA+1,B

byh
uA−1,B−1

uA,B−1

uA+1,B−1

X

Figure 1: The spatial locations of the degrees of freedom ui,j (i = A − 1, A, A + 1, j = B − 1, B, B + 1) that
contribute to the 9-point uniform stencil for the internal degree of freedom uA,B located far from the boundary.

Here, we present 9-point uniform stencils that will be used for the internal grid points located
far from the boundary and 9-point non-uniform stencils that will be used for the grid points
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Y
d7

h

Boundary

uA,B+1

d6
d4
d1

uA−1,B+1
uA−1,B

uA,B

uA+1,B+1

d5

uA,B−1
uA−1,B−1

uA+1,B
uA+1,B−1

d8
byh

X
d2 d3

Figure 2: The spatial locations of the degrees of freedom ui,j (i = A − 1, A, A + 1, j = B − 1, B, B + 1) that
contribute to the 9-point nonuniform stencil for the internal degree of freedom uA,B located close to the boundary
with the Dirichlet boundary conditions.

located close to the boundary with the Dirichlet boundary conditions (the case of the Neumann
boundary conditions will be considered separately in Section 2.3.2). Let us consider a 2-D
bounded domain and a rectangular Cartesian mesh with a mesh size h where h is the size of the
mesh along the x−axis and by h is the size of the mesh along the y−axis (by is the aspect ratio
of the mesh); see Figs. 1 and 2. The 9-point stencil considered here is similar to that for the
2-D linear quadrilateral finite elements. The spatial locations of the 8 degrees of freedom that
are close to the internal degree of freedom uA,B and contribute to the 9-point stencil for this
degree of freedom are shown in Fig. 1 for the case when the boundary and the Cartesian mesh
are matched or when the degree of freedom uA,B is located far from the boundary. In the case of
non-matching grids when the grid points do not coincide with the boundary, the first grid points
that lie outside the physical domain are moved to the boundary of the physical domain as shown
in Fig. 2. In order to find the boundary points that are included into the stencil for the degree of
freedom uA,B (see Fig. 2) we join the central point uA,B with the 8 closest grid points; i.e., we
have eight straight lines along the x− and y−axes and along the diagonal directions (the dashed
lines) of the grid; see Fig. 2. If any of these lines intersects the boundary of the domain then the
corresponding grid point (designated as ◦) should be moved to the boundary (the new location
is designated as •). This means that for all internal points located within the domain we use a
9-point uniform (see Fig. 1) or non-uniform (see Fig. 2) stencil. To describe the coordinates of
the boundary points shown in Fig. 2 we introduce 8 coefficients 0 ≤ di ≤ 1 (i = 1, 2, ..., 8) as
follows (see also Fig. 2):
xA−1,B−1 = xA,B − d1 h ,
yA−1,B−1
xA,B−1 = xA,B ,
yA,B−1
xA+1,B−1 = xA,B + d3 h ,
yA+1,B−1
xA−1,B = xA,B − d4 h ,
xA,B+1 = xA,B + d5 h ,
xA−1,B+1 = xA,B − d6 h ,
yA−1,B+1
xA+1,B = xA,B ,
yA+1,B
xA+1,B+1 = xA,B + d8 h ,
yA+1,B+1

= yA,B − d1 by h ,
= yA,B − d2 by h ,
= yA,B − d3 by h ,
yA−1,B = yA,B ,
yA,B+1 = yA,B ,
= yA,B + d6 by h ,
= yA,B + d7 by h ,
= yA,B + d8 by h .

(8)

If for a specific geometry of the domain some grid points designated in Fig. 2 as ◦ lie inside
the domain then these grid points should not be moved and the coordinates of these points can
be also determined by Eq. (8) with the corresponding coefficients di equal to unity (di = 1).
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Eq. (4) for the 9-point uniform (see Fig. 1) or nonuniform (see Fig. 2) stencil can be explicitly
rewritten as follows:
2

h {m1

dn unum
(A−1),(B−1)
dtn

+ m2

dn unum
A,(B−1)

+ m3

dn unum
(A+1),(B−1)

+ m4

dn unum
(A−1),B

+ m5

dn unum
A,B
dtn

dtn
dtn
dtn
n num
n num
n num
d u(A+1),B
d u(A−1),(B+1)
d uA,(B+1)
dn unum
(A+1),(B+1)
+m6
+ m7
+ m8
+ m9
}
n
n
n
dt
dt
dt
dtn
num
num
num
num
+c̄{k1 unum
(A−1),(B−1) + k2 uA,(B−1) + k3 u(A+1),(B−1) + k4 u(A−1),B + k5 uA,B
num
num
num
¯
+k6 unum
(A+1),B + k7 u(A−1),(B+1) + k8 uA,(B+1) + k9 u(A+1),(B+1) } = fA,B ,

(9)

where f¯A,B = 0 in the case of zero load f = 0 in Eqs. (1) and (2), the unknown coefficients
mj and kj (j = 1, 2, ..., 9) are to be determined from the minimization of the local truncation
error, the superscript n in the time derivative in Eq. (9) and the material parameter c̄ are n = 1
and c̄ = a for the heat equation as well as n = 2 and c̄ = c2 for the wave equation. For the
calculation of the local truncation error, let us expand the exact solution uj,l (j = A − 3, A −
2, A − 1, A + 1, A + 2, A + 3 and l = B − 3, B − 2, B − 1, B + 1, B + 2, B + 3) into a Taylor
series at small h  1 as follows:
∂uA,B
∂ 2 uA,B (ihdij )2
∂uA,B
(ihdij ) +
(jhdij ) +
∂x
∂y
∂x2
2!
2
2
3
3
2
∂ uA,B (ihdij )
∂ uA,B (ihdij )(jhdij ) ∂ uA,B (±jh)
+
+
+
2
∂x∂y
2!
∂y
2!
∂x3
3!
3
3
2
2
3
∂ uA,B (jhdij )3
∂ uA,B (ihdij ) (jhdij ) ∂ uA,B (ihdij )(jhdij )
+
+
+ ...
+
∂y∂x2
3!
∂y 2 ∂x
3!
∂y 3
3!
uA+i,B+j = uA,B +

(10)

where i, j = −1, 0, 1, and there is no summation over the repeated indexes i and j in Eq. (10).
Eq. (10) is also used for the time derivative of function u. In this case function u in Eq. (10) is
n
replaced by ∂∂tnu . For convenience, the coefficients di (i = 1, 2, ..., 8) in Eq. (8) are designated
as dij (i, j = −1, 0, 1) in Eq. (10) with the following correspondence between di and dij :
d−1,−1 = d1 ,
d0,−1 = d2 ,
d1,−1 = d3 ,
d1,0 = d5 ,
d−1,1 = d6 ,
d0,1 = d7 ,

d−1,0 = d4 ,
d1,1 = d8 .

(11)

The exact solution uA,B to Eq. (1) or (2) meets the following equations:
∂ n uA,B
− c̄∇2 uA,B = 0 ,
n
∂t

(12)

∂ i+j+n uA,B
∂ i+j ∇2 uA,B
−
c̄
= 0,
∂xi ∂y j ∂tn
∂xi ∂y j

(13)

with i, j = 0, 1, 2, 3, 4, .... Inserting Eqs. (10) - (13) into the stencil equation Eq. (9) we get the
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following local truncation error in space e:
∂uA,B
∂uA,B
h2 ∂ 2 uA,B
∂ 2 uA,B
∂ 2 uA,B
+ b3
) + (b4
+
b
+
b
)
6
5
∂x
∂y
2
∂x2
∂x∂y
∂y 2
∂ 3 uA,B
∂ 3 uA,B
∂ 3 uA,B
h3 ∂ 3 uA,B
+
b
+
b
+
b
)
+ (b7
9
8
10
6
∂x3
∂x2 ∂y
∂x∂y 2
∂y 3
h4
∂ 4 uA,B
∂ 4 uA,B
∂ 4 uA,B
∂ 4 uA,B
∂ 4 uA,B
+ (b11
+
b
+
b
+
b
+
b
)
13
12
14
15
24
∂x4
∂x3 ∂y
∂x2 ∂y 2
∂x∂y 3
∂y 4
h5
∂ 5 uA,B
∂ 5 uA,B
∂ 5 uA,B
∂ 5 uA,B
∂ 5 uA,B
∂ 5 uA,B
+
(b16
+
b
+
b
+
b
+
b
+
b
)
18
17
19
20
21
120
∂x5
∂x4 ∂y
∂x3 ∂y 2
∂x2 ∂y 3
∂x∂y 4
∂y 5
∂ 6 uA,B
∂ 6 uA,B
∂ 6 uA,B
∂ 6 uA,B
∂ 6 uA,B
h6
(b22
+
b
+
b
+
b
+
b
+
24
23
25
26
720
∂x6
∂x5 ∂y
∂x4 ∂y 2
∂x3 ∂y 3
∂x2 ∂y 4
∂ 6 uA,B
∂ 6 uA,B
+b27
+
b
)} + O(h7 ) (14)
28
∂x∂y 5
∂y 6
e = c̄{b1 uA,B + h(b2

with the coefficients bp (p = 1, 2, ..., 28) given in the Appendix. In order to improve the order
of accuracy of the local truncation error in Eq. (14) at small h  1, we will equate to zero
the coefficients bp in Eq. (14) for the smallest orders of h. If we equate to zero the first 15
coefficients bp = 0 (p = 1, 2, ..., 15) in Eq. (14), then, at least, we could obtain the fifth order
of the local truncation error. However, for a rectangular mesh with by 6= 1, the corresponding
system of 15 algebraic equations for some particular cases (e.g., when three or four points of
the 9-point regular stencil lie outside the physical domain and we have a non-uniform stencil
with d4 6= 1, d6 6= 1, d7 6= 1 and d8 6= 1, see Fig. 2) can be analytically solved with the help of
Mathematica. These solutions show that all coefficients ki in this stencil equation are zeros; i.e.,
these solutions are inappropriate. Therefore, the maximum possible order of the local truncation
error for a non-uniform stencil, Eq. (14), on a rectangular mesh corresponds to the fourth order
(this can be shown by equating to zero the first 10 coefficients bp = 0 (p = 1, 2, ..., 10) in Eq.
(14)). Fortunately, for square meshes with by = 1, the solutions of the system of 14 algebraic
equations bp = 0 (p = 1, 2, ..., 11, 13, 14, 15) for the cases when five points of the 9-point
regular stencil lie outside the physical domain (e.g., for a non-uniform stencils with d4 6= 1,
d5 6= 1, d6 6= 1, d7 6= 1, d8 6= 1 or d1 6= 1, d4 6= 1, d6 6= 1, d7 6= 1, d8 6= 1; see Fig. 2) can
be analytically solved with the help of Mathematica. The substitution of these solutions in the
expression for coefficient b12 yields b12 = 0; i.e., all 15 coefficients bp = 0 (p = 1, 2, ..., 15)
are zero in these cases. Therefore, for square meshes the new approach with the non-uniform
stencils for a very general geometry (the five points of the 9-point regular stencil can lie outside
the physical domain) yields, at least, the fifth order of the local truncation error. The case of
square Cartesian meshes with by = 1 will be considered below for the wave and heat equations.
In order to zero the coefficients bp (p = 1, 2, ..., 15) and minimize the values of the coefficients bp (p = 16, 17, ..., 21) for the fifth and sixth orders of the local truncation error, we use
the following procedure. First, let us zero the following coefficients bp :
bp = 0 ,

p = 1, 2, ..., 11, 13, 15 ,

(15)

and
b12 + b14 = 0 ,

(16)

The use of Eq. (16) instead of equating a single coefficient bp (as in Eq. (15)) allows a symmetric
form of the local truncation error in Eq. (14) with respect to x and y.
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Then, for the coefficients bp related to the fifth and sixth orders of the local truncation error
we use the least square method with the following residual R:
R=

21
X

b2p

+ h1

p=16

28
X

b2p ,

(17)

p=22

where h1 is the weighting factor to be selected (e.g., the numerical experiments show that h1 = 1
yields accurate results). The inclusion of the sixth order terms is explained by the fact that for
uniform square meshes, the fifth order terms do not provide a sufficient number of equations for
the calculation of the coefficients mi and ki (i = 1, 2, ..., 9). In order to minimize the residual
R with the constrains given by Eqs. (15)-(16), we can form a new residual R̄ with the Lagrange
multipliers λp :
R̄ =

21
X
p=16

b2p + h1

28
X
p=22

b2p +

11
X

λp bp + λ12 (b12 + b14 ) + λ13 b13 + λ14 b15 .

(18)

p=1

The residual R̄ is a quadratic function of coefficients mi and ki (i = 1, 2, ..., 9) and a linear
function of the Lagrange multipliers λp ; i.e., R̄ = R̄(mi , ki , λp ). In order minimize the residual
R̄(mi , ki , λp ), the following equations based on the least square method for the residual R̄ can
be written down:
∂R
∂R
= 0,
= 0,
i = 1, 2, ..., 9 ,
(19)
∂mi
∂ki
∂R
= 0,
∂λp

p = 1, 2, ..., 15 ,

(20)

∂R
where equation ∂m
= 0 should be replaced by m5 = 1 (because for the homogeneous stencil
5
equation, Eq. (9), with f¯A,B = 0 one of the coefficients mi and ki (i = 1, 2, ..., 9) can be
arbitrary selected; e.g., m5 = 1). Eqs. (19) and (20) form a system of 32 linear algebraic
equations with respect to 18 unknown coefficients mi and ki (i = 1, 2, ..., 9) and 14 Lagrange
multipliers λp (p = 1, 2, ..., 15). Solving these linear algebraic equations numerically, we can
find the coefficients mi , ki (i = 1, 2, ..., 9) for the 9-point non-uniform stencils.
Remark 1. To estimate the computation costs of the solution of 32 linear algebraic equations
formed by Eqs. (19) and (20) we solved 106 such systems with a general MatLab solver on
a simple student laptop computer (Processor: Intel (R) Core(TM) i5-4210U CPU @ 1.70GHz
2.40GHz). The computation ’wall’ time was T = 1216s for 106 systems or the average time
for one system was 0.001216s. Because the coefficients mi and ki (i = 1, 2, ..., 9) are independently calculated for different non-uniform stencils, the computation time of their calculation
for different grid points can be significantly reduced on modern parallel computers. This means
that for large global systems of equations, the computation time for the calculation of the coefficients mi and ki (i = 1, 2, ..., 9) is very small compared to that for the solution of the global
system of equations.
For the limit case of uniform stencils with di = 1 (i = 1, 2, ..., 8) and square meshes, the coefficients mj and kj (j = 1, 2, ..., 9) can be calculated analytically with the help of Mathematica
and are equal to those obtained by the modified integration rule technique for uniform stencils
in our paper [51, 21]:

m1 = m3 = m7 = m9 = a1 /100 ,
m2 = m4 = m6 = m8 = a1 /10 ,
m5 = a1 ,
k1 = k3 = k7 = k9 = −6a1 /25 , k2 = k4 = k6 = k8 = −24a1 /25 , k5 = 24a1 /5 ,
(21)
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where a1 is an arbitrary coefficient.
By the substitution of mj and kj (j = 1, 2, ..., 9) for the uniform stencil from Eq. (21) into
the formulas for the coefficients bp , we can find that bp = 0 for p = 1, 2, ..., 21 and the local
truncation error for the uniform stencil on square meshes is:
enew =

3a1 c̄h6 ∂ 6 uA,B ∂ 6 uA,B
[
+
)] + O(h7 ) .
6
6
500
∂x
∂y

(22)

The new approach with square Cartesian meshes provides the fifth order of the local truncation
error for the nonuniform stencils and the sixth order of the local truncation error for the uniform
stencils (see Eq. (22)). For the conventional linear finite elements on uniform square meshes,
the local truncation error is (see [21])
elin
conv =

c̄h4 ∂ 4 uA,B ∂ 4 uA,B
(
+
) + O(h6 ) ,
4
4
12 ∂x
∂y

(23)

i.e., the new approach improves the local truncation error in space by two orders compared to
that for the conventional linear elements on uniform square meshes.
2.2

Nonzero load f 6= 0 in Eqs. (1) and (2).

The inclusion of non-zero loading term f in the partial differential equations, Eqs. (1) and
(2), leads to the non-zero term f¯A,B in the stencil equation, Eq. (9) (similar to Eq. (4)). The
expression for the term f¯A,B can be calculated from the procedure used for the derivation of the
local truncation error in the case of zero loading function.
x, t) 6= 0), Eqs. (12) and (13) for the exact solution
In case of non-zero loading function (f (x
at x = xA and y = yB can be modified as follows:
∂ n uA,B
− c̄∇2 uA,B = f (xA , yB , t) ,
∂tn

(24)

∂ (i+j) ∇2 uA,B
∂ (i+j) f (xA , yB , t)
∂ (i+j+n) uA,B
−
c̄
=
.
∂xi ∂y j ∂tn
∂xi ∂y j
∂xi ∂y j

(25)

Then, inserting Eqs. (10), (11), (24) and (25) with the exact solution to the wave or heat equation, Eq. (1) or (2), into the stencil equation, Eq. (9), with non-zero f¯A,B we will get the
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following local truncation error in space ef :
ef = e − [f¯A,B − {h2 fA,B (m1 + m2 + m3 + m4 + m5 + m6 + m7 + m8 + m9 )
∂fA,B
+h3 (by
(−d1 m1 − d2 m2 − d3 m3 + d6 m7 + d7 m8 + d8 m9 )
∂y
∂fA,B
+
(−d1 m1 + d3 m3 − d4 m4 + d5 m6 − d6 m7 + d8 m9 ))
∂x
1
∂ 2 fA,B 2
+ h4 (b2y
(d1 m1 + d22 m2 + d23 m3 + d26 m7 + d27 m8 + d28 m9 )
2
∂y 2
∂ 2 fA,B 2
(d1 m1 + d23 m3 + d24 m4 + d25 m6 + d26 m7 + d28 m9 )
+
∂x2
∂ 2 fA,B 2
(d m1 − d23 m3 − d26 m7 + d28 m9 ))
+2by
∂x∂y 1
1
∂ 3 fA,B 3
+ h5 (b3y
(d1 (−m1 ) − d32 m2 − d33 m3 + d36 m7 + d37 m8 + d38 m9 )
6
∂y 3
∂ 3 fA,B 3
(d1 (−m1 ) + d33 m3 − d34 m4 + d35 m6 − d36 m7 + d38 m9 )
+
∂x3
∂ 3 fA,B 3
+3by (by
(d (−m1 ) + d33 m3 − d36 m7 + d38 m9 )
∂x∂y 2 1
∂ 3 fA,B
+ 2 (d31 (−m1 ) − d33 m3 + d36 m7 + d38 m9 )))
∂x ∂y
4
∂ fA,B 4
1
(d1 m1 + d42 m2 + d43 m3 + d46 m7 + d47 m8 + d48 m9 )
+ h6 (b4y
24
∂y 4
∂ 4 fA,B 4
(d1 m1 + d43 m3 + d44 m4 + d45 m6 + d46 m7 + d48 m9 )
+
∂x4
∂ 4 fA,B 4
+4b3y
(d1 m1 − d43 m3 − d46 m7 + d48 m9 )
3
∂x∂y
∂ 4 fA,B
+6b2y 2 2 (d41 m1 + d43 m3 + d46 m7 + d48 m9 )
∂x ∂y
4
∂ fA,B
+4by 3 (d41 m1 − d43 m3 − d46 m7 + d48 m9 )) + ...}] ,
∂x ∂y

(26)

where e is the local truncation error in space given by Eqs. (14) for zero loading function, fA,B
designates function f (x, y, t) calculated at x = xA and y = yB . Equating to zero the expression
in the square brackets in the right-hand side of Eq. (26), we will get the expression for f¯A,B :
f¯A,B = h2 fA,B (m1 + m2 + m3 + m4 + m5 + m6 + m7 + m8 + m9 )
∂fA,B
+h3 (by
(−d1 m1 − d2 m2 − d3 m3 + d6 m7 + d7 m8 + d8 m9 )
∂y
∂fA,B
+
(−d1 m1 + d3 m3 − d4 m4 + d5 m6 − d6 m7 + d8 m9 ))
∂x
1
∂ 2 fA,B 2
+ h4 (b2y
(d1 m1 + d22 m2 + d23 m3 + d26 m7 + d27 m8 + d28 m9 )
2
2
∂y
2
∂ fA,B 2
+
(d1 m1 + d23 m3 + d24 m4 + d25 m6 + d26 m7 + d28 m9 )
2
∂x

1592

A. Idesman

+2by

∂ 2 fA,B 2
(d m1 − d23 m3 − d26 m7 + d28 m9 ))
∂x∂y 1

∂ 3 fA,B 3
1
+ h5 (b3y
(d1 (−m1 ) − d32 m2 − d33 m3 + d36 m7 + d37 m8 + d38 m9 )
6
∂y 3
∂ 3 fA,B 3
+
(d1 (−m1 ) + d33 m3 − d34 m4 + d35 m6 − d36 m7 + d38 m9 )
∂x3
∂ 3 fA,B 3
+3by (by
(d1 (−m1 ) + d33 m3 − d36 m7 + d38 m9 )
2
∂x∂y
∂ 3 fA,B 3
+ 2 (d1 (−m1 ) − d33 m3 + d36 m7 + d38 m9 )))
∂x ∂y
4
1
∂ fA,B 4
+ h6 (b4y
(d1 m1 + d42 m2 + d43 m3 + d46 m7 + d47 m8 + d48 m9 )
4
24
∂y
4
∂ fA,B 4
+
(d1 m1 + d43 m3 + d44 m4 + d45 m6 + d46 m7 + d48 m9 )
4
∂x
∂ 4 fA,B 4
+4b3y
(d m1 − d43 m3 − d46 m7 + d48 m9 )
∂x∂y 3 1
∂ 4 fA,B
+6b2y 2 2 (d41 m1 + d43 m3 + d46 m7 + d48 m9 )
∂x ∂y
4
∂ fA,B
+4by 3 (d41 m1 − d43 m3 − d46 m7 + d48 m9 )) + ...
∂x ∂y

(27)

as well as we will get the same local truncation errors ef = e for zero and non-zero loading
functions. This means that the coefficients mi and ki of the stencil equations are first calculated
for zero load f = 0 as described in Section 2.1. Then, the nonzero loading term f¯A,B given by
Eq. (27) is used in the stencil equation, Eq. (9).
2.3
2.3.1

Boundary conditions
Dirichlet boundary conditions

Similar to the 1-D case in Section ??, the application of the Dirichlet boundary conditions
in the new approach is trivial and similar to that for the finite elements. We simply equate the
boundary degrees of freedom of the uniform and non-uniform stencils (see Figs. 1 and 2) to the
values of a given function g2 (x, y, t) at the corresponding boundary points; i.e., the Dirichlet
boundary conditions are exactly imposed. Here, g2 (x, y, t) describes the Dirichlet boundary
conditions. The final global discrete system of equations includes the 9-point uniform and
nonuniform stencil equations (see Figs. 1 and 2) for all internal grid points that lie inside the
domain as well as the Dirichlet boundary conditions at the boundary points.
Remark. The proposed technique yields accurate results for the non-uniform stencils even
with very small coefficients di  1; see the numerical examples in Part II. However, the new
technique allows also to exclude very small coefficients di  1 from calculations. For example,
if di  tol for some internal point (see Fig. 2) where tol is a small tolerance (e.g., tol = 10−3 ),
then the non-uniform stencil for this internal point can be removed from the global system of
equations and this point can be moved to the boundary and treated as the boundary point for
other stencils. In this case, the corresponding coefficients di for this point in other stencils can
be slightly greater than one. According to the derivations in the previous section, all equations
will be valid also for di > 1. The numerical experiments with a small tolerance tol = 10−3

1593

A. Idesman

show that if the point with very small coefficients di  1 is moved to the boundary then the
coefficients di for this point in other stencils can be taken as di = 1 without introducing any
significant errors.
2.3.2

Neumann boundary conditions
Y

h
u

u

u

,

u

,

,

y4
u

Boundary

,

u
u

u

,

n1n2 n3 n4

,

,

y1 y2
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y3

byh
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x1 x2 x3 x4

u
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u

u
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,

X

Figure 3: The spatial locations of the degrees of freedom ui,j (i = A − 1, A, A + 1, j = B − 1, B, B + 1)
that contribute to the 8-point cut stencil for the internal degrees of freedom uA,B and uA,B+1 located close to the
boundary with the Neumann boundary conditions. • designates the 8 points contributing to the stencil equation.

In this section we show that a high accuracy of the Neumann boundary conditions in the 2-D
case can be implemented with a cut stencil that is slightly smaller than the 9-point stencils considered in Section 2.1. Here, we show that the 8-point cut stencil can be used for the imposition
of the Neumann boundary conditions at the upper boundary (the cases of the left, lower and
right boundaries can be considered by the rotation of this stencil through angles 90o , 180o and
270o , respectively). This stencil includes the internal grid points of a uniform Cartesian mesh
only. Similar to the Neumann boundary conditions in the 1-D case presented in Section ??,
the boundary points with the Neumann boundary conditions are included into the right-hand
side of the 8-point cut stencil. For the time dependent wave and heat equations we use three
boundary points with the coordinates xi , yi , i = 1, 2, 3 (see Fig. 3 and Eq. (28) below). The
stencil equations should be formed for all grid points located within the actual domain. For any
internal grid point located far from the boundary, we use the 9-point stencil; see Fig. 1. For the
9-point regular stencil for the grid point uA,B shown in Fig. 3 and located close to the boundary,
one grid point uA−1,B+1 is cut by the boundary. Therefore, for this grid point we use the 8-point
stencil shown in Fig. 3. The case when the boundary cuts the grid point uA+1,B+1 (instead of the
grid point uA−1,B+1 ) can be treated similarly. For the 9-point regular stencil for the grid point
uA,B+1 shown in Fig. 3 and located close to the boundary, the boundary cuts four grid points
uA−1,B+1 , uA−1,B+2 , uA,B+2 and uA+1,B+2 . In this case, for the grid point uA,B+1 we use the
same 8-point stencil as that for the grid point uA,B . However, in order to have linear independent stencil equations for the grid points uA,B+1 and uA,B , we will select different locations of
the boundary points used for these stencils (with the different coordinates xi , yi , i = 1, 2, 3). If
for the 9-point regular stencil for the grid point uA,B+1 the boundary cuts one grid point uA,B+2 ,
or two grid points uA−1,B+2 and uA,B+2 , or three grid points uA−1,B+2 , uA,B+2 and uA+1,B+2 (or
three grid points uA−1,B+1 , uA−1,B+2 and uA,B+2 ), then the same 8-point stencil as that for the
grid point uA,B+1 shown in Fig. 3 is used; i.e., the 8-point stencils will be used for all grid points
close to the boundary where the boundary cuts the grid points of the 9-point regular stencil. Eq.
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(4) for the 8-point stencil (see Fig. 3) can be explicitly written as follows:
2

h {m1

dn unum
(A−1),(B−1)
dtn

+ m2

dn unum
A,(B−1)
dtn

+ m3

dn unum
(A+1),(B−1)

+ m4

dn unum
(A−1),B

+ m5

dn unum
A,B
dtn

dtn
dtn
n num
n num
d u(A+1),B
d uA,(B+1)
dn unum
(A+1),(B+1)
+m6
+ m8
+ m9
}
n
n
dt
dt
dtn
num
num
num
num
+c̄{k1 unum
(A−1),(B−1) + k2 uA,(B−1) + k3 u(A+1),(B−1) + k4 u(A−1),B + k5 uA,B
num
num
+k6 unum
(A+1),B + k8 uA,(B+1) + k9 u(A+1),(B+1) }
= [c̄h(l1 g1 (x1 , y1 , t) + l2 g1 (x2 , y2 , t) + l3 g1 (x3 , y3 , t))] + f¯A,B ,

(28)

where f¯A,B = 0 in the case of zero load f = 0 in Eqs. (1) and (2), the unknown coefficients mj ,
kj (j = 1, 2, ..., 6, 8, 9) and li (i = 1, 2, 3) are to be determined from the minimization of the
local truncation error, the expression in the square brackets in the right-hand side of Eq. (28)
represents the Neumann boundary conditions at three boundary points with the coordinates
xi , yi , i = 1, 2, 3 (xA−1,B+1 ≤ xi ≤ xA+1,B+1 , see Fig. 3), the superscript n for the time
derivative in Eq. (28) and the material parameter c̄ are n = 1 and c̄ = a for the heat equation as
well as n = 2 and c̄ = c2 for the wave equation. For convenience, the left-hand side of Eq. (28)
is written similar to that of Eq. (9) with k7 = m7 = 0.
Remark 1. Only 18 out of the 19 coefficients mi , ki (i = 1, 2, ..., 6, 8, 9) and li (i = 1, 2, 3)
in Eq. (28) can be considered as unknown coefficients. This can be explained as follows. In the
case of zero load f = 0 and f¯A,B = 0, Eq. (28) can be rescaled by the division of the left and
right sides of Eq. (28) by any multiplier a1 . For example, let us select a1 = m5 . In this case the
rescaled coefficients m̄i , k̄i (i = 1, 2, ..., 6, 8, 9) and ¯li (i = 1, 2, 3) of the stencil equation are:
m̄i = mi /m5 (i = 1, 2, 3, 4, 6, 8, 9), m̄5 = 1, k̄i = ki /m5 (i = 1, 2, ..., 6, 8, 9) and ¯li = li /m5
(i = 1, 2, 3); i.e., there are only 18 unknown rescaled coefficients. The case of nonzero load
f¯A,B 6= 0 can be similarly treated because the term f¯A,B is a linear function of the coefficients
mi (see Eq. (27)).
Remark 2. In the numerical simulations in Part 2 of the paper we use the uniform spacing
h1 = h/32 for the boundary points along the x-axis (xi+1 = xi + h1 with i = 1, 2; see Fig. 3)
with the following x-coordinate of the first point: a) x1 = xA−1,B + h1 in the case when the
boundary cuts one grid point uA−1,B+1 ; b) x1 = xA,B − h1 in the case when the boundary cuts
one grid point uA,B+2 or three grid points uA−1,B+2 , uA,B+2 and uA+1,B+2 as well as in the case
of the matched mesh; c) x1 = (xA,B + xA+1,B )/2 − h1 in the case when the boundary cuts four
grid points uA−1,B+1 , uA−1,B+2 , uA,B+2 and uA+1,B+2 or three grid points uA−1,B+1 , uA−1,B+2
and uA,B+2 or two grid points uA−1,B+2 and uA,B+2 . The numerical results show that with this
selection of the boundary points we have stable numerical solutions.
Remark 3. The stencil equation, Eq. (9), with the Dirichlet boundary conditions can be
written in the form of Eq. (28) if the terms related to the boundary points in the left-had side
of Eq. (9) are moved to the right-hand side (for the Dirichlet boundary conditions, the function
and its time derivative are known at the boundary points). In this case the left-hand side of Eq.
(9) will include regular grid points of a uniform mesh (cut stencils).
The local truncation error of the stencil equation, Eq. (28), at any time t can be written down
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by the replacement of the numerical solution in Eq. (28) by the exact solution as follows:
dn u(A−1),(B−1)
dn uA,(B−1)
dn u(A+1),(B−1)
dn u(A−1),B
dn uA,B
e = h {m1
+
m
+
m
+
m
+
m
2
3
4
5
dtn
dtn
dtn
dtn
dtn
n
n
n
d u(A+1),B
d uA,(B+1)
d u(A+1),(B+1)
+m6
+ m8
+ m9
}
n
n
dt
dt
dtn
+c̄{k1 u(A−1),(B−1) + k2 uA,(B−1) + k3 u(A+1),(B−1) + k4 u(A−1),B + k5 uA,B
+k6 u(A+1),B + k8 uA,(B+1) + k9 u(A+1),(B+1) }
∂u(x1 , y1 )
∂u(x1 , y1 )
∂u(x2 , y2 )
∂u(x2 , y2 )
− [c̄h(l1 (n11
+ n21
) + l2 (n12
+ n22
)
∂x
∂y
∂x
∂y
∂u(x3 , y3 )
∂u(x3 , y3 )
+l3 (n13
+ n23
))] ,
(29)
∂x
∂y
2

where n1i and n2i (i = 1, 2, 3) are the x- and y-components of the unit normal vector n i at the
boundary point i (see Fig. 3), function u(x, y, t) in Eq. (29) corresponds to the exact solution,
the Neumann boundary conditions in the right-hand side of Eq. (28) are expressed in terms of
the function u(x, y, t) and are moved to the left-hand side of Eq. (29). Next, using the following
notations for the coordinates of the boundary points (see Fig. 3):
xi = xA,B + αi h ,

yi = yA,B + βi h ,

(30)

with the coefficients αi (−1 ≤ αi ≤ 1), βi , i = 1, 2, 3, let us expand the expression in the square
brackets of Eq. (29) (that corresponds to the Neumann boundary conditions) into a Taylor series
at small h  1 as follows:
∂uA,B ∂ 2 uA,B
∂ 2 uA,B
∂ 3 uA,B (αi h)2
∂u(xA,B + αi h, yA,B + βi h)
=
+
(αi h) +
(βi h) +
∂z
∂z
∂z∂x
∂z∂y
∂z∂x2 2!
∂ 3 uA,B (αi h)(βi h) ∂ 3 uA,B (βi h)2 ∂ 4 uA,B (αi h)3
+
+
+
∂z∂x∂y
2!
∂z∂y 2 2!
∂z∂x3 3!
∂ 4 uA,B (αi h)2 (βi h)
∂ 4 uA,B (αi h)(βi h)2 ∂ 4 uA,B (βi h)3
+
+
+
+ ... (31)
∂z∂y∂x2
3!
∂z∂y 2 ∂x
3!
∂z∂y 3 3!
= ∂u
, ∂u = ∂u
. Inserting Eqs. (10) with dij = 1, (12), (13), (31) into Eq. (29) we get
with ∂u
∂z
∂x ∂z
∂y
the following form of the local truncation error in space e:
∂uA,B
h2 ∂ 2 uA,B
∂ 2 uA,B
∂uA,B
∂ 2 uA,B
+
b
)
+ b3
) + (b4
+
b
5
6
∂x
∂y
2
∂x2
∂x∂y
∂y 2
∂ 3 uA,B
∂ 3 uA,B
h3 ∂ 3 uA,B
∂ 3 uA,B
+ (b7
+
b
+
b
+
b
)
8
10
9
6
∂x3
∂x2 ∂y
∂x∂y 2
∂y 3
h4
∂ 4 uA,B
∂ 4 uA,B
∂ 4 uA,B
∂ 4 uA,B
∂ 4 uA,B
+ (b11
+
b
+
b
+
b
+
b
)
12
13
14
15
24
∂x4
∂x3 ∂y
∂x2 ∂y 2
∂x∂y 3
∂y 4
h5
∂ 5 uA,B
∂ 5 uA,B
∂ 5 uA,B
∂ 5 uA,B
∂ 5 uA,B
∂ 5 uA,B
+
(b16
+
b
+
b
+
b
+
b
+
b
)
17
18
19
20
21
120
∂x5
∂x4 ∂y
∂x3 ∂y 2
∂x2 ∂y 3
∂x∂y 4
∂y 5
h6
∂ 6 uA,B
∂ 6 uA,B
∂ 6 uA,B
∂ 6 uA,B
∂ 6 uA,B
(b22
+
b
+
b
+
b
+
b
+
23
24
25
26
720
∂x6
∂x5 ∂y
∂x4 ∂y 2
∂x3 ∂y 3
∂x2 ∂y 4
∂ 6 uA,B
∂ 6 uA,B
+b27
+
b
)}
(32)
28
∂x∂y 5
∂y 6
e = c̄{b1 uA,B + h(b2
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with the coefficients bp (p = 1, 2, ..., 28) given in the Appendix. In order to improve the order
of the local truncation error in Eq. (32) at small h  1, we will equate to zero the coefficients
bp in Eq. (32) for the smallest orders of h. The stencil equation, Eq. (28), includes 19 unknown
coefficients mi , ki (i = 1, 2, ..., 6, 8, 9) and l (i = 1, 2, 3) but only 18 of them can be considered
as unknown coefficients; see the Remark 1 after Eq. (28). Therefore, we can zero 18 coefficients
bp in Eq. (32). As can be seen from Eq. (32), this will lead to the fifth order of the local
truncation error. In order to minimize the leading terms of the local truncation error, we use
the following procedure. First, we can zero the first 15 coefficients bp = 0 (p = 1, 2, ..., 15) in
Eq. (32) (this provides the fifth order of the local truncation error) and then we can minimize
the coefficients bp (p = 16, 17, ..., 21) that define the leading terms of the local truncation error.
From this procedure we can find the unknown coefficients mi , ki (i = 1, 2, ..., 6, 8, 9) and li (i =
1, 2, 3) of the stencil equation, Eq. (28). Symbolic computations with the Mathematica software
show that the 14 algebraic equations bp = 0 (p = 1, 2, ..., 11, 13, 14, 15) can be analytically
solved for ki (i = 1, 2, ..., 6, 8, 9) and mi (i = 2, 3, ..., 6, 8, 9) in terms of m1 , m5 and li (i =
1, 2, 3, 4) where the coefficients m5 can be taken as m5 = 1 after rescaling; see the Remark 1
after Eq. (28). The remaining unknown coefficients m1 and li (i = 1, 2, 3, 4) can be found from
the minimization of the leading terms of the local truncation error at the constrain b12 = 0. Let
us consider the least square method with the following residual:
R = b216 + b217 + b218 + b219 + b220 + b221 + λb12 ,

(33)

where λ is the Lagrange multiplier. The right-hand side of Eq. (33) is a quadratic function of
m1 and li (i = 1, 2, 3) and a linear function of λ; i.e., R = R(m1 , l1 , l2 , l3 , λ). In order minimize
the residual R(m1 , l1 , l2 , l3 , λ), the following six equations based on the least square method for
the residual R can be written down:
∂R
= 0,
∂m1

∂R
= 0,
∂l1
∂R
= 0,
∂l3

∂R
= 0,
∂l2
∂R
= 0.
∂λ

(34)

Solving these 5 linear algebraic equations (see Eq. (34)), we can find the coefficients m1 , li
(i = 1, 2, 3) as well as the coefficients ki (i = 1, 2, ..., 6, 8, 9) and mi (i = 2, 3, ..., 6, 8, 9). As
can be seen, the 8-point cut stencil with the Neumann boundary conditions yields the same fifth
order of the local truncation error as the non-uniform 9-point stencil with the Dirichlet boundary
conditions in Section 2.1.
Remark. For some simple cases, the 5 linear algebraic equations (see Eq. (34)) can be solved
analytically. In this case, the leading terms bp (p = 16, 17, ..., 21) of the local truncation error
are the rational functions of the x- and y-coordinates xi and yi (i = 1, 2, 3) and the components
of the unit normal vectors n1i (i = 1, 2, 3) of the boundary points (the components n2i can be
expressed in terms of n1i ). If the denominators of these rational functions are non-zero for all
xi , yi and n1i then the leading terms bp (p = 16, 17, ..., 21) are bounded. The numerical results
show that in this case we have stable numerical solutions. A more comprehensive study of
the imposition of the optimal boundary conditions (including the number and location of the
boundary points) will be considered in the future.
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3
3.1

A NEW NUMERICAL APPROACH FOR THE 2-D LAPLACE EQUATION.
Zero load f = 0 in Eq. (3).

The derivation of the new approach for the Laplace equation is similar to that for the wave
and heat equations in Section 2. The 9-point uniform and non-uniform stencils introduced
in Section 2.1 (see Figs. 1 and 2) will be used with the new approach for the internal grid
points located far from the boundary and for the grid points located close to the boundary
with the Dirichlet boundary conditions (the case of the Neumann boundary conditions will be
considered separately in Section 3.3.2). The stencil equation for the degree of freedom unum
A,B of
the time independent Laplace equation can be obtained from Eq. (9) with c̄ = 1 and mj = 0 for
j = 1, 2, 3, 4) as follows:
num
num
num
num
k1 unum
(A−1),(B−1) + k2 uA,(B−1) + k3 u(A+1),(B−1) + k4 u(A−1),B + k5 uA,B
+k6 unum
+ k7 unum
+ k8 unum
+ k9 unum
= f¯A,B ,
(A+1),B

(A−1),(B+1)

A,(B+1)

(A+1),(B+1)

(35)

where f¯A,B = 0 in the case of zero load f = 0 in Eq. (3), the unknown coefficients kj (j =
1, 2, ..., 9) are to be determined from the minimization of the local truncation error. The exact
solution uA,B to the Laplace equation, Eq. (3), with f = 0 at x = xA and y = yB meets the
following equations:
∂ 2 uA,B
∂ 2 uA,B
=
−
,
(36)
∂x2
∂y 2
(i+2j)
∂ (i+2j) uA,B
uA,B
j∂
=
(−1)
,
i
2j
(i+2j)
∂y ∂x
∂y

(37)

(i+2j−1)
∂ (i+2j−1) uA,B
uA,B
j∂
=
(−1)
,
(38)
i
(2j−1)
(i+2j−1)
∂y ∂x
∂y
∂x
with i = 0, 1, 2, 3, 4, ... and j = 1, 2, 3, 4, .... The right-hand sides of Eqs. (37) and (38) are
obtained by the replacement of the second x-derivative in the left-hand sides of Eqs. (37) and
(38) by the second y-derivative using Eq. (36). For the calculation of the local truncation error,
we also use Eq. (8) with Eqs. (10) and (11). Inserting Eqs. (10), (36) - (38) into the stencil
equation, Eq. (35), we will get the following local truncation error in space e:

∂uA,B
∂uA,B
h2 ∂ 2 uA,B
∂ 2 uA,B
+ b3
) + (b4
+ b5
)
∂x
∂y
2
∂x∂y
∂y 2
∂ 3 uA,B
h4 ∂ 4 uA,B
∂ 4 uA,B
h3 ∂ 3 uA,B
+
b
)
+
(b
+
b
)
+ (b6
7
8
9
6
∂x∂y 2
∂y 3
24
∂x∂y 3
∂y 4
h5
∂ 5 uA,B
∂ 5 uA,B
h6
∂ 6 uA,B
∂ 6 uA,B
+
(b10
+
b
)
+
(b
+
b
) + O(h7 )
11
12
13
120
∂x∂y 4
∂y 5
720
∂x∂y 5
∂y 6
e = b1 uA,B + h(b2

(39)

with the coefficients bp (p = 1, 2, ..., 13) given in the Appendix. In order to improve the order
of accuracy of the local truncation error in Eq. (39) at small h  1, we will equate to zero the
coefficients bp in Eq. (39) for the smallest orders of h. The stencil equation, Eq. (35), includes
9 coefficients ki (i = 1, 2, ..., 9) but only 8 of them can be considered as unknown coefficients;
the explanation is similar to that for the wave (heat) equation in the Remark 1 after Eq. (28).
Therefore, we zero 8 coefficients bp (i = 1, 2, ..., 7, 9) in Eq. (39). Taking the scaling coefficient
k5 = a1 = 1, from the 8 linear algebraic equations bp = 0 (i = 1, 2, ..., 7, 9), all coefficients ki
(i = 1, 2, ..., 9) of the stencil equation, Eq. (35), can be numerically found for the new approach.
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As can be seen from Eq. (39), this will lead to the fourth order of the local truncation error for
rectangular meshes with by 6= 1. However, we would like to mention that for square meshes
with by = 1, the coefficient b8 = 0. This means that the order of the local truncation error on
square meshes is five (see Eq. (39) with bp = 0 for i = 1, 2, ..., 9) and is one order higher than
that on rectangular meshes. Below we present the analytical solution of a system of algebraic
equations bp = 0 for i = 1, 2, ..., 7, 9 in the case of the 9-point uniform stencil with di = 1
(i = 1, 2, ..., 8). In this case the coefficients ki (i = 1, 2, ..., 9) of the stencil equation, Eq. (35),
and the local truncation error e (see Eq. (39)) are:


b2y − 5 a1
1 − 5b2y a1
a1
a1
,
 ,
k2 =
k4 =
k3 = − ,
k5 = a1 ,
k1 = − ,
20
20
10 b2y + 1
10 b2y + 1


b2y − 5 a1
1 − 5b2y a1
a1
a1
 ,
,
k7 = − ,
k8 =
k9 = −
(40)
k6 =
2
2
20
20
10 by + 1
10 by + 1
and
e = a1 [

8
∂ 6 uA,B
h6 2
h8
4 ∂ uA,B
2
2
)
+
11b
(11
−
32b
by (−1 + b2y )
b
+
] + O(h10 ) ,
y
y
y
400
∂y 6
100800
∂y 8

(41)

where a1 is an arbitrary coefficient (we can take a1 = 1). As can be seen from Eq. (41), on
the square meshes with by = 1, the local truncation error for the 9-point uniform stencil is two
orders higher than that on rectangular meshes (see also our paper [21]).
For the conventional linear finite elements on uniform rectangular meshes, the local truncation error is (e.g., see [21]):
(by + b3y )h4 ∂ 4 uA,B by (−1 + b4y )h6 ∂ 6 uA,B
+
12
∂y 4
90
∂y 6
by (1 + b2y )(25 − 67b2y + 25b4y )h8 ∂ 8 uA,B
+ O(h10 ) .
+
60480
∂y 8

elin
conv =

(42)

As can be seen from Eq. (42), the order of the local truncation error for the linear finite elements
is four on rectangular and square meshes; i.e., compared to conventional linear elements, the
new approach improves the local truncation error in space by two orders on uniform rectangular
meshes and by four orders on uniform square meshes.
3.2

Nonzero load f 6= 0 in Eq. (3).

The inclusion of non-zero loading term f in the partial differential equation, Eq. (3), leads to
the non-zero term f¯A,B in the stencil equation Eq. (35) (similar to Eq. (5)). The expression for
the term f¯A,B can be calculated from the procedure similar to that for the wave (heat) equation
in Section 3.2. Similar to Section 3.1, the coefficients of the stencil equations are first calculated
for zero load f = 0. Then, the nonzero loading term f¯A,B is calculated for the stencil equation,
Eq. (35). The expressions for the local truncation error are the same for zero and non-zero
loading functions.
3.3
3.3.1

Boundary conditions
Dirichlet boundary conditions

Similar to Section 2.3.1, the application of the Dirichlet boundary conditions in the new
approach is trivial and similar to that for the finite elements. We simply equate the boundary
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degrees of freedom of the uniform and non-uniform stencils (see Figs. 1 and 2) to the values
of a given function g2 (x, y) at the corresponding boundary points; i.e., the Dirichlet boundary
conditions are exactly imposed. Here, g2 (x, y) describes the Dirichlet boundary conditions. The
final global discrete system of equations includes the 9-point uniform and nonuniform stencil
equations (see Figs. 1 and 2) for all internal grid points that lie inside the domain as well as the
Dirichlet boundary conditions at the boundary points.
3.3.2

Neumann boundary conditions (with no inclusion of boundary degrees of freedom)

The 8-point cut stencil used in Section 2.3.2 for the grid points close to the boundary in the
case of the wave (heat) equation can be also used for the imposition of the Neumann boundary
conditions for the Laplace equation. Similar to Section 2.3.2, we consider this stencil at the
upper boundary (the stencils at the left, lower and right boundaries can be considered by the
rotation of this stencil through angles 90o , 180o and 270o , respectively). Similar to Section
2.3.2, the boundary points with the Neumann boundary conditions are included into the righthand side of the 8-point cut stencil. For the time independent Laplace equation we use four
boundary points with the coordinates xi , yi , i = 1, 2, 3, 4 (see Fig. 3 and Eq. (43) below). The
stencil equations should be formed for all grid points located within the actual domain. For any
internal grid point located far from the boundary, we use the 9-point stencil; see Fig. 1. For the
9-point regular stencil for the grid point uA,B shown in Fig. 3 and located close to the boundary,
one grid point uA−1,B+1 is cut by the boundary. Therefore, for this grid point we use the 8-point
stencil shown in Fig. 3. The case when the boundary cuts the grid point uA+1,B+1 (instead of the
grid point uA−1,B+1 ) can be treated similarly. For the 9-point regular stencil for the grid point
uA,B+1 shown in Fig. 3 and located close to the boundary, the boundary cuts four grid points
uA−1,B+1 , uA−1,B+2 , uA,B+2 and uA+1,B+2 . In this case, for the grid point uA,B+1 we use the
same 8-point stencil as that for the grid point uA,B . However, in order to have linear independent
stencil equations for the grid points uA,B+1 and uA,B , we will select different locations of the
boundary points used for these stencils (with the different coordinates xi , yi , i = 1, 2, 3, 4). If
for the 9-point regular stencil for the grid point uA,B+1 the boundary cuts one grid point uA,B+2 ,
or two grid points uA−1,B+2 and uA,B+2 , or three grid points uA−1,B+2 , uA,B+2 and uA+1,B+2 (or
three grid points uA−1,B+1 , uA−1,B+2 and uA,B+2 ), then the same 8-point stencil as that for the
grid point uA,B+1 shown in Fig. 3 is used; i.e., the 8-point stencils will be used for all grid points
close to the boundary where the boundary cuts the grid points of the 9-point regular stencil. Eq.
(4) for the 8-point stencil (see Fig. 3) can be explicitly written as follows:
num
num
num
num
k1 unum
(A−1),(B−1) + k2 uA,(B−1) + k3 u(A+1),(B−1) + k4 u(A−1),B + k5 uA,B
num
num
+k6 unum
(A+1),B + k8 uA,(B+1) + k9 u(A+1),(B+1)
= [h(l1 g1 (x1 , y1 ) + l2 g1 (x2 , y2 ) + l3 g1 (x3 , y3 ) + l4 g1 (x4 , y4 )] + f¯A,B ,

(43)

where f¯A,B is zero f¯A,B = 0 in the case of zero load f = 0 in Eq. (3), the unknown coefficients
kj (j = 1, 2, ..., 6, 8, 9) and li (i = 1, 2, 3, 4) are to be determined from the minimization of
the local truncation error, the expression in the square brackets in the right-hand side of Eq.
(43) represents the Neumann boundary conditions at four boundary points with the coordinates
xi , yi , i = 1, 2, 3, 4 (xA−1,B+1 ≤ xi ≤ xA+1,B+1 , see Fig. 3). For convenience, the left-hand
side of Eq. (43) is written similar to that of Eq. (35) with k7 = 0.
Remark 1. Only 12 out of 13 coefficients ki (i = 1, 2, ..., 9) and li (i = 1, 2, 3, 4) in Eq. (43)
can be considered as unknown coefficients with the rescaled coefficient k5 = 1. This can be
explained similar to that in the Remark 1 after Eq. (28).
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Remark 2. Numerical experiments show that we can use the uniform spacing h1 = h/32
for the boundary points along the x-axis (xi+1 = xi + h1 with i = 1, 2; see Fig. 3) with the
following x-coordinate of the first point: a) x1 = xA−1,B + h1 in the case when the boundary
cuts one grid point uA−1,B+1 ; b) x1 = xA,B − 1.5h1 in the case when the boundary cuts one
grid point uA,B+2 or three grid points uA−1,B+2 , uA,B+2 and uA+1,B+2 as well as in the case of
the matched mesh; c) x1 = (xA,B + xA+1,B )/2 − 1.5h1 in the case when the boundary cuts four
grid points uA−1,B+1 , uA−1,B+2 , uA,B+2 and uA+1,B+2 or three grid points uA−1,B+1 , uA−1,B+2
and uA,B+2 or two grid points uA−1,B+2 and uA,B+2 . Numerical experiments show that with this
selection of the boundary points we have stable numerical solutions.
The local truncation error of the stencil equation, Eq. (43), can be written down by the
replacement of the numerical solution in Eq. (43) by the exact solution as follows:
e = k1 u(A−1),(B−1) + k2 uA,(B−1) + k3 u(A+1),(B−1) + k4 u(A−1),B + k5 uA,B
+k6 u(A+1),B + k8 uA,(B+1) + k9 u(A+1),(B+1)
∂u(x1 , y1 )
∂u(x2 , y2 )
∂u(x2 , y2 )
∂u(x1 , y1 )
+ n21
) + l2 (n12
+ n22
)
− h[l1 (n11
∂x
∂y
∂x
∂y
∂u(x3 , y3 )
∂u(x3 , y3 )
∂u(x4 , y4 )
∂u(x4 , y4 )
+l3 (n13
+ n23
) + l4 (n14
+ n24
)] ,
∂x
∂y
∂x
∂y

(44)

where n1i and n2i (i = 1, 2, 3, 4) are the x- and y-components of the unit normal vector n i at
the boundary point i (see Fig. 3), function u(x, y) in Eq. (44) corresponds to the exact solution,
the Neumann boundary conditions in the right-hand side of Eq. (43) are expressed in terms of
the function u(x, y) and are moved to the left-hand side of Eq. (44).
Inserting Eqs. (10) with dij = 1, (36) - (38) into Eq. (44) we get the following local
truncation error in space e:
h2 ∂ 2 uA,B
∂uA,B
∂uA,B
∂ 2 uA,B
+ b3
) + (b4
+ b5
)
∂x
∂y
2
∂x∂y
∂y 2
h3 ∂ 3 uA,B
∂ 3 uA,B
h4 ∂ 4 uA,B
∂ 4 uA,B
+ (b6
+
b
)
+
(b
+
b
)
7
8
9
6
∂x∂y 2
∂y 3
24
∂x∂y 3
∂y 4
∂ 5 uA,B
∂ 5 uA,B
h6
∂ 6 uA,B
∂ 6 uA,B
h5
(b10
+
b
)
+
(b
+
b
) + O(h7 )
+
11
12
13
120
∂x∂y 4
∂y 5
720
∂x∂y 5
∂y 6
e = b1 uA,B + h(b2

(45)

with the coefficients bp (p = 1, 2, ..., 13) given in the Appendix. For the derivation of Eq. (45),
we also used Eqs. (30) and (31) with ∂u
= ∂u
and ∂u
= ∂u
.
∂z
∂x
∂z
∂y
In order to improve the order of the local truncation error in Eq. (45) at small h  1, we
will equate to zero the coefficients bp in Eq. (45) for the smallest orders of h. The stencil
equation, Eq. (43), includes 12 coefficients ki (i = 1, 2, ..., 6, 8, 9) and li (i = 1, 2, 3, 4) but
only 11 of them can be considered as unknown coefficients; see the Remark 1 after Eq. (43).
Therefore, we zero 11 coefficients bp (i = 1, 2, ..., 11) in Eq. (45). Taking the scaling coefficient
k5 = a1 = 1, from the 11 linear algebraic equations bp = 0 (p = 1, 2, ..., 11), all coefficients ki
(i = 1, 2, ..., 6, 8, 9) and li (i = 1, 2, 3, 4) of the stencil equation, Eq. (43), can be numerically
found for the new approach. As can be seen from Eq. (45), this will lead to the sixth order of
the local truncation error for rectangular by 6= 1 and square by = 1 meshes. As can be seen,
the 8-point cut stencil with the Neumann boundary conditions yields the sixth order of the local
truncation error.
Remark. For some simple cases, the 11 linear algebraic equations bp = 0 (p = 1, 2, ..., 11)
can be solved analytically. In this case, the leading terms bp (p = 12, 13) of the local truncation
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Figure 4: A 2 − D trapezoidal plate OP QR with a circular hole of radius 0.25 centered at S(0.6, 0.35) (a) and the
Cartesian mesh (b).

error are the rational functions of the x- and y-coordinates xi and yi (i = 1, 2, 3, 4) and the components of the unit normal vectors n1i (i = 1, 2, 3, 4) of the boundary points (the components
n2i can be expressed in terms of n1i ). If the denominators of these rational functions are nonzero for all xi , yi and n1i then the leading terms bp (p = 12, 13) are bounded. The numerical
results show that in this case we have stable numerical solutions. A more comprehensive study
of the imposition of the optimalc)boundary conditions (including thed)number and location of the
boundary points) will be considered in the future.
4

NUMERICAL EXAMPLES

The application of the new approach to the wave equation on the 2-D complex irregular
domain presented by a trapezoidal plate OP QR with a circular hole is considered; see Fig. 4.
The angle θ = 40o of the trapezoidal plate is used in calculations; see Fig. 4a. Examples of
a Cartesian mesh for the new approach as well as quadrilateral and triangular finite element
meshes for the finite element method are shown in Figs. 4b and 5. The test problems with the
following exact solutions to the 2 − D wave equation are numerically solved:
√
(46)
u(x, y, t) = sin(βx)sin(βy)cos( 2βt)
with β = 5π and zero loading function f = 0, and
u(x, y, t) = sin(β1 x)sin(β2 y)cos(β3 t)

(47)

with β1 = 5π, β2 = 4π, β3 = 2π and non-zero loading function f (x, y, t) = (−β32 − c2 (β12 +
β22 ))sin(β1 x)sin(β2 y)cos(β3 t). The wave velocity c = 1 and the observation time T = 0.2 are
chosen. The initial conditions are applied according to the exact solutions, Eqs. (46) and (47)
at time t = 0. First let us consider the solution of this problem with the Dirichlet boundary
conditions along all boundaries. Fig. 6 shows the maximum errors in displacement emax
and
u
max
in velocityev for the new technique (curve 1) and for the linear and high-order quadrilateral
and triangular finite elements (curves 2-5) as a function of the number N of degrees of freedom
at mesh refinement in the logarithmic scale. As can be seen from Fig. 6, at the same N the
new approach yields more accurate results than those obtained by the conventional linear Q3,
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Q
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Figure 5: Examples of quadrilateral (a) and triangular (b) finite element meshes generated by the commercial
software COMSOL for the discretization the 2 − D plate OP QR shown in Fig. 4a.

quadratic Q6 and cubic Q10 triangular finite elements as well as by the linear Q4, quadratic
Q9 and cubic Q16 quadrilateral finite elements (the quadratic and cubic finite elements have
much wider stencils and require more computational time compared to that of the linear finite
elements at the same N ). The slopes of the curves at large N
√ in Fig. 6 approximately describe
the order of accuracy of the numerical techniques because N is approximately proportional
to the mesh size h. As can be seen from Fig. 6, the order of accuracy of the new approach is
almost constant at mesh refinement and is close to four for the displacement and for the velocity.
This is in agreement with the theoretical results reported in the previous section.
Next, let us consider the solution of the problem with the Neumann boundary conditions
along boundary RQ and the circular hole (the Dirichlet boundary conditions are applied along
the other boundaries; see Fig. 4a ). Fig. 7 shows the maximum errors in displacement emax
and
u
in velocityemax
for
the
new
technique
(curve
1)
and
for
the
linear
and
high-order
quadrilateral
v
and triangular finite elements (curves 2-5) as a function of the number N of degrees of freedom
at mesh refinement in the logarithmic scale. As can be seen from Fig. 7, at the same N the
new approach yields more accurate results than those obtained by the conventional linear Q3
and quadratic Q6 triangular finite elements as well as by the linear Q4 and quadratic Q9 quadrilateral finite elements (at the same N the quadratic finite elements have wider stencils which
require more computational time compared to that of the linear finite elements). Similar to the
Dirichlet boundary conditions, the order of accuracy (convergence) of the new approach with
the combined Neumann and Dirichlet boundary conditions is almost constant at mesh refinement and is close to four for the displacement and for the velocity; see curves 1 in Fig. 7. This
is in agreement with the theoretical results presented in the previous section.
It can be concluded that at the computational cost of the linear elements, the new approach
for the 2 − D wave equation with the Dirichlet and/or Neumann boundary conditions yields
more accurate results than those obtained not only by the conventional linear finite elements but
also by the conventional quadratic finite elements on irregular domains.
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Figure 6: The maximum
√ relative errors in displacement eu (a, c) and in velocity ev (b, d) at the final time T =
0.2 as a function of N at mesh refinement in the logarithmic scale (see Fig. 4a); N is the number of degrees of
freedom. The numerical solutions of the 2−D wave equations with zero (a, b) and non-zero (c, d) loading function
and the Dirichlet boundary conditions are obtained by the new approach on square (by = 1) Cartesian meshes
(curve 1), by the conventional linear Q4, quadratic Q9 and cubic Q16 quadrilateral finite elements (curves 2-4)
and by the conventional linear Q3, quadratic Q6 and cubic Q10 triangular finite elements (curves 5-7). Symbols
, , ×, +, 5,  and ? correspond to the results for the different N used in the calculations.
Log10 √𝑁

Log10 √𝑁
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Log10 𝑒𝑢𝑚𝑎𝑥
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Log10 √𝑁
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Figure 7: The maximum
relative errors in displacement emax
(a) and in velocity emax
(b) at the final time T = 0.2
u
v
√
as a function of N at mesh refinement in the logarithmic scale for the trapezoidal plate with the circular hole (see
Fig. 4a); N is the number of degrees of freedom. The numerical solutions of the 2 − D wave equation with zero
loading function and the combined Neumann and Dirichlet boundary conditions are obtained by the new approach
on square (by = 1) Cartesian meshes (curve 1), by the conventional linear Q4 and quadratic Q9 quadrilateral finite
elements (curves 2 and 3) and by the conventional linear Q3 and quadratic Q6 triangular finite elements (curves 4
and 5). Symbols , 5, ×,  and  correspond to the results for the different N used in the calculations.
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5

CONCLUDING REMARKS

Most of the numerical techniques for the solution of partial differential equations finally
reduce to a system of discrete or semi-discrete equations However, in many cases the corresponding stencil equations of these systems do not provide an optimal accuracy. The idea of
the new approach consists in the direct optimization of the coefficients of the stencil equations and is based on the minimization of the order of the local truncation error. The form and
width of the stencil equations in the new approach are assumed (e.g., as it is assumed for the
finite-difference method) or can be selected similar to those for known numerical technique (in
this case the accuracy of the known numerical techniques can be significantly improved by the
modification of the coefficients of the stencil equations). Another idea of the new approach is
the use of simple Cartesian meshes for complex irregular domain. In the considered paper the
new approach has been applied to the space discretization of the time dependent wave and heat
equations as well as of the time-independent Laplace equation. 9-point stencils in the 2-D case
that are similar to those for the linear quadrilateral finite elements are considered in the paper.
The main advantages of the suggested technique can be summarized as follows:
• The idea of the minimization of the order of the local truncation error of stencil equations
can be easily and efficiently applied to the development of new numerical techniques with
optimal accuracy as well as to the accuracy improvement of known numerical methods.
The new approach can be equally applied to regular and irregular domains. In contrast to
many fictitious domain numerical methods, the new approach uses the exact Dirichlet and
Neumann boundary conditions at the actual boundary points without their interpolation
using the Cartesian grid points.
• In contrast to the finite-difference techniques with the coefficients of the stencils calculated through the approximation of separate partial derivatives, the entire partial differential equation is used for the calculation of the stencil coefficients in the new approach.
This leads to the optimal accuracy of the proposed technique.
• At the same computation costs, the new approach yields much higher order of accuracy
than other numerical techniques; e.g., than the finite elements. For example, at the similar
9-point 2-D stencils, the accuracy of the new approach is two orders higher than that for
the linear finite elements. The numerical results for irregular domains also show that at
the same number of degrees of freedom, the new approach is even much more accurate
than the quadratic finite elements as well as the cubic finite elements (with the Dirichlet
boundary conditions) with much wider stencils. This also means that at a given accuracy, the new approach significantly reduces the computation time compared to known
numerical techniques.
• Similar to our recent results for regular domains in [21], the order of accuracy of the new
approach for the Laplace equation on irregular domains with square Cartesian meshes is
higher than that with rectangular Cartesian meshes.
• The treatment of the Dirichlet and Neumann boundary conditions in the new approach
is related to the development of high-order boundary conditions with the stencils that
include the same or smaller number of grid points compared to that for the regular 9point internal stencils. E.g., the numerical boundary conditions for the Cartesian meshes
developed in [31, 29, 30, 26] include stencils with a greater number of grid points but
yield a much smaller order of accuracy compared with the proposed technique.

1605

A. Idesman

• In contrast to the finite elements, spectral elements, isogeometric elements and other similar techniques used for irregular domains, the new approach uses trivial Cartesian meshes
that requires practically negligible computation time for their preparation.
• The new approach does not require time consuming numerical integration for finding
the coefficients of the stencil equations; e.g., as for the high-order finite, spectral and
isogeometric elements. For the new technique, the coefficients of the stencil equations
for the grid points located far from the boundary are calculated analytically. For the grid
points located close to the boundary (with non-uniform and cut stencils), the coefficients
of the stencil equations are calculated numerically by the solution of a very small local
systems of linear algebraic equations.
• It has been shown that the wave and heat equations can be uniformly treated with the
new approach. The order of the time derivative in these equations does not affect the
coefficients of the stencil equations of the semi-discrete systems.
In the future we plan to consider the stencils with a larger numbers of grid points for a higher
order of accuracy (similar to the high-order finite elements or to the high-order finite-difference
techniques), to consider a mesh refinement with uniform Cartesian meshes using special stencils
for the transition from a fine mesh to a coarse mesh, to consider some other ways of the application of the boundary conditions (e.g., the boundary points for the Dirichlet boundary conditions
in Sections 2.1 and 2.3.1 can be selected similar to those for the Neumann boundary conditions
in Section 2.3.2), to apply the proposed technique to other partial differential equations, to solve
real-world problems with the new approach.
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A

The coefficients bp used in Eqs. (14), (32), (39) and (45).

The first five coefficients bi (i = 1, 2, ..., 5) used in Eqs. (14), (32), (39) and (45) are presented below. All other coefficients bi can be similarly calculated.
Eq. (14):
b1 = (k1 + k2 + k3 + k4 + k5 + k6 + k7 + k8 + k9 ) ,
b2 = (−d1 k1 + d3 k3 − d4 k4 + d5 k6 − d6 k7 + d8 k9 ) ,
b3 = by (−d1 k1 − d2 k2 − d3 k3 + d6 k7 + d7 k8 + d8 k9 ) ,
b4 = (d21 k1 + d23 k3 + d24 k4 + d25 k6 + d26 k7 + d28 k9 +
2(m1 + m2 + m3 + m4 + m5 + m6 + m7 + m8 + m9 )) ,
b5 = 2by (d21 k1 − d23 k3 − d26 k7 + d28 k9 ) ,
...
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Eq. (32):
b1 = (k1 + k2 + k3 + k4 + k5 + k6 + k8 + k9 ) ,
b2 = −(k1 − k3 + k4 − k6 − k9 + l1 n11 + l2 n12 + l3 n13 ) ,
b3 = −(k1 + k2 + k3 − k8 − k9 + l1 n21 + l2 n22 + l3 n23 ) ,
b4 =

1
(k1 + k3 + k4 + k6 + k9 + 2m1 + 2m2 + 2m3 + 2m4 + 2m5 + 2m6 + 2m8 + 2m9
2
−2α1 l1 n11 − 2α2 l2 n12 − 2α3 l3 n13 ) ,
b5 = (k1 − k3 + k9 − β1 l1 n11 − β2 l2 n12 − β3 l3 n13
−α1 l1 n21 − α2 l2 n22 − α3 l3 n23 ) ,
...
(49)

Eq. (39):
b1 = (k1 + k2 + k3 + k4 + k5 + k6 + k7 + k8 + k9 ) ,
b2 = (−d1 k1 + d3 k3 − d4 k4 + d5 k6 − d6 k7 + d8 k9 ) ,
b3 = by (−d1 k1 − d2 k2 − d3 k3 + d6 k7 + d7 k8 + d8 k9 ) ,
b4 = 2by (d21 k1 − d23 k3 − d26 k7 + d28 k9 ) ,
b5 = (d21 (−1 + b2y )k1 − d23 k3 − d24 k4 − d25 k6 − d26 k7 −
d28 k9 + b2y (d22 k2 + d23 k3 + d26 k7 + d27 k8 + d28 k9 )) ,
...

(50)

Eq. (45):
b1 = k1 + k2 + k3 + k4 + k5 + k6 + k8 + k9 ,
b2 = −k1 + k3 − k4 + k6 + k9 + l1 n11 + l2 n12 + l3 n13 + l4 n14 ,
b3 = −by (k1 + k2 + k3 − k8 − k9 ) + l1 n21 + l2 n22 + l3 n23 + l4 n24 ,
b4 = by (k1 − k3 + k9 + β1 l1 n11 + l1 n11 + β2 l2 n12 + l2 n12 + β3 l3 n13 + l3 n13 + β4 l4 n14
+l4 n14 ) + (α1 − 1)l1 n21 + α2 l2 n22 − l2 n22 + α3 l3 n23 − l3 n23 + α4 l4 n24 − l4 n24 ,
1
b5 = ((k2 + k3 + k8 + k9 )b2y + 2((β1 + 1)l1 n21 + (β2 + 1)l2 n22 + β3 l3 n23 + l3 n23 + β4 l4 n24
2
+l4 n24 )by + (b2y − 1)k1 − k3 − k4 − k6 − k9 − 2α1 l1 n11 + 2l1 n11 − 2α2 l2 n12
+2l2 n12 − 2α3 l3 n13 + 2l3 n13 − 2α4 l4 n14 + 2l4 n14 ) ,
...
(51)
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Abstract. Research on rockfalls and prevention of the associated damages is becoming increasingly important and active particularly due to the often climate-change- or earthquakeinduced rock fragmentation in mountainous regions. Application of novel numerical methods on
rock-tree/forest interactions simulation is an important part of the rockfall dynamics modelling,
because understanding these issues would potentially improve the counter-measures management and hazards mitigation levels. Hence in this work the non-smooth mechanics coupled
with hard contact laws is for the first time applied on modelling (non-)spherical rock-tree/forest
impacts. The aim of this study is to probe and thus better understand from a fundamental level
the role of rock shape in its energy dissipation during colliding with tree(s). The major findings
are: (1) spherical and cubic rocks lose relatively more energy (in particular translational energy) than flat and long rocks within all impact regimes; (2) depending on the impact regime
non-spherical rocks gain either stronger or weaker reflected rotation than a spherical rock; (3)
rock rotational energy acts as an energy reservoir potentially influencing the impact-induced
energy loss affected by rock shape and impact regime. Simulations of rockfalls along an ideally
inclined virtual slope with forest cover demonstrate that rock shape dominates the entire energy
dissipating process and consequently the run-out zone for these rocks.
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1

INTRODUCTION

Understanding the role of forest in rockfall hazards mitigation is significant in managing
trees as barriers counter-acting landslide-induced damages to human lives and public infrastructures [1, 2, 3, 4]. To reach this goal numerical simulation researches have been extensively
performed incorporating three aspects covering from rock to slope scales [5, 6, 7, 8, 9]. On a
rock geometry level, most studies have concentrated on spherical rock shape aiming to reveal
the rock-ground impact fundamentals by a very simplified modelling framework. However, recent experimental and numerical studies have already showcased that it is intrinsically difficult
to reveal the rock energy dissipating process without considering the effect of rock geometry on
a rockfall process [10, 11]. Turning to the rock-tree scale, two main topics have been addressed,
i.e. the energy loss and the trajectory change of rocks after impacting with a single tree. These
lead hopefully to a more clear picture of rock dynamics at the forest and slope scale, where the
rock run-out zone and thus an effective forest management are key interests. Likewise, due to
the currently spherical rock shape modelled in most investigations, an extention of the existing
theories/findings to more general hazards situations is yet not available.
Hence this work intends to study and better understand non-spherical rock behaviour in particular its energy dissipation on a rock-tree impact level. The so-called non-smooth mechanics
coupled with hard contact laws [12], due to its unique advantage in computational efficiency
and simplification of mechanical representation [13], was for the first time applied on rocktree interaction modelling, aiming to reveal how rock’s energy, depending on its geometry, is
dissipated during a tree stem colliding process. The originally implemented computational algorithms have enabled forest and slope scale simulations where the run-out zone of rocks being
significantly influenced by their shapes was highlighted.
2

NUMERICAL SYSTEM SETUPS

In our rockfall problems rocks are modelled as three-dimensional, convex, polyhedral, rigid
bodies, extracted from natural rock shapes using the software VisualSFM and Meshlab, with the
object surface being discretized into about 100 points for an accurate rock-environment contact
detection purpose. The governing equation for the non-smooth mechanics coupled with hard
contact laws reads as M du–h(q, u, t) = W (q)λ [12], where M is the mass term containing
rock mass and moment of inertia, du is the change of rock’s translational and rotational velocity
in a given time step, h(q, u, t) is the external forces acting on the rigid body such as the gravitational force, the damping force and the gyroscopic force, and W (q) is the matrix recording
the generalized force directions which transfer the contact force vector λ from the local contact
points on the rock surface to the forces and torques at the rock center of mass. Note that λ may
contain contact forces arising from both rock-tree and rock-ground collisions.
A tree stem is simplified as a non-deformable, truncated cone, with the symmetry axis pointing along the gravitational z direction. As shown in Fig. 1, this simplification captures the main
feature of a general tree stem. The center R of the bottom surface specifies the x and y location
on the terrain surface for a tree stem, the dimensions of which are given by the bottom circle
diameter d0 , the top circle diameter d1 , and the height h. One also needs to appoint mechanical
parameters for the rock-tree interaction calculation, i.e. the coefficients of restitution N and T
in the contact normal and tangential directions respectively, and the coefficient of friction µ.
The critical issue one encounters when a virtual rock impacts with the tree stem is to identify
when and where a contact occurs. The detailed mathematical derivation for the implemented
rock-tree contact detection phase is out of the scope of this paper. For non-spherical rock and
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tree geometries this can be challenging while determining the set of contact points requires
performing a series of mathematical calculations in time/spatial space. For instance, we have
utilized the Axis Aligned Bounding Box (AABB) [14] method to pinpoint the cases when the
rock is sufficiently close to a tree stem. Subsequently a tailored Separating Axis Test (SAT)
[15] method has been employed to acquire the actual contact points between the rock and tree.
Symmetry Axis
𝜿=
𝒈

𝒓𝟏 − 𝒓𝟎
= − 𝐭𝐚𝐧 𝜶
𝒉

Top Surface
𝒅𝟏 = 𝟐𝒓𝟏

Tree Stem 𝑸

Side Surface

Bottom
Surface

𝒉

Bottom Surface
𝑹

𝜶

𝒓

(b)

(a)

𝑹

Terrain 𝑳

𝑶

(c)

𝒅𝟎 = 𝟐𝒓𝟎

Figure 1: Scheme of the tree stem model: (a) A tree stem is geometrically modelled as a truncated cone. (b) The
tree stem Q is placed on top of the terrain L with the symmetry axis aligning with the gravitational direction. (c)
The parameter κ, which correlates the dimensions of a tree stem, is defined as κ = (r1 − r0 )/h. Here κ is negative,
i.e. the diameter of the tree’s cross-section decreases from the bottom to the top.

Parameter
d0 (m)
µ (-)
ζCT (-)
vin (m/s)
ωin (rad/s)
θ (◦ )
χ (◦ )

Rock-Tree Impact
Min-Max
Test Values
0.05-0.6
0.55
0-1.2
0.6
0-1
random
5-40
random
0-60
random
0-180
random
-40-40
random

Rock
Density
2700 kg/m3
Volume
0.02 m3
Mass
54 kg
Sphere Radius
0.168 m

Table 1: Typical ranges and actual values of the input parameters used in the rock-tree impact simulations.

Before setting up the numerical system (Fig. 2) some simplifications to the problem studied
are made in order to highlight the effect of rock shape on its energy dissipation. First, geometrically the relative size between the simulated rocks and the tree stem is determined, i.e. we
focus on rocks of a fixed volume 0.02 m3 with the density being set at 2700 kg/m3 (this leads
to a rock mass m = 54 kg), and the tree diameters d0 = 0.55 m and d1 = 0.45 m. In addition,
following the investigations by Toe et al. [8] and the truncated cone model used in this work, it
is assumed that the rock-tree collision height does not govern the rock dynamics after impacts.
Thus the height of the tree stem is chosen as h = 10 m, resulting in κ = (r1 − r0 )/h = −0.01.
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Furthermore, it is presumed that the tree stem can absorb any kinetic energy from the given
small rock, i.e. the tree stem is a rigid body perfectly ‘mounted’ to the ground. Finally, the
same as the rock-terrain interactions [12], the coefficients of restitution in the contact normal
and tangential directions are both set to zero for rock-tree contacts, and the coefficient of friction on the tree stem surface is chosen as 0.6. Therefore, the remaining mechanical parameters
that we must inspect are: the translational velocity vin and the rotational velocity ωin of rock at
impact, the eccentricity ζCT defining the impact regime, and the impact angle θ and χ measured
in the horizontal and vertical plane, respectively (Fig. 2b). The typical ranges (according to Toe
et al. [8]) and the actual values of the input parameters used in the rock-tree impact simulations
are listed in Tab. 1.

𝑸

𝒗𝒊𝒏

(a)

Symmetry Axis
𝒗𝒊𝒏
𝒗𝒊𝒏

𝒗𝒊𝒏
1m

1m

0.01 m
𝒚

Lattices (Release Points)

𝒙
1m

𝜿 = −0.01

𝒗𝒊𝒏
𝒗𝒊𝒏

𝝌>𝟎

Symmetry Axis
𝑸
𝒓𝑻
𝜽

𝒛

𝝌<𝟎

5m
𝒚

𝒗𝒊𝒏
𝑸

𝒚
𝒙

𝑪
𝒓𝑪

(b)

𝒓𝑪
𝒓𝑻
𝟎 𝟎. 𝟑𝟑 𝐅𝐫𝐨𝐧𝐭𝐚𝐥
𝟎. 𝟑𝟑 𝟎. 𝟔𝟕 𝐋𝐚𝐭𝐞𝐫𝐚𝐥
𝟎. 𝟔𝟕 𝟏. 𝟎 𝐒𝐜𝐫𝐚𝐭𝐜𝐡

𝝇𝑪𝑻 =
→

Figure 2: Definition of the input parameters for the rock-tree impact simulations: (a) the initial release conditions
for rock (blue) impacting with a tree stem (green), shown in the xy plane, and (b) the two angles θ and χ and the
eccentricity indicator ζCT which are used to describe the spatial impact position of a rock (blue) against a tree stem
(green). According to the value of ζCT the impact regime can be distinguished into frontal, lateral and scratch [16].

To start the rock-tree impact simulation, rocks are released in front of the tree stem from
the lattices spanning a 1 m2 squared region (Fig. 2a). The distance between the neighboring
release points in the x and y directions is 0.01 m. 10 identical rocks with varying orientations
are released from each point, resulting in 11000 simulations in total for this rock shape. Initially,
the rock is appointed with randomly translational and rotational velocities which fall into the
parameter ranges suggested in Tab. 1. The initial rock release height is 5 m above the horizontal
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plane, and the mass center of rock has a minimum distance of 1 m away from the symmetry axis
of the tree stem. From the simulated trajectories, only the rocks that have collided with the tree
stem are collected, from which another 5000 trajectories are randomly sampled for analyses.
This procedure guarantees that the number of effective simulations is invariant among different
rock shapes investigated.
The following rock-tree/forest simulations are performed. Firstly as the control group the
spherical rock (Tab. 1) is released against the single tree stem placed on the horizontal plane.
Subsequently in the second group non-spherical rocks are simulated impacting against the same
tree stem. We investigate one typically cubic, elongated and flattened rock each (Tab. 2). The
volume of these natural rocks is scaled to 0.02 m3 . Here rock shape is quantified by the aspect
ratio quantity Π = lmax /lmin , where lmax (lmin ) is the length of maximum (minimum) principal
axis of a rock. It is defined such that a rock is cubic only when Π ≤ 1.2; otherwise the rock is
either flat or long depending on whether lmid is closer to lmax or lmin . Finally in the third group
the non-spherical rocks modelled above are released from an ideal, virtual slope of inclination
η = 40◦ being covered with forest. The aim is to further identify if rock shape has a significant
effect on falling rock’s energy dissipation and, in turn, the run-out zone.
Rock Name
Dimension x/y/z (m)
Aspect Ratio Π (-)

cubic1.2
0.38/0.36/0.31
1.2

flat2.2
0.48/0.42/0.22
2.2

long2.2
0.55/0.31/0.25
2.2

Rock Shape
Table 2: Shape and dimensional parameters of the non-spherical rocks modelled in the simulations. All rocks are
volume and mass equivalent to the sphere defined in Tab. 1.

3

RESULTS AND DISCUSSION

In this section results of our numerical simulations will be first presented on rock-tree impact
level and then extended to rock-forest interaction scale.
3.1

Rock total/translational energy loss

The total and translational energy losses after rock impacting with the tree stem are first
investigated since they are direct measures of how rock motion has been changed due to such a
process. Note, non-spherical rocks may generate more than one impact to the tree stem owning
to their rotational motion and shape. Nonetheless, in this work only the very first impact, i.e.
the impact lasting from the beginning of contact to the first coming moment when there is
no ‘touching’ between the rock and tree stem, is considered for the data analyses. The total
−
+
−
−
+
energy loss is defined as ∆Etotal = (Etotal
− Etotal
)/Etotal
, where Etotal
and Etotal
is the rock
total energy before and after impact, respectively. Similarly, the translational energy loss is
−
+
−
−
+
given by ∆Etrans = (Etrans
− Etrans
)/Etrans
, where Etrans
and Etrans
is the rock translational
energy before and after impact, respectively. Fig. 3 shows using probability density function
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(PDF) plots the change of total energy investigated for different rock shapes within three impact
regimes. It can be seen that, independent of rock shape, the highest probability for a total energy
loss approximately decreases from 85% for frontal impact, to 70% for lateral impact, and then
to 50% for scratch impact. This aligns with our common recognition that frontal impact tends to
directly ‘stop’ the rock motion. Importantly, ∆Etotal is higher for sphere and cubic1.2 than for
flat2.2 and long2.2 in all three impact regimes, showing the effect of rock shape on its energy
dissipation possibly relating to the rotational motion of the object. Overall ∆Etrans shows very
similar trends in the PDF diagrams to the ones observed for ∆Etotal in Fig. 3.

85%

70%

50%

Figure 3: PDF plots for the change of rock total energy investigated for different rock shapes within three impact
regimes. The total energy dissipation is higher for the spherical and cubic rocks than for the flat and long rocks.

3.2

Rock reflected rotation

It is worth further investigating how rock rotates, namely the reflected rotation, after impact,
which adds another perspective to the change of rock motion. The change of resultant rotational
speed is defined as ∆ω = (ω − −ω + )/ω − , where ω − and ω + is the rock resultant rotational speed
before and after impact, respectively. From Fig. 4 one clearly identifies that rocks gain different
reflected rotations within different impact regimes. The change of resultant rotational speed
is strongly linked to rock shape as well, i.e. after impact flat2.2 and long2.2 acquire stronger
rotations for frontal impact but weaker rotations for scratch impact compared to sphere and
cubic1.2. This observation can be in depths studied considering the rock’s tensor of moment of
inertia and the relative positions of contact points to the rock center of mass.
3.3

Rock energy partition after impact

To understand the rock rotational behaviour it is important to investigate rock energy partition after impact. This provides us more insights into the transfer of rock translational/rotational
−
+
energy between each other. Fig. 5 plots rotational energy change, δErot = (Erot
− Erot
), as
−
+
a function of translational energy change, δEtrans = (Etrans − Etrans ), obtained for different
rock shapes and impact regimes. In agreement with Fig. 4, for frontal impact rocks flat2.2
and long2.2 gain more rotational energy from their translational energy in comparison to rocks
sphere and cubic1.2; whereas for scratch impact the trend is exactly the opposite. These observations point to the fact that rock rotational energy plays a role as an energy reservoir, which
partially ‘stores’ rock translational energy during a tree impacting process. The ‘functionality’ of this energy reservoir apparently depends upon rock shape and impact regime. A further
understanding requires dissecting the mass distribution and the contact position for these rocks.
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Figure 4: PDF plots for the change of resultant rotational speed investigated for different rock shapes within three
impact regimes. Both rock shape and impact regime influence the rock reflected rotation.

Figure 5: Plots of rotational energy change as a function of translational energy change investigated for different
rock shapes within three impact regimes. Both rock shape and impact regime influence the rock energy partition.

3.4

Rock run-out zone formed on a slope

As final tests for rock shape effect on rockfall dynamics simulations are performed using the
same group of non-spherical rocks on an ideal, virtual slope of inclination η = 40◦ . The aim
is to investigate whether rock shape will significantly affect the run-out zone at the slope scale.
Rocks, which are released at an altitude of 200 m corresponding to a slope length of 240 m, run
through a forest and eventually land on the horizontal plane at sea level. In addition, trees are
randomly distributed on the inclined terrain surface with a growth density 500 /ha. The mean
diameter at breast height (DBH) for trees is 0.5 m with a standard deviation 0.05 m, and the
averaged tree height is 22.87 m with a standard deviation 1.82 m. The coefficient of friction on
the surface of tree stems is fixed to 0.1. For each rock shape in total 500 simulations are carried
out with varying rock orientations before the release. Fig. 6 shows trajectory plots coloured by
total rock energy for the three rock shapes simulated. Evidently, flat2.2 generates the longest
run-out distance and the widest influencing region; while long2.2 corresponds to the opposite
situation where the trajectory dispersion from the 500 simulations is the smallest. These observations confirm our assumption that rock shape is an important factor to be considered in
rockfall run-out zone estimation. Out of a forest management perspective, it is crucial for the
next step to understand the role of rock shape in its trajectory change after impacting with trees.
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(a) cubic1.2

(b) flat2.2

(c) long2.2

Figure 6: Influence of rock shape on rock run-out zone on an inclined, virtual slope with forest cover: plots of 500
(a) cubic1.2, (b) flat2.2, and (c) long2.2 trajectories coloured by rock total energy.

4

CONCLUSIONS

Non-spherical rock-tree interactions have been modelled within the non-smooth mechanics
framework. Overall, simulations of rock-tree/forest impacts have exhibited interesting phenomena on both single tree and entire forest levels. Most importantly, it has been demonstrated that
rock energy dissipation during the process of colliding with a tree stem is greatly influenced by
rock geometry. The major findings are:
• Spherical and cubic rocks lose relatively more total energy (also translational energy) than
flat and long rocks in all impact regimes.
• Depending on the impact regime non-spherical rocks can gain either stronger or weaker
reflected rotation than spherical rock.
• Rotational energy acts as an energy reservoir potentially influencing the impact-induced
energy loss dependent upon rock shape and impact regime.
Furthermore, the behaviour of non-spherical rocks reproduced by our non-smooth mechanics
model in the entire forest slope simulations has well confirmed the significant role of rock shape
in rockfall run-out zone development.
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Abstract
This paper introduces perfectly matched layers (PMLs) for the simulation of elastic waves in
heterogeneous anisotropic media. The PMLs are used as wave-absorbing boundaries to surround a finite computational domain of interest truncated from the originally semi-infinite extent. In the formulation, standard Navier equations governing the wave motion in the regular
domain are combined with mixed unsplit-field equations which yield the solution of attenuated
waves within the PML. For the modeling of anisotropic material properties, the strain-stress
relationship of the anisotropic material is incorporated into the constitutive relation of the
mixed unsplit-field wave equations in PML-truncated domains. In this work, a transversely isotropic material is considered for elastic waves in a semi-infinite domain truncated by PML. The
second-order semi-discrete form of the problem is constructed by using a mixed finite element
method and integrated in time for the solution of displacements and stresses by using the Newmark time integration method. Numerical results are presented for elastic waves propagating
in the transversely isotropic PML-truncated domain. The wave motion in the anisotropic medium is compared with that in the corresponding isotropic medium, and the effect of wave attenuation enforced by the developed anisotropic PML is shown by a series of numerical
examples.

Keywords: Perfectly Matched Layers, Elastic Waves, Anisotropic Media, Mixed Finite Element Method, Time Integration.
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1

INTRODUCTION

Elastic wave propagation in anisotropic media is important in many branches of applied engineering and sciences such as structural mechanics, geophysics, and petroleum engineering.
In anisotropic media, waves propagate with different speeds in different directions. The material anisotropy is comparatively common and could be caused by various mechanisms including
crystal alignment, stress-induced effect, regular placement of fine layers, and aligned cracks [1].
For simulation of elastic waves in such domains, there have been many developments in the
theory and calculation of wave propagation in anisotropic media [2, 3]. Most of the wave implementations are based on finite-difference-time-domain (FDTD) methods on staggered grids.
However, the staggered grid approach is challenging to implement for general aniso-tropic materials, especially in curvilinear coordinates, and may be subject to stability issues. As an effort
to relieve this problem, second-order displacement formulations with finite element or spectral
element methods have been used for modeling general anisotropy [2].
Another challenge in the wave simulation is to implement absorbing boundary conditions
for anisotropic unbounded elastic media. A useful way to achieve this is to use perfectly
matched layers (PMLs), which surround a finite region of interest truncated from the unbounded domain and attenuate outgoing waves from the interior of the domain. Despite some
stability issues, the PML is considered to be one of the most accurate absorbing boundary conditions available. To implement the PML in anisotropic media, several PML methods such as
Convolutional PML(C-PML) and unsplit C-PML were developed, which improve dynam-ical
stability of the classical PML method [4, 5]. The C-PML, however, requires special treat-ment
for evaluating the costly convolutional integral. Assi and Cobbold [6] also improved the stability of PML for anisotropic elastic media while reducing the computational cost, but the formulation requires four auxiliary equations, which increase implementation complexity. In recent
years, an unsplit-field displacement-stress formulation of PML was proposed in the time domain, resulting in accurate and stable solutions with a straightforward approach for integrating
in time the second-order semi-discrete form [7-9].
This work improves on the earlier mixed unsplit-field formulation by incorporating material
anisotropy into the mixed unsplit-field wave equations for PML-truncated domains. A transversely isotropic material is considered for the anisotropic medium, and the numerical results
are presented for elastic waves propagating in the transversely isotropic PML-truncated domain. The series of examples show the effect of the developed PML method for attenuating
waves in anisotropic elastic media.
2

ELASTIC WAVES IN A PML-TRUNCATED DOMAIN

2.1 Complex coordinate stretching
For the wave simulation in a semi-infinite domain, the original extent can be modeled as a
PML-truncated domain as shown in Figure 1. The domain consists of a regular domain (Ωreg )
and the surrounding PML (ΩPML ). In this setting, a complex coordinate stretching can be defined as a change of coordinates from a real space to an imaginary space:
𝑠

𝑠̃ = ∫ 𝜀𝑠 (𝑠′, 𝜔)𝑑𝑠′ ,

𝜀𝑠 (𝑠, 𝜔) = 𝛼𝑠 (𝑠) +

0

𝛽𝑠 (𝑠)
𝑖𝜔

(1)

where 𝑠(= 𝑥, 𝑦) denotes real coordinates, 𝜔 is frequency, and 𝑖 is the imaginary unit. 𝑠̃ is a
complex-valued virtual coordinate transformed from 𝑠 by integrating a stretching function, 𝜀𝑆 ,
which consists of wave attenuation functions, 𝛼𝑠 and 𝛽𝑠 . In the regular domain, the attenuation
functions are defined as 𝛼𝑠 = 1 and 𝛽𝑠 = 0, whereas in PML, they can be written as [7, 8]
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2

3𝑏
1 (𝑠 − 𝑠0 )𝑛𝑠
𝛼𝑠 = 1 + PML log ( ) [
] ,
|𝑅|
2𝐿𝑠
𝐿PML
𝑠

2

3𝑐𝑝ref
1 (𝑠 − 𝑠0 )𝑛𝑠
𝛽𝑠 = PML log ( ) [
]
|𝑅|
2𝐿𝑠
𝐿PML
𝑠

(2)

where 𝐿PML
denotes the length of PML in the 𝑠-direction, 𝑏 is the characteristic length of the
𝑠
domain, and 𝑠0 is the location of interface between regular and PML domains. 𝑅 is a complexvalued user-tunable reflection coefficient, and 𝑛𝑠 is the 𝑠-directional component of the unit normal vector on the interface. It has been shown that, by introducing the stretched coordinate, the
waveform, exp(−𝑖𝑘𝐱̃ ⋅ 𝐝), decays exponentially [7-9]. Therefore, by reformulating wave equations with the coordinate stretching, one can accomplish artificial wave attenuation in the PML.

Figure 1: A two-dimensional PML-truncated domain

2.2 Governing equations
By applying the coordinate stretching to equilibrium, constitutive, and compatibility equations in elastodynamics, the following coupled partial differential equations governing elastic
waves in PML-truncated domains can be obtained [9]:
̃ 𝑒 + 𝐒T 𝚲
̃ 𝑝 ) + 𝑎𝐟̇ = 𝜌(𝑎𝐮̈ + 𝑏𝐮̇ + 𝑐𝐮)
div(𝐒̇ T 𝚲

(3)

𝚲T𝑒 (𝐃: 𝐒̈)𝚲𝑒 + 𝚲T𝑒 (𝐃: 𝐒̇)𝚲𝑝 + 𝚲T𝑝 (𝐃: 𝐒̇)𝚲𝑒 + 𝚲T𝑝 (𝐃: 𝐒)𝚲𝑝
1
= {𝚲T𝑝 (𝛻𝐮) + (𝛻𝐮)T 𝚲𝑝 + 𝚲T𝑒 (𝛻𝐮̇ ) + (𝛻𝐮̇ )T 𝚲𝑒 }
2
T

(4)

𝑡

where 𝐮 = [𝑢𝑥 𝑢𝑦 ] denotes displacements, 𝐒 = ∫0 𝛔(𝐱, 𝜏)𝑑𝜏 the stress memory, and 𝐄 =
𝑡

∫0 𝛜(𝐱, 𝜏)𝑑𝜏 the strain memory. 𝐟 denotes body force, 𝜌 is medium density, and 𝐃 is the elastic
compliance tensor. The coefficients 𝑎, 𝑏, and 𝑐 are represented in terms of wave attenuation
functions as 𝑎 = 𝛼𝑥 𝛼𝑦 , 𝛽 = 𝛼𝑥 𝛽𝑦 + 𝛽𝑥 𝛼𝑦 , and 𝑐 = 𝛽𝑥 𝛽𝑦 . The stretching tensors 𝚲𝑒 and 𝚲𝑝
are written in terms of the stretching functions as
𝜀𝑥
𝚲−1 = [ 0
̃=[
𝚲

𝜀𝑦
0

0
𝛼𝑥
]
=
[
𝜀𝑦
0
0
𝛼𝑦
]=[
𝜀𝑥
0

1 𝛽𝑥
0
]
+
[
𝛼𝑦
𝑖𝜔 0
1 𝛽𝑦
0
]+ [
𝛼𝑥
𝑖𝜔 0
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1
0
] = 𝚲𝑒 + 𝚲𝑝
𝛽𝑦
𝑖𝜔
1
0
̃𝑒 + 𝚲
̃
]=𝚲
𝛽𝑥
𝑖𝜔 𝑝

(5)
(6)
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3

ANISOTROPIC MATERIAL MODELING

To consider material anisotropy in the PML-truncated domain, the elastic compliance tensor,
𝐃, in Eqs. (3) and (4) can be modified appropriately. In this work, a transversely isotropic material is considered for the elastic waves in the PML-truncated domain. The strain-stress relationship of a transversely isotropic medium in three-dimensions can be written as follows:
1
𝐸𝑇
𝜈𝑇𝐿
−
𝐸𝑇
𝜈𝑇𝑇
−
𝐸𝑇

𝜖𝑥
𝜖𝑦
𝜖𝑧
𝜖𝑦𝑧 =
𝜖𝑧𝑥
[𝜖𝑥𝑦 ]

[

𝜈𝐿𝑇
𝐸𝐿
1
𝐸𝐿
𝜈𝐿𝑇
−
𝐸𝐿
−

𝜈𝑇𝑇
𝐸𝑇
𝜈𝑇𝐿
−
𝐸𝑇
1
𝐸𝑇

−

0

0

0

0

0

0

0

0

0

0

0

0

1
2𝜇𝐿𝑇

0

0

0

0

1
2𝜇 𝑇𝑇

0

0

0

0

0

0

1
2𝜇 𝑇𝐿 ]

0

0

𝜎𝑥
𝜎𝑦
𝜎𝑧
𝜎𝑦𝑧
𝜎𝑧𝑥
[𝜎𝑥𝑦 ]

(7)

where 𝑥𝑧-plane is the plane of isotropy, and the 𝑦-axis is the symmetric axis that is normal to
the plane of isotropy. The elastic moduli and Poisson’s ratios in the transverse and longitudinal
directions are written as
𝐸𝑥 = 𝐸𝑧 = 𝐸𝑇 ,
𝐸𝑧 ≠ 𝐸𝑦 = 𝐸𝐿 ,

𝜇𝑥𝑧 = 𝜇 𝑇𝑇 ,

𝜇𝑦𝑧 = 𝜇𝑥𝑧 = 𝜇 𝑇𝐿 ,

(8)

𝜈𝑥𝑧 = 𝜈𝑧𝑥 = 𝜈𝑇𝑇

(9)

𝜈𝑦𝑧 (= 𝜈𝐿𝑇 ) ≠ 𝜈𝑧𝑦 (= 𝜈𝑇𝐿 )

Assuming a plane strain condition where strains along the 𝑧-direction are zero, the constitutive
relationship, 𝐄 = 𝐃: 𝐒, in Eq. (7) can be reduced to
𝜖𝑥
𝜎𝑥
𝑄11 𝑄12
0
𝜖
𝜎
0 ][ 𝑦 ]
(10)
[ 𝑦 ] = [𝑄21 𝑄22
𝜖𝑥𝑦
0
0 𝑄33 𝜎𝑥𝑦
in which the components of the two-dimensional compliance matrix are written as
𝑄11 =

2
𝜈𝑥𝑦 (1 + 𝜈𝑥𝑧 )
1 − 𝜈𝑥𝑧
, 𝑄12 = 𝑄21 = −
,
𝐸𝑥
𝐸𝑥

𝑄22 =

1 − 𝜈𝑥𝑦 𝜈𝑦𝑥
,
𝐸𝑦

𝑄33 =

1
2𝜇𝑥𝑦

(11)

By substituting Eqs. (10) and (11) into Eq. (4), one can mathematically model transient elastic
waves in a transversely isotropic medium truncated by PMLs.
4

THE WEAK FORM AND A MIXED FINITE ELEMENT METHOD

The coupled equations (3) and (4) can be solved for displacements 𝐮 and stress memories 𝐒
by using a mixed finite element method. For the construction of the weak form of Eq. (3), both
sides of the equation are dotted with a test function vector for displacement and integrated over
the entire domain. Similarly, the weak form of Eq. (4) can be obtained by taking the dot product
of the equation and a test function tensor for stress memory and integrating over the same domain. There result

1624

Jun Won Kang and Boyoung Kim

̃ 𝑒 + 𝐒T𝚲
̃ 𝑝 )𝑑Ω + ∫ 𝐰 ⋅ 𝜌(𝑎𝐮̈ + 𝑏𝐮̇ + 𝑐𝐮)𝑑Ω
∫ 𝛻𝐰: (𝐒̇ T 𝚲
Ω

Ω

(12)

̃ 𝑒 + 𝐒T𝚲
̃ 𝑝 )𝐧𝑑Γ + ∫ 𝐰 ⋅ 𝑎𝐟𝑑Γ
= ∫ 𝐰 ⋅ (𝐒̇ T 𝚲
Γ𝑁

Γ𝑁

∫ (𝐃: 𝐒̈): (𝚲𝑒 𝐓𝚲T𝑒 ) 𝑑Ω + ∫ (𝐃: 𝐒̇): (𝚲𝑒 𝐓𝚲T𝑝 + 𝚲𝑝 𝐓𝚲Te ) 𝑑Ω + ∫ (𝐃: 𝐒): (𝚲𝑝 𝐓𝚲T𝑝 ) 𝑑Ω
Ω

Ω

Ω

(13)

= ∫ 𝛻𝐮: 𝚲𝑝 𝐓𝑑Ω + ∫ 𝛻𝐮̇ : 𝚲𝑒 𝐓𝑑Ω
Ω

Ω

where 𝐰 and 𝐓 are the test function vector for displacement and the test function tensor for
stress memory, respectively. The constitutive relationship of Eqs. (10) and (11) is implicitly
imposed in the weak form to consider material anisotropy. The symbols Ω and Γ𝑁 denote the
PML-truncated domain and its Neumann boundary, respectively, as shown in Figure 1. In arriving at Eq. (12), the divergence theorem has been applied. For spatial discretization of the
displacement and the stress memory in Eqs. (12) and (13), a mixed finite element method can
be used, where the order of basis functions for the two variables are significant for the stability
of solutions. In this work, using quadratic basis functions with a serendipity element for both
displacement and stress memory yielded stable solutions. After introducing the spatial discretization to the weak forms, semi-discrete equations of motion could be derived, and the numerical
solution was calculated by using the Newmark time integration method.
5

NUMERICAL EXAMPLES

As an illustrative example of the anisotropic unsplit-field PML, a PML-truncated semi-infinite domain of a transversely isotropic material, as shown in Figure 2, is considered. The size
of the regular domain is 12 m × 12 m, and the PML is 2 m wide. The domain is homogeneous
with density 𝜌 = 2000 kg/m3 , 𝐸𝑥 = 200 MPa, 𝐸𝑦 = 300 MPa, 𝜇𝑥𝑦 = 83.33 MPa, 𝜈𝑥𝑦 =
0.2, and 𝜈𝑦𝑥 = 0.3. The combined regular and PML domains are discretized using biquadratic
elements with an element size of 0.05 m. There result 40 elements within each PML region. A
reflection coefficient of |𝑅| = 10−8 is used for the PML. As an excitation to the domain, a
stress load 𝜎22 = 𝑝(𝑡) in the form of a Ricker pulse is applied over a small region (-0.2 m ≤
𝑥 ≤ 0.2 m) on the surface of the domain. The central frequency of the Ricker pulse is 100 Hz
as shown in Figure 3, and the time step is 0.0005 s.

Figure 2: A PML-truncated domain of a transversely isotropic material
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(a) Time history

(b) Frequency spectrum

Figure 3: Excitation signal and its Fourier spectrum

Figure 4(a) shows displacement waves at 𝑡 = 0.035 s due to the surface load in the transversely
isotropic medium. As can be seen in the figure, there are no discernable reflections propagating
back to the regular domain. The displacement is continuous at the interface between the regular
and PML regions, and the waves are attenuated rapidly with distance to the layer. For comparison, displacement waves in the corresponding isotropic medium at the same time instant are
presented in Figure 4(b). The isotropic medium has the Young’s modulus of 200 MPa and the
Poisson’s ratio of 0.2. Since, in the anisotropic medium, the elastic modulus in the 𝑦-direction
is 1.5 times that in the 𝑥-direction, the waves propagate faster in the 𝑦-direction than in the
other direction, as shown in Figure 4. Figure 5(a) presents the time history of displacement at
the coordinate point (0,-12), located at the interface between the regular domain and bottom
PML. The waves reach the point earlier in the case of the transversely isotropic medium than
in the case of the isotropic domain. Figure 5(b) shows the snapshot of 𝑢𝑦 at 𝑡 = 0.023 s along
the line of 𝑥 = 0. It can be seen that compressional waves travel faster in the anisotropic medium than in the isotropic medium.

(a)

(b)

Figure 4: Displacement waves at 𝒕 = 𝟎. 𝟎𝟑𝟓 s due to the surface load in (a) the transversely isotropic medium
and (b) the isotropic medium
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(a)

(b)

Figure 5: Displacement 𝒖𝒚 in the anisotropic and isotropic media; (a) time history of the displacement at the
point of coordinates (0,-12) and (b) the snapshot of 𝒖𝒚 at 𝒕 = 𝟎. 𝟎𝟐𝟑 s along the line of 𝒙 = 𝟎

The proposed unsplit-field PML method can also be applied to heterogeneous anisotropic
media. For demonstration, elastic wave propagation in a PML-truncated domain shown in Figure 6(a) is considered. The size of regular and PML domains is the same as the previous case,
but the medium is stratified to two layers with material property values shown in the figure.
Figure 6(b) depicts displacement waves propagating in the heterogeneous anisotropic domain
due to the surface excitation presented in Figure 3. Compared to the homogeneous domain case
in Figure 4(a), some of the waves are reflected back to the surface at the interface between the
two layers, and the rest are transmitted into the lower layer. No discernable reflections from the
PML can be found in this case as well. Figure 7 presents the time history of 𝑢𝑦 at coordinate
points (0,0) and (0,-12). The waves in the heterogeneous medium reach the bottom point earlier
than those in the homogeneous medium because of the increase of 𝐸𝑦 in the second layer. The
time history shows a few reflections caused by the layer interface, but they disappear as the
waves travel back and forth several times within the domain.

(a)

(b)

Figure 6: Results of elastic wave simulation in a heterogeneous anisotropic PML-truncated domain; (a) a twolayer profile and (b) the snapshot of displacement at 𝒕 = 𝟎. 𝟎𝟒 s
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(a) Point (0,0)

(b) Point (0,-12)

Figure 7: Time history of 𝒖𝒚 in the heterogeneous and homogeneous media; both media are transversely isotropic

6

CONCLUSIONS
 A mixed unsplit-field PML method has been developed for the simulation of elastic waves
in unbounded anisotropic media.
 For the modeling of anisotropic material properties, the strain-stress relationship of the
anisotropic material can be incorporated into the constitutive relation of the mixed unsplitfield wave equations in PML-truncated domains.
 The unsplit-field wave equations in anisotropic PML-truncated domains can be implemented by a mixed finite element method. In this work, a transversely isotropic material is
considered for elastic waves in a semi-infinite domain truncated by PML. It has been found
that the numerical solution is continuous at the interface between the regular and PML
domains, and there are no discernable reflections propagating back to the regular domain.
 The proposed unsplit-field PML method for anisotropic media can also be applied to heterogeneous domains. The method captures well the reflection and transmission of elastic
waves at the interface of material layers, while eliminating the waves within PML effectively.
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Abstract
Eucentre has developed a platform addressed to the scientific community in which different
research groups can share data, methods and models to evaluate the seismic risk of Italian
territory. In the platform, called IRMA (Italian Risk MAps), there are different tabs and tools
that allow producing seismic risk maps and damage scenarios with OpenQuake. OpenQuake
is a calculation engine that has been recently developed as part of the Global Earthquake
Model (GEM) (http://www.globalquakemodel.org) to evaluate the earthquake loss estimation.
To perform earthquake damage scenario or risk calculations, in the platform IRMA the user
can either create or upload different exposure/vulnerability databases as well as different sets
of fragility curves. The hazard is fixed and it is the MPS04 hazard model, developed by INGV
(National Institute of Geophysics and Volcanology). MPS04 has been adopted at national level
at first with the Ordinance of Civil Protection (OPCM 3519/2006) and then by the New Technical Standards for Construction (NTC08, DM14.01. 2008). The platform is extremely flexible.
By combining the different exposure databases with all the possible sets of fragility curves, the
user can produce maps of conditional damage (i.e., the return period is selected) or unconditional damage (i.e., an observation time window is selected). Damage scenarios can also be
performed by using shakemaps of seismic events as input. The output of each calculation is
available in both tables and maps; the latter are also downloadable as shapefiles.

Keywords: seismic risk, damage scenario, maps, losses, platform.
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1

INTRODUCTION

In recent decades, the tools to process peacetime risk maps and damage scenarios following
the occurrence of an earthquake have become increasingly important for risk mitigation and
rationalization of resources. The risk maps allow identifying the highest risk geographical areas
where it is possible to concentrate the upgrading interventions and the seismic improvement.
They also enable large-scale risk mitigation measures to be planned as well as to provide useful
information for insurance purposes. Recent earthquakes in Italy (L’Aquila in 2009, EmiliaLombardia-Veneto in 2012 and Central Italy in 2016-17) have had a significant impact in terms
of life losses and costs. Prevention in terms of reducing the structural vulnerability of buildings
is therefore of fundamental importance.
Moreover, during the Third UN World Conference in Sendai, Japan, on March 18, 2015, the
Sendai Framework for Disaster Risk Reduction 2015-2030 was adopted [1]. The purpose of the
Sendai Framework, to which Italy has also signed up, is to provide guidelines for the management of multi-hazard risk. The Framework will be applied to the risk of small-scale and largescale, frequent and infrequent, sudden and slow-onset disasters, caused by natural or manmade
hazards as well as related to environmental, technological and biological hazards and risks. It
aims to guide the management of multi-hazard risk at all levels and across all sectors. The
expected outcome is the substantial reduction of disaster risk and losses in lives, livelihoods
and health and in the economic, physical, social, cultural and environmental assets of persons,
businesses, communities and countries. To achieve the established goals, a focused action is
necessary within and across sectors by States at local, national, regional and global levels in the
following four priority areas [1].
• Priority 1: Understanding disaster risk. Disaster risk management needs to be based on an
understanding of disaster risk in all its dimensions of vulnerability, capacity, exposure of
persons and assets, hazard characteristics and the environment.
• Priority 2: Strengthening disaster risk governance to manage disaster risk.
• Priority 3: Investing in disaster risk reduction for resilience.
• Priority 4: Enhancing disaster preparedness for effective response and to «Build Back Better» in recovery, rehabilitation and reconstruction.
In the context of Priority 1 are placed the funding lines of the Civil Protection Department
(DPC) toward Eucentre, active since February 2009, that are aimed at defining the seismic risk
of structures and infrastructures in the Italian territory. In particular, during 2018 a new funding
line was activated, focused on the Sendai Framework, whose purpose was sharing with the
scientific community the tools that Eucentre developed to define the seismic risk of Italian residential buildings.
For these purpose, Eucentre has developed IRMA (Italian Risk MAps), a platform addressed
only to the scientific community to share data, methods and models to evaluate the seismic risk
of Italian territory. IRMA, as further described, integrates tools to perform damage scenarios
and risk maps.
2

TOOLS FOR ESTIMATION OF SEISMIC RISK

In these years, several research groups around the world have developed tools for seismic
risk assessment in order to estimate earthquake damages and losses. In [2] a number of existing
risk software applications were reviewed. SELENA (SEismic Loss EstimatioN using a logic
tree Approach) [3] is a software tool for seismic risk and loss assessment based on the HAZUS
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methodology [4, 5]. It is open-source and it was developed by the International Centre for Geohazards ICG through NORSAR (Norway) and the University of Alicante (Spain). Another
open-source tool to estimate earthquake hazard and risk is EQRM (EarthQuake Risk Model)
[6]. It is a product of Geoscience Australia, an Australian Government Agency, and for this
reason, Australia is the current geographical area of application. ELER (Earthquake Loss Estimation Routine) [7] is instead a standalone application that provides rapid estimation of earthquake shaking and losses in the Euro-Mediterranean region. At last, two tools with source code
provided upon request are CEDIM (CEDIM Risk Estimation Tool) [8] and CAPRA (Central
America Probabilistic Risk Analysis) [9]. The CEDIM software was developed by the Center
for Disaster Management and Risk Reduction Technology in Potsdam, Germany, but it was
used for damage and risk analysis on other earthquake prone areas of the world. CAPRA is a
multi-hazards software for estimate losses. It is a World Bank’s initiative that aims to strengthen
the institutional capacity for assessing, understanding and communicating disaster risk, with
the ultimate goal of integrating disaster risk information into development policies and programs.
Over several years, Eucentre has also been developing tools implemented in WebGIS platforms for the assessment of seismic risk and damage scenario. These platforms consider residential buildings [10, 11], school buildings [10, 11, 12], transportation network infrastructures
[10, 13] and dams [14, 15] as vulnerable elements. Recently, also hospitals have been taken
into account. Unlike the platforms previously developed by Eucentre, IRMA allows access to
users with different roles, which have different capabilities. Moreover, instead of a pre-inserted
exposure database and one or more sets of fragility curves, in IRMA each user can upload his
own databases and use them during the analysis. Finally, IRMA allows calculating also the
losses in terms of human and economic losses.
3

FUNCTIONALITY OF IRMA

The IRMA platform is addressed to the scientific community that can use it to produce risk
maps and damage scenarios for the Italian territory. In IRMA the assessment of earthquake
damages is performed by using OpenQuake (OQ), a calculation engine developed by the Global
Earthquake Model (GEM) [16]. The components of OQ have been completely integrated into
the platform. The scripts that create the input files and decode the outputs have all been automated. All operations are managed through dialogue windows.
In IRMA the user can create and then upload different exposure/vulnerability databases as
well as different sets of fragility curves. The hazard for the calculation of the risk maps is,
instead, preloaded and is the MPS04 hazard model. This model was developed by the INGV
and adopted at national level, first with Civil Protection Ordinance (OPCM3519 [17]),then by
the Technical Standards for the Buildings (NTC08 [18] and until the publication of a new hazard model by NTC18 [19]). Therefore, hazard is the only element of the risk calculation that
cannot be customized in IRMA.
The IRMA platform is extremely flexible and allows combining different exposure databases
with different sets of fragility curves to produce maps for conditional damage or unconditional
damage. In the conditional damage the condition is the occurrence of an earthquake with a
selected return period, while in the unconditional damage the condition is removed by considering the probability of a ground shaking severity in a selected time observation window.
It is also possible to produce damage scenarios for an earthquake event using shakemaps as
seismic input. This feature has been introduced to allow the users to validate their vulnerability
and fragility model by comparing numerically calculated damage scenario with observed damage data. The latter are available in the platform Da.D.O (Observed Damage Database) [20]
that contains all the buildings damage data caused by earthquakes occurred in Italy in the last
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40 years. The results of all the calculations processed using the IRMA platform can be displayed
on a map, in tables and downloaded as a shapefile.
The IRMA platform was designed in order to:
1) Collect, process and show information on seismic fragility and vulnerability models defined from the different methodologies developed by the various research groups;
2) Provide a unique calculation tool to process data of fragility, exposure, damage and seismic risk;
3) Show, share and compare the elaborations processed by the different research groups.
3.1 Features of the platform
The platform was developed by Eucentre following the indications of the Italian Civil Protection Department and the suggestions of the scientific community. It has the following features:
• The calculation engine is OQ v3.2.0 [21];
• The platform is extremely flexible;
• The user can create the exposure/vulnerability databases;
• The user can create a set of fragility curves;
• The user can combine different exposure/vulnerability databases with different sets of fragility curves as well as produce conditional (for selected return periods) or unconditional
(for selected observation time windows) damage maps;
• The user can calculate conditional or unconditional risk maps in terms of human losses,
economic losses and impact (usable buildings, unusable buildings in the short and long
time span, collapsed buildings);
• The user can calculate damage scenarios using shakemaps;
• The user can aggregate the maps that he calculated before. Maps can be calculated for the
whole building stock or for portion of building stock. This can be done by selecting masonry or RC buildings, by selecting regions (i.e. Lombardi, Tuscany, etc.) and by filtering
municipality as a function of demography. Therefore, aggregation can be made for materials, regions and municipality with different demography;
• The user can view the results in maps and tables;
• The user can download the maps in shapefiles.
3.2 User roles
Given the contents and the scientific purposes of the platform, its access is aimed at qualified
users and its use is allowed for scientific activities only. The IRMA platform integrates an authentication of the users with different roles. Three types of roles have been implemented:
• Researcher. He uses most of the functionalities of the platform. His databases and analysis
results are initially private. The user with this role can decide to share his databases and
his analysis results with the community registered to the platform. This is possible only
under the approval of his Supervisor.
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• Supervisor. He can decide to allow the researchers, who are linked with him, to share their
database and their analyses results. Afterward, these data become available for the rest of
the users.
• DPC. The DPC can visualize all the shared database and analyses results processed by the
researchers and approved by their corresponding Supervisors. DPC can also combine different maps by assigning them a weight.
4

PLATFORM DESCRIPTION

In order to give a description of IRMA, the area of the platform dedicated to the role of
researcher is selected among the others. This user type is the one that elaborates results performing analyses. For this reason, he is the one that uses most of the functionalities available
in IRMA.
The Homepage of the platform is organized into two sections that are reported in Figure 1.
The first section is defined “Display and processing tools” and consists of different tabs that are
“Layer management”, “Legend”, “Search”, “Maps”, “Scenario” and “Aggregation”. The second section, instead, comprises the tab “Map” that allows visualizing all the operations performed in the platform.

Figure 1: Homepage of the platform.

Through the tab “Layer management” the user can download the navigation manual of the
WebGIS, manage the layer tree, download a layer in shapefile format, change the theme of a
layer and change the password to access the platform. Afterwards, there are the tabs “Legend”
and “Search”. The former shows the legend of a selected layer while the latter allows to search
a municipality and to zoom on it in the map. The search of a municipality can be carried out
filtering by region, province and municipality. It is possible to enable progressive filters starting
from the whole country up to the municipality. However, it is not necessary to select all the
progressive filters and if, for instance, only the filter “region” is activated, results will be displayed for the whole region.
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4.1 Create damage maps and risk maps
The tab “Maps” is the heart of the platform and allows the user to load input files that will
be used to process damage maps and risk maps. The first input file concerns the exposure/vulnerability database. In it the user assigns the vulnerability class to the buildings listed in the
ISTAT 2001 database, according to the construction material (reinforced concrete, masonry,
other), year of construction and the number of floors. ISTAT database is a database that has,
for each municipality, the number of existing buildings in 2001 subdivided by number of floors,
age of construction, and building typology. The second input file defines the fragility curves to
be associated with each vulnerability class. In accordance with the literature, fragility curves
are defined with a lognormal distribution. Combining hazard and fragility for the whole building stock classified in vulnerability classes, damage maps can be calculated with OQ.
In particular, to calculate a damage map the user can choose the exposure/vulnerability database, the set of fragility curves, the region of Italy for which performing the calculation (or
all Italy), the type of soil and the type of analysis (conditional or unconditional). It is important
to specify that, at the current state of development of the platform, the type of soil is the same
for the whole territory since a reliable soil amplification maps is not yet available.
The user can also choose whether to take into account all municipalities or only the ones that
belong to a certain demographic class, for example only municipalities with less than 3000
inhabitants. Maps referring only to masonry buildings or reinforced concrete buildings can be
generated by considering the vulnerability database for masonry and reinforced concrete buildings, respectively. Maps for the whole building stock, instead, are generated by considering the
vulnerability database referring to the whole building stock.
Based on all these indications, the platform creates the OQ input files, sends them to the
calculation engine and processes the output, making it available to the user in terms of a map.
The user can either see the map on the platform or download it in shapefile. In addition, he can
visualize the results for a single municipality in tables. Figure 2 reports an example of a conditional damage map.

Figure 2: Conditional damage map in terms of % of buildings reaching damage level D2. The map has been calculated considering a return period of 475 years.

Within the tab “Maps”, it is also possible to generate risk maps. If damage maps provide the
number of buildings, the percentage of buildings, the number of dwellings, the percentage of
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dwellings, the surface area and the population reaching the five damage levels of the EMS98
scale [22], risk maps combine the results of the damage maps providing information on both
impact and losses. Specifically, the impact is expressed in terms of buildings that are usable,
not usable in the short time span, not usable in the long time span and collapsed. The losses are
expressed in terms of fatalities, injuries and economic losses. The user can choose whether to
enter the coefficients of combination of the different levels of damage to calculate impact and
losses or whether to use the default values in the platform. In Table 1 the default coefficients
related to fatalities and injuries are reported. With these percentages, we assumed that the one
percent of the people living in buildings which reach the damage level D4 (very heavy damage)
added to the ten percent of the people living in buildings which reach the damage level D5
(collapse) have died. The calculation for the injured is similar. In Table 2, instead, we have
reported the percentage of the reconstruction cost that is necessary to repair the building. For
instance, in order to repair a building that has reached damage level D2 (moderate damage), the
spending would be 10% of the whole reconstruction cost.
Damage level
D1
D2
D3
D4
D5

Fatalities
0%
0%
0%
1%
10%

Injuries
0%
0%
0%
5%
30%

Table 1: Relationship among damage level, fatalities and injuries.

Damage level
D1
D2
D3
D4
D5

Reconstruction cost
2%
10%
30%
60%
100%

Table 2: Percentage of reconstruction cost for each damage level.

4.2 Run a damage scenario
The next tab of the first section of the platform is the tab “Scenario”. From it, the user can
run the calculation of the damage scenario corresponding to the shakemaps made available into
the platform. Shakemaps of the events occurred in Italy in the last 40 years have been uploaded.
The source for the shakemap is INGV (if available) or USGS. In Figure 3 the shakemap related
to the seismic event of L’Aquila 2009 elaborated from INGV is reported as example. To run
the analysis for scenario events the user has to choose the exposure/vulnerability database, the
set of fragility curves, the region of interest, the municipality and the risk coefficients. The
results for the entire area concerning the calculation can be viewed on the map (Figure 4).
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Figure 3: Shakemap related to the seismic event of L’Aquila 2009.

Figure 4: Damage scenario for the seismic event of L’Aquila 2009: % of buildings in D1 (light damage).

4.3 Aggregation of different maps
The last tab of the left section of the platform is “Aggregation”. It allows aggregating different damage maps, different risk maps, or different scenario maps. The new layer can be themed
and downloaded as a shapefile.
4.4 Display of results
The tabs in the central part of the platform allow viewing several information for a specific
area (the whole Italy, a selected region, province, or municipality) selected by using the tab
“Search”. If the user needs information about a municipality, he can select it by clicking directly
on the map. Once the area of interest has been chosen, the tabs will give information about:
• Hazard. Once a municipality is selected, this tab reports the PGA (Peak Ground Acceleration) value derived from MPS04 hazard model [18, 19];
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• Exposure/vulnerability. This tab reports the composition of the building stock according
to the selected database;
• Fragility curves. This tab provides parameters (i.e., median and standard deviation) and
plot of selected fragility curves;
• Unconditional damage, conditional damage. These tabs provide damage values estimated
for the selected area (region, province or municipality);
• Unconditional risk, conditional risk. These tabs report risk values calculated for the selected area (region, province or municipality);
• Damage scenario, risk scenario. These tabs contain scenario values referring to the selected
area (region, province or municipality).
The description given in this paper demonstrates that IRMA is a platform that allows users
to perform seismic risk calculations, according to shared methodologies and with OQ engine.
The latter is becoming a standard across the world for the definition of earthquake losses. Furthermore, IRMA is a platform through which the scientific community can work jointly, improving the prediction of damage and risk on the national territory, only by sharing data and
results.
5

CONCLUSIONS

Italy is one of the Nations that takes part in the Sendai Framework for Disaster Risk Reduction 2015-2030, a non-binding agreement signed by the participating states in the Third UN
World Conference held in March 2015 in Sendai, Japan. This Framework is the follow up of
the Hyogo Framework for Action 2005-2015, signed in Kobe in January 2005 during the World
Conference on Disaster Reduction. The purpose of the Sendai Framework is to provide the
guidelines for the management of multi-hazard risk. The considered risks are both natural and
anthropogenic. The goal to achieve is preventing the risks due to future catastrophic events and
reducing existing disaster risks, in order to substantially decrease the losses. The Priority 1 of
the Sendai Framework is “Understanding disaster risk”. Disaster risk management needs to be
based on understanding the disaster risk in all its parts, i.e. vulnerability, capacity, exposure of
persons and assets, hazard characteristics and environment. To implement this Priority, according to the Italian Civil Protection Department, Eucentre has developed a WebGIS platform
called IRMA (Italian Risk MAps). This platform is addressed to the scientific community that
can use it to produce risk maps and damage scenarios for the Italian territory.
The best feature of the platform is the flexibility: IRMA allows the user to insert his own
database of vulnerability and the set of fragility curves. The only fixed element is the seismic
input. In case the input is probabilistic, the MPS04 hazard map is considered, which is the
reference of the code [18, 19]. In the case of deterministic input, the platform allows to consider
the shakemaps produced by INGV (if available) or from USGS.
The platform is constantly evolving. In particular, the next planned developments agreed
with the DPC are:
• Introduction of the ISTAT 2011 database if available in a disaggregated format;
• Inclusion of local amplification effects using the results of seismic microzonation studies;
• Improvement of the loss assessment tool by adding the support functions in the cost-benefit
analysis and the calculation of the volume of the rubble;
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• Possibility to use vulnerability classes in a user-defined number (currently five classes are
available);
• Possibility of using the new seismic hazard model as a datum of seismic hazard when made
available and published.
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Abstract
Italy is one of the most earthquake prone areas in Europe and one of the countries with the
richest cultural legacy in the world. A series of seismic events occurred in the last decades
caused considerable casualties and damage to historic centres, highlighting the need of undertaking protective measures to limit the impact of any potential earthquake. The complex
morphology of historical city centres with their century-old built environment contribute to
the high vulnerability and exposure in the areas. This research introduces an interdisciplinary approach to implement the seismic emergency management for historical centres in Italy
and consequently to address their preventive planning.
A procedure combining vulnerability analysis and urban spatial techniques allows defining a
ranking of priority interventions to be included into a preventive plan in order to ensure free
escape routes and clear access for the emergency services during the post-seismic phase. The
first step of this work is the survey of the present-day configuration of historic centres, with
their historical assets, aggregates, critical infrastructures, urban functions and strategic activities. Then, a key aspect regards the vulnerability assessment of the urban fabric in order to
predict post-seismic damage scenarios. By considering the interference of the buildings’ vulnerability with the street network, it is possible to develop mitigation strategies to improve the
emergency management.
Keywords: Historical centres, configurational analysis, seismic vulnerability, emergency
management
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1

INTRODUCTION

The last decades have witnessed a growing awareness of the necessity to reduce disaster
risk in urban areas by adopting a wider perspective, not only focused on the single building
but on the urban and territorial system as a whole. In fact, urban centres are complex systems
that can’t be simplistically reduced to units; their management, especially in case of disaster
risk reduction, requires an integrated approach that takes into account natural and man-made
hazards [1]. According to this vision, the UN’s Sendai Framework for Disaster Risk Reduction [2] encourages the integration of risk management strategies into the urban agendas in
order to improve and foster the resilience of the built environment. Therefore, efforts should
aim to link the risk assessment to the management phase, especially in case of seismic risk.
When dealing with earthquakes, it is impossible to avoid the hazard or predict the occurrence
of a shock. Therefore, risk can be mitigated only by reducing vulnerability and exposure.
Italy is an earthquake-prone country that falls in one of the most seismically active areas in
Europe. It has faced several earthquakes of high magnitude that had a greater impact on the
built environment, and particularly on historic centres (e.g. 2009 L’Aquila, 2016 Amatrice).
Thanks to their distinct morphology, urban fabric and architecture, historic centres are today
both cultural resources and fragile areas. In fact, the characteristics of the built environment
and of the current way of living contribute to increase the vulnerability and exposure in the
site. On the one hand, vulnerability is affected by the great and diffuse presence of historic
buildings and by the morphological evolution of the urban structure resulting from a centuries-old process of aggregation, space saturation and adaptation to the territory. Factors that
contribute to the higher liability to collapse are related to a series of practices processed over
generations, such as unmanaged stratifications, change of use in buildings and aggregates,
lack of maintenance, mixed construction types with a misuse of modern constructive materials
on vernacular architecture. Italian historic centres are characterized by a great presence of unreinforced masonry buildings, each one having a specific structural evolution that hinders the
confident survey of the extent and quality of components and materials. From an urban perspective, further vulnerabilities are the presence of narrow, winding streets and the lack of
open spaces. On the other hand, historic settlements present an elderly resident population and
a high concentration of tourists that can be exposed to risk.
During the last decades, the safety of historic centres has been largely investigated from
different perspectives, through methodologies pertaining to different disciplines - seismic engineering, risk management, urban planning - and at different scales - national, territorial, urban, building. Despite the large number of studies conducted during the past years, only a
limited number of researches has attempted to combine seismic engineering with risk management and urban planning [3, 4, 5].
In this study, the main objective is to improve the emergency response of the urban system
in Italian historic centres. Soon after an earthquake, the most important aspects are the autonomous evacuation of people along safe routes, the prompt operability of strategic functions
and the access of emergency services. So that the emergency response is more effective if a
number of routes are safe and free from debris or fallen obstacles. These emergency routes
should be preventively identified considering accessibility and damage scenarios. In this study,
accessibility scenarios are based on the location of strategic functions and on the results of the
configurational analysis of the historical settlements. Instead, damage scenarios depend on the
urban vulnerability assessment conducted through empirical methods. The main output of the
analysis are the evaluation of both the importance of a street for the emergency management
and its liability to be blocked, due to the presence of vulnerable buildings along the route. By
overlapping these aspects, it is possible to identify actions to reduce the buildings’ damage
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along the emergency routes, improving the overall resilience of the settlement and providing a
prioritization criterion in planning preventive actions [6]. The accessibility and damage scenarios have been assessed for a case study in Tuscany, the historic centre of Lucignano.
2
2.1

THE EMERGENCY MANAGEMENT: ACCESSIBILITY AND DAMAGE
SCENARIOS
The accessibility scenarios

The current National Seismic Prevention Programme, promoted by the Italian Department
of Civil Protection (DCP), is conducting microzonation studies and interventions for seismic
retrofitting of strategic buildings, as well as funding private initiatives for local strengthening
of properties [7]. Besides, the DCP adopted the Limit Condition for Emergency (LCE) [8]
introducing a planning concept derived from Performance Based Seismic Design. The approach developed from the Augustus Method that has been the major reference for emergency
management in Italy overtime [9]. The LCE is based on the Urban Limit States and identifies
four damage scenarios in which the urban functions are gradually interrupted. Assuming that
the urban vulnerability can involve different sub-systems by affecting their functionality, the
LCE introduces performance levels at the urban scale. With reference to emergency, the
Emergency Limit State entails the loss of most of the urban functions except for the strategic
functions for the emergency management. It corresponds to a worst-case scenario in which
only the strategic functions, their internal connection and the access routes from the territorial
context are preserved. The main problem in the application of the LCE concept, which is
based on a functional approach only, is that it is not suitable as a planning tool for historic
centres where safety strongly depends on the vulnerability of buildings.
A further issue concerns the prediction of the evacuation of people during the emergency
which is commonly neglected even though the safeguarding of human life is of upmost importance in risk management. In this situation, approaches based only on the calculation of
geometrical distances can’t be representative of the way people use the space. Human behaviour indeed is strongly guided by space perception and previous experience.
This study is based on the combination of accessibility scenario and damage scenario on
the basis of specific indices. According to the LCE, the accessibility scenario considers the
strategic functions and the emergency areas located within the boundaries of the historic centres, such as operative centres, town hall, hospitals, schools, and open spaces [10]. The scenario includes also the routes for emergency services, connecting these areas and strategic
functions. Another key aspect in the accessibility scenario is the evacuation of people. This
can be described through space syntax analysis, that is a configurational approach based on a
topological description of the open spaces in the urban centre. According to the theory [11,
12], the urban grid has a primary role in urban dynamics with a strong relationship between
the topology of the network and the distribution of ‘natural movement’ [13, 14]. In recent
years, space syntax research has focused on disaster risk management [15, 16, 17] due to its
capacity to describe the ‘wayfinding behaviour’ [18] through spatial indicators. In this paper,
the analysis has been applied to address the efficient route-finding decision making in case of
earthquake. In fact, it allows selecting the sensitive paths, corresponding to the ones that could
be critical due to the presence of great flows. The term ‘sensitive’ refer to those streets that
are likely to be chosen as evacuation routes from residents or visitors to escape from the historic centres. The most suitable spatial indicator for this application is the choice index (Ich). It
is calculated by counting the number of times each street segment falls on the shortest path
between all pairs of segments within a selected distance. The ‘shortest path’ refers to the path
of least angular deviation (namely, the straightest route) through the system [19]. The combi-
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nation of the data from the LCE and the spatial analysis provides the accessibility scenario
during the emergency.
2.2

The damage scenarios

The estimation of damage during a seismic event is a challenging task because of the large
number of buildings - most of them are URM structures - and the lack of information, especially on historical buildings. According to Dolce et al. [20], the construction of damage scenarios to buildings consists of three main steps: the preliminary typological analysis and the
collection of information on the building stock (geometrical-qualitative characteristics and/or
mechanical-quantitative characteristics of the buildings); the seismic vulnerability assessment;
and the definition of the characteristics of ground shaking, including possible site effects.
Seismic vulnerability of buildings can be assessed through different methods having different
levels or accuracy [21, 22, 23]. For instance, analytical methods are based on structural analyses to assess the seismic capacity of the buildings. Empirical methods, instead, are based on
the definition of damage probability matrices or vulnerability functions from in-situ observation of the seismic damage after past major earthquakes. The latter are commonly adopted in
large scale urban assessments.
In this study, the vulnerability has been evaluated with simplified methods on the basis of a
uniform level of knowledge of the built environment. In particular, the vulnerability is derived
from the application of the Vulnerability Index Method (VIM) for masonry facades [24, 25,
26] that allows evaluating the mean damage grade (μd). The method can be applied to investigate the influence of the collapse of interfering buildings on the operation of emergency
routes.
3

VULNERABILITY ASSESSMENT IN HISTORIC CENTRES

In the past years, several analysis methods have been developed to evaluate urban vulnerability with different simplifications in compliance with the necessary adoption of a wider – or
holistic – perspective [21]. In fact, analytical tools for masonry buildings in aggregates have
shown some limits [28, 29] for several reasons: a model of the single unit would neglect the
so-called ‘aggregate effect’, namely the vulnerabilities induced by the interactions between
adjacent units; while the urban scale requires processing huge amount of data and taking into
account uncertainties related to the knowledge and the modelling of all the aggregates.
Nowadays, the assessment of urban vulnerability entails methods based on statistical data
and damage observations of past seismic events. Several methodologies, classified as ‘indirect’, combine the vulnerability index method by Benedetti and Petrini [30] with the European
Macroseismic Scale definition (EMS-98) by Grünthal et al. [31]
Among the several methodologies for a rapid vulnerability assessment, this study applies
the VIM for masonry façades [24, 25, 26] in compliance with the objective of the work. In
fact, it allows identifying the interfering buildings whose damage or collapse may affect the
functionality of the road network during the post-event emergency. The vulnerability index Ivf
for façade walls is based on 4 classes Cvi of increasing vulnerability expressed by A, B, C, and
D. The authors proposed a first index obtained as the weighted sum of the 13 parameters [24],
which was later reviewed after a calibration study [25, 26]. This paper adopts the second version of the VIM [25], in which the 13 parameters are combined through equation (1).

(1)
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where pi are the weight factors assigned for each parameter.
Starting from the vulnerability index Ivf, the mean damage grade μd is estimated through
equation (2) [25]
(2)
where I is the seismic hazard in terms of macroseismic intensity scale EMS-98, Q is a ductility factor for the structural typology and V is the vulnerability evaluated with equation (3).
(3)
4

THE COMBINATION OF SCENARIOS

The concept of vulnerability, in the field of structural reliability, is defined as the susceptibility to damage of a given construction within a particular return period. In the context of this
work, the vulnerability of a street is assumed as its susceptibility to be blocked by the collapse
of the façades of the constructions on the roadside. In the context of people evacuation, the
space syntax allows one to define a street network within the settlement. A value of vulnerability index can be assigned to each i-th segment of the street network, by assuming it as the
maximum value of the mean damage grade μd,i associated to the buildings on the roadside.
The novelty of this work lies in the definition of a procedure which allows one to combine the
index deduced from the space syntax, the vulnerability of the street segment and its strategic
function. This can be done in two steps. Firstly, the normalized “choice” indices I*Ch,I, obtained as result of the space syntax analysis, are modified in order to consider the strategic
function of the street segment, by following the condition (4)
if the segment is strategic
1
I*Ch,i = 
 ICh,i otherwise

(4)

Secondly, the mean damage grade μd,i is multiplied by the modified normalized choice index
I*Ch,i. In this way, the final streets’ vulnerability index I*s,i accounts also for the importance of
the segment during the emergency within the historic centre.
5

THE CASE STUDY

The historic centre of Lucignano is in Tuscany and its territory is classified as seismic area
graded with 3, having a maximum PGA of 0.15g. Lucignano has a configuration arranged in
elliptic shape with concentric rings of narrow streets, whose layout follows the orography of
the terrain. Several radial roads link the outer ring to the top of the hill, where the public functions are located. It presents four accesses, three of them coincide with the historic gates,
while the north-east passage has been realised with the demolition of a portion of the city
walls. The perimeter of the historic centre is clearly visible even though the city walls have
been progressively incorporated into private houses and historical buildings. Most of the historic centre is characterized by concentric aggregates composed by load-bearing unreinforced
masonry buildings, with a prevalent linear articulation of the structural units and a clear structural continuity.
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Firstly, the characteristics of the entire building stock in the historic centre have been analysed. The vulnerability evaluation starts from the classification of the uses and characteristics
of buildings, according to the Structural Plan of the Municipality, the ISTAT statistical data
(year 2011) and on-site surveys. Among the geometrical and qualitative characteristics, the
following data have been collected for each of the 248 buildings within the historic centre:
height, plan and elevation configuration of the aggregates, age of construction, structural material, state of preservation, etc. Table 2 shows the distribution of the uses in term of number
of buildings and percentage distribution. Most of the buildings are private property and about
the 87% of them are dwellings. Only a small percentage of the building stock is public (regional, municipal or church properties), and it comprises administrative offices, schools,
churches and healthcare services. The statistical data show that all the buildings, both private
and public, are unreinforced masonry buildings, and this information is corroborated by the
surveys. Besides the 87% of them was constructed before 1919. However, no information is
available on possible retrofitting interventions in reinforced concrete. The distribution of the
number of stories presented in figure 2 highlights that almost the 95% of the masonry buildings have less than 3 stories.
Table 1 Historic centre of Lucignano: present-day distribution of buildings according to their use

Total number of buildings
Building with a function
Residential buildings
Productive buildings
Public buildings

Number
248
246
215
14
17

Distribution [%]
100.00
99.19
86.69
5.65
6.85

Figure 1 Map of the heights of the buildings in Lucignano and distribution of buildings according to the
number of stories.

Several emergency services are located within the boundaries of the historic centre (figure
3). The town hall (TH) is hosted in an ancient building and it is part of an aggregate that includes the Church of San Francesco, which is listed as heritage according to National Protec-
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tion laws, and a primary and secondary school (S). Other strategic uses for the emergency
management are the police (P) and healthcare (H) functions, both located into the historic centre of Lucignano. The squares and the open spaces are identified as temporary emergency areas and meeting points to gather the population.

Figure 2 Historic centre of Lucignano. On the left, map of the strategic functions and emergency areas according
to the LCE; on the right, gradient map of the evacuation routes according to the spatial analysis.

With reference to the selection of evacuation routes, the historic centre has been studied
with the Angular Segment Analysis provided by the UCL Depthmap, which provides a total
number of 158 segments. The paths with the highest choice values (Ich,i) are indicated in red
and correspond to the ones that people tend to follow while moving into the town (figure 2).
The results show that these routes differ from the LCE emergency routes, demonstrating that
an approach only focused on the connection of emergency areas and services is not sufficient
nor representative of the behaviour of people. In fact, if the routes are selected only considering the strategic functions, some relevant paths are neglected.
According to LCE, the geometrical approach provides the streets that should remain free,
or partially free, from debris in case of collapse of the nearby buildings. The results (figure 4)
show that, following the geometrical approach, most of the streets in Lucignano would be
blocked, and only the 21% would allow emergency services to access the areas. Besides, the
percentage is reduced to 6% if we exclude the outer circular road ring (composed by a number
of 23 segments), considering the paths inside the settlements. The average width of the streets
in the centre is 5,80 m, while the 94% of the buildings has more than two stories (figure 2).
This calculation can be a rapid screening tool to visualize if buildings interfere with the road
network, however it doesn’t provide a classification criterion.
As stated by the DPC, more than 25% of the casualties during earthquakes are caused by
the collapse of non-structural elements, hence it is important to survey these elements on each
building. In particular, the mapped non-structural deficiencies that can potentially cause road
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obstruction are infilled panels, chimneys, cantilevers, cornices and other heavy elements on
facades (figure 3).

Figure 3 Historic centre of Lucignano. On the left, classification of the roads with respect to the geometrical
condition h/w; on the right, map of the specific vulnerabilities of the aggregates.

Figure 4 Vulnerability map for the historic centre of Lucignano with the histogram of the index distribution.

An important phase of the research is the evaluation of the seismic vulnerability of the
buildings’ facades, according to the methodology described in section 3. The assessment regards the entire historical building stock. The index Ivf is mapped in figure 5, which also
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summarizes its distribution in seven classes. Almost the 29% of the buildings present an Ivf
value ranging from 40 to 50, and the 75% of them presents an index lower than 45.
In this study, the reference damage scenario has been evaluated for a macroseismic intensity equal to VII. Hence, the mean damage grade μd can be obtained considered such intensity
values and assuming a ductility factor Q = 2,0. Then, the maximum values of the μd of the
buildings along the segment, are combined with the indices I*Ch,i, according to the procedure
described in section 4. In figure 6 the map of μd for the street network is reported on the left,
while the map of the vulnerability road network I*s,i is reported on the right.

Figure 6 Historic centre of Lucignano. On the left, map of the mean damage grade μd for each street segments;
on the right, the vulnerability of the road network I*s,i.

The proposed procedure allows one to take into account the importance of a street segment
in the risk management process.
6

CONCLUSIONS AND FUTURE DEVELOPMENTS

Italian historic centres present varied urban fabrics and layouts, depending on history,
orography, traditional uses, dimensions, population. In this context, critical aspects of the
emergency management can be recognised in the presence of obstructions along the streets
due to local or global collapses of parts of buildings along the roadside. In order to improve
the emergency response of the historic centre, intervention measures can be designed on the
basis of the combination of accessibility and damage scenarios.
This preliminary study introduces a procedure combining urban vulnerability analysis and
configurational analysis to define a vulnerability index for the street network, taking into account the importance of each segment for the emergency management and the interference of
the buildings’ façade on the roadside. Proper risk mitigation actions should be adopted in order to guarantee the street safety; efforts should aim to remove vulnerabilities, reinforcing
vertical elements, place restrictions on the minimum street width free of furniture and vehicles.
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This work could be used for ranking priority interventions to be included into a preventive
plan.
Future developments will focus on the application of alternative empirical methodologies
for the vulnerability assessment at urban scale, taking into account the local characteristics of
historic centres. The proposed procedure allows one to insert other levels of information regarding for instance the height of buildings or the preferential paths of rescue teams. These
effects will be evaluated in a future work.
Besides, an important step in the emergency management is the definition of the exposure
of streets in this context, depending on the inhabitant density and visitors. This parameter is
paramount to link the road network vulnerability to risk assessment in historic centres.
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Abstract
This paper describes a fragility model for the seismic risk assessment of residential masonry
buildings, by taking advantage of Italian post-earthquake damage data collected in the time
span 1980-2009. The proposed model includes empirically-derived fragility curves for three
vulnerability classes, further subdivided based on the building height (i.e. low-rise and mid/high-rise). To this aim, damage data are uniformly allocated to predefined building typologies, representative of the Italian built environment, and damage levels. Typological fragility
curves are derived for five damage states of the EMS-98, considering the peak ground acceleration from shakemap as the selected ground motion intensity measure. The predefined masonry building typologies are then attributed to the vulnerability classes. The proposed model
is then implemented in the framework of the Italian national platform for assessing seismic
risk at different scale levels (e.g. regional and national scales) and an example of application
is presented.

Keywords: Seismic Risk, Empirical Vulnerability, Post-earthquake Surveys, Masonry Buildings.
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1

INTRODUCTION

Large-scale seismic risk assessment is of vital importance for risk mitigation strategies and
emergency management. Given the need of reliable and accurate estimates for reducing potential losses due to future earthquakes, existing studies focused on seismic risk evaluations at
the urban [1-2-3] and national scales [4-5-6-7-8-9]. Seismic risk is the probability of loss at a
given site and results from the convolution of seismic hazard, exposure and vulnerability.
Among these three ingredients, seismic vulnerability, representing the proneness of a building
to be damaged by a seismic event, mainly attracts the engineering community. Indeed, the
availability of accurate seismic vulnerability estimates, together with the application of retrofit measures to the existing built environment, can effectively contribute to mitigate damage
and losses due to future events. Approaches for seismic vulnerability evaluation are typically
classified into two main categories, i.e. empirical and analytical, depending on the source of
the available data [10-11]. Thanks to their statistical nature, empirical methods may appear
more appropriate for large-scale seismic vulnerability and risk assessment [4-7-12].
This paper presents a fragility model for residential masonry buildings, to be used for
large-scale seismic vulnerability and risk studies. The proposed model is empirically derived
by statistically processing damage data collected after the Irpinia (1980) and the L’Aquila
(2009) earthquakes. An intermediate process of data interpretation is first carried out to allocate data to building typologies and damage levels. An agglomerative clustering procedure is
specifically built up to objectively define vulnerability classes, starting from the typological
classification of the masonry building stock. Lognormal fragility curves are then derived for
predefined vulnerability classes and classes of height. The proposed fragility model is implemented in the Italian national seismic risk platform [13], which is used to develop an example
of application, with reference to the Tuscany region.
2

DESCRIPTION OF THE POST-EARTHQUAKE DAMAGE DATABASE

This study proposes an empirically-derived fragility model by statistically processing postearthquake damage data collected after the Irpinia (1980) and the L’Aquila (2009) seismic
events and available in the Da.D.O. platform [14]. As discussed in [15], the choice of using
damage data from these two seismic events is related to the availability of shakemaps for the
seismic input definition, and of complete post-earthquake field inspections (i.e. inspections
carried out on all buildings of a given area). Figure 1 shows the localization of the epicenters
(red stars) of the selected seismic events and, for each of them, the subdivision of postearthquake survey forms based on construction material (pie-charts). Figure 2 identifies the
municipalities surveyed after the Irpinia and the L’Aquila earthquakes.
A critical issue of the derivation of empirical seismic fragility assessment is the use of
damage data deriving from complete surveys. All the municipalities reported in the Irpinia
damage database were completely surveyed [16]. In case of the L’Aquila event, only data referring to the municipalities with completeness higher than 90% (i.e. ratio of the number of
surveyed buildings over the total number of buildings in a given municipality) were used [15].
Following this filtering procedure, the available damage dataset, resulting from both the Irpinia and L’Aquila events, counted almost 50’000 masonry buildings. In case of the L’Aquila
earthquake, buildings located in municipalities with felt macroseismic intensity lower than or
equal to intensity level (MCS) VI were inspected on request of the owners only [17]. It is
hence very likely that buildings located in these municipalities, for which the survey was not
requested, were actually undamaged. To account for the negative evidence of damage in the
less affected municipalities, the available damage dataset was enlarged by adding masonry
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buildings sited in the Abruzzi non-surveyed and partially-surveyed (with completeness lower
than 10%) municipalities, which, therefore, were assumed to be undamaged [18].

L’Aquila (2009)

Irpinia (1980)

RC
Masonry
Other

Figure 1: Localization of the epicenters (red stars) of the selected seismic events and subdivision of postearthquake survey forms based on construction material.

(a)

(b)

Figure 2: Identification of municipalities surveyed after the Irpinia (a) and L’Aquila (b) seismic events.

3

INGREDIENTS OF FRAGILITY CURVES

The derivation of fragility functions requires the characterization of the ground motions
severity (Section 3.1), the typological classification of the exposed building stock (Section 3.2)
and the definition of discrete levels of damage (Section 3.3). Appropriate statistical model and
fitting procedure need to be then selected to approximate empirical data points, to provide a
continuous representation of seismic fragility, as a function of the selected intensity measure
(Section 3.4).
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3.1

Characterization of the ground motion severity

The peak ground acceleration (PGA) estimated from shakemap [19] was adopted for the
seismic input definition at the sites of damage observations. Although alternative ground motion intensity measures could be used, PGA was selected for consistency with the seismic
hazard model implemented in the Italian national seismic risk platform [13].
3.2

Classification of masonry buildings

The taxonomy system reported in Table 1 was adopted for the typological classification of
masonry buildings. The main building parameters considered are the layout and quality of the
masonry fabric (i.e. IRR is irregular layout or bad-quality masonry and REG is regular layout
and good-quality masonry), the in-plane flexibility of intermediate diaphragms (i.e. F is flexible and R is rigid) and presence (or absence) of connecting devices (i.e. CD is with tie-rods
and/or tie-beams; NCD is with no tie-rods and tie-beams).
Typological classification of irregular or poor-quality and regular and good-quality masonry buildings is shown in Figure 3 (a) and (b), respectively.
Label
IRR-F-NCD
IRR-F-CD
IRR-R-NCD
IRR-R-CD
REG-F-NCD
REG-F-CD
REG-R-NCD
REG-R-CD

Masonry Type
IRR
IRR
IRR
IRR
REG
REG
REG
REG

Diaphragm Type
F
F
R
R
F
F
R
R

Connecting Devices
No
Yes
No
Yes
No
Yes
No
Yes

Table 1: Adopted typological classification system.

(a)

(b)

Figure 3: Typological classification of irregular layout or poor-quality (a) and regular layout and good-quality (b)
masonry buildings.
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It can be observed that most of masonry buildings with irregular layout or made of poorquality materials have flexible diaphragms and lack connecting devices (Figure 3, a). On the
other hand, rigid intermediate horizontal structures and connecting devices characterize the
majority of masonry constructions with regular layout and good-quality materials (Figure 3,
b).
3.3

Classification of the observed seismic damage

The information on damage reported in the Irpinia and L’Aquila survey forms was converted into discrete damage levels of the EMS-98 [20], by adopting the damage rules by Dolce et al. [14] and Rota et al. [21], respectively. In addition to the absence of damage (DS0),
five damage states were considered, i.e. DS1: negligible to slight damage; DS2: moderate
damage; DS3: substantial to heavy damage; DS4: very heavy damage and DS5: collapse. A
global level of damage was then assigned to each inspected building, based on the maximum
seismic damage detected on preselected building components [22]. Classification of damage
is depicted in Figure 4 with reference to the identified building typologies (Table 1).

Figure 4: Damage distributions for the different building typologies (Table 1).

3.4

Statistical model and model fitting technique

To provide a continuous description of the expected seismic damage as a function of the
severity of the ground motion shaking, a statistical model was fitted to observational damage
data.
Similarly to other studies [23], the repartition of the number of buildings, nij, in the different damage levels DSi, for a given PGA level PGAj, was described by the multinomial distribution:
~
=0

!
!

=

(1)

where Nj is the total number of buildings corresponding to the PGA level PGAj and
P(ds=DSi|PGAj) is the probability of occurrence of damage state DSi conditioned on PGAj.
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The probability of reaching or exceeding a given damage state DSi as a function of PGA
was defined by the cumulative lognormal distribution:
≥

= Φ

ln

/

(2)

where Φ[·] is the cumulative standard normal distribution, θDSi is the median PGA corresponding to damage state DSi and β the logarithmic standard deviation. To guarantee the ordinal nature of damage levels, a constant value of dispersion was assumed for all damage states.
The unknowns of the fragility model (i.e. median PGA value corresponding to each damage level and logarithmic standard deviation) were obtained by simultaneously fitting the fragility functions to all observational damage data, thorough the maximum likelihood estimate
(MLE) approach.
4

DERIVATION OF EMPIRICAL FRAGILITY CURVES

Taking advantage of the statistical model and fitting procedure described in Section 3.4,
empirical fragility curves were derived for predefined building typologies (Figure 5).
In accordance with existing studies [4-16-17], the seismic fragility of the masonry building
stock was then modelled for vulnerability classes. In this study, three vulnerability classes of
decreasing vulnerability were defined: A (i.e. high vulnerability), B (i.e. medium vulnerability)
and C1 (i.e. low vulnerability). The three vulnerability classes were identified based on the
similarity of the observed seismic fragility of the building typologies. An agglomerative clustering algorithm [24] was implemented to iteratively merge predefined building typologies
into wider clusters, up to the identification of three classes. Definition of vulnerability classes
based on cluster analysis is reported in Table 2.
Buildings

Figure 5: Empirically-derived fragility curves for building typologies.

Figure 6 shows the spatial distribution of building typologies (a) and vulnerability classes
(b), with reference to the L’Aquila dataset. It can be observed that, according to the adopted
definition of vulnerability classes, the majority of masonry building typologies belong to the
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most vulnerable class (i.e. A). Damage data were allocated to vulnerability classes and building height, i.e. L: low-rise (1-2 stories) and MH: mid-/high-rise (>2 stories) and fragility
curves were derived based on the statistical modelling and fitting procedure outlined in Section 3.4. Resulting empirically-derived fragility curves for vulnerability classes and building
height are depicted in Figure 7.
Class A
IRR-F-NCD
IRR-F-CD
IRR-R-NCD

Class B
IRR-R-CD
REG-F-NCD

Class C1
REG-F-CD
REG-R-NCD
REG-R-CD

Table 2: Definition of vulnerability classes.

(a)

(b)

Figure 6: Spatial distribution of building typologies (a) and vulnerability classes (b) in the L’Aquila municipalities.
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Buildings

Figure 7: Empirically-derived fragility curves for vulnerability classes (i.e. A, B, C1) and building height (i.e. L
and MH).

5

LARGE-SCALE SEISMIC RISK ASSESSMENT: EXAMPLE OF APPLICATION

An example of application to the Tuscany region is illustrated, to demonstrate the suitability
of the presented fragility curves for territorial seismic risk studies. The proposed fragility
model was implemented in the Italian national platform for assessing large-scale seismic risk
[13]. The following elaborations refer to unconditional risk assessment, allowing to consider
all the losses occurring in a predefined time span, due to seismic events occurring in the same
time span with their associated probability. For this specific application, a time window of 1
year was selected and results are presented in terms of damage levels. Figure 8 shows the geographical distribution of damage across Tuscany, in terms of percentages of masonry buildings exceeding a given damage state in one year. A similar application with reference to RC
buildings is presented in [12].
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Figure 8: Maps of the expected percentages of masonry buildings exceeding different damage states (from DS1
to DS5), in one year.

6

CONCLUSIONS

In this paper, empirical fragility curves were derived for residential masonry buildings, by
statistically processing post-earthquake damage data collected after Italian seismic events in
the time span 1980-2009. Empirical damage data were homogeneously classified into levels
of damage and building typologies representative of the Italian built environment and a value
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of PGA, estimated from shakemaps, was assigned to each inspected building. Empiricallyderived typological fragility curves were first derived, by fitting the cumulative lognormal
distribution to observational damage data. Three vulnerability classes of decreasing vulnerability (i.e. A, B and C1) were defined, starting from the typological classification of the masonry building stock. Empirically-derived fragility curves were then derived for vulnerability
classes and two classes of height. The proposed fragility model was implemented in the Italian national platform for evaluating seismic risk at territorial scale and applied to the Tuscany
region, selected as an example.
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Abstract
The study of the seismic vulnerability of Reinforced Concrete (RC) buildings is a topic of large
interest for the scientific community and public institutions, who have the task of providing
mitigation strategies for the seismic risk for a wide and inhomogeneous portfolio of buildings
with very limited economic resources.
With this regard, within the research project ReLUIS 2014-2018, typological and structural
information about recurrent classes of RC buildings was collected in some municipalities of
Puglia, Italy. Based on these data, it has been possible to identify some representative “Index”
buildings, characterized by common morphological, mechanical and geometrical features and
identified by a set of relevant characteristic parameters having a defined variation within a
plausible range.
In this paper, based on the available dataset of building information in some municipalities and
on the results of seismic vulnerability analyses about residential RC building typologies, the
fragility of representative Index buildings has been investigated. In particular, by using the
data collected from a previous large-scale investigation performed in the Municipality of Bovino, preliminary regional fragility curves have been derived for of the index buildings previously defined. The significant mechanical parameters have been varied within pre-defined
ranges; for each obtained “sample” simulated design has been made deriving the computational model; at last, the assessment has been performed through the development of a pushover-based procedure. The variation of the parameters and their combination have been carried
out in order to appraise their influence in the regional seismic fragility.
Keywords: Existing RC buildings, regional scale, fragility curves, mechanical vulnerability
approach, typological data.
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1

INTRODUCTION

The vulnerability assessment of existing buildings at the regional scale is a topic of main
interest for the scientific community, especially considering the high fragility of the existing
building stock, which often is not able to cope with the hazardous actions provided by earthquake events. To this aim, the mitigation of seismic risk and the definition of prioritization
scales for optimizing the destination of funds is a major priority of administrations and public
authorities. Considering the significant amount of time and economic effort necessary for performing detailed investigations and analyses on individual buildings, the first option is represented by fast approaches. These are typically based on the compilation of survey forms
containing few observational parameters, which are combined for providing a synthetic indirect
seismic vulnerability index [1-6].
Such an approach, however, can be also useful to identify, in a municipality, the recurring
structural typologies and accordingly derive vulnerability functions representative of the local
building stock. With regard to the choice of modelling and analysis, two main approaches are
proposed in the scientific literature:
1. Definition of an “Index” or “Archetype” Multi Degree of Freedom (MDoF) - Building;
2. Definition of an “Equivalent” Single Degree of Freedom (SDoF) or other simplified
models.
The first approach is aimed at performing detailed numerical modelling and analyses of a
single building, which is assumed to represent a certain typology [7]. The use of simplified
models, like SDoF [8], provides instead several, basic models whose capacity is directly defined
through analytical and mechanical approaches, such as the pushover-based ones. In both approaches, the results in terms of fragility and vulnerability can be conditioned by several factors.
In the first, the result is strongly influenced by the features selected for the Index building, with
a dominance of intra-building variability. In the second approach, the vulnerability is the result
of the analyses on a lot of simplified models and the danger can be instead represented by the
residual inter-building features.
The proposal of this work is to combine the abovementioned methodologies and study the
analytical fragility (and thereafter the vulnerability) at a large scale by analysing a sample of
Index buildings. These ones have been automatically generated, accounting for the variation of
all the possible geometrical and mechanical parameters for which there is an uncompleted
knowledge in the structural typology investigated and that have a significant influence on the
reliability of structural response under seismic actions [9-10].
2

BRIEF STATE OF THE ART ABOUT REGIONAL SCALE VULNERABILITY
ANALYSES

When speaking of structural safety of existing buildings, the main task of governments is to
mitigate risk and estimate repair costs, and to this aim, they need models able to account for the
specific features of the local building stock and predict damages and losses caused by hazardous
events [11]. It is evident that a smart and efficient policy for the analysis of very large buildings’
portfolios at the regional scale should be based on fast methods [12].
To this scope, the Italian Civil Protection Department (DPC), within the ReLUIS project,
has developed the “CARTIS” form [13], which allows to define some urban sectors, characterized by homogenous typologies of RC and masonry buildings. From the data collected, it is
possible to define the more vulnerable structural typologies, by the computation of a simplified
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vulnerability index. The subsequent step is the mechanical analysis of the structural typologies
that, as defined in the previous section, can be investigated in two different ways. In this phase,
especially for the simplified models, the scientific literature provides several analytical methodologies able to estimate the structural capacity of the building investigated, by relating the
seismic intensity with the damage states/losses.
One of the most important analytical approach is represented by HAZUS methodology [14],
in which the aim was to estimate the losses suffered by buildings and civil infrastructures due
to seismic events. The methodology consisted in the classification of buildings within 36 predefined structural typologies and, subsequently, the computation of the fragility and losses,
through the evaluation of parameters based on the yielding and ultimate capacity. In [15], a
procedure for evaluating the structural capacity of some building classes was proposed, in
which each building was produced by performing a simulated design according to the construction year and number of storeys. By varying the geometrical and mechanical parameters, the
procedure accounted for some pre-defined collapse mechanisms, expressed in terms of baseshear coefficient versus global drift. The failure mechanism was the lowest value obtained.
Similarly, in [16], a mechanical pushover-based approach called Simplified Pushover-Based
Earthquake Loss Assessment (SP-BELA) was developed. By using this procedure, the authors
estimated the collapse mechanisms through the evaluation of the base shear capacity, obtained
by a pushover with an inverse triangular load profile. In recent works [17-18], the authors developed a procedure called simple lateral mechanism analysis (SLaMA), which consisted in the
estimation of the probable global capacity through a pushover analysis carried out “by hand”.
The main novelty, comparing to previous works, consists in the consideration of additional
failure mechanisms such as the local capacity of each structural element and the behaviour of
beam-column joints. It is worth mentioning that in the abovementioned proposals, the computational effort increases when one considers the variation of mechanical and geometrical parameters. However, the procedures are applicable to one or more numerical models,
representative of a single or of a building class, by using simplified and 2D models, in order to
subsequently define their fragility and vulnerability.
The aim of this work is to provide a pushover-based tool able to investigate the seismic
behaviour of buildings belonging to a structural typology, by varying mechanical and geometrical parameters, through an effective simulated design. In particular, it is accounted for the
variation of the mechanical strength of concrete in situ [19-21]. The novelty of the tool is the
capacity of accounting for detailed Finite Element (FE) structural models, according to the idea
of the Index building. In addition, the tool produces pushover curves of all the models generated,
which can be used for producing pushover-based fragility curves, for the limit states desired,
by using the software SPO2FRAG [22-23].
3

PROPOSAL OF A MECHANICAL APPROACH FOR ESTIMATING REGIONAL
FRAGILITY

Thanks to a specific toolkit implemented in VBasic, the proposed procedure allows to perform the fragility analysis of building typologies selected on the base of the preliminary
knowledge of the building stock, as shown in the flow chart of figure 1.
Firstly, based on observational data obtained from websites, cartographies and GIS tools, it
is possible to define the homogeneous urban sectors in the municipality investigated, recognizing the recurring building typologies. Subsequently, for each typology, input data are defined
according to the parameters provided by the “CARTIS form”, such as the construction year, the
constructive typology, the minimum and maximum total height, the minimum and maximum
dimension in-plan and so on. This operation allows to associate an “Index Building”, defined
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in terms of geometrical and mechanical parameters, to each typology. In particular, each index
building is characterized by parameters such as the height of the storeys, the length of the bays
in both main directions, the percentage of openings in masonry panels, the dimension of the
visible structural elements and so on. The complete definition of the index building is finally
provided through additional deterministic parameters evaluated after a simulated design according to the technical code of the construction year. It is worth mentioning that situations without
a physical meaning (e.g. structure unstable under gravity loads; element sections that not respect
minimum area requirements, …) are dismissed from the set. After these operations, a FE model
representative of the structural typology is constructed by varying the deterministic parameters
within the pre-defined ranges. Henceforth, for a same Index building, the toolkit generates all
the possible numerical combinations by manipulating the parameters of the FE model. The tool
has been designed with a VBasic language, because it can be directly linked with the input files
of the FE software adopted, here, SAP2000.

Figure 1: flow chart of the procedure developed

For quantifying the number of numerical models that the tool developed is able to generate
and to investigate, one has to consider that for a building, by varying n parameters (npar) in a
range subdivided into m steps (msteps), the total number of models (Nmodels) produced are computable as follow:
𝑛

𝑝𝑎𝑟
𝑁𝑚𝑜𝑑𝑒𝑙𝑠 = ∏𝑖=1
𝑚𝑠𝑡𝑒𝑝𝑠,𝑖
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Hence, by performing nonlinear FE models (details will be provided in the next section),
pushover analysis is performed for each building. In particular, the pushing direction is chosen
based on the weak direction, deducible from the first period (T1) of the structure and the load
pattern adopted is proportional to the first modal shape.
The output of the procedure is represented by the pushover curves of all the models and the
information about the achievement of the limit states to be checked. In fact, in order to define
the fragility curves of the sample produced, it is necessary to define (at least) the threshold
related to one serviceability and one ultimate limit state.
In this case, the tool has been set up for providing the displacements (δroof) of the roof at
Immediate Occupancy (IO) and Life Safety (LS) limit state. In particular, the criterion adopted
for the threshold’s definition is a local one, in which the limit state is achieved when the first
structural element reaches its limit state capacity.
The abovementioned pushover curves are used as the input for SPO2FRAG software [2223]. This latter is a user-friendly tool, able to provide fragility curves for the limit states investigated, after the definition of the limit state thresholds, which represent the Engineering Demand Parameter (EDP). The fragility curves in output are characterized by an Intensity Measure
(IM) assumed as the Spectral Acceleration at the first period (Sa(T1)) of the equivalent SDoF of
the system investigated.
Based on the parameters varied and on the number of models developed, the fragility curves
obtained from the Index building show a range of variability that can be more or less large.
Supposedly, for the sample represented by the index building, the median curve represents the
regional fragility curve. It is also worth mentioning that the result is valid for the same IM
selected.
4

SIMPLE APPLICATION OF THE
MUNICIPALIY OF BOVINO

METHODOLOGY:

THE

CASE

OF

The case study presented regards the municipality of Bovino, in the Province of Foggia,
Italy, for which the compilation of the “CARTIS form” has allowed to define the urban sectors
and collect data about the building typologies, and additional studies and detailed investigations
have been made [24].
The urban sector selected (blue area in figure 2) is the one where the prevalent structural
typology is composed by RC frame buildings with an elongated rectangular shapes in-plan (here,
the other structural typologies have been not considered). Within the structural typology selected, considering the ranges of the parameters selected in the preliminary survey, a couple of
index buildings has been defined, indicated by the red dots in figure 2.
The first building (B1) was built in the 60’ and it is a residential building. Concerning to the
geometrical features, it is constituted by 6 storeys and pitched roof, for a total height of 22.5 m
and dimension in-plan of about 20 m x 15 m. Some of the structural elements have been surveyed, with dimension of some columns about 30 cm x 60 cm and some deep beams about 40
cm x 50 cm. The second building (B2) was built in 70’ and it is a residential building. This kind
of building is characterized by 3 storeys and pitched roof, for a total height of 12 m and dimension in-plan of about 13 m x 26 m. Even in this case, some dimension of the visible structural
elements are available, such as columns of 40 cm x 50 cm and deep beams of 40 cm x 60 cm.
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Figure 2: Urban sectors in Bovino municipality and localization of Index buildings B1 - B2

Figure 3: Picture and supposed geometrical features of Index buildings B1- B2

The pictures and the geometrical data about the index buildings selected are shown in figure
3. It is worth mentioning that the data of the buildings are not complete and sufficient for an
effective numerical model. Hence, some dimensions have been fixed as the medium value obtained from the CARTIS form and loads have been supposed according to the using destination
of the buildings.
In a view of the vulnerability analysis at the regional scale and considering the potentiality
of our tool, these assumptions do not represent a limit or a mistake, because it is possible to
account for the variation of all loads, geometrical and mechanical parameters.
4.1 Numerical models and variation of mechanical parameters
In order to perform the approach developed, B1 and B2 has been simulated through the FE
software SAP2000. In particular, beams and columns have been modelled as frame elements,
with fixed restraints at the base of the columns. The horizontal slabs have been simulated as
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rigid, by using internal constraints. Staircases have been considered in the numerical models in
terms of mass. The pitched roofs have been modelled according to geometry surveyed and neglecting the nonlinear behaviour of this part.
The loads applied on the numerical models have been defined as permanent loads (G1 and
G2) and live loads (Q). The weight of the masonry panels has been considered.
Concerning to the modelling in nonlinear field, each frame element has been modelled by
assuming a lumped plasticity approach and introducing plastic hinges at the end sections of
structural elements, with the remaining part of elements elastic. The plastic hinges have been
automatically defined, according to constitutive law proposed by FEMA-356 [25]. The inelastic
mechanisms of plastic hinges have been assumed ductile, by excluding the shear and brittle
mechanisms in this phase. Differently from the beams modelling, the plastic hinges in the columns have been considered by combining the axial and bending stresses, where the axial loads
are computed from the seismic combination of vertical loads. In addition, the columns’ hinges
take into account the bidirectional behaviour of the sections.
Considering the construction year of the B1 and B2 and the technical law of that time [26],
the mechanical parameters considered for the variation are the concrete class, the steel rebar
class and the percentage of steel reinforcement in the columns (% As). In particular, each class
of concrete and reinforcement steel can be associated, respectively, to a cubic concrete strength
(R’ck) and to a yielding steel strength (fyk). According to the [26], from the R’ck and fyk values,
it is possible to compute the values of admissible tensions (respectively σc,adm and σs,adm), useful
for performing the simulated design. In table 1 are shown all parameters considered and them
values.
Concrete class

Steel Reinforcement class

Reinforcement in the columns

R’ck (MPa)

σc,adm (MPa)

Tag class

fyk (MPa)

σs,adm (MPa)

% As

20

7,25

FeB22k

220

120

1

25

8,50

FeB32k

320

160

2

30

9,75

FeB38k

380

220

3

35

11,00

FeB44k

440

260

Table 1: Mechanical parameters varied

According to the eq. 1, 48 FE models have been developed for each Index building. By using
the tool developed, the simulated design has been performed, in order to define the unknown
elements useful for the modelling but considering some boundary conditions for avoiding not
practical situations. In particular, the columns have been designed accounting for the only axial
stress, while the beams have been designed by considering the only bending moment and a
double reinforcement. Some dimensions have been preliminarily fixed, by considering the construction criteria of the building time. In particular, the base of deep beams has been setted
according to the thickness of masonry panels and the height of flat beams has been setted according to the height of the slab.
Once that all parameters have been defined by simulated design, the numerical models have
been made, such as shown in figure 4. All models have some difference, which will highlighted
in the pushover results shown in the next section.
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Figure 4: Numerical models of B1 and B2, made in SAP2000

4.2 Seismic fragility through pushover-based approach
As first evaluation, the results of eigenvalue analysis have been restored, in order to define
the T1 range of the Index buildings, where T1 is the period in the weak direction (it is also the
pushing direction). In particular, for B1, the range of T1 is about 0.83s – 0.95s, while for B2,
the range of T2 is about 0.31s – 0.36s.
Subsequently, for each numerical model, a pushover analysis has been carried out and the
results are displayed in figure 5, in two base shear (Vb) - δroof graphs. In each graph, the values
of the parameters for the external curves (red and blue curves), in terms of Vb, have been reported. It is worth nothing that, the procedure developed makes sense considering that the
higher curve (blue curve) is not the one with greater values of the mechanical parameters (green
curve). This is mainly due to the simulated design routine, which provides approximations
about the dimensions of structural elements and the related alterations of the structural behaviour, within the analysis.

Figure 5: Pushover curves of B1 and B2

From each analysis, the achievement of the limit states investigated (IO and LS) has been
defined, in terms of δroof. At element level, the IO is achieved when the rotation of the end
section is equal to the yielding one (θy), while the LS is achieved when the rotation of the end
section is equal to the ¾ of the ultimate one (¾ θu). Operationally, when the first structural
element achieves the rotation correspondent to the ones abovementioned, the limit state is
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achieved. The criterion followed, which is a local one, allow of defining the limit state by identifying the step of analysis in which the wanted condition occurs. This latter procedure is the
easier one from the computational efforts point of view, despite we are going to perform assessment, which have not to be conservative.
The pushover curves and the limit state thresholds, obtained from the tool application, are
the input of SPO2FRAG. From each pushover curve, by assuming the same masses and the
same heights of storeys, it is possible to find the pushover-based fragility curves for IO and LS
limit states, using as EDP the Roof Drift Ratio (θroof) and as IM the Sa(T1) of the equivalent
SDoF structure. Although the masses change of low quantities due to the simulated design that
provides different dimensions of structural elements, these variations can be reasonably neglected. In addition, considering that the T1 value of each structures is different, in order to plot
all fragility curves in a singler graph, it is necessary to scale all the curves at a unique value of
IM. To this scope, once that the fragility curves have been computed by using SPO2FRAG
software with the period of the equivalent SDoF, the abscissa of each graph has been scaled
through a simplified approach [27]. This latter provides of scaling each fragility curves by using
a scale factor computed as the ratio between the medium value of the Sa(T1), for the T1 of the
numerical model and the medium value of the Sa(T1,med), for the medium first period (T1,med)
established for the sample of buildings. Each evaluation of Sa(T) have been made by assuming
as input the accelerograms at the base of SPO2IDA tool [28], as well as for SPO2FRAG.

Figure 6: Fragility curves of B1 and B2, for IO and LS limit states

The results provided by the software is displayed in figure 6. In particular, it shown the range
of fragility curves, for each limit state and for a value of Sa(T1,med) evaluated with a T1,med equal
to 0.90s for B1 and a T1,med equal to 0.33s for B2. The colour of the curves is the one of the
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pushover curves shown in figure 5. From the ranges obtained, the regional fragility curves of
the samples investigated have been characterized by the mean of the median (μreg) and dispersion (βreg) of all curves. The regional fragility curves have been depicted in black in figure 6
and the values of μreg and βreg are reported in table 2.
IO limit state
Index building

LS limit state

μreg

βreg

μreg

βreg

B1

0.2206

0.2389

0.3187

0.2937

B2

0.8492

0.2291

1.0740

0.3101

Table 2: Median and dispersion of regional fragility curves of B1 and B2

5

CONCLUSIONS AND FUTURE DEVELOPMENTS

In this work, a new procedure for the study of the fragility of the existing building stock at
regional scale has been presented.
After the surveys on the territory to investigate, some observational data have been collected
by using the CARTIS form. From this latter, it is possible to identify firstly urban sectors, after
structural typologies and finally index buildings, useful for the study of the vulnerability of
recurrent typologies of buildings.
Each Index building has been characterized by some inferable geometrical and mechanical
parameters, which are the base of the procedure. The tool developed is able of varying these
parameters through a simulated design procedure, developed based on the technical laws of the
construction years of the buildings investigated.
In the case shown, after the presentation of the surveys carried out in the municipality of
Bovino, Province of Foggia, Southern Italy, two Index buildings have been characterized. The
tool developed has been used for varying only three mechanical parameters, which are the concrete class, the steel reinforcement class and percentage of reinforcement in the concrete columns. From the combination of the possible values of these parameters and the simulated design,
for each Index buildings, 48 numerical models have been generated.
Each building has been investigated through a pushover-based approach and the results have
been the input of SPO2FRAG software, which is able to provide fragility curves of the numerical models, for each limit state to investigate, by using simplified procedures.
The results have allowed of defining the regional fragility curves for those Index buildings,
which cannot be a complete information, because only few parameters have been changed.
The future developments of this work are oriented on the development of a Matlab tool, able
to write and to analyse FE models in open source codes. This upgrade can make improvements,
from the time and computational efforts point of view, besides to ease the increase of the parameters to vary. Moreover, by following the procedures developed in previous research works
for taking into accounts the effect of infill panels in the seismic response of RC frame buildings
[29-31] and considering the regional variation of masonry infill parameters [32-33], the tool
will be extended for incorporating the variation of the fragility due to the infill presence.
It is worth noting the potentiality of the tool presented for manifold reasons. Firstly, the tool
can be used for analysing the fragility and vulnerability of structural typologies diffused on
more large geographic areas, by considering the variation of the geometrical and mechanical
parameters in larger ranges. Furthermore, the tool can be adapted, in order to model also other
kinds of structural typologies, such as masonry buildings. Finally, the tool can be improved for
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taking into account more details in the numerical model behaviour, such as the influence of
non-structural elements and the brittle mechanisms (shear and beam-column joints).
6
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Abstract
Recent earthquakes in Italy have highlighted the importance of the risk assessment and management for productive activities, due to business interruption (BI) costs.
In order to estimate this risk properly, both direct (repair/replacement) and indirect (BI) losses should be quantified.
A recent study, calibrated on a real case study – a biomedical packaging company damaged
by the 2012 earthquake in Emilia Romagna, Italy, which suffered direct damages and indirect
losses and resumed business soon after (Donà et al. 2019, [1]) – has shown the significant
impact of possible business recovery strategies in reducing the BI losses and thus the company’s exposure for the various damage states (defined as in HAZUS-MH MR4, 2003).
In this paper, a parametric seismic risk assessment is presented for businesses with an exposure model equal to that obtained by [1] for the real case study, analyzing and comparing
various types of structural vulnerability (from HAZUS 2003), seismic hazard and business
recovery strategies. The risk estimates were then used to assess the economic justification of
the seismic retrofitting of existing RC factories (not seismically damaged), through the discounted payback period of the investment, with respect to the vulnerabilities, hazards and recovery strategies examined. In low-to-medium seismic areas, retrofitting may or may not be
cost-effectiveness depending on whether recovery strategies are considered or not. Finally,
these estimates on the retrofit effectiveness, which take into account the effects of recovery
strategies, are used to address a possible breakdown of the retrofit costs between the company that rents the factory and the building owner, which can be used as reference when the intervention is globally cost-effective and desired by both parties.
Keywords: Seismic Risk of Productive Activities, Resilience, Business Recovery Strategies,
Profitability of Seismic Retrofitting.
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1

INTRODUCTION

Seismic risk assessment of productive activities is becoming an increasingly necessary research topic and a widespread interest in it has recently grown also in Italy, especially as a
result of the 2012 earthquakes in Emilia Romagna.
One of the main reasons is the extremely high exposure of companies, i.e., the serious economic consequences of damage. Indeed, damages due to violent seismic events generally arrest production for a certain period, and this may result in significant reductions in revenues in
the years following the event; generally, these losses are comparable in scale with repair or
reconstruction costs ([2], [3], [4], [5]). Another crucial reason is the negative impact that a
prolonged downtime of several productive activities located in the same region could have on
the economy and community of that area in the short-to-medium term ([4], [6]).
Appropriate risk assessment methodologies, accounting for both direct and indirect losses,
are therefore essential in order to manage this risk. In this regard, over the years, the Pacific
Earthquake Engineering Research Center (PEER) developed a probabilistic performancebased earthquake engineering framework [7], to assess the occurrence probability of some
loss parameters, based on the total probability theorem (i.e., it combines all the uncertainties
in the definitions of seismic hazard, vulnerability, and exposure).
The term direct loss is used here to refer to repair or replacement costs due to structural,
non-structural and content damage; other types of costs, such as downtime, are defined here
as indirect (also according to other authors, e.g. [8]).
These losses are strictly related to the concept of resilience [9], which generally refers to
the following action categories.
- Actions implemented before the adverse event, in order to reduce the frequency and magnitude of disasters and to strengthen the property for damage prevention or limitation [9]; based
on these actions, resilience may be defined as the ‘ability to prepare and plan for, absorb, recover from, or more successfully adapt to actual or potential adverse events’ [10].
- Actions taken after the disaster has struck, with the aim to minimize the business interruption (BI) costs, i.e. the losses in the flow of goods and services provided by companies ([11],
[12]).
Both types of actions are generally applied for productive activities in order to reduce the
risk before any adverse event and to minimize losses after it; therefore, an appropriate risk
assessment should consider the possible economic resilience actions (generally analyzed by
economists and social scientists) in addition to the structural aspects, requiring a certain level
of interdisciplinary knowledge. Among these actions, the business recovery strategies (BRSs)
implemented by corporate managers after an earthquake-induced downtime are fundamental.
To date, only a few authors have performed probabilistic risk analyses assessing the indirect losses on businesses, despite financial stability of small-to-medium enterprises (SMEs)
can be seriously threatened by downtime ([4], [13]). Moreover, although several authors have
discussed the great potential of the BRSs (e.g. [14], [15]), no study was conducted on their
effects in terms of risk reduction.
Therefore, this paper presents a novel study which aims to evaluate the effects of the BRSs
on the seismic risk of businesses and therefore on the cost-effectiveness of the seismic retrofit,
combining the main structural and economic aspects of SMEs. This study refers to a biomedical packaging company damaged by the 2012 earthquake in Emilia Romagna (Italy), recently
examined by [1]. These authors proposed a general methodology to assess the effects of BRSs
on the seismic risk of SMEs and provided an exposure model for the specific company analyzed, taking into account both direct and indirect costs. Based on this loss model, a parametric seismic risk assessment was carried out and presented in this paper, analyzing and
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comparing various structural vulnerabilities, seismic hazards and business recovery strategies.
The risk estimates so obtained were then elaborated in order to assess the cost-effectiveness of
the seismic retrofit of existing RC factories in various situations. Finally, for the case of companies that produce in a rented factory, a possible method for the breakdown of the retrofit
costs between the company and the building owner is proposed, which is based on the specific
benefit of both parties resulting from the retrofit intervention.
2
2.1

CASE STUDY, PRODUCTION PROCESS AND EXPOSURE MODEL
Case study and production process

The Emilia Romagna region is one of the most highly industrialized regions in Europe. Its
industrial buildings are about 80,000, i.e., about 12% of all Italian stock; approximately 85%
of these structures are built of reinforced concrete, and prefabricated ones represent two-thirds
[6]. They are mostly single-storey buildings with isostatic schemes, constructed before 2003,
when the territory of Emilia Romagna was first classified as a seismic zone (OPCM 3274
[16]); they were mainly designed for vertical loads, with roofs and floors without in-plane
stiffness, secondary beams simply laid over the main ones, and the latter connected to the tops
of pillars with hinges, thus being extremely vulnerable to seismic actions.
Because of this high vulnerability and the fact that the 2012 Emilia earthquake was characterized by several high-intensity shocks a few days apart, this seismic event resulted to be one
of the most expensive Italian quakes and the worst natural disaster – with the greatest economic damage – in 2012 in Europe (estimated at about 12.6 billion euros by Swiss Re [17]).
Among the sources revealing the extent of this disaster are the AeDES forms, reporting
building damage and safety level: the cumulative results (Figure 1) show that many buildings
could not be used at all, either permanently, temporarily, or partially, after the event.
During a survey of companies damaged by the earthquake, a good representative case
study was found in Mirandola: it is one of the leading Italian firms in the sector of packaging
for pharmaceutical/medical products. This company was affected by the 2012 earthquake, suffered direct damages and indirect losses (due to business interruption BI), and resumed business soon after effectively applying the recovery tactics, such as outsourcing and
delocalization (see later). Its production mainly consists of processing medical paper, Tyvek
and plastic film, with the production process qualitatively represented in Figure 2. The final
products of the company are mainly of two types: ‘Finished Products’, i.e., those requiring all
stages of processing, and ‘Printed Products’, those not including plastic film (for further details see [1]).
Safety degrees

Building uses

A = Safe / Usable
B = Temporarily Unsafe,
usable with immediate intervention measures
C = Partially Unsafe
D = Temporarily Unsafe,
to be reviewed in depth
E = Unsafe / Unusable
F = Unsafe for External Risk

3 = Warehouse (tot=12329)
4 = Commerce (tot=2874)
5 = Office (tot=1228)
6 = Manufacturing (tot=2215)
7 = Receptive (tot=190)

Figure 1. Main results from AeDES forms, showing disastrous effects of 2012 Emilia earthquakes on buildings
destined for various uses, including productive activities (data from [18]).
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Figure 2. Outline of the production process of the company assumed as a case study (from [1]).

In order to define a company exposure model, the definition and calibration of an appropriate production model is necessary (i.e., raw material supply, production lines and functions,
raw materials and finished product storage, etc.); such a model is essential for the subsequent
simulations of production loss due to the earthquake-induced downtime.
The model used is this study is based on machine processing time and queue capacity: the
latter affects the former when maximum capacity is reached. Although beyond the aims of
this study, such modeling allows us to monitor the quantity of raw materials and processed
products in queues and thus, for example, potential sufferings from lack of supply of raw materials (in the case of supply-chain simulation). The calibration of the production model,
which includes the BRSs applied by the company, is reported in [1].
Two parameters to be defined in this step analysis are: product processing value (revenue
per unit of raw material) and compound annual growth rate (CAGR). Based on the information reported in the financial statements (prior to the earthquake) and provided by the manager, these parameters (estimated as explained in [1]) were: 7.0 €/kg for Finished Products
and 5.9 €/kg for Printed Products; CAGR was 5.3%.
Most of the analyses of this work were run with the code RiskApp (developed in Python),
which supports simulation of production processes by using DES (discrete-event simulation)
modeling. It also implements the main information reported by HAZUS-MH MR4 [19], e.g.,
vulnerability of buildings, machinery and contents, and BI time (depending on recovery strategy and type of activity). In addition, by accessing public sources of the company’s financial
statements, it allows us to estimate the company exposure and therefore its expected losses for
various damage scenarios. Lastly, by implementing the hazard model of various events, it can
also provide assessments for several kinds of risk.
2.2

Exposure model of the company

Because of the difficulty in collecting detailed economic information regarding indirect
losses, a simple (but robust) deterministic loss model was assumed, which depends only on
the damage state (DS) reached and the recovery strategy (BRS) adopted.
As regards the definition of the damage states, for this study we referred to HAZUS-MH
MR4 [19]; these, which are associated with a specific damage ratio or repair cost ratio RCR
(i.e., the ratio between the repair cost and the total replacement cost), are: “None” (RCR=0%),
“Slight” (2%), “Moderate” (10%), “Extensive” (50%) and “Complete” (100%).
Regarding the recovery strategies evaluated, these combine the tactics of “reconstruction”
(i.e., company stops production, awaiting reconstruction), “relocation” (i.e., company temporarily continues production in alternative structures, to reduce BI time, awaiting reconstruction) and “outsourcing” (i.e., company asks external companies to produce in its place, to
minimize BI time, awaiting relocation and reconstruction). For the tactics of reconstruction
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and relocation, HAZUS [19] provides information about BI times, which depend on the
reached damage state; whereas, for the tactic of outsourcing (missing in HAZUS), we referred
to the real experience of the company of the case study. All this information is summarized in
Figure 3, which shows all the possible scenarios "damage-BI time" evaluated in this study. In
particular, when production is resumed in relocation or outsourcing, this can be lower than
expected one in ordinary circumstances, due to non-optimal configurations of work or to reduced availabilities of time and resources of external companies; therefore, various production ratios (with respect to the ordinary production) were assessed, resulting in the six BRSs
listed in Table 1. For further details see [1].
The main steps to derive the exposure model, performed for all combinations between
BRSs and DSs, were:
(i)- simulation of the production process for two years (to include the BI time of the DS Complete), starting from January 1 2012 and placing the seismic event on May 20 2012 (as in the
case study), and calculation of the production loss;
(ii)- calculation of all losses, direct and indirect, including costs to implement the strategy.
As an example, Figure 4 shows the production trends associated with some BRSs for the
DS Complete: the variation in production volumes between the strategies can be considerable.
As regards the second phase of analysis, all the cost items taken into account are briefly
described in Table 2, relating to direct losses, and in Table 3, for indirect losses.
Regarding the direct losses of building and machinery, these depend on the repair cost ratio (RCR), associated with each DS, and on the related total replacement cost; the latter was
estimated, for building, from the unit costs (€/m2) of demolition and reconstruction reported
in “Ordinance no. 57/2012” of Emilia Region (Italy) [20], whereas, for machinery, from the
expertise documents of the case study.

a)

c)

b)

Figure 3. General business recovery strategies (BRSs) examined: a) ‘Reconstr.’; b) ‘Reloc.’; c) ‘Outs.’

Name of Recovery Strategy

Outsourcing

Relocation

Reconstr.
Reloc.75%
Reloc.100%
Outs.25%
Outs.50%
Outs.75%

0%
0%
0%
25%
50%
75%

0%
75%
100%
100%
100%
100%

Table 1: Production ratios with respect to the ordinary production for each recovery strategy (BRS) analyzed.
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Figure 4. Examples of simulated production trends, without earthquake and for three recovery strategies, in the
case of damage state Complete: a) Finished Products; b) Printed Products.

Direct losses

Trend proportional to:

Data source

- Building losses
(reconstruction/demolition costs)
- Plant and machinery losses

Damage ratio

Ordinance no. 57/2012, Emilia Region (IT), Annex 2, ‘Sfinge’ [20].
Appraisal report of case study

Damage ratio
Table 2. Direct losses examined.

Indirect losses

Trend proportional to:

Data source

- Loss of profit (LOP)

Loss of turnover
times gross profit ratio
Damage ratio and days of use

Production process simulations with
model calibrated on case study
Appraisal report of case study

Damage ratio
Production in outsourcing
Number of days for reconstruction

Appraisal report of case study
Appraisal report of case study
Revenue Agency database (IT) – OMI
(real-estate market observatory) [21]
General management of case study

- Rent and installation of
temporary structures
- Transfer of equipment
- Production cost in outsourcing
- Saving of factory rent
(in case of rented factory)
- Loss of market share

Production downtime
Table 3. Indirect losses examined.

Regarding the indirect losses, these strongly depend on the possible BRSs in addition to
the DSs. Indeed, the loss of profit (LOP) – the main indirect cost – depends on the loss of
turnover (LT), which is the loss of production volume time the processing value (see Section
2.1). In particular, LOP can be estimated in a simplified way by multiplying the loss of turnover by the gross profit ratio (GPR), as is generally done for LOP insurance policies (in Italy):

LOP = LT × GPR = LT × (GP / T )

(1)

GP = T - VC = T - ( Rm + 0.7 × Se + 0.11× Pe + 0.12 × Daw + DMat + Pr + Op )

(2)

where GP is gross profit, T is turnover and VC represents variable costs, which are: Rm, raw
materials; Se, services; Pe, personnel; Daw, depreciation, amortization and write-offs; ΔMat,
changes in raw materials, semi-finished and finished products; Pr, provision for risks; Op,
other operating expenses. These items can be found in the company’s financial statement.
Other important indirect losses are the implementation costs of the BRSs, mainly due to:
rental and installation of temporary structures, transfer of machinery and outsourced production. Loss of market share can also be a significant indirect loss for companies, as in this case.
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Figure 5. Company exposure model for the case of owned factory (see also [1]).

These costs were calibrated on the information collected from the expertise documents of
the company of the case study, as it applied all the recovery tactics analyzed in this study. For
further details, please refer to [1].
Finally, the global results from this parametric loss analysis, i.e. the exposure model of the
company, are shown in Figure 5. This loss model is related to the case of an owned factory,
i.e., it includes the direct costs associated with the building; similarly, but excluding these
costs, the loss model was obtained also for the case of a rented factory (which will be used
later for final cost-effectiveness evaluations on the seismic retrofit).
Figure 5 shows the company’s total losses associated with all recovery strategies without
machinery costs, and the machinery costs separately: this is due to the fact that, in general,
building and machinery have different fragility curves associated with the same DS (see next
section) and therefore the sum of their losses, for the same DS, is not conceptually correct.
This figure shows that the effectiveness of BRSs increases when damage ratio (or DS) increases. Reconstr. is the strategy which differs most from the others, and Outs.75% the one
that performs best. Looking at the total losses at DS Complete, including machinery costs,
Outs.75% reduces the seismic losses by about 40% compared with Reconstr. and 15% compared with Reloc.100% in the case of an owned factory (these values become about 50% and
20%, respectively, in the case of a rented factory).
3

PARAMETRIC SEISMIC RISK ASSESSMENT

The previous loss model (for both cases of owned and rented factory) was used here to
parametrically quantify the seismic risk of companies with the same exposure, but various
vulnerability degrees and seismic hazards.
As regards vulnerability degrees, the HAZUS fragility curves of building and machinery
(Figure 6) of category PC1 (i.e., ‘precast concrete tilt-up walls’) were used. These are provided for four types of seismic code (High-, Moderate-, Low- and Pre-Code) and defined for all
the DSs mentioned above; in this study, building and machinery were associated with the
same type of code.
The HAZUS manual [19] provides average information for aggregate and large-scale analyses and, therefore, it is suitable for the aim of this study; however, if the aim was the specific
seismic risk of a specific company, the evaluation of the specific vulnerability of that company would be necessary.
The national contextualization of the seismic codes defined in HAZUS is necessary to apply this vulnerability information properly: the first code requiring a seismic design in Emilia
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was OPCM 3274 of 2003 [16], and therefore, buildings constructed in this area before 2003
may appropriately be associated with a Pre-Code. The factory of the case study, constructed
in the 1970s, suffered a DS Extensive due to the main shock with PGA of 0.26g (on May 20
2012) and a DS Complete due to the aftershock with PGA of 0.29g (on May 29): this is well
represented by the damage probabilities from HAZUS when a Pre-Code is used.
A simplified interaction between structure and machinery vulnerability was supposed, assuming a total loss of machinery in the case of a building-DS Complete. Specifically, a new
fragility curve was obtained for the DS Complete of machinery, combining the probabilities
of building-DS Complete and machinery-DS Complete assumed as independent events. This
was the experience of the case study, and it is reasonable when the factory substantially shows
an isostatic structural scheme with the possibility that the covering elements collapse on the
machinery and when there is the presence of “clean rooms”, which are very sensitive to structural damage and expensive to repair (for further information see also [1]).
For purposes of comparison, in addition to the low-moderate seismicity of Mirandola (case
study), the seismicity of Cosenza (one of the highest in Italy) was also examined; for both
sites, hazard was defined according to the Italian code DM-2018 [22] and to the SHARE Project ([23]; data from OpenQuake [24]), assuming a soil type C and a topographic category T1;
Figure 7 shows these hazards associated with the nominal reference period of the building VR,
i.e. 50 years (according to DM-2018).
Expected losses were calculated (according to the PEER approach) for building and machinery separately (as they are associated with different fragility curves), and these two components were then added together; indirect losses were considered within the building risk. In
particular, expected losses were evaluated for the whole range of interest of PGA, obtaining
the “vulnerability-exposure” profiles of the company show in Figure 8 for all strategies and
design codes examined. These profiles provide general information about the risk of a company, as they do not depend on the site hazard but only on the company’s vulnerability and
exposure; the results directly show the effectiveness of strategies in reducing the expected loss
for each value of PGA, which is greater (like losses) for lower codes.
By introducing the hazard in the previous profiles, i.e., replacing the PGA values with the
respective values of occurrence probability in a certain reference period, it is possible to obtain the “loss-exceedance” curves of Figure 9. The area subtended by these curves is the total
expected loss EL, or company risk, related to a certain reference period T. As an example,
Figure 9 shows these curves for the hazard of Cosenza (according to the SHARE Project,
[24]), as the risk and therefore the effect of the strategies is greater, and for some reference
periods T.
In particular, in Figure 9, the curves defined as “As-built” (i.e., without retrofit) refer to the
vulnerability of the declared seismic code, whereas those defined as “Retrofitted” refer to the
vulnerability after the retrofit intervention; such a retrofit is intended to increase the structural
safety up to the level required by the current code (DM-2018 [22]), associated in this study
with a Medium-Code for Mirandola (low-to-moderate seismicity) and with a High-Code for
Cosenza (high seismicity), because of the differing structural vulnerabilities required by the
code according to site seismicity. The difference between the subtended areas (EL) between
“As-built” and “Retrofitted” curves corresponds to the risk reduction, or benefit, due to the
retrofit.
Often, the risk is calculated with reference to VR, i.e. the nominal reference period of the
building, in terms of average expected annual loss (EAL); EAL is defined as EL, with the difference that the exceedance probability is defined on an annual basis, and therefore depends
on VR [25]. Instead, in this study, risk assessments were parameterized by examining incremental reference periods T, from 1 to VR, and then calculating the total loss EL for each of
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them (see Section 4). The main reason is that the hypothesis of using the building for its entire
reference life VR (in the case of EAL) could be too restrictive for the company, from a "capital budgeting" perspective, in order to estimate the cost-effectiveness of the retrofit and thus
the payback period (i.e., the period necessary to recover the investment); therefore, in order to
estimate the annual benefit (By) due to the intervention, the procedure described in Section 4
– which is based on the total EL – was adopted instead of using the EAL parameter.
Other detailed information on the influence of the various vulnerabilities, recovery strategies and hazards analyzed on the seismic risk estimates at 50 years (VR) can be found in [1].

a)

b)

Figure 6. Examples of HAZUS fragility curves [19] assumed for this study: a) structure; b) machinery.

Figure 7. Seismic hazards examined (nominal reference period VR of 50 years).

Figure 8. Company’s vulnerability-exposure profiles, for all strategies and design codes; case: owned factory.
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Figure 9. Loss-exceedance curves of the cases “As-built” and “Retrofitted”, for some recovery strategies, associated with the planning horizons T of 10, 20, 30 and 50 years (hazard according to SHARE [24]).

4

COST-EFFECTIVENESS ANALYSIS FOR THE SEISMIC RETROFIT

The principal steps of this analysis are briefly summarized below.
- Calculation of the total benefit due to retrofitting as the reduction of the total expected
loss (EL) between the cases “As-built” and “Retrofitted”, for the hazard associated with various reference periods or planning horizons T, i.e. from 1 year up to VR, with 1-year steps.
- Calculation of the annual benefit, By, as the difference between the values of total benefit
associated with subsequent values of planning horizons T.
- Calculation of the expected net present value (NPV) of the retrofit investment for all the
T values examined. NPV is a measure of the intervention cost-effectiveness, and for this study
it can be calculated as shown in Equation (3), i.e., as the difference between the sum of the
present values of the annual benefits By(i) (i.e., annual risk reductions in years i) and the initial intervention cost I0, over a reference period T; rr is the real discount rate.
T

NPV = å
i =1

1
By (i ) - I 0
(1 + rr )i

(3)

Therefore, the key information for this analysis is the discount rate and the retrofitting cost.
As for the discount rate, for this type of studies, it can reasonably be assumed equal to the
yield offered by the risk-free financial assets at medium-to-long term; a reasonable estimate of
rr in the Italian context is 2% (www.dt.tesoro.it).
As regards the cost of the retrofit interventions, we referred to the information from the expert engineers who worked on these operations in the aftermath of the Emilia earthquake. In
particular, costs are associated with two intervention phases; phase 1: restoration of connec-
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tions for infills, pillars and secondary/main beams (to eliminate possible loss of support);
phase 2: strengthening of vertical structures and foundations (to increase the safety level). In
the case of industrial buildings not designed for seismic actions in Mirandola (before 2003),
corresponding to a Pre-Code from HAZUS [19], the average retrofit cost per square meter
was estimated as 145 €/m2, which includes both intervention phases (see [1]). In a simplified
manner and through expert judgment, these costs were then extrapolated to evaluate situations
of different initial vulnerability and different hazard, as shown in Table 4; in particular, as already stated, the hazard of Cosenza requires reaching a lower level of vulnerability than that
for Mirandola, resulting in higher retrofit costs.
The principal results are reported in Figure 10, where the values of NPV were conveniently
normalized to the intervention cost I0 and shown as a function of the planning horizons; the
payback period T0 is identified on the abscissa axis when NPV is zero.
These results show the significant influence of the recovery strategies (BRSs) on the effectiveness of the seismic retrofit; in particular, in the case of a Pre-Code, when the BRSs are
taken into account, T0 increases from about 20 to 40 years in Mirandola, making the retrofit
no longer worthwhile (considering a typical planning horizon of 20 to 30 years), whereas T0
increases from about 5 to 10 years in Cosenza, greatly reducing the retrofit effectiveness. In
addition, for Cosenza, the seismic retrofit remains cost-effectiveness also applying the BRSs
for the case of a Pre-Code, and for a Medium-code it is more worthwhile than that in Mirandola for a Pre-code.
The same type of analysis was finally replicated for the case of companies that produce in
a rented factory. The aim was to quantify the specific benefits, due to the retrofit interventions,
for both the company and the building owner. The results, shown in Figure 11 (a, b, c) similarly to those of Figure 10, are now expressed in terms of “gross” present value (PV) instead
of net present value (NPV), because the share of contribution to the retrofit cost between
company and building owner is not known in advance. From these results, the ratio between
the specific benefits of both parties, i.e. the PV ratio, can be calculated; this is shown in Figure 11 d) for the various codes and recovery strategies examined.
Pre-Code
Mirandola
Cosenza

2

145 €/m
+25%

Low-Code

Medium-Code

-25%
145 €/m2

retrofit level
-25%

High-Code
retrofit level

Table 4. Seismic retrofitting costs assumed for this study (for further information see [1]).

Figure 10. Ratio between net present value (NPV) and intervention cost (I0), versus planning horizon (T), for
some cases of seismic hazard (according to SHARE [24]) and vulnerability; discount rate rr = 2%.
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a)

b)

c)

d)

Figure 11. a-b-c) Ratio between gross present value (PV) and intervention cost (I0), versus T, associated with the
factory owner and the company which rents, and in the latter case for different recovery strategies; d) PV ratio
between company and factory owner, versus T. Case of Cosenza (hazard according to SHARE [24]), rr = 2%.

For interventions which are globally cost-effectiveness, this ratio could represent an objective parameter on which the breakdown of the retrofit costs can be based. Lastly, at least for
this study, the PV ratio is only slightly influenced by the building vulnerability and the planning horizon (i.e., the seismic hazard), because the exposure is substantially the only factor
that was changed in the risk assessment between company and factory owner (apart from the
machinery vulnerability which is examined only for the company); for the same reason, instead, this ratio is greatly influenced by the recovery strategies.
5

CONCLUSIONS
•

•

•
•

This paper presented a novel study aimed to evaluate the effects of the business recovery strategies (BRSs) on the seismic risk of businesses and, therefore, on the costeffectiveness of the seismic retrofit, combining the main structural and economic aspects of small-to-medium enterprises (SMEs).
This study referred to a biomedical packaging company damaged by the 2012 earthquake in Emilia Romagna (Italy), which suffered direct damages and indirect losses
due to business interruption (BI), and resumed business soon after.
Based on the exposure model specifically calibrated on this company (derived by [1]),
a parametric seismic risk assessment was carried out analyzing and comparing various
structural vulnerabilities, seismic hazards and business recovery strategies.
The risk estimates so obtained were then elaborated in order to assess the costeffectiveness of the seismic retrofit of existing RC factories in various situations; in
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•

•

•

particular, the net present value (NPV) of the retrofit investment was evaluated for various planning horizons in order to estimate the payback period of the investment.
For the case of companies that produce in a rented factory, a possible method for the
breakdown of the retrofit costs between the company and the building owner is proposed, which is based on the specific benefit of both parties resulting from the retrofit
intervention.
Recovery strategies, not requiring any initial investment, are always worthwhile and
thus generally applied; therefore, they should be considered for accurate estimates of
risk, especially in cases of high vulnerability, as their influence is significant. This is
very important also from an insurance perspective, in order to design rational (and
competitive) insurance policies.
Finally, in low-to-medium seismic areas such as Mirandola (IT), the seismic retrofit
was appeared to be economically justified or not depending on whether recovery strategies are considered or not; instead, in highly seismic areas such as Cosenza (IT), the
retrofit seemed generally cost-effectiveness, although the payback period of the investment was shown to be very dependent on recovery strategies.
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Abstract
Seismic risk mitigation at national scale requires the vulnerability assessment of the built
stock, which is generally based on the definition of appropriate fragility curves by means of
different methods. A first type of methods uses an empirical approach with calibration from
observed damage. A second group of methods uses mechanical models suitable to describe the
structural behavior; however, because an in-depth geometric and structural characterization
of the buildings is very time-consuming at the territorial level, these models must remain “as
simple as possible” to limit the number of input parameters.
The aim of this work is to estimate the fragility of the Italian masonry buildings stock
grouped in macro-typologies ISTAT (National Institute of Statistics), i.e. defined by
construction age and number of stories; this is essential for deriving damage scenarios at
territorial scale based solely on ISTAT information. Vulnus Vb 4.0 (2009), a software developed
at the University of Padova, was found to be very useful for this purpose as it provides fragility
curves of masonry buildings assessing the in-plane (IP) failure, the principal out-of-plane
(OOP) mechanisms and the main typological-structural characteristics; judgments on the
quality of information are also used to provide an upper and lower fragility limit. More than
500 buildings were examined with this software, appropriately chosen to guarantee a good
statistical representation of the built stock. The information for each building was retrieved
directly from the related projects and, in the case of missing information, reference was made
to design manuals and codes, and to specific literature. Finally, the fragility results were
processed to provide a mean fragility curve (representing the trigger of an IP - OOP
mechanism) and a range of possible dispersion for each ISTAT macro-typology. These results
can also be used to calibrate macro-seismic models of vulnerability in the literature, if the will
is to represent this mechanical fragility in a more distributed way, i.e. with more damage states.
Keywords: Seismic Vulnerability of Residential Buildings, Macro-Typologies of Masonry
Buildings, Seismic Risk at Territorial Level, Fragility Curves.
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1

INTRODUCTION

The seismic risk mitigation at national scale requires the vulnerability assessment of the built
heritage, which is generally based on the definition of appropriate fragility curves. There are
many methods for evaluating seismic vulnerability in the literature [1], which can be grouped
into three main categories: empirical, analytical-mechanical and hybrid methods, with the latter
using information from both mechanical and empirical methods. The former use
empirical/observational approaches, i.e. they calibrate lognormal equations based on the
observed damage [2, 3, 4]. For this purpose, databases collecting information from postearthquake inspections, such as damage level and safety degree of the buildings affected, are
very useful; in Italy, these databases are made available for the scientific community by the
Civil Protection Department (DPC) through the IT platform called Da.D.O. (Observed Damage
Database [5]). Analitical methods derive the fragility curves through numerical analyses, using
(more or less simplified) mechanical models suitable to represent the seismic behaviour of
specific structural typologies [6, 7, 8, 9, 10]. These methods, whose reliability requires
appropriate and careful calibrations, have the potential to provide results with a wider range of
validity than empirical methods; the latter, although theoretically should provide the best
vulnerability estimates, are indeed calibrated on specific geographical areas hit by earthquakes.
One of the main difficulties in deriving the fragility of the building stock with mechanical
methods is the need to gather a large amount of geometrical and structuralal information in
order to appropriately define all the model parameters for each individual building, which
requires very time-consuming surveys and cognitive studies. However, this difficulty could be
overcome with the following approaches, which could also be applied together.
- Definition of seismic behaviour models that are robust but at the same time dependent on
the smallest possible number of parameters, with careful sampling of buildings in order to
obtain results that are as representative as possible at the territorial level (approach used);
- Development of innovative methods for both the rapid collection of key information (with
modern digital and informatic techniques) and the statistical extrapolation (with Bayesian
methods) of all other necessary data for the vulnerability estimates at territorial scale [11].
Therefore, this work aims to derive a mechianical fragility model for the Italian residential
masonry constructions, grouped into building macro-typologies based on the ISTAT-2001 data
(National Institute of Statistics, www.istat.it [12]), i.e. classified by construction age and
number of storeys. For this purpose, it was used the software Vulnus Vb 4.0-2009 [13, 14, 15],
developed at the University of Padova, which allows to obtain fragility curves of masonry
buildings by assessing the probability of the in-plane shear failure and that of the main out-ofplane mechanisms (with linear kinematic analyses), as well as the main typological and
structural characteristics; in addition, expert judgements on the quality of the information can
be taken into account to provide, through the theory of fuzzy sets, an upper and lower boundary
of fragility. By using this software, the individual fragilities of more than 500 buildings were
calculated. These buildings were chosen based on the criteria of representativeness of the
various classes of buildings in relation to the national context. Then, the fragility results were
processed, still respecting the representativeness criteria, in order to obtain a mean fragility
curve and a range of possible dispersion for each ISTAT macro-typology; the mechanical
fragility curves thus obtained refer to the triggering of a specific mechanism, in-plan or out-ofplane, and therefore can be associated with an intermediate damage state (between moderate
and severe).
Finally, with the aim of providing a more "distributed" fragility model, i.e. a model which
defines the damage exceedance probability for multiple damage states, a possible calibration
procedure, based on other fragility models of literature, is presented and applied to the mean
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fragility curves of each building class: such a fragility model, mechanical-heuristic, can
therefore be more conveniently used for seismic risk analyses at territorial scale.
2

ANALYTICAL METHOD (VULNUS) FOR THE FRAGILITY ASSESSMENT

Vulnus 4.0 (Figure 1a) is a software developed at the University of Padova, originally by A.
Bernardini, R. Gori and C. Modena and later updated by M.R. Valluzzi with the help of G.
Benincà, E. Barbetta and M. Munari [14, 15].
Vulnus firstly calculates the in-plan and out-of-plane resistance parameters of buildings with
a load-bearing masonry structure; in addition, it provides forecasts of expected seismic damage
by returning fragility curves from the processing of geometrical and typological data. In
particular, the necessary information are: the complete geometry of the building (in plan and
elevation), the main mechanical characteristics of the material (specific weight, compressive
and tensile strength), the type of floors and roofs (lightweight, heavy, balanced, un-balanced,
…), the presence/absence and efficiency of toothings and the state of maintenance of the
building.
The Vulnus methodology is based on the evaluation of the critical horizontal accelerations
(a) which, when applied to the building masses, causes the activation of the main out-of-plane
collapse mechanisms for each single walls and of the in-plane shear failure of parallel wall
systems (or almost parallel), with the latter assumed as rigidly coupled by the floors. These
critical accelerations are then returned in terms of minimum trigger coefficients a/g (with g the
acceleration of gravity), which are defined as indices I1 and I2 for the in-plane and out-of-plane
mechanisms, respectively.
In particular, index I1 is defined as the ratio between the sum of the shear strengths of parallel
wall systems (or almost parallel) and the total weight of the building; the shear strength is
calculated in the average plane of the wall and for the weakest direction between the principal
ones; this index is then eventually corrected, in the case of irregularities in plan and elevation,
to take into account the possible non-uniform distributions of normal and tangential tensions.
I2 index, instead, corresponds to the minimum value of the sum of two indexes, I2' and I2'',
which represent the minimum trigger coefficients (a/g) of the kinematic mechanisms related to
vertical and horizontal masonry strips, respectively, evaluated for each wall. Specifically, I2'
evaluates the resistance of vertical strips of masonry (1 metre wide) for the following possible
mechanisms: global overturning of the wall, overturning of the last storey, flexural failure of
the last storey. I2'', instead, evaluates the arch resistance of horizontal strips of masonry (1
metre high) for the following mechanisms: flexural failure and arch compression failure of the
last storey, global overturning and flexural failure of the shoulder of the compression arch at
the last storey, and detachment mechanism of the transverse wall at the last storey.
In addition to I1 and I2, a third index I3 is also evaluated. It consists of a weighted sum of
the scores that must be given to the various parameters of the “Second Level” form of G.N.D.T.
[16] (besides the geometrical ones already evaluated in the definition of I1 and I2); this index
is provided in a normalized form between 0 and 1 (where I3=0 represents a building constructed
according to anti-seismic regulations). This index considers qualitative factors (not included in
the other two indices) and therefore represents the propensity of the building to be damaged by
an earthquake. In particular, I3 allows us to take into account also the conservation state of the
building as well as the possible structural interventions that turned out to be worse for the
seismic response.
Once the indices I1, I2 and I3 have been calculated, the vulnerability analysis can be carried
out. Vulnus uses fuzzy set theory, transforming the indices into fuzzy subsets according to their
interval of definition; this theory is based on the impossibility of defining an element in an
univocal way and introduces the possibility of dealing with concepts that do not have exact
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boundaries. In particular, the fuzzy theory allows us to take into account the uncertainties
associated with the parameters not directly measured and the variability of the mechanical
parameters of materials, as well as any errors in the survey phase.
Through the "fuzzy sets", Vulnus calculates three cumulative probability distributions
(fragility curves), which represent the probability of equaling or overcoming the acceleration
of triggering an in-palne or out-of-plane mechanism. Two of these curves, representing the most
extreme conditions, are defined as "Lower-Bound" and "Upper-Bound"; the other curve,
defined as "White", is the most likely one and therefore represents an average vulnerability of
the building (see Figure 1b).
The damage state (DS) to be associated with these fragility curves, based on expert judgment,
is between moderate and severe; with reference to the EMS 98 damage scale, defined on five
DS (between DS1, i.e. slight damage, and DS5, i.e. collapse), these curves represent an
intermediate DS between 2 and 3, conveniently defined here as “DS2-3”. The reason is that
these curves refer to the attainment of the average in-plane shear resistance or to the triggering
of an out-of-plane mechanism, which are necessary but not sufficient conditions to activate the
process of collapse of the structure (which requires a further contribution of seismic energy);
in particular, if the triggering of an out of plane mechanism calculated with linear kinematic
analysis can reasonably be associated with a DS2, the achievement of the medium shear
strength of the building certainly represents a higher damage level, DS3.

(a)

(b)

Figure 1 – (a) Vulnus 4.0; (b) example of White, Upper- and Lower-Bound fragility curves from Vulnus.

3

DEFINITION OF THE SAMPLE OF REAL BUILDINGS ANALYSED

As already discussed, the use of analytical methods to derive building stock fragilities at
territorial scale requires very expensive and time-consuming cognitive studies in order to
collect the many necessary information (geometrical, typological and structural). For this
reason, the number of buildings that can be analysed with this approach is generally an order
of magnitude lower than that generally analysed by using empirical approaches; therefore, the
sampling phase of the buildings is very important and should be done appropriately in order to
obtain results that are as representative as possible on a territorial scale.
To this end, a simple but effective grouping of the built heritage into macro-classes should
be defined, on the basis of the principal factors that influence the building vulnerability; this is
necessary both to address the sampling and to simplify the assessments of seismic fragility on
a territorial scale, which consists in defining the average fragility curves for the classes of
buildings identified.
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The vulnerability of masonry structures is clearly influenced by many factors, such as:
geometrical parameters (plan distribution and dimension of the lateral resistant systems,
number of storeys, regularity in elevation, possible presence of adjacent buildings), material
resistances, constructive and typological characteristics (in particular, for floors and roof) and
construction details. Although these factors are extremely variable for buildings, a significant
correlation can be found between them and the building construction periods; this is reasonable
considering the historical evolution of the technological knowledge, the construction
techniques, the material performance and the building codes. Therefore, a first grouping into
building macro-typologies can be made by construction age.
A second grouping parameter that should significantly influence the building vulnerability
is the number of storeys, as it is related to the total inertia seismic forces.
Another factor that greatly influences the vulnerability estimates at territorial scale is the
geographical location: indeed, residential constructions belonging to different regions, or even
to specific areas or municipalities of the same region, could show significant differences due to
specific building traditions and local building materials. In the absence of sufficient
information, the geographical position was not used as grouping parameter for the definition of
the building classes, but this factor was taken into account through a widespread sampling that
involved several Italian regions and municipalities.
Table 1 reports the building macro-typologies defined in this study, with indications relating
to: number of buildings analysed, regions and number of regions and municipalities involved
in the sampling, for each macro-typology. The parameters that define the macro-typologies are
simple information that can be easily obtained, at national level, from ISTAT data [12]; this
classification, which is quite simplified, was found to be effective (as will be shown in a future
publication) for large-scale seismic risk assessments (i.e., on a municipal or greater scale).
As Table 1 shows, at least 80 buildings for each macro-typology were analysed. This
quantity was considered sufficient for each class, due to the negligible variation in the average
fragility with increasing number of case studies. However, for the construction period Pre-19,
associated with the greatest seismic vulnerability and variability, the number of buildings
considered is much greater and exceeds 200 cases, thanks to the availability of a lot of
information and previous research studies carried out at the University of Padova.
Macro-typologies of masonry buildings
Construction age
Pre-1919
1919-1945
1946-1960
1961-1980
No. storeys
≤2
≥3
≤2
≥3
≤2
≥3
≤2
≥3
Database of buildings analysed
No. buildings
205
80
80
80
No. regions
3
5
4
2
No. municipalities
8
8
6
3
Regions
Abruzzo (31;1) Emilia (20;2)
Friuli (33;1)
Friuli (64;1)
(buildings;
Umbria (43;2)
Lazio (13;1)
Lazio (22;1)
Veneto (16;2)
municipalities)
Veneto (131;5) Lombardia (23;2) Toscana (10;1)
Trentino (9;1)
Veneto (15;3)
Veneto (15;2)

Post 1980
≤2
≥3
80
4
10
Emilia (35;4)
Lazio (7;1)
Toscana (13;2)
Veneto (25;3)

Table 1 – No. of buildings, regions and municipalities involved in this study for all building macro-typologies.
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£ 2 storeys

³ 3 storeys

Pre-1919

1919-1945

1946-1960

1961-1980

Post-1980

Figure 2 - Photos of some buildings analysed for the various macro-typologies.

In order to take into account the representativeness of the building stock for each macrotypology in terms of number of storeys, the building distribution of Figure 3 was derived from
ISTAT-2001, and shows the masonry residential buildings by number of storeys and
construction age.
Another important information to make a properly representative sampling is the distribution
of buildings by typology or dimension (single houses, terraced houses, small or medium-sized
apartment buildings, etc.); in the absence of such information at national level, we referred to
another equivalent distribution, still obtained from the ISTAT-2001 database, which shows the
residential buildings by number of dwellings (inside each building) and number of storeys. In
particular, this information is available only in aggregate terms, i.e. without distinction between
construction ages and construction materials (masonry, concrete or other), and therefore was
used only as a qualitative reference to address the building sampling.
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Figure 3 - Distribution of masonry residential buildings by No. of storeys and construction age (ISTAT 2001).

Figure 4 - Distribution of residential buildings by No. of dwellings and No. of storeys (ISTAT 2001)

As already mentioned, a mechanical fragility model require collecting a series of information
for each building or case study examined, such as geometry, technology and structural
characteristics. For this purpose, several sources of information were used, often associated
with specific construction periods.
With regard to the period Pre-1919, many surveys conducted in previous years by the
research group of the University of Padova (particularly carried out for master's or PhD [15]
theses) were collected, analysed and used (when appropriate) for this study.
As concerns the period 1919-1945, most information (as plans, sections, materials – when
specified, typology of floors and roofs) was derived from different projects contained in some
project collection books as: “Ville. 68 Esempi di ville e case di campagna” and “Case
d'abitazione in Italia” by B. Moretti (1946 and 1947) [17, 18] and from the manual
“Composizione della casa” by I. Ceccarini (1952) [19].
For the period 1946-1960, the principal information regarded public housing projects and
was derived from the “INA-Casa State” intervention plan, a plan which aimed to increase the
employment of workers in the post-war period.
Other data, for both the period 1946-1960 and the following one 1961-1980, were found in
the digitised archive of the Municipality of Pordenone (kindly provided by the municipal
technical office), containing projects of single houses and apartment buildings with (often)
indications about the materials and the construction technologies adopted.
For the last period, Post-1980, it was not possible to identify specific sources with relevant
and numerous information, so most of the projects for residential buildings were obtained from
the main Real Estate Agencies websites.
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Finally, several projects were also kindly provided to us by engineering offices and some
typological projects were taken from the manual “Composizione della casa” by I. Ceccarini
[19]; the latter is available in different editions and contains standard layouts, which were useful
to widen the building sample examined for each construction age.
All this information collected was substantially complete regarding the building geometry
(i.e., plans, sections, elevations), but it was often missing about material characteristics,
typology of floors and connection effectiveness (presence or absence of ring-beams). In order
to gather as much information as possible among these missing, the following sources were
used: TABULA project [20], which provides data at national level, with regards to the
predominant material used for the vertical structures, about the typological-dimensional
characteristics of buildings for different construction ages and building types (detached house,
terraced house, multi-family building and block of apartments); technical architecture manuals
[21, 22, 23, 24, 25, 26, 27, 28], which were used to deepend, for each construction period, the
research on typological characteristics and construction materials. For the period Post-1980,
some useful information was also found in the legislation in force at that time. Finally, other
information about characteristics and resistances of materials was gathered from the Table
C8A.2.1 of Circolare No. 617 (2 febbraio 2009).
The representativeness of the developed building database is shown in Figure 5 and Figure
6 through a comparison with the previous building distributions shown in Figures 3 and Figure
4 and obtained from the ISTAT-2001 database. In particular, in Figure 5, the unit (i.e., 100%)
is related to buildings grouped into two building height classes, according to the building
macro-typologyes, i.e. up to two storeys and with more than two storeys.

Figure 5 – Comparison of the building distribution by No. of storeys, between ISTAT 2001 and the database
created, for each construction age.

1698

Marco Donà, Pietro Carpanese, Veronica Follador and Francesca da Porto

Figure 6 - Comparison of the building distribution by No. of dwellings, between ISTAT 2001 and the
database created, for each class of No. of storeys.

4

DERIVATION OF THE MECHANICAL FRAGILITY CURVES

For all 525 sampled buildings, Vulnus 4.0 was used to calculate the three fragility curves,
defined as "White", "Upper-Bound" and "Lower-Bound", which refer to a damage state
between moderate (DS2) and severe (DS3), for this reason called DS2-3 (as explained in
Section 2). In particular, since these curves are provided by points, a first elaboration was
necessary in order to transform them into cumulative lognormal probability functions; in
particular, the related values of mean (µ) and standard deviation (β) were obtained by adopting
the criterion of maximum likelihood. The comparison between Vulnus and lognormal curves
was generally good, as shown in Figure 7 as an example.

Figure 7 - Example of logonormal fit of a Vulnus curve

The methodology adopted to define the mechanical fragility model for the building macrotypologies defined in Table 1 is briefly described below; this was applied separately for the
White, Upper- and Lower-Bounds curves.
1. For each municipality analysed, calculation of the mean fragility curve among those
related to the buildings with the same construction period and number of storeys (from 1 to 5,
with steps of 1).
2. Calculation of the average fragility curve between the mean fragility curves of the
municipalities, always related to the buildings with the same construction period and number
of storeys (from 1 to 5, with steps of 1).
3. Calculation of the fragility curve representative of the macrotypology as weighted
average of the fragility curves obtained at point 2, separately for buildings with number of
storeys (n) ≤ 2 and ≥ 3; the weights are the percentages of the statistical distribution of masonry
buildings by number of storeys obtained from ISTAT 2001 (see Table 2).
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In general, buildings belonging to the same macro-typology but located in different
municipalities could present a quite different vulnerability due to specific building traditions
and local building materials; therefore, in the absence of sufficient information about the
representativeness of the sampled buildings at national or regional level, the same importance
was assumed for all municipalities, i.e., only one fragility curve for each municipality – the
average one – was used to define the fragility model (Steps 1 and 2). However, this procedure
makes losing the representativeness of the buildings with respect to the national context (on
which the building sampling was based); therefore, this representativeness was restored with
the Step 3, by means of appropriate weighted averages.
Contruction age
No. storeys (n)
% of buildings
with n ≤ 2
Contruction age
No. storeys (n)
% of buildings
with n ≥ 3

Pre-1919
1
2
0.22
3

0.78

Pre-1919
4
5

1919-1945
1
2
0.29
3

0.71

1919-1945
4
5

1946-1960
1
2
0.33
3

0.67

1946-1960
4
5

1961-1980
1
2
0.34
3

0.66

1961-1980
4
5

Post 1980
1
2
0.38
3

0.62

Post 1980
4
5

0.83 0.14 0.03 0.82 0.14 0.04 0.78 0.17 0.05 0.81 0.16 0.03 0.86 0.12 0.02

Table 2 – Percentage of masonry buildings, by construction age and number of storeys, with respect to the total
buildings with a number of storeys ≤ 2 (top) and ≥ 3 (bottom), according to ISTAT 2001.

As an example, Figure 8 shows the main calculation phases to obtain the “White” fragility
model for the construction age Pre-1919; the same procedure was followed to evaluate the
Upper and Lower-Bounds fragilities, as well as the fragility of the other construction periods.
Finally, Figure 9 shows the overall results of the mechanical fragility model obtained, i.e.
the mechanical fragility curves White, Upper- and Lower-Bound (associated with a damage
state DS2-3) for all the building macro-typologies examined.
These results show that the construction age and the number of storeys are both significant
factors for the vulnerability assessment at territorial scale (as expected). The fragility of the
various building macro-typologies is fairly distributed and it increases as the number of storeys
and the age of building increases. The greatest variation occurs between the construction
periods 19-45 (similar to the Pre-19) and 46-60: this is clearly due to the improvement in the
material performance and in the construction techniques that occurred in those years.
In addition, Figure 9b shows that the possible dispersion interval, i.e. the range between the
Upper- and Lower-Bound curves, becomes more important for the periods after 1946, and this
is particularly true for the less vulnerable classes (i.e., 61-80 with 1-2 storeys and Post-80)
because the Lower-Bound curves are associated with always lower values of exceedance
probability (reasonable considering the high seismic performance of buildings well constructed
in recent years). Such dispersion intervals in the definition of fragility should be appropriately
taken into account for the seismic risk estimates at territorial scale.
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Figure 8 – Procedure for defining fragility curves by macrotypology: example shown for the age Pre-1919.

(a)
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(b)
Figure 9 - Mechanical fragility curves associated with a moderate-several (DS2-3) damage state, for all macrotypologies analysed: (a) White curves; (b) Upper-Bound, White and Lower-Bound curves.

5

HEURISTIC FRAGILITY MODEL CALIBRATED ON MECHANICAL CURVES

As explained above, the mechanical fragility curves obtained for each ISTAT macrotypology refer to an intermediate damage state between moderate-DS2 and severe-DS3,
according to the EMS98 scale (from DS1 to DS5), i.e. DS2-3.
In order to represent the seismic fragility in a more distributed way, i.e. on five damage states
(DS), the fragility model of Lagomarsino and Cattari [29] was taken as a reference, which
derives from the macroseismic vulnerability model of Giovinazzi and Lagomarsino [30];
however, differently than Lagomarsino and Cattari [29], the correlation law between
macroseismic intensity and PGA was chosen according to Margottini et al. [31]. The resulting
values of mean (µ) and standard deviation (β) for each fragility curve of this reference
macroseismic model are reported in Table 3, and they refer to five DS and six vulnerability
class (from A to F, according to the EMS98 scale).
This macroseismic model can than be calibrated on the mechanical fragility model
previously obtained, thus deriving an “heuristic” fragility model on a mechanical basis. To this
end, the main procedural steps adopted in this study are described below.
1 - For each vulnerability class of the macroseismic model, an average fragility curve (DS23) was calculated between those associated with DS2 and DS3, resulting therefore comparable
with the mechanical fragility curves from Vulnus.
2 - For each mechanical fragility curve, the optimal linear combination between the curves
DS2-3 of the macroseismic model was evaluated by means of a genetic algorithm (NSGA-II,
i.e. Non-dominated Sorting Genetic Algorithm [32]); the aim was the minimization of two
objectives sometimes conflicting, i.e.: the absolute error between the curves, calculated
according to the criterion of the least squares, and the relative error between the curves,
calculated as difference between the positive and negative areas between the curves. This
optimization, and thus the results of the calibration, depends on the extension of the range of
PGA assumed, chosen in this study between 0 and 0.8g, with the latter value representing a
reasonable upper-bound for the expected peak ground accelerations in Italy.
3 - Once the optimal coefficients of linear combination associated with the various
vulnerability classes are calculated, these can finally be used to generate a set of fragility curves
(associated to the five DS) which is related to the mechanical fragility curve examined.
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This procedure should be applied for all the mechanical fragility curves obtained in the
previous fragility model, i.e., White, Lower- and Upper-Bounds curves, for each building
macro-typology.
Figure 10 shows the calibration of the DS2-3 curves of the macroseismic fragility model
with respect to the White fragility curves of the mechanical model, for all the building macrotyplogies. Figure 11 shows instead, as an example, the set of fragility curves of the heuristic
fragility model so obtained, with regards to the White mechanical fragility and for two
construction ages (Pre-1919, Post-1980).
Vulnerability
class

DS1
µ [g] β [-]

DS2
µ [g] β [-]

DS3
µ [g] β [-]

DS4
µ [g] β [-]

DS5
µ [g] β [-]

A
B
C
D
E
F

0,0420 0,5110

0,0746

0,5331

0,1204 0,5278

0,1943

0,5332

0,3449

0,5120

0,0693 0,5111

0,1230

0,5331

0,1986 0,5279

0,3209

0,5358

0,5822

0,5710

0,1144 0,5111

0,2030

0,5331

0,3278 0,5285

0,5305

0,5411

0,9707

0,5859

0,1887 0,5110

0,3349

0,5331

0,5408 0,5288

0,8732

0,5384

1,5693

0,5715

0,3112 0,5092

0,5517

0,5293

0,8883 0,5230

1,4173

0,5257

2,452

0,5448

0,5088 0,4881

0,8934

0,5060

1,4175 0,4984

2,1972

0,4951

2,3782

0,5358

Table 3 - Means (µ) and standard deviations (β) of the reference macroseismic model [29, 31].

Figure 10 - Optimal fit between mechanical curves (White) and DS2-3 curves of the reference model (Table 3).

Figure 11 – Example of fragility sets from the heuristic model calibrated on mechanical basis.
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6

CONCLUSIONS
•

•

•

•

•

•

The paper presented a study aimed at obtaining a mechanical fragility model for the
evaluation, at territorial scale, of the seismic vulnerability of residential masonry
buildings belonging to the Italian built heritage. In particular, the fragility was derived
for building macro-typologies defined on the basis of key information from ISTAT2001, such as construction age and storey number.
Vulnus Vb 4.0 (2009), a software developed at the University of Padova, was used for
this study, as very suitable for this purpose: it provides fragility curves of masonry
buildings assessing the in-plane failure, the principal out-of-plane mechanisms (with
linear kinematic analyses) and the main typological-structural characteristics. Moreover,
expert judgements on the quality of the information are used to provide an upper and
lower fragility boundary, by means of the fuzzy sets theory.
More than 500 masonry buildings were evaluated in order to derive the mechanical
fragility model. These buildings were chosen based on the criteria of representativeness
of the various building classes in relation to the national context. The fragility curves of
each building were processed, still respecting the representativeness criteria, in order to
obtain a mean fragility curve and a dispersion range for each ISTAT class. This fragility
refers to the triggering of a specific mechanism, in-plan or out-of-plane, and therefore is
associated with a “moderate-severe” damage state.
Finally, with the aim to extend this mechanical fragility model to a more “distribute”
fragility model, i.e. with exceeding probabilities defined for multiple damage levels, a
possible heuristic approach is presented and applied; the new heuristic model is more
suitable for seismic risk estimates at territorial level.
The mechanical fragility model obtained shows that the construction age and the number
of storeys are both significant factors for the vulnerability assessment at territorial scale
(as expected). Also, the fragility of the various building macro-typologies is fairly
distributed; the greatest variation is found between the construction ages 19-45 (similar
to the Pre-19) and 46-60. Moreover, the possible dispersion interval in the definition of
fragility becomes more important for less vulnerable macro-typologies (construction
periods after 1946). In general, such a dispersion should be taken into account in the
seismic risk estimates at territorial scale.
Possible future developments: (i) increase in the sample of buildings analysed; (ii)
refinement in the classification of buildings, considering other factors such as: the
geographical region/area of the building (often associated with specific building
traditions and local building materials), the building size and the number of residential
units, and also the presence or absence of seismic retrofit interventions.
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Abstract
Seismic risk assessment is of paramount importance to reduce fatalities and economic losses
following major earthquakes. In seismic prone regions, with significant percentages of nonseismically designed buildings, large-scale rapid procedures to carry out such an assessment
assume particular importance to identify the main building typologies at risk and to prioritise
the allocation of resources. This paper presents the expedite seismic risk mapping of nearly
3’000 residential buildings in the province of Blida, in Northern Algeria, a region that has
witnessed, in the recent past, major earthquakes causing significant human and economic
losses. Based on the data collected during the field surveys, an index-based rapid visual screening (RVS) methodology available in the literature was adopted and adapted to the case-study
RC building portfolio. The RVS methodology provides a seismic risk index based on the hazard
level at the building’s site, the structural vulnerability, and the exposure level. The hazard is
defined by a proper intensity measure (peak ground acceleration or spectral acceleration)
whereas the vulnerability is characterised as a function of a number of parameters related to
the seismic response of RC buildings (e.g. lateral supporting system, in-plane and elevation
irregularity, seismic code compliance). In turn, the exposure component of the index is related
to the number of occupants and to the type of use of the buildings. The results of this study are
useful for preliminary identification of buildings (or building classes) prone to higher risk and
to assist decision-makers in the implementation of seismic risk reduction strategies.
Keywords: Seismic risk, RC buildings, Rapid visual screening, Northern Algeria.
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1

INTRODUCTION

Seismic risk assessment of building portfolios is of paramount importance in seismic prone
regions, in particular for countries without a well enforced building code and in which a high
percentage of buildings are not seismically designed. The rapid urban growth, particularly in
developing countries, is often accompanied by unplanned and highly vulnerable settlements.
These are often a challenge for local governments that are unable to continuously update the
exposed building stock and to identify the areas that are most prone to risk and manage the postseismic emergency and management strategies.
Seismic risk assessment, including the evaluation of social and economic losses following
major earthquakes, is related to three parameters: 1) the magnitude of the seismic events that
could affect a region, 2) the exposure of the affected areas, and 3) the quality of the structures
and their ability to withstand the actions arising from such events. The seismic hazard is the
likelihood that an earthquake of a specific magnitude or intensity affects a site; it is a peculiarity
of the site and cannot be reduced. On the other hand, the seismic vulnerability can be defined
as the likelihood of achieving a defined performance objective for a given seismic intensity and
it can be reduced if the buildings are designed/assessed according to proper seismic provisions
or are adequately retrofitted. Seismic vulnerability assessment aims to estimate the damage to
a single building, or a building stock, given a ground motion intensity. In the last decades many
methodologies were developed to perform seismic vulnerability assessment. As a preliminary
classification, these methodologies can be distinguished in qualitative and quantitative: qualitative evaluation depends on the judgment of experienced well-trained engineers and are performed without specific calculations, while quantitative evaluation requires the development of
analytical models of increasing level of complexity. Based on the complexity of the methodology, it is possible to further classify the analysis methodologies in three categories. The first,
corresponding to a simpler level of analysis, is known as Rapid Visual Screening (RVS). This
method does not require calculations and its goal is to identify the buildings that require more
advanced analyses. FEMA 154 represents the most used RVS methodology worldwide [1]. The
second level of analysis generally does not require numerical models but is based on simple
evaluations performed through simplified analytical models that assume a failure mode and
provide a safety index based on the geometrical and mechanical properties of the main structural elements of the building (i.e. columns) [2]. Finally, the most advanced level of analysis
consists in linear and nonlinear dynamic analyses hence requiring the as-built dimensions and
reinforcement details of all structural elements in order to develop advanced numerical models.
Detailed reviews of existing empirical, mechanical and hybrid methodologies are available in
the literature [3-6].
The most appropriate method of analysis is generally selected based on the main goal of the
study and the number of building to be analysed. Simplified approaches, such as RVS procedures, are generally adopted for regional scale applications. Nowadays, the results of the RVS
methods are often implemented in more advanced approaches in order to develop vulnerability
models for building portfolios in high seismic prone regions. The data collected using the RVS
procedures can be used to develop seismic physical vulnerability models of residential buildings as well as to organize post-earthquake emergency [7-10] operations. For instance, Di Meo
et al. [8] collected geometrical and structural data from RVS forms, specifically developed to
gather building data [9], in order to define a structural taxonomy of residential buildings in
Nablus, Palestine. This data was employed to produce fragility curves using a simplified mechanics-based procedure. In the same context, a social vulnerability model was also developed
for a more comprehensive evaluation of seismic urban risk [10].
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This paper presents the expedite seismic risk mapping of nearly 3’000 residential buildings
in the province of Blida, in Northern Algeria, a region that has witnessed, in the recent past,
major earthquakes causing significant human and economic losses. Based on the data collected
during field surveys, an index-based RVS methodology available in the literature was adopted
and adapted to the case-study building portfolio [11]. The RVS methodology provides a seismic
risk index based on the hazard level at the building’s site, the structural vulnerability, and the
exposure level. The results of this study can be used for preliminary identification of buildings
(or building classes) subjected to higher risk that will be prioritised in the implementation of
seismic risk reduction strategies.
2

RAPID VISUAL SCREENING

RVS is a qualitative evaluation procedure developed to identify, inventory, and screen buildings that are seismically hazardous. The RVS procedure uses a methodology based on a sidewalk survey and can be implemented relatively quickly on a large number of buildings. It
generally involves the identification of the load-resisting system, the materials of the structure,
the respective seismic region, and the inventory of various characteristics that affect the structure’s seismic response. The collected data is then processed to compute a numerical score that
relates to seismic vulnerability. The results from RVS can be used for a variety of applications,
such as earthquake disaster risk management programmes of a city or a region. In the last decades, some RVS procedures have been developed in different countries.
According to FEMA 310 [12] an RVS assessment of the buildings should be performed
before proceeding with more advanced analysis. FEMA 154 [1] provides a scoring system that
requires the user to identify the primary structural lateral-load resisting system and building
attributes that modify the expected seismic performance. The results are recorded on a Data
Collection Form according to the seismicity of the region being surveyed. The method then
assigns a basic structural score based on the structural typology and uses score modifiers to
consider the effect of the number of stories, soil type, plan and vertical irregularities, and precode or post-benchmark-code detailing. A similar procedure has been developed by the National Research Council of Canada [13]. The New Zealand code adopts a simplified procedure
for existing buildings in order to evaluate if the requirements prescribed for new buildings are
meet of not [14]. If less than 33% of these requirements are met, the building is classified as
potentially earthquake prone and it requires a more advanced assessment. Jain et al. [15] and
Sucuoglu et al. [16] proposed RVS procedures to be applied to the reinforced concrete (RC)
building in India and Turkey, respectively. A fuzzy logic based RVS procedure was developed
in Greece [17] for the categorization of buildings into five different damage grades in the event
of a future earthquake. The method was developed based on information on 102 buildings affected by the Athens earthquake of 1999. Various interesting studies have been proposed for
different typologies of structure; in particular, the method by Lucksiri et al. [18] is worth mentioning as it was one of the first RVS methods validated by numerical analyses. RVS methods
were also specifically developed for strategical buildings, such as hospitals [19-20], schools
[20] and infrastructures [21]. In particular, the Hospital Safety Index [19] is articulated in three
principal modules, which consider the three main parameters that affect the vulnerability of
hospitals: structural safety, nonstructural safety and functional safety. The three parameters are
combined to obtain a final safety index score. The procedure developed by the Norwegian Geoscientific Research Foundation concerns hospital and school buildings [20]. In contrast to the
Hospital Safety Index, structural and nonstructural vulnerabilities are treated separately. Starting from these two methodologies, Perrone et al. [11] proposed an RVS methodology for RC
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hospital buildings mainly focused on Italian context. This method has been modified and
adopted in the present study in order to preliminarily investigate the seismic performance of
residential buildings in the province of Blida, in Northern Algeria.
3

PROPOSED RAPID VISUAL SCREENIGN PROCEDURE

In this paper the RVS procedure originally proposed by Perrone et al. [11] has been applied
to Algerian residential buildings with the introduction of some changes. According to the procedure proposed in [11], a seismic risk indicator, identified as Safety Index (SI), is obtained
combining three indices related to vulnerability, hazard and exposure. In the next sections a
short description of the three indices, as well as of the main changes made to the original methodology, is provided.
3.1 Vulnerability index
In the original proposal by Perrone et al., the Vulnerability (VU) index is calculated combining three sub-indices related to the fundamental features related to the seismic performance
of buildings, as well as their functionality. The following parameters were considered: 1) structural configuration and details, 2) non-structural elements, and 3) organizational aspects. Given
that the non-structural elements and organizational aspects are mainly related to the peculiarities of hospital buildings, these parameters were not considered in this study. Based on this
consideration, the VU index is only related of the structural features, which are further detailed
in Table 1.
No.

Question

1
2
3

Is the structure regular in plan?
Is the structure regular in elevation?
Is there a possibility of pounding?
Was the building retrofitted according to current standards?
Are columns regularly distributed?
Are there shear walls?
Are there short columns?
Are resistant structure present in two directions?
Are there soft stories?
Are balconies larger than 1.5 m?
Are there concentrated masses or heavy equipment on upper floors?
Is the diaphragm rigid?

4
5
6
7
8
9
10
11
12

Low
0
0
0

Risk
Medium
8
8
4

High
16
16
8

0

4

8

0
0
0

2
2
4

4
4
8

0

8

16

0
0

8
2

16
4

0

2

4

0

2

4

Table 1: Questions and scores to evaluate the Vulnerability Index.

VU is evaluated according to Eq. 1:
𝑉𝑈 =

∑ 𝑈𝑛𝑖𝑡_𝑅𝑖𝑠𝑘_𝐼𝑛𝑑𝑒𝑥
∑ 𝑈𝑛𝑖𝑡_𝑅𝑖𝑠𝑘_𝐼𝑛𝑑𝑒𝑥_𝐻𝑖𝑔

(1)

in which Unit_Risk_Index represents the score assigned to each question based on the level of
risk (low, medium, high), while Unit_Risk_Index_Hig is the score assigned to the highest level
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of risk. According to Eq. 1, VU varies from 0 to 1. The weighting factors were assigned based
on damage data collected after previous earthquakes, results of experimental analyses and the
data provided by Lang et al. [20]. Table 1 reports all possible Unit_Risk_Index scores associated to each question for each level of risk. A specific guideline was developed in order to help
data collection staff filling the form and choose the correct level of risk for each question. It is
worth noting that the scores vary with the importance given to each question. For example, the
presence of in plan or in elevation irregularities is considered more relevant with respect to the
presence of balconies larger than 1.5m.
3.2 Hazard index
The evaluation of the hazard is of paramount importance in such a methodology and will
significantly affect the results. Three approaches were suggested by Perrone et al. [11] to evaluate the seismic hazard according to the Italian seismic classification. In this preliminary study,
the original methodology was modified, and the hazard score (HAZ) was evaluated according
to the peak ground acceleration (PGA) at the site of interest. In order to account of the soil
influence, the hazard score was increased of 20% when the soil was characterized by poor mechanical properties, according to what proposed by Yadollai et al. [22]. In order to define for
which typology of soil the hazard score should be increased, the soil classification proposed by
Eurocode 8 [23] was followed: for soil type A and B no amplification was assumed, while for
soil type C, D and E the hazard score was increased of 20%. The hazard score range from 1 to
1.67. The maximum hazard score (1.67) was assigned to the highest PGA in the region of interest, while the minimum hazard score (1.0) was assigned to the lowest PGA. A linear relationship was assumed for intermediate values of PGA.
3.3 Exposure index
The exposure index was modified with respect to the original procedure proposed by Perrone
et al. [11], which was instead calibrated for hospital buildings. The expression in Eq. 2 was
considered to evaluate the exposure index (EXP), which varies between 1 and 1.25.
𝐸𝑋𝑃 = 0.8𝑂𝐶𝐶 + 0.2𝑈𝑆𝐸

(2)

In Eq. 2 the parameter OCC refers to the number of occupants while the parameter USE is
related to the building’s use. The EXP score is calculated assuming a weight of 80% to the
number of occupants and 20% to the type of use. The score assigned to OCC is evaluated as
follows: 1) OCC=1 if the number of occupants is lower than 10; 2) OCC=1.1 if the number of
occupants is between 10 and 100; and 3) OCC=1.25 if the number of occupants is higher than
100. The score assigned to USE is equal to 1.0 for residential buildings and 1.25 if more than
one use typologies are foreseen in a single building.
3.4 Seismic safety index
The seismic safety index (SI) is evaluated as the combination of VU, HAZ and EXP. Given
that each parameter does not affect seismic risk in the same way, Eq. 3 was adopted to calculate
SI:
𝐻𝐴𝑍

𝐸𝑋𝑃

𝑆𝐼 = 𝑉𝑈 ∗ 1.67 ∗ 1.25
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The weight assigned to each parameter was evaluated according to some guidelines available
in the literature [11]. In particular, weights of 40% and 20% were assigned to hazard and exposure, respectively.
4

SEISMIC RISK MAPPING OF RESIDENTIAL BUILDING IN THE PROVINCE
OF BLIDA, NORTHERN ALGERIA

Buildings located in areas with deficient urban planning and/or non-seismically designed are
particularly vulnerable to seismic hazard. Recent seismic events in Algeria, such as the El Asnam 1980 moment magnitude (Mw) 7.1 and Boumerdes 2003 Mw 6.8 earthquakes, induced significant human and economic losses and highlighted the need for a large-scale seismic risk
assessment of the Algerian building stock. In this context, the case-study used in this research
was selected within the project “Improved Tools for Disaster Risk Mitigation in Algeria”
(ITERATE), which aimed at disaster risk prevention and reduction in Algeria through the proposal of an improved framework for seismic risk assessment. For this purpose, an exposure
building model was developed for the city of Blida, since it could be considered representative
of the Northern Algeria construction practice [24,25]. In the next Sections a description of the
building portfolio is provided and the preliminary results of the application of the RVS procedure are discussed.
4.1 Description of the building portfolio
In the framework of the ITERATE project a dataset featuring the prevailing residential building characteristics in terms of geometrical and structural properties was developed. The database was established based on in-situ survey of 2904 buildings conducted by local experts,
governmental institution and university students. The survey form filled for each building allows to obtain information regarding: the position of the building, the structural typology (both
for vertical and horizontal structures), the year of construction, the dimensions in plan, the regularity, the geomorphological data and the usage. Figure 1 reports some statistical data about
the main features of the analysed building stock.
The RC buildings represent the main structural typology in Blida, followed by the masonry
buildings that represent 10% of the overall analysed building stock (Figure 1a). The highest
percentage of buildings was built between 1941 and 1960 (44.7%), with a high percentage of
buildings (37.7%) built between 1981 and 2000 (Figure 1b). In terms of number of floors, 72.1%
of buildings are characterized by one to three floors, while a low percentage of buildings (1.5%)
have more than eight floors (Figure 1c). Finally, since the proposed RVS procedure is focused
on RC buildings, an analysis of the different structural systems was carried out. The results
show that the moment resisting frame (MFRS) is the most adopted structural system (Figure
1d), while the 24.3% of the RC buildings were designed introducing shear walls (SW).
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0.3%

3.2% 1.6% 5.2%
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7.7%

10.2%
Masonry
RC
Steel
Others

<1940
1941-1960

1961-1980
1981-2000

44.7%
37.7%

89.1%

>2000

No data

a) Structural Typology

b) Period of construction

1.5%

5.0%

1-3

26.4%

24.3%

RC SW

4-7

72.1%

No data

8-13

70.7%

c) Number of floors

RC MRF

d) Structural Typology in RC buildings

Figure 1: Main geometrical and structural properties of the building stock

Based on the results of the surveys, a building taxonomy for the city of Blida was developed
[23]. The taxonomy includes four main categories: 1) material of construction, 2) type of lateral
load resisting systems, 3) date of construction and 4) number of floors. The RC buildings are
organised in three categories: 1) moment resisting frames (RC MRF), 2) shear walls (RC SW)
and 3) dual RC systems (RC MRF-SW). The year of construction plays an important role in
classifying the building portfolio according to the level of seismic design. Based on the code
evolution in Algeria, three categories were identified: 1) Pre-code (PC) for the buildings built
before 1981, 2) Medium-code (MC) for the buildings built between 1981 and 1999 and 3) Postcode (C) for the building built after 1999. Regarding the number of floors, three categories were
considered: 1) low-rise (LR) up to three storeys, 2) mid-rise (MR) between four and seven
storeys, and 3) high-rise (HR) more than seven storeys. Figure 2 summarises the building stock
classified based on the described taxonomy.
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Figure 2: Building taxonomy

4.2 Hazard evaluation
A hazard model for the city of Blida, developed in OpenQuake under the ITERATE project,
was adopted to estimate the PGA for rock conditions at different building sites. A return period
of 475 years was used to calculate the hazard score. In this preliminary study, given the limited
variation of the PGA throughout the covered region, the PGA was not evaluated for each building but, instead, a total of 13 representative sites were selected, as shown Figure 3. The choice
of the 13 sites was based on the spatial distribution of the building stock. Based on the hazard
analysis it was found that PGA at the return period of 475 year varies between 0.314g and
0.319g (only 1.56 %). Based on this consideration, it was decided not to account for the hazard
influence in the evaluation of the safety index, assuming that the PGA difference between each
site could be considered negligible in this preliminary study.

Figure 3: Hazard evaluation and dislocation of the building stock in the city of Blida

4.3 Seismic risk mapping
Based on the data collected using the survey form, the questions proposed in the RVS procedure were answered and the RVS scores were calculated. As previously specified, only the
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Vulnerability Index (VU) and the Exposure Index (EXP) were considered in the evaluation of
the Safety Index (SI). Figure 4 reports the VU and EXP based on the building taxonomy defined
in Section 4.1.

a) Vulnerability Index

b) Exposure Index

Figure 4: Evaluation of the Vulnerability Index and Exposure Index

The building typology characterized by the highest VU is the medium-rise moment resisting
buildings built before 1981 (RC MRF MR PC). For the first three categories a high dispersion
of the results was observed due to the high variability of the geometrical properties of the buildings. The lowest VU was observed for the low-rise buildings with shear walls built after the
introduction of the seismic code (RC MRF-SW LR C). As expected, the highest EXP scores
are related to the high-rise buildings (RC MRF-SW HR C) due to the higher number of occupants whereas no data was available in terms of exposure for the buildings in the category RC
MRF-SW HR MC.
Figure 5 reports the final SI for each building category. Based on the results, it can be observed that the building category characterized by the highest seismic risk is the low and medium rise moment resisting frames designed before 1981 (RC MRF LR PC - RC MRF MR PC).
Lower seismic risk was observed for all the categories with shear walls. This data is in agreement with the typical trends reported in the literature.

Figure 5: Evaluation of the Safety Index
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5

CONCLUSIONS

A Rapid Visual Screening procedure to evaluate the seismic risk of building portfolios was
proposed in this study. The methodology was applied to nearly 3’000 residential buildings in
the province of Blida, in Northern Algeria, a region that has witnessed, in the recent past, major
earthquakes causing significant human and economic losses. A taxonomy of the building stock
was developed based on the structural typology, the period of construction and the main geometrical characteristics. The results of the Rapid Visual Screening methodology have confirmed that the medium- to low-rise RC moment resisting frames built before 1981 were the
most seismic prone categories for the analysed region. Furthermore, the correlation of the RVS
scores with the main parameters characterising the building typologies, such as presence of
shear walls, year of construction and height, was confirmed as expected. The proposed procedure can be extremely useful for preliminary identification of buildings (or building classes)
subjected to higher risk and to assist decision-makers in the implementation of seismic risk
reduction strategies. Accordingly, the next steps regard a more detailed scrutiny of the most
vulnerable category that was identified, as well as a calibration of the RVS procedure scores
with the results of advanced numerical analyses.
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Abstract
The seismic events recently occurred in a different part of the world remind us once again the
importance of reducing the risk of the national building stock. In order to properly invest the
limited funds available for the retrofit of most exposed constructions, it is fundamental an estimate of the seismic vulnerability of the different building typologies. Such vulnerability is nowadays mainly expressed in terms of fragility curves, calibrated through post-seismic observed
data or simulated data obtained by building mechanical models. In this paper, empirical fragility curves are presented for existing reinforced concrete buildings based on the post-earthquake observational data collected after the 2012 Emilia earthquake. This structural typology
presents large variability in terms of seismic performance, depending on the seismic design
level and other parameters such as the number of stories and the building typological classifications. Various regression models and statistical procedures have been proposed over the
years to obtain fragility curves, hence more than one stochastic model is adopted, in order to
point out how the fragility curves parameters change by varying the assumed probabilistic distribution.
Keywords: Vulnerability assessment, fragility curves, observational data, Emilia earthquake,
typological class.
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1

INTRODUCTION

The increasing interest in the existing building stock seismic vulnerability is due to the large
numbers of casualties and economic losses occurred after recent earthquakes [1–3]. In fact,
different guidelines have been developed introducing alternative procedures for the seismic
vulnerability and loss assessment, such as GEM guidelines [4, 5] at world level, or the SYNERG [6] project proposed by the European scientific community. Also for the italian case, several
national projects have been proposed on behalf of the National Department of Civil Protection,
or the "Guidelines for seismic risk buildings classification" introduced with the Ministerial Decree No 58/2017 [7] .
Among the different formulations for calibration of fragility curves, empirical methods are
probably the most widespread [2, 8, 9], because directly based on the damage collected after
seismic events [2, 10, 11], but the results reliability is strictly depending on the starting available
dataset, in terms of seismic demand bin, building typological classification, and the surveyors
judgment on damage. As a consequence, analytical vulnerability assessment methods have been
developed as an alternative. The advantage is the possibility to perform a great number of
damage analysis in a relatively short time, randomly varying the building seismic capacities
and the seismic demand. On the contrary, the disadvantage is the results sensibility to the building mechanical model assumed for the numerical simulations, and the numerical values of the
adopted damage descriptors, such as interstory drift or chord rotation. A brief review of the
empirical and analytical vulnerability assessment methods developed in the last fifteen years
can be found in Romano et al. [12, 13].
This paper focuses on the development of empirical fragility curves for RC frame buildings
class, calibrated on the damage scenario data collected after the 2012 Emilia earthquake. The
damage scenario is obtained from the database Da.D.O. (Observed Damage Database) [14], a
web platform which includes damage data coming from different past Italian seismic events. A
statistical sample of 1,562 RC moment-resisting frame buildings is selected from the available
dataset. The Intensity Measure (IM) is expressed in terms of Peak Ground Acceleration (PGA),
deduced from the data provided by the Istituto Nazionale di Geofisica e Vulcanologia (INGV).
For each building, AeDES damage data at element level are converted into a single building
damage state. The observed discrete damage probabilities are fitted adopting and comparing
two alternative probability distributions for the typological fragility curves, a lognormal and an
exponential distribution.
2

RC FRAME BUILDING SAMPLE

The sample of RC frame buildings for the 2012 Emilia earthquake is extracted from the
database Da.D.O, a web GIS tool promoted by the Italian Department of Civil Protection, that
collect and catalog data concerning the structural characteristics and the damage state of ordinary buildings surveyed after the most relevant seismic events occurred in Italy in the last fifty
years. The information about the building stock characteristics and the damage state depends
on the damage assessment form used in post-earthquake surveys [13]; in particular, the most
recent version of the AeDES form [15] was used after the 2012 Emilia earthquake.
Figure 1 reports the typological classification of the entire 22,554 buildings dataset for the
2012 Emilia earthquake, based on vertical earthquake-resistant structure. The figure shows the
large prevalence of masonry buildings, slightly above the 79%, as similarly recorded after 2009
L’Aquila earthquake [16], followed by RC frame buildings, with less than the 10%, and mixed
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structure, that present different structural systems in the same buildings, as RC frame and masonry. A large prevalence of good quality masonry can be highlighted for both masonry buildings (M1) and mixed structures (RC-M1).

Figure 1: Relative frequency of inventory distribution according to the vertical earthquake-resistant system. Legend: M1 = Masonry - good quality; M2 = Masonry - bad quality. Total number of buildings: 22,554.

Then, the subset of 1,993 RC frame buildings has been extracted from the total database;
their characteristics are presented in Figure 2, where buildings are subdivided with respect to:
a) construction timespan, b) number of stories, c) average floor area and d) interstory height.
Figure 2 (a) shows a strong increase of new buildings starting from the ‘60s of last century,
culminated in the time period 1972 – 1981, whereas Figure 2(b) reports a prevalence of onestory buildings in the surveyed area and about 80% of RC frame buildings have less than 4
stories. Figure 2(c) reveals a slightly left-skewed Gaussian bell for the average floor area distribution,
, with a mean floor area in the category of 230 – 400 m2. Finally, Figure 2(d)
illustrates that 60% of the surveyed RC buildings have an average interstorey height, H, in the
category of 2.5 – 3.5 m, and about 25% of the subset has a ≥ 5.0 m.
The classification above reported is useful to describe the criteria employed in this work to
remove the precast RC industrial facilities from the sample of RC moment-resisting frame
buildings. In fact, the Emilia-Romagna region is one of the most productive areas in Italy, characterized by different industrial zones. As well known, the behavior of this construction category is very different from typical RC moment-resisting frames. In particular, the precast RC
building stock designed in Emilia-Romagna before 2005 (update of the Italian building code)
presents a high seismic vulnerability [17], mainly because the support of beams on column tops
and the support of slab on main girders was typically friction-based, hence without mechanical
connectors preventing large relative displacements or loss of support during seismic events. In
order to remove such constructions category from the dataset, the one-story buildings with interstorey height ≥ 5.0 m and floor area
≥ 130 m2 are discarded. This choice is due to
the fact that most of the precast RC buildings in Emilia have a single-storey structure, typically
made of a series of simple portal frames [17], and assuming that buildings with floor area lower
than 130 m2 are too small to be built with precast elements. Within this subset, buildings belonging to commercial and transportation occupancy classes (or buildings for which the occupancy class is not specified) are moreover discarded.
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In order to group together structures with similar seismic response, the RC frame buildings
in the selected building sample are regrouped in three categories of construction year (1919 –
1981, 1981 – 2001, ≥ 2002) and in three categories of stories (low-rise = 1 – 3, mid-rise = 4 –
7, high-rise ≥ 8). The first criterion is related to the level of buildings structural design, based
on the site historical seismic zonation of Emilia-Romagna region, reported in an attachment of
the OPCM 3274 [18], whilst the subdivision in terms of number of stories follows a classification previously proposed in literature by Lagomarsino & Giovinazzi [19]. Nevertheless, the
typological fragility curves are calibrated using only the number of stories criterion. Such adoption is because the Emilia-Romagna region was not considered an area with relevant seismicity
until the classification occurred in 2003 by OPCM 3274, then all the seismic prescriptions introduced over the years by new seismic codes were not required to new buildings. The selection
of this criterion to obtain typological fragility curves is consistent with the adoption of other
research works, as Del Gaudio et al. [11]. Since building data are not sufficient for a properly
characterization of the high-rise building class, composed of only 54 buildings, the curves are
calibrated only for low-rise and mid-rise building classes. The typological classification of the
final sample of 1,562 RC frame buildings is reported in Figure 3.
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Figure 2: Relative frequency of inventory distribution according to construction timespan (a), number of stories
(b), average floor area (c), average interstorey height (d). Total number of the RC frame buildings: 1,993.

Figure 3: Relative frequency of inventory distribution according to timespan of construction category (a) and
number of stories (b). Total number of the selected RC frame building: 1,562.

3

PGA SEISMIC DEMAND

In this work, the IM is expressed in term of PGA, a parameter frequently selected in the
literature [2, 20] because widely available in different regions. Among the seismic sequences
that stroke the Emilia territory over late May 2012, the PGA concerning the main shock, occurred on May 20th, with a magnitude moment Mw = 5.8, has been selected to expresses the
seismic demand suffered by the buildings of the selected sample. As well known, the earthquake
shaking intensity is measured only in a few points of the territory, whereas in all the other
positions the value is estimated by means of attenuation relationships. In particular, INGV estimates the IM values for a spatial square grid with nodes every 1 km; starting from the PGA
values on the grid nodes, a specific PGA value is estimated in this work for each RC building
in the dataset: the seismic input is computed as a weighted mean of the values from four closest
grid nodes, with weights being the reciprocal of the distance between the building location and
the four nodes. Nevertheless, the estimation implies the presence of a certain level of uncertainty in the PGA value, only the median value of IM = PGA is considered in this work to
determine the seismic demand on buildings. Figure 4(a) represents the PGA ShakeMap [21],
deduced starting from the values of grid nodes for the area hit by the May 20th seismic event.
The location of all the constructions present in Da.D.O. database for 2012 Emilia earthquake
are also reported as grey dots, highlighting as black dots the location of the selected 1,562 RC
frame buildings. It is worth remembering that the calibration of fragility curves requires to regroup the buildings sample and the related damage state into IM intervals; in this way, the
statistical points expressing the relative frequencies of exceeding each damage state in that IM
interval can be obtained. In Figure 4(b), the buildings in this sample are regrouped into four
PGA equidistant intervals, with a 0.10 g step, discerning the two typological classes detected
based on the number of stories category.
4

SEISMIC DAMAGE SCENARIO

The AeDES damage assessment form assumes three feasible damage states derived from a
simplification of the damage classification provided by the European Macroseismic Scale
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(EMS-98) [22]. The damage condition is specified for structural elements, including also external masonry infill walls and interior partitions. The damage analysis at the element level for
the selected sample, synthetically reported in Table 1, reveals that the damage to RC frames
and masonry infill walls is absent respectively for the 70% and 32% of the 1,562 buildings. For
both the structural elements categories, the damage is mainly related to the Slight damage state
D1, with the 14% and 43% respectively for RC frames and masonry infill walls. The Mediumheavy D2-D3 and Very heavy damage D4-D5 conditions are instead limited to 8% and 6% for
RC frames, 16% and 8% for masonry infill walls.

Figure 4: PGA seismic demand for the 2012 Emilia earthquake: (a) PGA ShakeMap, also indicating the location
of buildings in the dataset; (b) relative frequency distributions of buildings in each PGA interval as a function of
the number of story categories.

Structural element
RC frame
Masonry infill walls

Null D1: Slight
70%
14%
32%
43%

AeDES damage state
D2-D3: Medium-heavy
8%
16%

D4-D5: Very heavy
6%
8%

Table 1: Percentage distribution of buildings according to AeDES damage state and type of structural element.
Total number of RC frame buildings: 1,562.

In order to calibrate typological fragility curves for different damage states, it is fundamental
to move from the damage condition at the element level to the damage at the building level. In
this paper, the conversion of the AeDES element damage state to the corresponding EMS-98
building damage is performed according to the proposal by Del Gaudio et al. [11], which detects
the overall building damage as the heaviest between damage to the vertical structural system
and to masonry infill panels, including also the influence of element damage extent. In particular, the damage extent is used to split the two AeDES damage states D2-D3 and D4-D5 into
four EMS-98 damage states.
Figure 5 shows the cumulative observed damage distribution for the detected building typologies and the PGA intervals obtained associating the EMS-98 damage state to each building
present in the selected dataset. Figure 5 points out the very low number of buildings exceeding
DS4 and DS5, respectively 53 and 11 for low-rise buildings, and are 35 and 3 for mid-rise
buildings; this is probably due to the lack of data related to very heavy damaged buildings.
Therefore, the typological fragility curves are calibrated only for the first three damage states.
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Another relevant observation is that the frequency of exceeding the different damage states does
not increase considerably with the increase of the PGA seismic demand, for both the typological
classes. Moreover, Figure 5 underlines a higher vulnerability for mid-rise buildings with respect
to low-rise buildings for DS1, whilst for DS2 and DS3 damage states the observed frequency
are rather similar.

Figure 5: Cumulative observed damage distribution for four PGA intervals and the two detected building typologies: low-rise buildings (left column), mid-rise buildings (right column).

5

CALIBRATION OF EMPIRICAL FRAGILITY CURVES

The observed frequency distribution of damage, reported in Figure 5, is the statistical basis
for the calibration of the damage states fragility curves for the two typological classes. In this
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work, the statistical procedure used for the calibration is the Maximum Likelihood Estimation
(MLE) method, because more accurate than other commonly used methods, as the Weighted
Least Square Error (WLSE) method or the Method-of-Moments (MM) [23]:
Likelihood = ∏

≥

1−

≥

(1)

In this relation, the damage data belonging to each j-th PGA interval are binomially distributed, expressing the probability that, in each PGA interval, buildings suffer a certain i-th
damage state out of a total number of buildings present in that j-th PGA interval. Two alter≥
native models are assumed for the damage state fragility curves,
, the lognormal distribution and the exponential distribution. The first model is the most used in literature
[24, 25], expressed for each damage state as in Equation 2:
(

≥

|

)=Φ

(

)
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where and represent respectively the logarithmic mean and standard deviation. Differently, the exponential distribution, as proposed by Rossetto & Elnashai [26], is expressed by
Equation 3, where and are the distribution parameters to be calibrated:
(

≥

|

)=1−

(3)

Figure 6 and Figure 7 present the sets of damage state fragility curves calibrated for low-rise
and mid-rise building class, respectively considering all the PGA intervals (Figure 6), as defined
in section 3, and excluding from the calibration the damage data regarding the first PGA interval
(Figure 7). This second alternative aims to evaluate how the damage states fragility curves vary
neglecting damage data connected to areas with low shaking intensity [16], where the number
of surveyed buildings is rather low with respect to the total number of building in that area, thus
the dataset is incomplete. A similar criterion is also adopted by Del Gaudio 2017 [11].
It is worth noting that the PGA value assigned to each PGA interval is the mean of the PGA
values suffered by the buildings in that interval. In both the figures, the sets obtained using
either the lognormal and the exponential distributions are plotted. The represented statistical
points are the cumulative observed damage frequency shown in Figure 5. The corresponding
values of fragility curves parameters are shown respectively in Table 2 and Table 3.
The figures confirm the results already shown in the bar graph of Figure 5 for the first damage state, DS1, i.e. that mid-rise RC buildings have a higher vulnerability than low-rise buildings. Mid-rise buildings are more vulnerable also for DS2, whereas they appear less prone to
DS3 than low-rise buildings. For what concern the adopted probabilistic model, the exponential
distribution yields a slightly better fit to the damage statistical points, due to a higher value of
the likelihood function; this result is consistent with the observation of Del Gaudio et al. [11].
Relevant differences are present only for DS1 fragility curves for low-rise buildings, where the
median value,
, increase from 0.01g to 0.1g, whereas dispersion value,
, decrease
from 7.56 to 2.27. In general, the sets of fragility curves show very large values of dispersion
and a flat trend. In fact, the data for DS1 are substantially uniform distributed for different value
of PGA. If these results are compared with the ones presented in Del Gaudio [11] related to
L’Aquila earthquake for low-rise and mid-rise buildings, it is evident the incompleteness of the
starting RC buildings dataset for Emilia earthquake. In particular, mostly lacking buildings are
those with no damage or very low damage, which are instead equally important to have a valid
statistical dataset.
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Figure 6: Empirical fragility curves for the two assumed probability distributions and the two selected building
typologies: (a) low-rise buildings; (b) mid-rise buildings. PGA intervals: 0.0 – 0.4g.

Typological
building class

Lognormal distribution
DS1
DS2
DS3

Low-rise buildings:
0.01 7.56 3.18 4.56
1 - 3 stories
Mid-rise buildings:
0.01 2.80 1.42 4.52
4 - 7 stories
* Parameter values out of the range of validity.

Exponential distribution
DS1
DS2
DS3

-*

-*

1.25 0.10 0.53 0.32 0.39 0.61

-*

-*

2.23 0.10 0.66 0.31 0.19 0.19

P(DS

DSi | PGA)

Table 2: Parameters values of the probabilistic distributions adopted for the typological fragility curves.
PGA intervals: 0.0 – 0.4g.

Figure 7: Empirical fragility curves for the two assumed probability distributions and the two selected building
typologies: (a) low-rise buildings; (b) mid-rise buildings. PGA intervals: 0.1 – 0.4g.
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Typological
building class
Low-rise buildings:
1 - 3 stories
Mid-rise buildings:
4 - 7 stories

Lognormal distribution
DS1
DS2
DS3

Exponential distribution
DS1
DS2
DS3

0.10 2.27 1.67 3.41

-*

-*

2.01 0.45 0.61 0.42 0.23 0.24

0.01 3.09 1.15 3.98

-*

-*

2.17 0.10 0.69 0.34 0.23 0.32

* Parameter values out of the range of validity.
Table 3: Parameters values of the probabilistic distributions adopted for the typological fragility curves.
PGA intervals: 0.1 – 0.4g.

6

CONCLUSIONS

In this work, empirical fragility curves are calibrated on damage data collected after the 2012
Emilia earthquake. The selected sample includes 1,562 RC moment-resisting frame buildings,
obtained discarding the precast RC industrial facilities from the total dataset of RC frame buildings. The ground shaking intensity, expressed in terms of PGA, is deduced from the May 20th
event ShakeMap, neglecting the uncertainty on the estimated IM.
The damage data, defined at element level in the AeDES form, has been associated with the
five EMS-98 damage state for each building in the dataset. Then, the cumulative frequency of
damage distribution was defined for two building classes divided into four PGA intervals and
used as the statistical basis for the calibration of the empirical fragility curves. Two alternative
parametric probabilistic models are assumed for the fitting of the cumulative frequency distribution of observed damage, i.e. the lognormal distribution and the exponential distribution. The
distributions parameters are estimated through the MLE regression technique. The results reveal that mid-rise RC buildings have a higher vulnerability than low-rise buildings with reference to DS1 and DS2 damage states, whereas they appear less vulnerable to DS3. For what
concern the adopted probabilistic distribution, the exponential model yields a slightly better fit
to the damage statistical points. Beyond the consideration of the building classes and the probabilistic models, the sets of fragility curves show rather large values of dispersion and a flat
trend. In particular, for DS1 the distribution of damage seems to be uniform for the different
PGA intervals (about 60% for low-rise buildings, 80% for mid-rise buildings). This evidence
is probably due to the different construction timespan and to the incompleteness of the dataset,
especially with reference to buildings with no damage or very low damage.
In order to obtain a more reliable assessment of the Emilia-Romagna building stock vulnerability, the observed damage data could be integrated with simulated data obtained through
analytical methods or with additional post-earthquake data collected after other seismic events.
7
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Abstract
Seismic fragility assessment of building portfolios usually involves empirical approaches, or
numerical, mechanics-based approaches applied to properly-sampled index buildings representative of defined structural classes. These approaches often neglect the effect of class variability on portfolio seismic risk estimates. Alternatively, metamodeling techniques can be
adopted to surrogate complex mechanical analyses and to properly include class variability.
However, commonly-used metamodels require the a priori definition of the functional form for
the fitting and they quantify the uncertainty on the predictions of the output (e.g., fragility as a
function of the geometry of a building) based on simplifying assumptions. In this study, Gaussian process regression is adopted to address these limitations. The proposed method is demonstrated for seismically-deficient RC school buildings with construction details typical of some
developing countries (e.g., in Southeast Asia), for which real data is available. Gaussian processes estimating the fragility statistics of such schools are fitted based on thousands non-linear
time-history analyses for over 100 building realisations within the structural class. To further
increase the tractability of the methodology, alternative metamodels are defined based on numerical non-linear static (pushover) analyses or analytical “by hand pushover” through the
Simple Lateral Mechanism Analysis (SLaMA) method. Four validation structures (outside the
training set) are defined and analysed through the same approaches. Preliminary results from
this study show predicted-to-“observed” errors below 10%, highlighting the accuracy of the
fitted metamodels. Moreover, non-linear static approaches (SLaMA or numerical pushover),
coupled with the capacity spectrum method, produce sound results, drastically reducing the
computational burden in the model calibration.
Keywords: Regional scale seismic fragility assessment, mechanics-based methods, Gaussian
process regression, class variability.
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1

INTRODUCTION

Seismic fragility is quantitatively expressed as the conditional probability that a structure
will reach or exceed a specified level of damage (or Damage State, DS) for a given value of a
considered ground-motion Intensity Measure (IM). Fragility relationships describe such conditional probability for increasing values of the ground-motion IM, taking the form of cumulative
distribution functions (CDFs). These relationships are a key ingredient in any seismic risk assessment exercise, particularly in the case of building portfolios. Fragility relationships can be
obtained empirically, using observed (post-event) damage data, through expert opinion, or simulating the structural response through computational models and analysis types of different
complexity and computational demand.
If the number of structures of interest is particularly large (e.g., regional scale assessments),
it may be unfeasible to run refined analyses (using refined models) for each individual structure.
Therefore, various building classes are often defined in terms of few parameters (e.g., material/lateral-load resisting systems, height, age of construction), assigning a specified fragility
relationship to each class. Such relationships, usually derived for an “average” archetype building of the class (an “index” building), are adopted for all the buildings in the class. To include
class variability in practical seismic risk assessment applications, surrogate metamodels may
be adopted for each building class. A metamodel is a model of a model: it defines a relationship
between a given set of inputs and outputs, obtained by analysing a relatively-small set of samples (e.g., structures in the same class) and subsequently fitting a function for the outputs that
will replace (or surrogate) the real model.
This allows to have a computationally-efficient tool to capture the complex and implicit
relationship between model input(s) and outputs, such as seismic fragility parameters as a function of structural geometry, materials, detailing, etc. At the same time, metamodels allow to
capture both structure-specific uncertainties (materials, geometry/detailing, modelling) and
class-specific uncertainties. The former are especially important when assessing individual
structures, for instance through the Performance-Based Earthquake Engineering (PBEE) framework. However, commonly-adopted metamodels (response surface method [1], high dimensional model representation [2], etc., described in Section 2.1) suffer for some drawbacks, such
as: 1) the user should specify the functional form for the fitting, potentially generating substantial misfit or, conversely, physically-unsound overfit; 2) they often rely on simplifying assumption (e.g., homoscedasticity, i.e., the variance of the error term is independent of the value of
the input variables).
To address the above issues, it is proposed to adopt Gaussian Process (GP) regressions [3]
to develop a flexible, fast and accurate mechanics-based metamodel for the seismic fragility
parameters of building classes. The proposed approach is demonstrated for seismically-deficient Reinforced Concrete (RC) school buildings with construction details typical of developing
countries (such as Philippines and Indonesia), for which real data is available. To this aim, a
Design of Experiment (DoE) is defined considering (>1000) combinations of selected geometrical and mechanical properties of the case-study portfolio. For each combination, a fragility
curve is defined based on non-linear time-history analyses for 150 unscaled natural ground motions. Several GPs are fitted to the numerical results of the structural analyses. Four extra buildings (not considered in the training of the model) are also numerically analysed.
It is worth noting that significant computational effort may still be needed to calibrate such
metamodel for a single structural class, i.e., thousands of time-history analyses are needed. To
increase the tractability of the approach, two simplified but accurate analysis methods are also
adopted as alternatives. In particular, the same metamodeling methodology is applied deriving
force-displacement curves through the analytical approach Simple Lateral Mechanism Analysis
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(SLaMA) [4,5,6,7,8] or numerical pushover. The Capacity Spectrum Method (CSM, [9]),
adopting the same set of real (i.e., recorded) ground motions, is applied using such curves.
Therefore, two alternative sets of fragility functions are derived, together with the corresponding GP metamodels. Although a systematic analysis of the bias and dispersion in the fragility
parameters due to the simplified methods is still needed, the preliminary results from this study
indicate that such an approach might be feasible in practice. As a future possibility, the bias
and dispersion of the SLaMA-based fragility parameters (with respect to non-linear time-history) could be estimated for different building classes. SLaMA can be used to calibrate GP
metamodels, while correcting the results accounting for such bias/dispersion. This could effectively reduce the required computational burden while providing accurate predictions.
The paper is organised as follows. Section 2 reviews the commonly adopted metamodeling
techniques, highlighting their strengths and limitations. Section 3 describes the methodology
adopted for this study. Section 4 presents an illustrative application of the proposed method,
while Section 5 provides the conclusions of this study.
2

SURROGATE METAMODELLING TECHNIQUES

2.1 Commonly adopted metamodels
This section presents a discussion about some of the commonly-adopted metamodeling techniques, considering their strengths and limitations. It is worth mentioning, however, that a thorough examination of all the available techniques in the literature is outside of scope of this
paper.
The Response Surface Method (RSM, [1]) explores the relationships between several explanatory variables and one or more response variables. It consists of firstly calculating the
response variable for a DoE, which is a set of conditions that directly affect the response variable itself. Finally, an assumed function (usually a polynomial) is fitted to the dataset, for instance through least squares principles. Such method often assumes homoscedasticity and
normality of the error terms, and does not take into account the data correlation, i.e., does not
necessarily provide similar outputs for two “close” input sets. RSM has been effectively used
in earthquake engineering applications (e.g., [10,11]).
High Dimensional Model Representation (HDMR, [2]) is based on a hierarchical expansion
of the inputs to represent a response surface. The first order function represents the effect of
each explanatory variable acting independently, the second order one represents the cooperative
effects of any pair of variables, and so on. The user can choose the required level of refinement
by truncating the expansion. Although such method provides better efficiency and accuracy
with respect to RSM (e.g., [12]), also in this case assumptions are needed on the adopted functional forms.
Multivariate adaptive regression splines (MARS) are a non-parametric regression technique
that fit multiple basis functions to the observed data in different portions of the input domain
[13]. Such method provides higher flexibility than RSM, given that the hypotheses of homoscedasticity and normal distribution of errors can be eliminated. However, a finite set of candidate basis functions should be assigned a priori. Moreover, as per the RSM, the correlation
among different input sets is not considered.
Radial Basis Function Networks (RBFN, [14]) are artificial neural networks based on the
non-linear mapping of the input layer to one “hidden layer” using non-linear functions and a
subsequent linear mapping to the output layer. In particular, the non-linear mapping is based on
radial basis functions which usually have the form of Gaussian or spline functions. An example
of using artificial neural networks for seismic fragility estimations can be found in [15]. Alt-
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hough such method generally provides very good fits, it lacks transparency given that the hidden layer is trained. Moreover, as per the above-mentioned methods, it is not possible to consider both correlation of different input sets nor to have confidence intervals on each output
prediction.
Support Vector Machines (SVM, [16]) are a statistical method based on the mapping of the
input-output relation to a higher-dimensional space and performing linear regression in this
space. Such mapping is done using non-linear kernel functions that can also allow one to consider the correlation among different input sets and a defined set of support vectors. Regression
is based on the minimization of a loss function related to the observed vs predicted output. Such
method has been used for seismic fragility estimation, for example in [17]. One of the main
disadvantages of this method is that the parameters of the kernel functions should be specified,
rather than learned from the data.
GPs [3] overcome all the downsides of the above-mentioned methods and, for this reason,
they are selected in this paper. A GP is a non-parametric statistical method that finds a multivariate Gaussian distribution over the possible functions that can fit a set of observed data. The
mathematical formulation of a GP regression is described in Section 2.2. As an example, in [18]
a GP approach was adopted to fit probabilistic seismic demand models in the context of seismic
fragility analysis.
2.2 Overview of Gaussian Process regression
Given a set of training data, a GP defines a multivariate Gaussian distribution over all the
functions 𝑓(𝐱) that fit such data. In other words, the GP outputs for any arbitrary set of inputs
defines a joint normal distribution. The mathematical form of a GP is described in Eq. (1). 𝐱
and 𝐱 % are two different input vectors (of arbitrary dimension), 𝑚(𝐱) is a mean function, Eq.
(2), defined as the expected value of the GP, and 𝑘(𝐱, 𝐱 % ) is a covariance function, Eq. (3), that
captures the correlation among different input sets reflecting it in the output.
𝑓 (𝐱) ~ 𝒢𝒫-𝑚(𝐱), 𝑘(𝐱, 𝐱 % ).

(1)

𝑚(𝐱) = 𝔼[𝑓(𝐱)]

(2)

𝑘(𝐱, 𝐱′) = 𝔼4-𝑓 (𝐱) − 𝑚(𝐱).-𝑓(𝐱′) − 𝑚(𝐱 % ).6

(3)

The starting point of the fitting procedure is the definition of a prior distribution, which will
be converted into a posterior based on the observed data (in a Bayesian approach). Generally,
a zero mean function is assigned for the prior, since this has a negligible influence on the posterior. The topology of the output functions - with particular reference to its smoothness - is
governed by the covariance function, which specifies the covariance between pairs of random
variables. The nature of the covariance function is the main input from the user and should
reflect the expected behaviour of the output. A common choice in engineering applications is
the squared exponential covariance, Eq. (4), which reflects the “stability” of the involved physical quantities (i.e., a small perturbation of the input produces small changes in the output). In
such equation, (𝑥8 − 𝑥′8 ) is the distance between two input sets, 𝜎8: represent the length scale
of the output in each input dimension. 𝜎;: is the signal variance, which can be seen as the variance of single observations (i.e. the covariance function is equal to 𝜎;: when the distance between 𝐱 and 𝐱′ is zero). The parameters of the covariance are called hyperparameters since
those are not specified by the user but learnt from the data (GPs are non-parametric models).
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(𝑥8 − 𝑥′8 ):
1
𝑘(𝐱, 𝐱′) = 𝜎;: exp ?− B
C
2 8
𝜎8:

(4)

The posterior incorporates in the GP the knowledge embedded in the training data. In particular, this is obtained by conditioning the joint prior distribution, Eq. (5), to the observed data.
Equations (6), (7) and (8) describe this by assuming a vector of (known) training outputs y, for
which each component is related to a vector of inputs. The column vector inputs are collected
in the X matrix. The pairs (𝐟∗ , 𝐗 ∗ ) are related to the (unknown) test data. 𝜎G: is the noise variance, which is a hyperparameter that reflects the uncertain nature of the training pairs.
𝐲
𝐊(𝐗, 𝐗) + 𝜎G: 𝐈 K(𝐗, 𝐗 ∗ )
H𝐟 J ~𝒩 L0, N
ST
K(𝐗 ∗ , 𝐗)
K(𝐗 ∗ , 𝐗 ∗ )
∗
𝐟∗ |𝐗, 𝐲, 𝐗 ∗ ~𝒩(𝐟V∗ , 𝑐𝑜𝑣(𝐟∗ ))

(5)
(6)

𝐟∗ = K(𝐗 ∗ , 𝐗)[𝐊(𝐗, 𝐗) + 𝜎G: 𝐈]Z[ 𝐲

(7)

𝑐𝑜𝑣(𝐟∗ ) = K(𝐗 ∗ , 𝐗 ∗ ) − K(𝐗 ∗ , 𝐗)[𝐊(𝐗, 𝐗) + 𝜎G: 𝐈]K(𝐗, 𝐗 ∗ )

(8)

The last step of the procedure is the determination of the hyperparameters. This is done by
maximising the likelihood, p(𝐲|𝐗, 𝛉), which is the probability of predicting the training data y,
given the training input set X and a set of hyperparameters 𝛉. This is carried out adopting numerical optimisation algorithms often available by default in many programming languages.
3

METHODOLOGY

This study involves the derivation of seismic fragility curves for a class of seismically-deficient RC school buildings representative of the construction practice in some developing countries (Section 4). The main objective of the work is to develop a set of GP surrogate metamodels
to predict the median and logarithmic standard deviation of the fragility functions defined for
four different damage states. The desired surrogate metamodel is depicted in Figure 1 while the
necessary steps to obtain it are described in the following:
1. Design of Experiment. An experimental design matrix is defined considering combinations of selected geometrical and mechanical properties of the school buildings. A three factorial DoE has been selected for this study. The adopted values are shown in Section 4, Table 2.
As a result, a group of 196 building realisations are defined;
2. Analysis. For each entry of the DoE, seismic fragility functions are estimated using different analysis techniques with increasing refinement. The first step of this process is to obtain
a cloud of points in the Engineering Demand Parameter (EDP) vs IM space. For this study, the
maximum inter-storey drift has been selected as the EDP while the IM is defined as the geometric mean (Avg SA) of the pseudo-spectral acceleration in the interval [0.2T1,min, 2T1max],
where T1,min, and T1max are respectively the minimum and maximum elastic period for the buildings in the DoE. 150 unscaled natural ground motions are selected from the SIMBAD database
(Selected Input Motions for displacement-Based Assessment and Design, [19]). As in [20],
these records are selected by first ranking the 467 records in terms of their Peak Ground Acceleration (PGA) values (by using the geometric mean of the two horizontal components) and then
(arbitrarily) keeping the component with the largest PGA value.
The EDP values to be used in the cloud analysis are computed in three different ways. Firstly,
SLaMA [4,5,6,7,8] is adopted to derive analytically a force-displacement capacity curve and
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the expected plastic mechanism for the considered structure. Then, the CSM, [9] is adopted to
calculate the inter-storey drift demand for each of the 150 ground motions. A refined model has
been defined using the FEM software Ruaumoko [21] to derive numerically the force-displacement curve. Such model is capable of predicting the flexural, bar slip and shear failure of RC
beams and columns, together with shear failure in the beam-column joints and strength degradation (details can be found in [22]). The CSM is applied to calculate the maximum inter-storey
drift for the selected 150 ground motions. Finally, the most refined considered method is the
full non-linear time-history analysis, conducted adopting the above-mentioned numerical
model (including stiffness and strength degradation) and ground motions. For each method, the
building realisations are analysed by means of two different two-dimensional analyses in the
transverse and longitudinal directions.
The linear least square method is applied on the derived (EDP, IM) pairs, estimating the
conditional mean and standard deviation of EDP given IM and deriving the commonly-used
power-law model 𝐸𝐷𝑃 = 𝑎𝐼𝑀d , where a and b are the parameters of the regression. The derived probabilistic seismic demand model is used to define the median (𝜇) of four lognormal
fragility curves, one for each DS, and the corresponding logarithmic standard deviation 𝛽
(which is shared among the four curves).
3. GP fitting. For each of the calculated output parameters (medians and standard deviation
for each DS for the three considered analysis methods), a surrogate metamodel has been fitted.
This is done adopting a constant mean function, a squared exponential covariance function with
different length scale in each input dimension and zero noise (different assumptions will be
tested in future studies by the authors). This last setting reflects the deterministic nature of any
numerical analysis (i.e., if the analysis is repeated, the output value does not change). Moreover,
additional (less complex) Gaussian processes are fitted to surrogate the non-linear static forcedisplacement curve. In particular, the displacement and base shear at yielding and ultimate (both
SLaMA- and numerically-based) are treated as output parameters.
Finally, four additional buildings (not considered in the DoE, and outside the training set of
the GPs) have been analysed with the same above-mentioned procedure. The results are compared with the predictions of the surrogate metamodels.

Figure 1: Description of the surrogate model approach.
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4

ILLUSTRATIVE APPLICATION

4.1 Description of the case study and Design of Experiment
The case-study building class selected for this study represents seismically-deficient RC
school buildings, defined based on large data collection exercises (e.g. [23,24]) involving Rapid
Visual Surveys for over 200 school buildings carried out to collect administrative, geometric
and mechanical data related to the investigated buildings.
The analysis of the collected data allows to firstly define building archetypes based on the
most common lateral load resisting system, average geometrical and mechanical features and
structural details. Then, the distributions of the collected data are used to define the DoE, selecting the most relevant varying parameters and their samples. The archetype building (Figure
2) is a two-storey rectangular-plan frame building and it represents approximately 80% of the
surveyed schools. According to the collected geometrical data, the parameters with a significant
variation are the number of longitudinal bays and the length of the transverse bays, while other
parameters such as the number of storeys, the length of the corridor bay, the dimension of the
beams/columns have negligible variability within the survey sample.
The knowledge on the material properties is comparatively lower than for geometry, given
the visual nature of the data collection. Indeed, average values related to Indonesian statistics
[25] for the concrete cylindrical strength and steel yield stress have been used (24MPa and
400MPa, respectively). Moreover, Coefficients of Variation (CoV) respectively equal to 18%
and 5% are selected based on literature studies [26,27]. It is worth mentioning that both the
analytical and numerical models adopted for the study are significantly affected by such quantities, since those affect the flexural and shear characterisation of beams, columns and beamcolumn joints.
Structural detailing is the last major variable in the DoE. Although measured data is not
available, two different simulated design approaches are conducted to reflect two different nominal seismic performances. To this aim, the buildings are simulated designed according to the
Uniform Building Code [28] and the American Society Of Civil Engineers (ASCE) 7-10 [29].
In fact, building codes in the developing countries typically refer (and are fully consistent with)
to the UBC and/or the United States codes [23,24]. However, some of the provisions in such
codes have not been fully applied (e.g. stirrups in the joints) in the simulated design to somehow
take into account the potential lack of code enforcement (observed during the field survey). The
resulting detailing for the two categories (Table 1) leads to “Pre-Code” and “Low-Code” configurations, as defined in HAZUS MH4 (HAZard United States [30]).

Figure 2: Geometry of the archetype building.

According to the above considerations, the selected parameters for the DoE are structural
detailing, the number of longitudinal bays, the length of the transverse bays, concrete cylindrical strength and steel yield stress. The sampling values for the three-factorial design are shown
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in Table 2. Clearly, the number of longitudinal bays have no influence on the analysis in the
transverse direction (the analogous is valid for the length of the transverse bays). Therefore, 54
models are sampled for each building direction, leading to a total of 108 models x 150 ground
motions = 16200 analyses for each of the three considered analysis techniques.

Pre-Code

Low-Code

Typical beam
3f16 top
3f16 bottom
f10@150mm stirrups
3f16 top
3f16 bottom
f10@150mm stirrups

Typical column
3f16 top
3f16 bottom
f10@200mm stirrups
3f16 top
3f16 bottom
f10@100mm stirrups

Typical joint
No stirrups

No stirrups

Table 1: Adopted structural details.
Variable
Structural detailing
Number of longitudinal bays, 𝑁dhij,k [-]
Length of transverse Bays, 𝐿di [m]
Concrete cylindrical strength, 𝑓m [MPa]
Steel yield stress, 𝑓i [MPa]

Samples
Pre-Code
6
2.92
19.68
380

Low-Code
9
3.71
24.00
400

12
4.50
28.32
420

Table 2: Design of experiment.

4.2 Results and Discussion
As explained in Section 3, for each realisation in the DoE, three increasing-refinement analysis methods are adopted. This is done to quantify the bias of the simplified methods (with
respect to the full non-linear time-history analyses) in the estimation of the fragilities (median
and dispersion). Although a surrogate metamodel based on time-history analyses can substantially reduce the computational effort needed for regional scale seismic fragility applications,
its calibration for a single class of buildings still requires thousands of time-history analyses.
Therefore, simplified methods may be needed to render feasible such a metamodeling approach
for a high number of building classes.
Figure 3a shows the longitudinal fragility analysis results for a Low-Code building in the
DoE. Firstly, it is evident that the analytical approach (SLaMA) provides a particularly-good
approximation of the numerical pushover, both in terms of plastic mechanism and force-displacement curve. The two approaches diverge for very high displacements, well beyond the
ultimate limit state of the frame, where strength degradation (not considered in SLaMA) takes
place. Such a minor discrepancy is reflected in Figure 3b, where the EDP vs IM cloud is shown,
as predicted according to the CSM adopting the selected150 ground motions as an input. Indeed, the largest SLaMA vs Pushover discrepancies for maximum inter-storey drift are recorded
for high values of the IM (geometric mean of the pseudo spectral acceleration), which forces
high drift demand to the structure. Interestingly, very good match is shown, overall, among the
non-linear static methods and the non-linear dynamic approach, considering the simplified nature of the formers. Figure 3c shows the estimated fragility curves for four different damage
states (DSi, Slight Damage, Moderate Damage, Extensive Damage, Complete Damage), which
are based on drift limits equal to [0.25 0.6 1.5 2] %, which represent average values valid for
the entire DoE. The highest error on the estimation of the fragility is registered for DS4: respectively +7.3% and -8.7% on the median for SLaMA and pushover with respect to the time-history
(+30.2% and 38.0% for the dispersion).
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Figure 3: Longitudinal analysis results for the Low-Code, 9-bays, 𝑓i -400MPa, 𝑓m -19.7MPa building realisation.

Although the results presented in Figure 3 are promising and are qualitatively representative
of the majority of the analysed buildings in the DoE, there are some other case studies in which
the error trend increases among the non-linear static approaches and the refined time-history.
Figure 4 shows one of such cases, which suggest that more investigations are needed before
suggesting applying simplified non-linear static approaches for fragility analysis. In particular,
such greater error in the fragility estimation (Figure 4c) could be ascribed to the application of
the CSM using the spectra of recorded ground motions. Indeed, using a linear factor to
downscale a natural elastic spectrum according to the expected ductility demand might not be
appropriate since the resulting inelastic spectrum is not sufficiently smooth (if compared for
example to the increased-ductility spectra calculated in [20]).

Figure 4: Transverse analysis results for the Pre-Code, 𝐿di -4.5m, 𝑓i -380MPa, 𝑓m -24MPa building realisation.

The output from the analytical and numerical analyses for the DoE is adopted to fit a number
of GPs. In particular, the median and the dispersion of the fragility curves are used
(𝜇[ , 𝜇: , 𝜇n , 𝜇o , 𝛽). Moreover, each force-displacement curve is represented in bi-linear form
and a GP is fitted for the displacement and base shear of the yielding and ultimate point (both
for SLaMA and pushover, ∆i , ∆q , 𝑉si , 𝑉sq ). An additional subscript is added to such parameters to indicate the adopted analysis method (i.e. SL, PO and TH for SLaMA, pushover and
time-history respectively). A single GP is fitted for each of these parameters, for each structural
vulnerability class (Pre-/Low- code) and for each analysis direction, leading to 92 different GPs.
To demonstrate the achieved goodness of fit, Figure 5 shows the fitted GP related to the
median of the DS2 fragility based on non-linear time-history (𝜇:,tu ), related to the transverse
analysis of the Pre-Code vulnerability class. The higher-dimensional function is “sliced” for
three different values of the steel yield stress (𝑓i ), represented in each panel of the figure, and
further sliced for three different values of the length of the transverse bay (𝐿di ), represented by
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each line in the panels. It is evident that, after the maximisation of the likelihood function, the
mean function of the GP is capable of interpolating the observed data (negligible noise is considered for numerical purposes). Moreover, the shaded areas in the figure represent the 95%
confidence bounds of the predictions. Those clearly indicate that the highest uncertainty is expected for predictions for intermediate values between two observed points, although the highest registered 95% confidence range is approximately equal to ±5% with respect to the mean.
The central panel of this figure also shows the kernel adopted hyperparameters (length scale in
each input dimension, 𝜎y:z{ , 𝜎;:| , 𝜎;:{ , and signal variance 𝜎;: ).

Figure 5: Pre-Code, transverse direction GP for the DS2 fragility median based on full time-history.

For a thorough validation of the entire set of calibrated GPs, four “test” buildings are defined
according to geometrical and mechanical parameters within the ranges of the DoE (Table 3).
Such buildings are analysed (SLaMA, pushover and time-history) to obtain the above-mentioned parameters that define both the force-displacement and the fragility curves (“observed”
data). The same parameters are therefore predicted adopting the calibrated GPs, and a relative
error is calculated in the form of (𝑝𝑟𝑒𝑑𝑖𝑐𝑡𝑒𝑑 − 𝑜𝑏𝑎𝑠𝑒𝑟𝑣𝑒𝑑)/𝑜𝑏𝑠𝑒𝑟𝑣𝑒𝑑.
Test 1
Test 2
Test 3
Test 4

Details
Pre-Code
Pre-Code
Low-Code
Low-Code

𝐵𝑎𝑦𝑠k
9
6
12
6

𝐿di [m]
3.5
4.0
4.3
3.7

𝑓m [MPa]
21.9
27.6
26
23

𝑓i [MPa]
416
390
385
419

Table 3: Building parameters for the test cases.

Figure 6 shows the relative error for all the parameters and all the test cases. Although the
results are still preliminary, it is interesting to highlight that the error is considerably below
10% for the majority of the parameters, which highlights the excellent performance of the GPs
in surrogating such a complex mechanical analysis. This is particularly valid for the force-displacement parameters (mean absolute error 1.4%, maximum 5.9%) and the fragility parameters
based on the non-linear static methods (mean absolute error 1.7%, maximum 13.1%). On the
other hand, the fragility parameters based on time-history analyses present a higher error trend
(mean absolute error 4.2%, maximum 21.7%). Although more investigation is needed, this is
likely to be due to the relatively “unstable” nature of the observed fragility (see also Figure 5).
In turn, the preliminary results indicate that this might be due to the “random” P-delta related
collapses in the time-history analyses. Therefore, it is deemed that a more refined fitting of the
clouds to include such cases in the probabilistic seismic demand model can significantly improve the overall goodness of fit, along with the accuracy of the mechanics-based results.
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It is worth mentioning that such results refer to the surrogated vs observed error, and therefore refer only on the ability of the GP to effectively surrogate complex mechanical analyses.
They do not give any insight on the relative effectiveness of one analysis method with respect
to the others. As mentioned above, this aspect requires more investigation before such a research question can be fully answered.

Figure 6: Predicted vs observed error for the four test buildings.

5

CONCLUSIONS

This study aims at developing a flexible, fast and accurate mechanics-based metamodel for
seismic fragility curves of classes of structures. Such metamodel, based on GP regression, allows to account for class-variability in regional scale seismic fragility assessment applications,
avoiding the need to rely on empirical methods nor using a single fragility curve for the entire
structural class. Moreover, negligible computational power is needed to adopt the fitted metamodel. As opposed to commonly-used metamodeling techniques, the Gaussian process approach allows to have full probabilistic predictions, which renders it more appropriate for
regional-scale risk applications.
Such method is demonstrated for seismic-deficient RC schools with construction details typical of developing countries (such as Philippines and Indonesia), for which real data is available.
Gaussian processes to estimate the fragility curves of such schools are fitted on the basis of
thousands of time-history analyses for over one hundred building realisations within the structural class. To further increase the tractability of the methodology, alternative metamodels are
defined based on numerical pushover analyses or analytical “by hand” non-linear static analyses
by means of the SLaMA method. Four “test” buildings (outside the calibration set) are defined
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and analysed by the same means. Predicted vs “observed” error define the accuracy of the fitted
metamodels.
For the test sets, the predicted vs “observed” error is below 10% for the majority of the
analysed parameters. However, a more refined fitting of the probabilistic seismic demand model
is needed before confirming the observed error trends (which will be presumably reduced).
Although a systematic analysis of the bias of the simplified methods is still needed, non-linear
static approaches (SLaMA or numerical pushover), coupled with the CSM, seem to be capable
of producing sound results, drastically reducing the computational demand. Also, the generic
ground-motion set used in this study could be replaced by ad-hoc, site-specific (e.g., hazardconsistent) ground-motion sets.
More investigations are needed to refine these preliminary results. However, these seem to
indicate that metamodels based on Gaussian process regression could be an appealing solution
for the seismic fragility analysis of building portfolios. Moreover, the analytical method
SLaMA could be combined to the metamodel, to effectively “control” the mechanics of the
problem and avoid a black box effect. In other words, SLaMA could be easily applied to all the
cases in the regional assessment, to predict the force-displacement curve and the expected plastic mechanism. Therefore, those could be used as additional inputs to the metamodel, adopted
to predict the fragility curves.
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Abstract
In the seismic risk assessment, the factor concerning the vulnerability of buildings under effect of earthquakes assumes a crucial importance. The research aims to evaluate vulnerability
curves for masonry Italian buildings through a critical observational approach, useful for
analyses at national scale.
To this purpose, a damage and typological Italian database is exploited and, on the basis of
its contents statistical correlations among level of damage, hazard input and typological
characteristics of the buildings are studied. The vulnerability curves are derived using a regression method and their calibration is supported by critical observations on the reliability
of the dataset and, consequently, by introducing corrective hypotheses.
Furthermore, the research proposes a validation of the curves through the IRMA platform
(Italian Risk MAp), a tool developed by Italian Civil Protection for the development of analysis of scenario and risk.

Keywords: Seismic risk assessment, empirical approach, masonry buildings.
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1

INTRODUCTION

In the framework of disaster risk reduction, the "risk assessment" phase assumes a crucial
role. The evaluation of damage induced by seismic events on the elements exposed constitute
the first step to achieve a high level of protection of hit territory.
The “risk” is the probability to reach a predetermined level of damage on given element
exposed (people, buildings, infrastructures, economy, etc.) caused by seismic events occurring
in a given period of time and in a certain geographical area. The risk should be considered as
a cumulative assessment, related to the potential total damage generated by all seismic events
that can occur in a given area in a predetermined period of time. The “scenario”, instead, represents the probabilistic distribution of the damage, in a given geographical area, caused by a
single seismic event of intensity “i” (chosen as "reference scenario"), with assigned probability of occurrence [1]. In both analyses, three aleatory variables (hazard, exposure and vulnerability) must be considered according to the convolution (1).
Risk [Scenario] = Hazard Scenario [Single Hazard] x Exposure x Vulnerability

(1)

The “hazard scenario” is the probability of occurrence of all the possible seismic events [of
each single “hazard” event] in a specific area during a specific time. The “exposure” is the
qualitative and quantitative geographic distribution of the different elements at risk (population, buildings, infrastructures, activities and facilities) which characterize the examined area,
whose conditions and/or functionality could be damaged, modified and destroyed because of
the occurrence of the seismic events. The “vulnerability” is the response of an exposed element at risk to a given seismic event. It can be assessed as the probability that an exposed element at risk reaches a given level of damage, according to an opportune measurement scale,
under the effects of a natural event of assigned intensity.
In this paper, seismic vulnerability for Italian masonry buildings is evaluated. Seismic
buildings vulnerability can be essentially evaluated exploiting three methods [2]: empirical
approach, analytic approach and hybrid approach. The first one provides to define buildings
behavior exploiting detected data about structures affected by seismic events. In particular,
statistical correlation and regression methods are used to define the relation among typological characteristics of the buildings, hazard input and level of damage. The second one studies
buildings vulnerability through mechanical analyses able to describe the damage evolution of
a building with assigned typological and structural characteristics, increasing the hazard input
value. In the third the vulnerability curves are obtained combining the mechanical and observational analyses of the damages produced by past events.
The research proposed adopts a critical empirical approach based on the statistical analyses
of damaged observe on Italian masonry buildings after past seismic events aiming to develop
"vulnerability curves".
The seismic vulnerability of buildings by empirical approach can be assessed by two main
tools: the damage probability matrices DPM, which express in a discrete form the conditional
probability of obtaining a damage level j, due to a ground motion of intensity i; and the vulnerability functions, which are continuous functions expressing the probability of exceeding a
given damage state, given a function of the earthquake intensity.
The initial obstacle to derivation of continuous vulnerability functions, compared to DPM,
is due to discrete scale of the macroseismic intensity. The problem has been overcome by using Parameterless Scale of Intensity, PSI ([3], [4]), subsequently converted to PGA using empirical correlation functions.
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In the literature, vulnerability curves have been derived as binomial [5], normal or lognormal distributions ([6], [7]) as a function of PGA or also connected to spectral acceleration or
spectral displacement at the fundamental elastic period of vibration ([8], [9], [10]).
The approach described aims to assess vulnerability curves, as a lognormal distribution in
function of PGA, for Italian masonry buildings. To this purpose, a damage and typological
Italian database is exploited and, on the basis of statistical correlations damage-motion relationships are studied. The vulnerability curves are derived using a regression method and their
calibration is supported by critical observations on the reliability of the dataset and, consequently, by introducing corrective hypotheses.
As all empirical approaches, the study assumes that damage due to past earthquakes observed in the structures classified by type, will be the same in future earthquakes in that region
and it will be representative of the vulnerability for areas with similar building stocks when
subjected to similar size future events. The reliability of this curves, in the framework of Italian risk assessment, at national scale, is connected to the large size of database (about 240,000
buildings), which can well reflect the real damage and incorporates the effects on building
response of factor such as material degradation, configuration and detailing arrangement,
which are otherwise difficult to model.
The curves are developed in the framework of the technical board promoted by Italian Civil Protection with the aim to develop seismic vulnerability curves for Italian buildings differently classified in function of vertical structures (masonry and reinforced concrete) to assess
scenario and risk analyses by IRMA platform, Italian Risk MAp [11].
2

CALIBRATION

The steps adopted to calibrate the vulnerability curves exploiting the PLINIVS damage database are:
• Uniformity of the database;
• Assignment of the class for each building in the database
• Mathematical calibration of the vulnerability curves.
In particular, the last step is done exploiting the procedure illustrated in Figure 1. In this work,
only the optimal hypothesis on the not detected data is reported, and criteria for the validation
are illustrated in Paragraph 3.
2.1

Uniformity of the database

The PLINIVS database contains information on approximately 240,000 masonry buildings.
The database is constituted by data collected for main Italian seismic events (Irpinia 1980,
Umbria Marche 1997, Molise Puglia 1997, Pollino 1998, Emilia 2003, Aquila 2009, Emilia
2012). Each survey activity is related to a different form that differently organizes information
about typological characteristics and level of damage. In particular, Irpinia 1980 is surveyed
with Irpinia form and the others seismic events are surveyed with AeDES form. A uniformity
of the database is done by choosing the most important typological and structural characteristics in the forms and by defining the possibilities of each characteristic. The chosen parameters and their classes are reported in Table 1.
Furthermore, an adaptation at the same scale of the different ranges of the levels of damage
is done. In particular, the six levels of damage of the EMS98 are used as reference of the proposed model: D0: no damage; D1: not structural damage; D2: light structural damage; D3:
structural damage; D4: partial collapse; D5: total collapse. An adaptation of the forms range
to this scale is summarized in Table 2.
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Figure 1: synthetic diagram of the adopted procedure

2.2

Assignment of the vulnerability class for each building of the database

The definition of the behavior of a building based on its structural typological characteristics
is evaluated using the "S.A.V.E." method [12], a procedure for a quick assignment of the
seismic vulnerability according to the classification adopted in EMS’98. The assignment criterion adopted by the EMS98 is essentially based on the characteristics of the vertical structure, with uncertainty intervals in some rather large cases (Figure 2). These uncertainty
intervals can also significantly influence risk or impact analyses. "S.A.V.E." method starts
from the same concept of the EMS’98 and defines the average behavior of a building considering its vertical structure. In a second step reduces the uncertainty in the assessment of the
vulnerability class through the systematic observation of others typological and structural
characteristics of the building influencing the response. These are associated to numerical parameters that represent the vulnerability level modifiers, applied within a rapid vulnerability
estimation algorithm. Numerically, the weight of each of these parameters is evaluated
through the statistical analysis on the PLINIVS database of typological recurrences and seismic damage recorded during past earthquakes.
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VARIABLE OF THE PARAMETER

PARAMETERS

1

2
weak and
irregular
masonry

3
regular and
good quality
masonry
brick cement
floor

4

5

vault

mixed

6

Vertical structure

generic masonry

Horizontal Structure

wooden floor

steel floor

Number of floors

1-2

3-4

5-6

7-8

more of 8

Age of construction

< 1919

1919-1945

1946-1961

1962-1971

1972-1981

>1981

Position in the aggregate

isolated

lateral

center

corner

Isolated columns

yes

no

Horizontal connections

yes

no

Plant regolarity

yes

no

Infill regolarity

yes

no

Roof

light

heavy

light with
thrust

heavy with
thrust

light without
thrust

heavy
without
thrust

Structural reinforcement

no reinforce

steel
reinforce

no steel
reinforce

other

Table 1: considered parameters and their variables

IRPINIA FORM

AeDES FORM

Level of
Level of
damage Convertion
Convertion
damage of
of Verti- in EMS'98
in EMS'98
Horizontal
cal Strucscale
scale
Structure
ture

Level of
Level of
damage Convertion
Convertion
damage of
of Verti- in EMS'98
in EMS'98
Horizontal
cal Strucscale
scale
Structure
ture

0
1
2
3
4
5
6
7
8

0
1
2
3
4
5
6
7
8

0
1
2
3
4
5

L
H
I
G
F
E
D
C
B
A

0
1
2
3
4
5

(a)

0

L
H
I
G
F
E
D
C
B
A

2

3
4
5

0
1
2
3
4
5

(b)

Table 2. Conversion of level of damage into the EMS'98 range of damage for Irpinia Form (a) and
AeDES Form (b)
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Figure 2. EMS'98 vulnerability classes and uncertainly ranges

The “S.A.V.E”. method proposes the definition of vulnerability classes on the basis of the
vertical structure behavior. In particular, three classes of Vertical Structure (VS) are defined
as below:
▪ V0- "Generic" masonry (in the absence of information on the quality of the wall structure)
▪ V1 - Weak and irregular masonry.
▪ V2 - Regular and good quality masonry
Each building in the database is assigned the corresponding Vi class. The response of buildings grouped by class is examined for each level of seismic intensity and damage distributions
are defined (D0, D1, .... D5). For each of the three VS damage distributions the Synthetic
Damage Parameter (SPDVi) is estimated, identifying it as the barycentric abscissa of the damage distribution. On the basis of this analysis, three ranges of SPD representative of the VS
are evaluated. In particular, Class A represents the weak and irregular masonry, class B the
“Generic” masonry and class C1 the regular and good quality masonry (Table 3).
SPDV,max
SPDV,min

A
5.00
2.20

B
2.20
1.60

C1
1.60
0.00

Table 3: range of SPDV for each vulnerability class

Parameters summarized in Table 1 are considered as the modifier that can improve or worsen
the average behavior of a building under seismic action and, consequently, influence the assignment of the vulnerability class. With the aim of evaluating their influence, the SPDVi-Pjk is
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estimated on the sample of buildings with a chosen VS and the considered parameter. For
example, with the purpose to evaluate the influence of the horizontal structure on “Generic”
masonry (V0) buildings, SPDV0-Pjk value is calculated for V0 with wooden floor sample, V0
with steel floor sample, etc. The difference between SPDVi-Pik value and the SPDVi value defines the influence of the modifier k of the parameter Pj in the vertical structure Vi. At the end,
for each building, assumed as the "base" score the average SPDVi value of the class VS belonging to, the vulnerability score is calculated by adding to it the contributions of all the
known parameters by the following equation (1):
(1)

in which:
▪
▪
▪
▪
▪
2.3

q is the influence of the independent parameter
p is the influence of the dependent parameter
n is the number of independent parameters
m is the number of dependent parameters
cij is che coefficient of correlation between pi and pj parameters (see [12] to depeen)

Mathematical calibration of the vulnerability curves

The vulnerability curve represents the probability that a level of damage is reached or exceeded for a fixed value of hazard. In this work the vulnerability curves are obtained applying
the minimum square regression method on the data derived by the database. In particular, for
each vulnerability class the buildings distribution on each hazard value is estimated, and the
cumulative values of each level of damage are calculated and regression method is applied on
the results. The hazard values associated to each municipality in the database is in intensity,
and a conversion in PGA is engineeringally convenient. To this purpose, the Margottini [13]
law conversion, equation (2), is applied.
(2)

The accuracy of the buildings distribution for each considered hazard value represents a
fundamental requirement for the right calibration of the curves. The accuracy depends on the
completeness of the dataset index Ic, defined as the percentage of surveyed buildings compared to the total buildings on the area invested by the considered hazard. The assumption of
the buildings distribution evaluated on the database represents a generalization of the obtained
values on the total area invested by the considered hazard. So, the reliability of the values is
strictly related to the percentage of surveyed buildings: a high percentage gives a more accuracy value. The regression used to calibrate the vulnerability curves takes in account the reliability of the data exploiting the completeness of the sample. In particular, for each hazard
value the completeness index Ic is evaluated, and it’s also used as weight of the associated
buildings distribution.
The evaluation of the completeness index Ic to be associated to the hazard values is done
exploiting the seismic event of Aquila2009 only, because of its good completeness of data.
Required information are: the hazard input, the total number of buildings in the affected area
and the number of detected buildings. The hazard input is derived by shakemap furnished by
the INGV, in which the peak ground acceleration values are furnished through iso-
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acceleration curves with steps of 0,02g. The total number of buildings in the affected area is
derived by the ISTAT2001, in which the total number of buildings is furnished for unit zones.
The number of detected buildings is provided by the PLINIVS database for each municipality.
Since the inventory of building stored in the PLINIVS database is grouped by municipalities,
in order to harmonize the information, the ISTAT2001 data, provided by census zones, have
to be converted and grouped by single municipalities. A single value of PGA is associated to
each municipality. In particular, the value is obtained considering the PGA value of the
L’Aquila 2009 shakemap, represented in Figure 3, corresponding to the centroid of the municipality.
For each step value of PGA all associated municipalities are considered, and the numbers
of detected buildings and the total present buildings are evaluated. At the end, the completeness index Ic for each PGA value is estimated as ratio of detected buildings and total buildings. In Figure 3 are also highlighted municipalities with Ic ≥ 30%. The completeness index Ic
obtained on the L’Aquila2009 sample represents the best calibration that can be done since
the good completeness of the sample, so a generalization of the calculated correspondence Ic
– PGA of this sample is done for all the database.

Figure 3. L'Aquila2009 shakemap

In Table 4 the cumulative damage building distribution and the completeness index Ic associated to each PGA value are resumed for each vulnerability class and each level of damage.
Results in Table 4 show that at lower values of hazard corresponds lower values of Ic. The
reasons are essentially two: the first one is that at lower hazard values corresponds larges areas, the second one is that a lower hazard generates less damages therefore there is a high
probability that no damaged buildings are neglected. “No information” at lower hazard values
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CLASS A
PGA
Ic
D1
0,04 4%
0,80
0,08 12% 0,81
0,12 46% 0,85
0,16 38% 0,92
0,20 45% 0,91
0,24 39% 0,82
0,28 62% 0,84
0,32 84% 0,94
0,36 100% 0,87
0,54 100% 0,98

D2
0,43
0,55
0,67
0,76
0,74
0,59
0,61
0,83
0,71
0,92

D3
0,27
0,30
0,39
0,49
0,44
0,42
0,48
0,55
0,59
0,76

D4
0,12
0,13
0,22
0,31
0,25
0,22
0,28
0,37
0,41
0,63

CLASS B
D5
0,03
0,03
0,04
0,06
0,06
0,06
0,09
0,11
0,16
0,33

D1
0,70
0,62
0,62
0,82
0,71
0,66
0,71
0,85
0,72
0,77

D2
0,26
0,34
0,41
0,56
0,47
0,34
0,35
0,67
0,47
0,54

D3
0,12
0,10
0,15
0,27
0,19
0,18
0,22
0,35
0,35
0,26

D4
0,04
0,03
0,08
0,13
0,09
0,07
0,11
0,21
0,21
0,16

CLASS C1
D5
0,01
0,01
0,02
0,02
0,01
0,01
0,04
0,05
0,08
0,05

D1
0,59
0,43
0,45
0,65
0,54
0,41
0,46
0,60
0,61
0,83

D2
0,12
0,12
0,18
0,27
0,22
0,11
0,09
0,37
0,29
0,56

D3
0,05
0,04
0,05
0,06
0,08
0,04
0,04
0,15
0,13
0,15

D4
0,02
0,01
0,02
0,03
0,03
0,01
0,02
0,06
0,06
0,04

D5
0,00
0,00
0,00
0,01
0,00
0,00
0,00
0,02
0,01
0,01

Table 4. Cumulative damage percentage values for each level of damage and each vulnerability class

can be considered as a “no necessary information” for the surveyors, i.e. absence of damage.
The map in Figure 3 shows that for PGA ≤ 0,02 g there are no information, so there is a high
probability that the buildings are not damaged. The reasonable hypothesis that there are no
damaged buildings for each vulnerability class with PGA = 0,02 g is taken into account. Furthermore, considering the high probability of the accuracy of this hypothesis, a completeness
index Ic = 0,95 is associated to this PGA value.
Furthermore, another conceptual assumption is done. Vulnerability curves representative of
different levels of damage but belonging to the same class can’t have intersection points. To
avoid mathematically this problem, the same logarithmic standard deviation is assumed for
curves of the same vulnerability class.
At the end, exploiting the minimum square regression method, curves are derived by equations (3):
(3)

in which
▪ xi is the PGA value;
▪ yi is the cumulative distribution of the considered damage associated to the xi value;
▪ Ici is the completeness index associated to the xi value;
▪ λ is the logarithmic mean of the curve;
▪ β is the logarithmic standard deviation of the curve.
The obtained curves are represented in Figure 4.
3

VALIDATION

A validation of the vulnerability curves calibrated into the Paragraph 2 is done on the
L’Aquila2009 scenario through the IRMA (Italian Risk MAp) platform, a tool developed by
Italian Civil Protection with the aim of evaluate casualties caused by expected Italian seismic
events in a fixed time window. The platform is also able to evaluate the consequences of past
Italian seismic events such as L’Aquila2009. One of the strength points of the platform is the
possibility to analyze separately the sample of buildings in reinforced concrete and the masonry one. In this work, only vulnerability curves for masonry buildings are calibrated so only
this sample is considered in the platform.
Two kinds of data are in the platform: 1) not accessible and not editable data and 2) data set
by the user. In the first group of data there are the input hazard values and the disaggregated
ISTAT2001 database.

1753

Francesca L. Perelli, Daniela De Gregorio, Francesco Cacace and Giulio Zuccaro

Figure 4. Vulnerability curves obtained by the regression method
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Input hazard is in PGA and it’s derived by a shakemap for the scenario assessment and by
probability functions for risk maps analyses. Disaggregated ISTAT2001 database allows to
evaluate the exposure on the areas exploiting some user input data.
In the second group of data there are the parameters of the vulnerability curves and the buildings distribution on the vulnerability classes for the combination of group of floors and age of
building. Required parameters of the vulnerability curves are mean μ and standard deviation σ
of the functions for each combination of vulnerability class and group of floors. The parameters are obtained by logarithmic mean λ and logarithmic standard deviation β calibrated into
the regression method exploiting the equations (4):

(4)

At the end, keeping in mind that the proposed method does not furnished differentiated parameters for the combination vulnerability class / group of floors, the updated mean and
standard deviation in the platform depending on the vulnerability class only are summarized
in Table 5 and buildings distribution in the vulnerability classes in summarized in Table 6.
D1

D2

D3

D4

D5

μ

σ

μ

σ

μ

σ

μ

σ

μ

σ

A

0,120

0,184

0,280

0,429

0,446

0,584

0,882

1,157

1,760

2,307

B

0,220

0,245

0,424

0,473

0,684

0,764

1,162

1,298

1,828

2,042

C1

0,393

0,372

0,850

0,804

1,085

1,028

1,776

1,682

3,124

2,958

Table 5. mean and standard deviation of vulnerability curves

On the basis of this values, L’Aquila2009 scenario is calculated on the platform and buildings
distribution on the six levels of damage is derived for municipalities with Ic ≥ 30% and Ic ≥
90%. A comparison with the buildings distribution furnished by the database (derived by the
AeDES forms) in the same municipalities is presented in Figure 5.
Figure 5.a shows a good approximation between buildings damage distribution derived by
vulnerability curves presented in the paper and damage buildings distribution derived by
PLINIVS database processed by AeDES. The higher difference of buildings percentage is, in
fact, equal to 5% for the level of damage D2. Figure 5.b, contrary, shows that vulnerability
curves return a higher percentage of not damaged buildings (level of damage D0). The obtained results are congruent with observation done in paragraph 2: low values of Ic are caused
by no detection of not damaged buildings.
4

CONCLUSIONS

The proposed research aims to evaluate vulnerability curves, as a lognormal distribution in
function of PGA, for masonry Italian buildings through a critical observational approach. To
this purpose the PLINIVS is exploited, and on the basis of these contents statistical correla-
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Age of construction
< 1919

1919 - 1945

1946-1961

1962-1671

1972 - 1981

> 1982

group of floors
1-2
3-4
5 or more
1-2
3-4
5 or more
1-2
3-4
5 or more
1-2
3-4
5 or more
1-2
3-4
5 or more
1-2
3-4
5 or more

Class A
70%
73%
80%
55%
60%
30%
32%
39%
1%
18%
28%
19%
13%
27%
11%
14%
20%
20%

Class B
27%
24%
12%
36%
30%
20%
51%
31%
21%
55%
25%
8%
48%
20%
6%
16%
16%
1%

Class C1
3%
3%
8%
9%
10%
50%
17%
30%
78%
27%
47%
73%
39%
53%
83%
70%
64%
79%

Table 6. Buildings distribution on the vulnerability class depending on age of contstruction and group of floors

(a)

(b)

Figure 5. damage buildings distribution derived by vulnerability curves [PLINIVS (IRMA)] and PLINIVS database (AeDES)

tions among level of damage, hazard input and typological characteristics of the buildings are
studied. The vulnerability curves are derived exploiting a regression method, and their calibration is supported by critical observations on the reliability of the dataset and, consequently,
by introducing corrective hypotheses. The reliability of this curves, in the framework of Italian risk assessment, at national scale, is founded to the large size of database (about 240,000
buildings), which can well reflect the real damage and incorporates the effects on building
response of factor such as material degradation, configuration and detailing arrangement,
which are otherwise difficult to model.
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As all the empirical method, this study has the limit that assumes that damage due to past
earthquakes observed in the structures classified by type, will be the same in future earthquakes in that region and it will be representative of the vulnerability for areas with similar
building stocks when subjected to similar size future events. However, differently to the analytic method it has the advantage that takes in account the true state of deterioration of the
building without introducing hypothesis in the modeling.
In this work a validation of the curves is proposed in reference to L’Aquila2009 earthquake,
that is a part of the sample used to calibrate the curves, so a partial self-reference has to be
taken into account. Future developments plan to adopt the vulnerability curves developed with
reference to seismic events not used for the calibration of the vulnerability curves. The aims
of these developments are the exhaustive evaluation of the reliability of the vulnerability
curves and the determination of the representativeness of the Aquila area on different Italian
areas.
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Abstract
This paper presents empirical fragility curves for the Italian residential reinforced concrete
building stock, by taking advantage of post-earthquake damage data collected in the online
platform Da.D.O., recently released by the Italian Department of Civil Protection. The peak
ground acceleration from shakemap is selected to represent the ground motion severity at the
building locations. Reinforced concrete buildings are classified into fifteen structural typologies, identified based on the number of stories (from 1 to 5) and the type of design (i.e. for
gravity loads only, for seismic loads pre-1981 and for seismic loads post-1981). Typological
fragility curves are derived for five damage states of the EMS-98, accounting for damage on
both structural and non-structural building components. Two vulnerability classes, C2 and D,
of decreasing vulnerability are defined, then refined based on the building class of height (i.e.
low-rise, mid-rise and high-rise). Fragility curves of the predefined vulnerability classes are
then obtained by averaging typological fragility functions, suitably weighted based on the
composition of the existing building stock. The proposed fragility model is then implemented
in the Italian National platform for large-scale seismic risk assessment.

Keywords: Seismic Risk, Seismic Vulnerability, RC buildings, Post-earthquake Damage Data.
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1

INTRODUCTION

The propensity of buildings to suffer damage due to earthquakes has been deeply investigated within international projects (e.g. Hazus [1], RISK-UE [2]) and more recently to derive
the Global Seismic Risk Map [3] reporting the average annual loss due to ground shaking in
the residential, commercial and industrial building stock, considering contents, structural and
non-structural components for each country.
Several research groups adopted different approaches for estimating seismic vulnerability
of buildings, that may be distinguished as empirical ([4][5][6][7][8][9][10][11][12][13]) and
analytical/mechanical ([14][15][16][17][18][19]).
One of the novelties of the present work is represented by the availability of postearthquake data made available by the Italian Department of Civil Protection (DPC) through
the Da.D.O. platform [20].
These data will be critically analysed and integrated with census data, in order to obtain a
reliable and complete sample of buildings. One of the issues to be faced concerns the fact that
often post-earthquake inspections are carried out only after the explicit request of building’s
owner. This means that inspections mainly concern damaged buildings only, thus leading to
partial and biased samples underestimating the percentage of undamaged structures, since it is
very likely that non-surveyed buildings correspond to undamaged cases.
In the present work, fragility analysis will be carried out considering the peak ground acceleration (PGA) to characterize seismic input. Five damage states in accordance with EMS98 classification are considered, accounting for damage on both structural and non-structural
building components. Thus, typological fragility curves for fifteen structural typologies will
be firstly derived, identified based on the number of stories (from 1 to 5) and the type of design (i.e. for gravity loads only, for seismic loads pre-1981 and for seismic loads post-1981).
A refining process aiming at developing a generalizable procedure based on national census
data allows to obtain fragility curves for two vulnerability classes, C2 and D, of decreasing
vulnerability, by averaging the abovementioned fifteen typological fragility functions, suitably weighted based on the frequency of the above typologies evaluated on census data. The
proposed fragility model is implemented in the Italian national seismic risk platform [21],
which is used to develop an example of application, with reference to the Tuscany region.
2

DESCRIPTION OF THE POST-EARTHQUAKE DAMAGE DATABASE

This study is based on the elaboration of post-earthquake damage data included in the
Da.D.O. platform [20]. These data were collected during post-earthquake surveys on ordinary
buildings, after the earthquakes occurred in Italy in the period 1976-2012 and concern nine
seismic events, i.e. Friuli 1976, Irpinia 1980, Abruzzo 1984, Umbria-Marche 1997, Pollino
1998, Molise 2002, Emilia 2003, L'Aquila 2009, Emilia 2012. For each surveyed building, the
database provides information on building position, building characteristics such as number of
storeys, interstorey height, storey surface area and construction age, typological characteristics and damage information for different building components.
Since different survey forms were used after the different events, hence providing different
type and detail of information (regarding for example the damage scale and the building components for which damage is detected), huge efforts have been recently undertaken to homogenize all data collected in the Da.D.O. platform. The database includes a total of 319’470
ordinary buildings, among which approximately 78% are masonry buildings, 8% are RC
buildings and the rest refers to other typologies.
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3

INGREDIENTS OF FRAGILITY CURVES

In this section the derivation of fragility functions of Italian RC buildings is presented. The
approach adopted to characterize the ground motion severity is firstly discussed, followed by
the definition of discrete levels of damage in accordance with the EMS-98 classification. Subsequently, the statistical model and the fitting procedure selected to derive the continuous
(lognormal) representation of seismic fragility as a function of the ground motion shaking is
reported.
3.1

Characterization of the ground motion severity

Fragility curves are derived using PGA as a ground motion intensity measure. To assign a
value of PGA to each inspected building, shakemaps can be a very valid tool. Therefore, this
study considered only the events for which a shakemap was available, consistently derived
with the Italian National Institute of Geophysics and Volcanology (INGV) procedure [22],
using different Ground Motion Prediction Equations and the signals registered by the Italian
Strong Motion Network (RAN) and by the Italian National Seismic Network (RSN). Since
2008, INGV has been publishing maps for each seismic event with magnitude larger than 3.
Nevertheless, the map of the 23rd of November 1980 Irpinia earthquake is available in [22].
Figure 1 shows the shakemaps of the two considered seismic events, i.e. Irpinia (1980) and
L’Aquila (2009).
The selection of these two events was also based on the availability of damage data concerning both structural and non-structural (i.e. masonry infill/partitions) building components.
Indeed, infill/partition damage is a key aspect to evaluate the seismic behavior of RC buildings.

(a)

(b)

Figure 1: Shakemaps for the November 23rd, 1980 Irpinia earthquake from [22] (a) and for the April 6th, 2009
L’Aquila earthquake (b).

3.2

Classification of RC buildings

According to [4], all the municipalities of the Irpinia database were completely surveyed.
For the L’Aquila event, the complete and unbiased dataset was defined by selecting munici-
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palities with a completeness ratio (i.e. number of surveyed buildings over total number of
buildings) larger than 90%. The total number of residential reinforced concrete buildings
turned out to be equal to 10,336 buildings (i.e. 8206 from L’Aquila database and 2130 from
Irpinia database).
Most RC buildings of the Irpinia database, for which the information on the age of construction was available, was built after 1962, while for the L’Aquila dataset about 34% of the
buildings was built before 1981 and 66% after 1981. Focusing on the number of stories, 66%
of Irpinia buildings has 1 or 2 stories, 30% has 3 or 4, and 4% more than 4 stories, with a
modal value of 2; on the other hand, 29% of the L’Aquila buildings has 1 or 2 stories, 64%
has 3 or 4, and 7% has more than 4 stories, with a modal value of 3.
Figure 2 shows the subdivision of RC buildings of the Irpinia and L’Aquila datasets based
on the number of stories and construction age. Note that no correlation is observed between
the two parameters both for Irpinia 1980 and L’Aquila 2009 databases.
Moreover, useful information about design typologies of buildings can be derived by simply comparing their age of construction with the year of first seismic classification of the site.
Note that the vast majority of Municipalities hit by the Irpinia event were not yet classified as
seismic before 1981 [23], whereas most of the Municipalities hit by the L’Aquila event were
classified as seismic since 1915 [24].
40%
Percentage of buildings

Percentage of buildings

60%

45%

30%

15%

0%

30%

20%

10%

0%

Age of construction
NS = 1

NS = 2

NS = 3

NS = 4

Age of construction
NS = 1

NS > 4

NS = 2

NS = 3

NS = 4

NS > 4

Figure 2: Distribution of age of construction and number of stories (NS) for Irpinia 1980 (a) and L’Aquila 2009
(b) databases.

Considering that it is very likely that non-surveyed buildings located in low-PGA areas
were undamaged, it is possible to account for this negative evidence of damage by increasing
the number of undamaged buildings considered in the database. The L’Aquila database, indeed, was integrated by adding buildings located in non-surveyed and partially-surveyed
(with completeness lower than 10%) municipalities, assuming they were undamaged. National census data was used to derive an estimate of the number of undamaged buildings to be
added, which resulted in 36’183 RC buildings, sited in the 176 non-surveyed municipalities
and 14’641 RC buildings, located in the 49 partially-surveyed municipalities.
3.3

Classification of the observed seismic damage

Damage levels were defined according to EMS-98 [25], considering five levels (from DS1
to DS5), in addition to the absence of damage (DS0). DS1 corresponds to slight to negligible
damage, DS2 to moderate damage, DS3 to substantial to heavy damage, DS4 to very heavy
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damage and DS5 to collapse. The damage conversion rule proposed by Dolce et al. [20] was
used to convert the level of damage reported in the Irpinia survey forms into the considered
scale (Table 1). For L’Aquila dataset, the rules proposed by Rota et al. [8] and Del Gaudio et
al. [10] were instead adopted (Table 1). The maximum level of damage observed between
vertical structure and masonry infills/partitions was associated to each inspected building.
Table 1: Damage conversion rules adopted for damage classification of RC buildings [12]
L’Aquila survey form

Irpinia survey form
Structural components

Non-structural
components

Structural
components

Non-structural
components

DS0

No damage

No damage

DS1

Insignificant
Negligible

Insignificant
Negligible

D0
D1 - <1/3
D1 - 1/3-2/3
D1 - >2/3

DS2

Considerable
Serious

Considerable
Serious

D2-D3 - <1/3

DS3

Very serious

Very serious
Partially-collapsed
Collapsed

D2-D3 - 1/3-2/3
D2-D3 - >2/3

D0
D1 - <1/3
D1 - 1/3-2/3
D1 - >2/3
D2-D3 - <1/3
D2-D3 - 1/3-2/3
D2-D3 - >2/3
D4-D5 - <1/3
D4-D5 - 1/3-2/3
D4-D5 - >2/3

DS4
DS5

3.4

Partiallycollapsed
Collapsed

D4-D5 - <1/3
D4-D5 - 1/3-2/3
D4-D5 - >2/3

Statistical model and model fitting technique

Observational data were fitted using a statistical model, providing the expected seismic
damage as a function of the severity of ground motion shaking.
As discussed in [13], the multinomial distribution was selected to subdivide the number of
buildings, nij, in the different damage levels DSi, for a given PGA level PGAj:
𝑛

𝑛𝑖𝑗 ~
𝑖=0

𝑁𝑗 !
𝑃 𝑑𝑠 = 𝐷𝑆𝑖 𝑃𝐺𝐴𝑗
𝑛𝑖𝑗 !

𝑛 𝑖𝑗

(1)

where Nj is the total number of buildings with PGAj and P(ds=DSi|PGAj) is the probability
of occurrence of damage state DSi given PGAj.
The cumulative lognormal distribution provides the probability of reaching or exceeding a
damage state DSi as a function of PGA:
𝑃 𝑑𝑠 ≥ 𝐷𝑆𝑖 𝑃𝐺𝐴𝑗 = Φ

ln 𝑃𝐺𝐴𝑗 /𝜃𝐷𝑆𝑖
𝛽

(2)

where Φ[·] is the cumulative standard normal distribution, θDSi is the median PGA corresponding to DSi and β the logarithmic standard deviation. The ordinal nature of damage levels
was imposed by assuming a constant value of dispersion for all damage states.
The median PGA value corresponding to each damage level and the corresponding logarithmic standard deviation were obtained by simultaneously fitting the fragility functions to
all observational damage data, thorough the maximum likelihood estimate (MLE) approach.
4

DERIVATION OF EMPIRICAL FRAGILITY CURVES

Fragility curves were first derived for 15 building typologies, defined based on the number
of stories (from 1 to 5, including the vast majority of the buildings in the selected database)
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and three levels of design (for gravity loads only, for seismic loads pre-1981 – deemed as
“obsolete”, and for seismic loads post-1981).
As a matter of fact, the typology of buildings designed for gravity loads only corresponds
to buildings affected by the Irpinia event, since the vast majority of the Municipalities hit by
the Irpinia event were not yet classified as seismic in 1980. On the other hand, most of the
Municipalities hit by the L’Aquila event were classified as seismic since 1915 [24]. The
choice of distinguishing pre- and post-1981 seismically designed buildings was based, on one
side, on the evolution of technical codes [27] and, on the other side, on the need of consistency between the databases of the two events.
The analysis of the damage suffered by these RC building typologies through fragility
curves showed a clear hierarchy, with increasing damage for buildings designed for gravity
loads only, for seismic loads pre-1981 and for seismic loads post-1981, respectively.
To derive seismic risk maps for Italy, the fragility curves proposed in this study need to be
combined with the information on building characteristics provided by national census data.
Therefore, it was necessary to combine the typological fragility curves into fragility curves for
classes of buildings, identified by characteristics which are consistent with national census
data. Thus, two vulnerability classes were defined, C2 and D, of decreasing vulnerability.
More specifically, class C2 consisted of buildings designed for gravity loads only or for seismic loads pre-1981, whereas class D included buildings designed for seismic loads post-1981.
These classes were further subdivided into classes of building height, i.e. low-rise (L) with 12 stories, mid-rise (M) with 3-4 stories, and high-rise (H) with more than 4 stories (Figure 3).
These 6 (=3×2) sets of fragility curves were derived as a weighted average of the abovementioned 15 (=5×3) sets of typological fragility curves, using as weights the frequency of occurrence of each typology within the corresponding class, evaluated based on census data at the
national scale.

Figure 3: Empirically-derived fragility curves for vulnerability classes (i.e. C2 and D) and classes of height (i.e.
L, M and H).
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5

LARGE-SCALE SEISMIC RISK ASSESSMENT

The fragility model presented in the previous sections was implemented in the Italian national platform for assessing large-scale seismic risk [21], to develop an example of application of regional seismic risk (e.g. [26]). The Tuscany region was selected as case study. A
similar application with reference to masonry buildings is presented in [13].
For each municipality, the number of RC buildings belonging to vulnerability classes C2 or
D was evaluated, combining the information on seismic classification of site and age of construction (Figure 4a). On the whole, a sample of 118,557 RC buildings was considered in the
application, subdivided as a function of vulnerability classes in a first sample of 89,563 buildings (corresponding to 428,432 dwellings and 950,832 inhabitants) characterized by a class
C2 and a second subset of 28,994 buildings (corresponding to 135,578 dwellings and 340,356
inhabitants) characterized by a class D. As expected, the most significant percentage of RC
buildings of class D is located along the Apennine ridge, since most of this area was seismically classified since 1927 [28]. Thereafter, several Municipalities of Firenze, Pisa and Livorno districts, along the North-East South-West axis from the Valle del Mugello to the
Tyrrhenian Sea in the terminal part of the Val di Cecina, were seismically classified [29].
Note that these areas are characterized by the highest PGA values, as reported in Figure 4b,
reporting the seismic hazard map corresponding to the 10% probability of exceedance in 50
years [30].

(a)

(b)

Figure 4. Geographical distribution of percentage of RC buildings in the assumed vulnerability classes C2 and D
(a) and seismic hazard map in PGA for a return period of 475 years (b).

Figure 5 shows maps corresponding to unconditional risk assessment, reporting the percentage of RC buildings exceeding the different damage levels, in a reference period of 1 year.
Percentages are defined by normalizing the number of RC buildings suffering a given level of
damage by the total number of RC constructions in a given municipality.
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(a)

(b)

(c)

(d)

Figure 5. Example of maps for percentage of RC buildings exceeding DS1 (a), DS2 (b), DS3 (c) and DS4 (d)

6

CONCLUSIONS

Empirical fragility curves for the Italian residential reinforced concrete building stock were
derived by statistically processing post-earthquake damage data collected in the online platform Da.D.O., recently released by the Italian Department of Civil Protection. The latter gathers information on a sample of over 300,000 buildings, collected after the most devastating
earthquakes occurred in Italy from 1976 to 2012.
A value of peak ground acceleration was assigned to each damaged building using shakemaps, to characterize seismic input in fragility analysis. Damage states were defined consistently with EMS-98 and damage data were processed accordingly. Fragility curves for fifteen
structural typologies, identified based on the number of stories (from 1 to 5) and the type of
design (i.e. for gravity loads only, for seismic loads pre-1981 and for seismic loads post-1981)
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were firstly derived. Then, two vulnerability classes, C2 and D, were defined starting from the
abovementioned fifteen structural typologies, in accordance with the aim of a national-scale
application based on census data. Thus, the fragility curves of C2 and D vulnerability classes
were derived by averaging the abovementioned fifteen sets of typological fragility curves, using as weights the frequency of occurrence of each typology within the corresponding class,
evaluated based on census data at the national scale. Three classes of building height (i.e. lowrise 1-2 stories, mid-rise 3-4 stories, and high-rise >4 stories) were introduced to further refine
the obtained fragility curves. The proposed fragility model was implemented in the Italian national platform for evaluating seismic risk at territorial scale and applied to the Tuscany region, selected as an example.
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Abstract. Structural monitoring in highly seismic areas represents a valuable source of information in both structures’ behaviour understanding and identification techniques’ validation.
In this paper the case of a permanent monitoring system, installed in a thirteenth century monumental site, the Santa Maria of Collemaggio Basilica (Italy), is presented. Both low intensity
tremors and strong motion earthquakes are recorded. Recent earthquakes provided both input
(base ground accelerogram) and output (structure’s response) signals. Hence a comparison
has been drawn between the results from a set of Output-Only (OO) Identification techniques
and a set of Input-Output (IO) algorithms. In the group of IO techniques, a rapid and easily
implementable technique, based on an OLS linear regression model, is presented. Different
results between the IO techniques, driven by earthquake recordings, and the OO ones, driven
by ambient vibration data, emerge. Attempts are made to capture the system’s dynamics, by
means of a linear regression model, stressing possible research issues in the identification of
non stationary systems subjected to seismic excitation.
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1

INTRODUCTION

System identification techniques may rely on both input and output data or output data alone
[1, 2]. An important issue driving research in the field of dynamic systems’ identification is capturing the system’s dynamics with the least amount of information [3]. Specifically the reasons,
which may unbalance research interests towards Output-Only (OO) identification techniques,
are surely objective: input data are not always available. On the other hand, in the last three
decades, to rely on little information challenged the intellect of many scholars, determining an
overwhelming spreading of OO identification algorithms1 .
However, when dealing with strongly non-stationary input signals, it is unlikely to derive
properties on the system, by means of Output Only techniques. Seismic signals, in fact, violate
all the hypotheses, which found OO algorithms [4, 5, 6, 7]. In recent years social and scientific
instances determined a significant diffusion of structural monitoring systems in earthquakeprone areas [8, 9, 10]. Thus the scholar, in case of seismic event, is often provided with both the
Input and the Output signals. Despite the advantage of almost complete information (Input and
Output data), the hypothesis on which most of the identification techniques are found, first of all,
the linearity of the response, may decay. Even modest amplitude of the seismic excitation may
determine dynamic system’s excursions in the non linear field due to geometrical or material
non linearities. System’s own frequencies may undergo unexpected shifts, mode shapes may
change during the seismic event, not to mention more complex bifurcative scenarios typical
of the forced dynamics of non-linear systems [11, 12, 13, 14, 15, 16, 17]. Recent attempts
were made by Di Tommaso et alii to analyse non-stationary structural systems by using a bandvariable filter in the frequency domain [18] or by means of the Stockwell Transform [19].
Besides, the availability of seismic records, both of the ground and the structure itself, offers
an interesting field of investigation: estimate the evolution of a system’s dynamic properties
during the seismic event by means of Time-Domain techniques.
In the current paper the dynamics of the facade of the Santa Maria of Collemaggio Basilica
is analysed. The results from a set of Time-Domain IO techniques (namely the ERA-OKID, the
ARX, the SRIM the N4SID-IO along with a simple algorithm based on a OLS linear regression
model) are compared with the results from Time-Domain OO techniques (namely the ERAOKID-OO, ERA-NExT, AR, N4SID-OO, SSI).
The OLS regression model, namely linear as based on the Discrete Duhamel Convolution
Integral, confirms the limits of the enumerated techniques, all based on the hypothesis of Linear Time Invariant (LTI) dynamic systems. In order to capture the dynamic system’s nonstationarity during the seismic event, an elementary Identification algorithm is presented, obtained by windowing the OLS linear model in the time domain.
In the first section the OLS identification algorithm is presented; The second section de1

In the phylogeny of the mathematical sciences, the OO identification represents the modern reading of an
atavistic question: the solution of a minimum problem. Finding the minimum of a function gave development to
Calculus; finding the minimum path to Topology; the search for the algorithm which resolved in the minimum time
to Informatics optimization (see FFT); the identification of a dynamic system with the least amount of information
to System Identification tout court.
Not all Minima problems possess the same carat as well as academic resonance. The Principle of Least Action,
for instance, which challenged Fermat Euler Lagrange et alii enjoys a peculiar if not unique physical depth in the
scenario of Minima problems; The output only identification has no particular speculative ambitions, nevertheless
it shares the taste of the investigator who, relying on very few clues, tries to make the Nature confess.
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scribes the monitoring system installed in the Santa Maria of Collemaggio Basilica, which
provided a seismic record from a low-intensity epicentral earthquake. In the third section the
results from the OO identification are shown, which in the fourth section are compared with the
ones from IO algorithms. In the last section comments and conclusions are reported.
2

AN OLS-BASED IDENTIFICATION APPROACH

The proposed method (Stationary Case) utilizes Duhamel’s integral to estimate the response
of candidate SDOF systems to a given discrete-time input, which is compared against a measured response for the purposes of system identification. An OLS operator is used to determine the coefficients, which linearly combine the candidate SDOF responses, for making an
aggregate response estimate. In order to capture the system’s non-stationarity, the method
(Non-Stationary Case) is proposed alongside a Gaussian time-windowing scheme. The highestcontributing SDOF oscillator is selected in each time window, giving an estimate of timedependent dynamic properties. The described method is an elementary form of system identification, used to validate the results from the forced dynamics of linear systems subjected to an
arbitrary excitation. The use of discrete-time Fourier transformations of the input and output
time series, performed for different segments or windows of the data, is common practice, and
can reveal the system transfer function, thereby giving similar time-variant property estimates.
However the proposed method can effectively isolate the system’s own dynamics, identifying
the natural frequencies which, if not sufficiently excited by the seismic input, are hardly detected by means of discrete-time Fourier transformations. Besides, the proposed method does
not provide a clear way to calculate mode shapes. The two approaches, Stationary Case and
Non-Stationary Case, are developed in the next paragraphs.
2.1

Stationary Case

Let ag and ap be respectively the base ground time series and the response of a structure’s
point p, where p ∈ [1, . . . L] is the number of measurement points, in terms of acceleration2 .
The measured response ap is set as a linear combination of the responses to ag of a series of
m × d SDOF oscillators, Eq.(1)
ap =

m X
d
X

vji D2 (xij )

(1)

i=1 j=1

v ji
= Amplitude coefficients;
D2 (∗ ) = Second derivative operator;
Duhamel convolution between a SDOF oscillator’s impulse response and the

xij

= input signal ag , having ωi as natural pulsation and ξj as a damping factor,
dim(xij ) = (n − 2) × 1;

Eq.1 in matrix form
ap = M vp
M = Response matrix dim(M ) = (n − 2) × (md);
vp = Coefficient vector dim(v) = (n − 2) × 1;
2

dim(ag ) = (n − 2) × 1 and dim(agc ) = dim(ap ) = (n − 2) × 1
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The xij variability, determined by the subscripts (∗ )i,j , explores both the frequency and
damping domains3 .
Eq.(1) is an unsolvable system, thus an OLS operator is used to find vp .
Let ep be the error vector4
M vp − ap = ep
(5)
Let the following scalar function be the weighed quadratic error:
Q(v p ) = ep W eTp

(6)

W = matrix of weights dim(W ) = (n − 2) × (n − 2)
From the weighted OLS formulation [20]
vp = argmin(Q) = (M T W M )−1 M T W ap

(7)

vp

Eq.1 is solved L times for all measured nodal accelerations v p (p ∈ (1, ..., L)).
Since the v p vector represents the amplitudes of all SDOF candidates, v p is rearranged in a
matrix form V p , dim(V p ) = m × d.


v11 . . . v1d
(8)
V p =  ... ... ... 
vm1 . . . vmd
The number of rows is equal to ω’s dimension and the number of columns to ξ’s. The surfaces’
peaks V p identified by the ωi and ξj couples5 , select the best SDOF oscillators among all chosen candidates.

2.2

Non-Stationary Case

The extended time-dependent formulation is obtained by windowing the error vector through
a Gaussian function.
The possible frequency and damping domains, Dω and Dξ have dimensions D(Dω ) = ∞1 and D(Dξ ) = ∞1 .
Two finite sub-domains ω and ξ, ω ⊂ Dω and ξ ⊂ Dξ are extracted; The first has a discretization step equal to r
while the second equal to h.
In particular m = (ωf − ωi )/r pulsation values, where ωf and ωi are respectively the maximum and minimum
pulsation values and d = (ξf − ξi )/h damping ratios, where ξf and ξi are maximum and minimum damping ratios,
are selected.
Thus the following (Eq.3) vectors are arranged
3

ω = {ωi , ωi + r, ωi + 2r, ..., ωf − r, ωf }

(3)

ξ = {ξj , ξj + h, ξj + 2h, ..., ξf − h, ξf }

(4)

dim(ω) = m × 1
dim(ξ) = d × 1
4
5

dim(e) = (n − 2) × 1
The peaks recurring in all the L surfaces may roughly express structure’s global modes.
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The time windowing is performed through the weight matrix itself. In particular let the following be the weights matrix W
W =w·I
(9)
where I is an (n − 2) × (n − 2) identity matrix and wk the 1 × (n − 2) weight vector.
In particular the following weight function is chosen
w(j∆t) = e−(

(j−k)∆t 2
σ2

)

(10)

where j ∈ [1, ..., (n − 2)], k the order number corresponding to a certain time instant and σ 2 the
measure of the time window’s width.
Thus, the time-dependent formulation of Eq.(7) is obtained:
v kp = (AT wk IA)−1 AT wk Iap

(11)

Eq.(11) is solved K times, as k ∈ [1, ..., K], obtaining K V pK matrix, where dim(V pK ) =
z × K. Eq.(11)’s peaks identify the best SDOF candidates in each time window (Eq.12).
mv Kp = max[v 1p , .., v kp , ..., v Kp ]

(12)

max[∗] = selects the maximum values of an assigned vector.
mv Kp = the vector collecting the v kp ’s maximum values.
The highest-contributing SDOF oscillator is selected in each time window (Eq.12), giving
an estimate of the time-dependent system’s properties.
3

THE MONITORING SYSTEM OF SANTA MARIA DI COLLEMAGGIO

The Basilica of Collemaggio, a relevant example of Italian Romanesque architecture, was
built at the end of the 13th century. An extensive restoration work, following the 2009 earthquake of L’Aquila, included the installation of a complex monitoring system.
4

Description of the Monitoring System

The monitoring system is a sensors’ network supported by a service platform.
It exhibits the following pyramidal structure:
• Field station (i);
• Comunication interface (ii);
• Data center (iii);
The field station (i) is the true core of the monitoring system. It consists of measurement and
digitalization devices: In particular 9 crack measurement devices, 78 FBA accelerometers (2
tri-axial, 12 bi-axial and 48 mono-axial)6 , 14 inclinometers and 5 temperature/humidity sensors
have been installed.
The communication interface (ii) enables communication and management of data between
6

Dynamic measurements are digitized through devices with a 24 bit dynamics; Both tremors with a PGA
greater than 10−5 g and strong-motion earthquakes can be effectively recorded. The permanent data recording in
the local unit is triggered when a pre-established acceleration threshold (0.01g and 0.02g for ground and structure
sensors respectively) is exceeded. Sample rate for digitizing is 250 Hz. All system configuration parameters can
be changed remotely. Data transmission between the local unit and the central server is accomplished through
internet
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Figure 1: Monitoring system’s layout; (a) monoaxial FBA, (b) biaxial FBA, (c) triaxial FBA, (d) inclinometers, (e)
crack monitoring device, (f) temperature and humidity sensor.

the field station and the data centre.
The data centre (iii) is the hardware and software devoted to the network control, the analysis
of the results as well as the alarms’ management.
In the current paper, the analysis are devoted to the identification of the sole Basilica facade;
The accelerometers layout7 is shown in Fig.2.

Figure 2: Layout of the facade’s accelerometers.

7

The facade accelerometers are indicated by the following symbols, F pX where p ∈ [1, . . . 9] corresponds
to the accelerometer order number and X to the measurement direction, that is the one orthogonal to the façade’s
surface.
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4.1

Recent Seismic Activities

Central Italy telluric activity has not stopped since the 2009 earthquake of L’Aquila.
In the current paper, the IO dynamic identification of the Basilica facade is performed by means
of a low intensity earthquake, dating back to April 10, 2018, Richter Magnitude 3.4 and epicentral distance from the basilica of about 5 km, Fig.3,4.
Fig.3,4 entirely report the seismic signal recorded by the data acquisition unit8 .
2
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Figure 3: Ground accelerations registered by the A1T accelerometer in three cartesian directions X Y and Z, (a)
(b) and (c) respectively, on 10 April 2018.
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Figure 4: Accelerograms registered by the 9 facade accelerometers F P X, where P ∈ [1, ...9], from (a) to (i)
respectively.

5

RESULTS

The results from IO and OO identification techniques are reported. The first are driven by
seismic records, while the latter from ambient vibration data. The analysis are devoted to the
8

It is worth noticing that the ground motion shows a PGA approximately equal to 0.03g (Fig.3) while the peak
acceleration recorded at the very top of the facade is about 10 times greater 0.3g (Fig.4).
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identification of the facade natural frequencies, highlighting the differences observed between
several approaches. A newly developed software package, the Structural Modal Identification
Toolsuite (SMIT), is used to provide a uniform and convenient way of utilizing several system identification (SID) methods, including variations of ERA, auto-regressive with exogenous
terms (ARX) models, system realization using information matrix (SRIM) and numerical algorithms for subspace state space system identification (N4SID) [21]. The SSI technique has been
implemented by the authors. All methods are chronologically resumed in Tab.1
Table 1: Chronological review of the Identification Algorithms adopted in the current analysis
1985
1987
1991
1992
1993
1994
1994

1997
1999
2012
2013

5.1

ERA
Autoregressive moving-average
with exogenous (ARMAX) model
Autoregressive (AR) models
Autoregressive exogenous
(ARX) model
ERA-natural excitation
technique (NEXT)
ERA-observer Kalman filter
identification (OKID)-IO
N4SID Subspace Algorithms
for the identification of Combined
Deterministic-Stochastic Systems
System Realization using
Information Matrix SRIM
Stochastic subspace
identification (SSI)
ERA-OKID-AVG
ERA-NEXT-OO

IO
IO

Juang and Pappa [22]
Naganuma et al. [23, 24]

OO
IO

Pandit [25]
Chen et al. [26]

OO

James et al. [27]

IO

Juang [28]

IO/OO

Van Overschee and
De Moor et al. [29]

IO

Juang [30]

OO

Peeters and
De Roeck et al. [31]
Chang et al. [32]
Chang et al.[21]

OO
OO

Output-Only Identification

A 1-hour long time series has been chosen for the OO Analysis. Despite the ERA-natural
excitation technique (NEXT) (Fig.5(b)) and the N4SID Subspace Algorithms (Fig.5(e)) are
not capable of selecting stable frequencies (Fig.5(b)), the variations of ERA (ERA-OKIDOO Fig.5(a) and ERA-OKID-AVG Fig.5(c)), the method based on autoregressive (AR) models
(Fig.5(d)) along with the Stochastic Subspace Identification (SSI) Covariance-Driven (Fig.5(f))
do identify 2 or 3 stable frequencies (Tab.2). In particular the 4.4/4.5 Hz and the 5.3 Hz natural
Table 2: Identified natural frequencies from OO Identification Algorithms
Frequency [Hz]
f1
f2
f3

ERA-OKID OO
4.44
5.01
5.32

ERA NEXT
-

ERA AVG
4.46
5.01
5.32

AR
4.44
(5.00)
5.31

N4SID
-

SSI
4.45
4.97
5.33

frequencies exhibit greater stability, recurring in all diagrams9 reported in Fig.5. The power
spectrum (PSD) of the Output shows a significant peak at 4.4 Hz, confirming the 4.44/4.45 Hz
mode shape as the first structure’s mode (Fig.6(a)), under ambient excitation. The 4.9/5.0 Hz
9

The quality of stabilization diagrams has been improved by choosing a proper set of the parameters’ constraint.
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(a)

(b)

(d)

(c)

(e)

(f)

Figure 5: Stabilization diagrams from Output Identification-Only; (a) ERA-OKID-IO [22, 28, 5]; (b) ARX [33, 34];
(c) SRIM [35, 36]; (d) N4SID-IO [29]; Stabilization parameters are: Frequency resolution=0.01Hz, MAC=0.95,
Damping=0.05, Frequency Range=1-10 Hz;

is an anti-symmetric mode, see Fig.6(b), while the 5.33 Hz is quite similar to the global mode
at 4.4 Hz10 . Damping factors, determined from the aforementioned methods, are not reported,

(a)

(b)

(c)

Figure 6: Mode Shapes from SSI analysis; (a) 4.45 Hz; (b) 4.97 Hz; (c) 5.33; The first and the third are symmetric
mode shapes, while the second at 4.8/4.9 Hz is clearly an anti-symmetric mode shape.
10

The 5.33 Hz mode shape may be considered as a local mode of the upper-right part of the facade. Such mode
shape highlights the facade’s vulnerability. The upper right and left parts are in fact quite vulnerable to earthquakes;
During the 1915 Marsica earthquake, 30 km far from L’Aquila, the upper left part collapsed. Then it was rebuilt
and reinforced by means of a RC frame; The upper right part still remains quite vulnerable, as from the 5.33 Mode
Shape.
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since the authors are not sure about the viscous nature of damping phenomena in masonry facades [37, 38, 39].
5.2

Input-Output Identification

The results from Input-Output Algorithms are now reported. While the ERA-OKID-IO
(Fig.7(a)) algorithm does not show stable frequencies, the ARX (Fig.7(b)), the N4SID-IO
(Fig.7(c)) and the SRIM (Fig.7(d)) algorithms do detect some dominant frequencies. An important step in modal parameter estimation (MPE), where user’s interaction is required, is the
interpretation of the stabilization diagram to make the distinction between physical and mathematical modes. The SRIM technique surely gives more room to interpretation, while the ARX
and the N4SID-IO select two dominant and quite stable frequencies at 4.1 Hz and 4.4 Hz. However the peculiar trend of each stabilization diagram makes an unequivocal explanation, difficult
to be drawn. The power spectrum (PSD) of the Output (Fig.7(e)) shows a significant peak at

(a)

(b)

(d)

(c)

(e)

Figure 7: Stabilization diagrams from Input-Output Identification; (a) ERA-OKID-IO [22, 28, 5]; (b) ARX
[33, 34]; (c) SRIM [35, 36]; (d) N4SID-IO [29]; Stabilization parameters are: Frequency resolution=0.01Hz,
MAC=0.95, Damping=0.05, Frequency Range=1-10 Hz; (e) PSD of the F9X accelerogram, the main peak is at
4.43 Hz

4.1 Hz. The results from the IO algorithm based on an OLS regression model confirm the results from IO methods, as reported in Fig.8. Each surface, representation of the Vp matrix (See
Eq.8), exhibits two recurring peaks at 4.1 and 4.4 Hz. All Input Data for the OLS-based algorithm are resumed in Tab.4. Mode Shapes at 4.1 and 4.4 Hz from IO algorithms are reported
in Fig.9. The reasons of the discrepancies between OO and IO analysis are open to various
interpretations. It could be inferred that the 4.1 Hz mode shape is not excited by ambient vibrations, however it is unlikely that an almost random noise has a peculiar spectral deficiency
at 4.1 Hz. On the other hand, the similarities between the two identified IO mode shapes, are
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Figure 8: Surface representation of |Vp | for p ∈ [1, ..., 9], from (a) to (i) respectively; The two recurrent peaks from
each time record (F1X-F9X) correspond to 4.1 Hz and 4.4 Hz; Algorithm’s Input Data are displayed in Tab.4;

Table 3: Identified natural frequencies from IO Identification Algorithms
Frequency [Hz]
f1
f2

ERA-OKID IO
-

ARX
4.05
4.38

SRIM
4.10
4.37

N4SID-IO
4.10
4.40

Table 4: Resume of the OLS-based Algorithm’s Input Data
Mesh parameters
Initial frequency value
Frequency sampling interval
Final frequency value
Initial Damping Ratio value
Damping ratio sampling interval
Final Damping Ratio value
Error function variance
Gaussian windows per time unit
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fi [Hz]
r[Hz]
ff [Hz]
ξ[%]
h[%]
ξ[%]
σ[s]
fg [Hz]

1
0.1
10
5
5
5
2
10

OLS
4.11
4.40
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(a)

(b)

Figure 9: Mode Shapes representation from IO algorithms; (a) Mode Shape at 4.1 Hz, (b) Mode Shape at 4.4 Hz;
Note the similarities between the two.

probably due to a non-stationary phenomenon. The IO algorithms may attempted to linearise
the non-stationary response over two fictitious mode shapes, at 4.1 and 4.4 Hz, while the depicted mode’s (Fig.9) natural frequency may shifted during the seismic event, exploring the
frequency interval 4.1-4.4 Hz. It is attempted to capture the reasons of such discrepancies by
means of the Non-Stationary OLS-based method, described in the second section, Eq.11. In
particular the method (Non-Stationary Case) is proposed alongside a Gaussian time-windowing
scheme. The highest-contributing SDOF oscillator is selected in each time window, giving an
estimate of time-dependent vibration properties. The result from the F9X FBA is shown in
Fig.10. An interesting trend emerges: the natural frequency shows to be around 4.2 Hz as soon

Figure 10: Result from IO OLS-based algorithm; Representation of the mv K p (Eq.12) values, i.e. the array
collecting the highest-contributing SDOF oscillator selected in each time window, from the F9X’s record; The
F9X FBA corresponds to the highest facade’s measurement point; Algorithm’s Input Data are displayed in Tab.4;

as the first earthquake impulse comes, then it rises up to 4.45 Hz, waving over such value. It
could be said that the earthquake, though its low PGA, significantly excites the sole symmetric
global mode. However non-stationary phenomena, probably do to material and geometric non
linearities, may determine a sort of frequency shift. Besides, the facade, shown in Fig.11, is a
curtain of two colour squared stones, artfully woven. The interaction between square blocks is
definitely not linear, not to mention possible rocking phenomena typical of historical facades
dynamics [40]. It is very likely that non-stationary phenomena occur in such structures, given
the intrinsic complexity due to the masonry texture as well as to the history they carry.
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(a)

(b)

Figure 11: (a) The facade of the Santa Maria of Collemaggio; (b) Detail of the facade’s damage after the 2009
earthquake;

6

CONCLUSIONS
• The results from Output-Only dynamic identification under ambient vibrations do show
some discrepancies with the ones from Input-Output methods under a low-intensity earthquake. Input-Output identification methods, based on LTI systems’ analysis, are incapable of clearly capturing the dynamics of masonry structures, under low-intensity earthquake.
• An elementary form of system identification, used to validate the results from the forced
dynamics of linear systems subjected to an arbitrary excitation, is presented. The proposed method (Stationary Case) utilizes Duhamel’s integral to estimate the response of
candidate SDOF systems to a given discrete-time input, which is compared against a
measured response for the purposes of system identification. An OLS operator is used
to determine the coefficients, which linearly combine the candidate SDOF responses, for
making an aggregate response estimate. In order to capture the system’s non-stationarity,
the method (Non-Stationary Case) is proposed alongside a Gaussian time-windowing
scheme. The highest-contributing SDOF oscillator is selected in each time window, giving an estimate of time-dependent system vibration properties.
• It is attempted to understand such discrepancies between IO and OO results by means
of the presented OLS-based method. From the results an interesting trend emerges: the
natural frequency of the highest-contributing SDOF oscillator shows to be lower than the
OO one, as soon as the first earthquake impulse comes, then it rises up to the OO first
mode frequency, waving over that value.
• The dynamics of masonry facades shows non-stationary phenomena, probably due to
geometric and material non linearities, since low-intensity earthquakes.
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Abstract. The preservation of historical building requires monitoring their long-term behaviour as well as to quickly detect possible damage. In this respect, dynamic characteristics
(frequency, shapes mode and seismic wave velocity) can be identified and tracked in real-time
combining modal analysis with seismic interferometry, as it is shown in this paper for the
Giotto’s Bell-Tower in Firenze (Italy) by using a temporary seismic network. Natural frequencies and modal shapes of the structure are calculated by classic Enhanced Frequency
Domain Decomposition (EFDD). Changes of the modal frequencies may reflect changes in
the dynamic properties of the building and/or in the soil-structure interaction effects. The effects of soil-structure interaction are analysed with the seismic velocity and transfer function
of the structure estimated using seismic interferometry technique. Seismic wave velocity inside the building depends only on the structural properties of the building and it is uncoupled
from the soil-structure interaction system. The results of seismic interferometry (i.e fixed-base
frequency, pseudo-flexible body frequency) combined with the first modal frequency allow to
define the degree of the soil-structure interactions on the dynamic behavior of the Giotto’s
bell tower. The full structural dynamic identification shows a weak contribution of the soilstructure interaction, that is supported by the high values of the horizontal and rocking stiffness, evaluated from the geotechnical properties of the soil. It is suggested that integrating
the Operational Modal analysis and the seismic interferometry of the same ambient noise recording provides a unique and complete dynamic response of one of the worldwide important
monument like the Giotto’s Bell-Tower.
Keywords: Dynamic Identification, Seismic Interferometry, Soil-Structure Interaction, Structural Health Monitoring.
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1

INTRODUCTION

The interest towards the dynamic response of historical buildings is increasingly growing
when its functionality and health status have to be estimated. This issue is of crucial interest
when historical structures are in area of high-to-moderate seismic risk. The Giotto’s BellTower in Florence (Figure 1) is one of such an example, since it was subjected in the past to
earthquakes up to Imax =VIII of the MCS scale (ML=5) [1].
Over seven hundred years after the its foundation, the Opera del Duomo is still active in preserving and enhancing the Cathedral, the Baptistery, the Bell-Tower and the Historical Museum, and in the last years, it has been planned a series of studies aimed to improve our
knowledge on dynamic characteristic of the Giotto’s Bell tower.
One of the main tool to check the health status of a heritage structure is the dynamic response
analysis using ambient vibration (wind, traffic, sea waves etc.) [2, 3, 4]. These techniques,
known as Operational Modal Analysis (OMA), are completely not invasive and provide useful information on the elastic behaviour of the building [5, 6, 7, 8].
Damage of ancient building, as produced by cracks, aging of materials and structural deformations [9], causes a decrease of stiffness, which in turn affects the natural frequencies and
thus the mode shapes [3]. Therefore, relevant damage of the building may be detected through
the evolution of its modal parameters [9, 3, 4].
However, environmental factors such as temperature, wind speed and rainfall are reported to
also affect the modal parameters [10] indicating that changes in natural frequencies could be
not, necessarily, related to a level of damage [11]. Furthermore, several studies using earthquake as well as ambient vibration records [11, 12] have demonstrated that, although without
damage, the natural frequency can vary as much as 30 % due to nonlinearities in the response
of the building, mainly related to soil-structure interactions.
In the last ten years, several authors, in addition to monitoring the modal frequencies, have
presented new approaches to structural dynamic analysis based on seismic interferometry of
ambient vibration [11, 16, 17, 18] to investigate the seismic wave propagation in the building.
Seismic interferometry evaluates the impulse response function (IFR) of an elastic medium
from one point to another. Wave phase velocity of impulse response functions (IRFs) is uncoupled with soil-structure interaction, being directly linked to the stiffness of the building
[19, 20], and allows the evaluation of fixed-based frequency of the structure.
Therefore, by combining the results of seismic interferometry with the modal frequency obtained with OMA we are able to distinguish the effects of the soil-structure interactions (rocking and horizontal frequencies) and of structural frequency (fixed-based frequency) on the full
dynamic response of the Giotto’s bell Tower.
2

DYNAMIC IDENTIFICATIO TEST

The Giotto’s Bell-Tower has square base of 14.45 m, NS and WE oriented and it is 84.7 m
height (Fig. 1). It presents four intermediate floors and four pillars marks the corners. The masonry of the bell-tower consists of Pietraforte stone (a quartz-calcareous turbidite sandstone,
quarried in the near hills south of Firenze) and white Carrara Marble and other colored marble
tiles form the revetment.
The seismic survey was carried out for a time interval of 36 hours, from 16 to 18 October
2013, by using ten seismic stations (Figure 1). Each seismic station was equipped with 3component seismometers: six stations with Lennartz 3D/5s seismometers (sensitivity 400
V/m/s and with a 5 s eigenperiod); three stations with Guralp CMG-6T seismometer (sensitiv-
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ity 2400 V/m/s with a 10 s eigenperiod) and one station with a Guralp CMG-40T seismometer
(sensitivity 800 V/m/s with a 30 s eigenperiod). Seismic data were digitized using a 24 bits
Guralp CMG24 Digitizer at 100 Hz, and the time synchronization between stations was
achieved using GPS. The ten stations were installed at five different floors, from the ground
level up to the roof. Five stations were installed on the North-Side (C02-C04-C06-C08-C10)
and the other five on the South-Side (C01-C03-C05-C07-C09) of Giotto’s Bell-Tower (Figure
1). Seismic monitoring provided an excellent set of data, which allowed us to combine the
results from Operational Modal Analysis to seismic interferometry using the same ambient
vibration noise.

Figure 1. Vertical cross-section of the Giotto’s Bell-Tower in Firenze (courtesy of ‘’Opera di Santa Maria del
Fiore’’) in the North-South direction, with the position and the height from the ground of ten seismic stations
used for ambient vibration test.

3

OPERATIONAL MODAL ANALYS

The EFDD method is presented in literature by many authors [2, 3, 8, 13, 14, 15] as a frequency domain technique for operational modal analysis of structures. In the present study,
we performed an automatic EFDD method, first presented by Brincker et al. (2007) [13] and
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further developed by Rainieri and Fabbrocino et al. (2010) [2], to extract automatically the
modal parameters of the structures.
The 36 hours long records has been divided into time windows 1800 s long and overlapping
by 66%, for each of them; the spectral estimation was performed using the Welch’s technique
with Hanning weighting function and frequency resolution of 0.0031 Hz [15]. The automatic
EFDD method allowed to detected the first five modes of the Giotto’s Bell-Tower with natural frequency at 0.623 Hz, 0.647 Hz, 2.543 Hz, 3.081 Hz, 3.156 Hz and 5.731 (see Figure 2c).
The estimated six modal shapes are shown in Figure 3 and it is relevant to note that the first
modal shape is characterized by a motion trending 51° - 231° N direction (Figure 4a) with a
frequency of 0.623 Hz, whereas the second mode shape is transversal and trends 141°- 321° N
direction (Figure 4a), with a frequency of 0.647 Hz. Therefore, Giotto’s Bell Tower exhibits a
coupled behavior in the first two modes acting along the longitudinal and transverse directions at frequencies very close to each other resulting in a circular movement slightly eccentric in the N-S direction (Figure 4b). The third mode is torsional with a modal shape at 2.543
Hz. The fourth and fifth modes are instead bending modal shape at 3.081 Hz and 3.156 Hz,
respectively (Figure 3). The sixth mode shows a bending modal shape at 5.731 Hz moving
mainly in E-W direction (Figure 3).

Figure 2. The automatic EFDD technique is based on detecting the modal bandwidth using the mean a) and the
standard deviation b) of the modal coherence calculated during the seismic survey on 10 consecutive records, the
white lines on the both colour bars represent the thresholds >0.96 and <0.01 used for the identification of mode
bandwidth for mean a) and standard deviation of modal coherence b), respectively. c) first singular values estimated for all the observation time (36 hours).
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Figure 3. Three-dimensional representation of the six modes

Figure 4. a) Particle motion evaluated at C10 station of the first mode (black) and second mode (blue) b) Vector
sum of the two first modes produces a circular movement slightly eccentric in the N-S direction
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4

SEISMIC INTERFEROMETRY

The building impulse response function (IRF) is estimated using seismic interferometry,
which allows us to analyze the spatial distribution of the seismic waves velocity along the
building. Seismic interferometry is based on the deconvolution 𝐷 𝜔 of the signal uref (t) recorded at a reference station with the signal ui(t) recorded at a generic station (i), and it is represented in the frequency domain by [16, 17, 18]:
𝐷 𝜔 =

∗
!! (!)!!"#
(!)
!

!!"# (!) !!

(1)

    
    
where the asterisk denotes the complex conjugation and the parameter 𝜀 is set to 0.5 % of the
mean amplitude 𝑢!"# (𝜔) spectral power. Deconvolution was applied to ambient noise using
as the reference station the signal recorded at the top floor (C10 and C09 stations, in Figure 1)
and then the resulting waveforms were filtered in broad band frequency of 0.2 – 20 Hz and
staked over the 1800 seconds intervals. The result is an up-going and down-going wave propagating through the building (Figure 5). The IRFs staked every 1800 seconds, showing high
signal-to-noise ratio (Figure 5) for the whole 36 hours long period of observation and indicates that this time period is long enough for interferometry analysis.

Figure 5. Stacking waveforms over 1800 seconds interval of the IRFs deconvolved with the motion on the top
floor calculated for all the observation time (36 hours) and filtered in broad band frequency of 0.2 – 20 Hz, a,d)
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UD component, b,e) NS component and c,f) EW component for North side (upper panel) and South Side (lower
panel) stations

To estimate the three dimensional (Up-Down, NS, EW) propagation of the seismic waves,
reference was made to the peak amplitude of the down-going wave.
For each waveform deconvolved, we detect automatically the arrival time of the peak amplitude at each floor and using a least squares fit we calculate the velocity of the seismic waves
from the slope of the travel time (Figure 6).
This procedure is performed for the three components (Figure 6). The given errors are estimated considering the elevation of the stations to be error free and only errors in the arrival
times are assumed [18].
The estimated compressional P-wave velocity is 𝑉! =2040 ± 40 m/s with an error of ±6.2%;
the horizontal component was used to estimate the shear S-wave velocities 𝑉! that are the
same in both horizontal components of motion (𝑉!" = 478 ± 29 m/s and 𝑉!" = 478 ± 29 m/s)
with an error of ±2%.

Figure 6. Travel time at different floors versus distance to the roof, considering a,d) the UD component, b,e) NS
component and c,f) EW component evaluated from the total IRF stacking (red lines in Figure 7). The velocity is
estimated using a least squares fit for the stations located to the North side (upper panel) and to the South side
(lower panel). The best fit solution is shown for each component including the error.
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5

SOIL-STRUCTURE SYSTEM RESPONSE

As already mentioned, in recent year the dynamic soil-structure interaction has been investigated using earthquakes data [21, 22] or ambient vibration [23] throughout seismic interferometry analysis. In particular, several studies have demonstrated how the change of the
modal frequencies may reflect changes in the dynamic properties of the building [24] and in
the soil-structure interaction effects [21, 22]. [25]. Luco et al. 1988 proposed to relate the
fundamental modal frequency of the building to the interaction soil-structure as follows:
!
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!!,!"!
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!!!

+

!
!!!

+

!
!!!

(2)

where f 1,sys is the frequency of the first mode (Figure 2c) related to the behavior of the structure interacting with the supporting soil, fH and fR are the horizontal and rocking frequencies
of a rigid body connected to the deformable soil and f1 is the fixed-base frequency of a deformable structure.
Quite often, and this was also the case for the Giotto’s bell tower, the contribution of the horizontal motion frequency can be neglected, therefore
!
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!!,!""

≈
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+
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(3)

In our study, we evaluated what is often called in literature the apparent frequency f1, app [20]
as the peak frequency of the transfer function obtained by deconvolution (Equation 1), using
as reference, the signal recorded at the stations located on the ground level of Giotto’s bell
tower (C01 and C02 for the North Side and South Side configuration, respectively). We deconvolved each 120 s ambient vibration and then stack the transfer functions over the entire
seismic surveys (Figure 7).
The both seismic configurations North – Side and South-Side stations show the same first apparent frequency of f1, app = 0.65 Hz. This value takes into account the rocking contribution of
the soil and the flexibility of the structure.
On the other end, the fixed-base frequency of the flexible structure can be estimated by using
the basic solution:

𝑓! = 0.56  

!!

!

!!

!

(4)

where ri =4.26 m is the inertia radius of the cross-section, E / ρ is the compressional Pwave velocity (Figure 6a,b) and h is the elevation of the building, so that equation (4) gives a
fixed-base frequency f1=0.70 Hz.
Once the first apparent system frequency has been estimated from Fourier analysis, giving a
value of 0.623 Hz, and the 𝑓! has been determined from wave travel time and geometrical
characteristics of the structure, the rocking frequency from equation 3 is 𝑓! = 1.36 Hz.
These values tell us that the in this case the contribution of soil-structure interaction reduces
the fixed base frequency by 10%, as it could be expected by considering that the supported
soil is characterized by a rather high shear wave velocity of about 380 m/s.
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Furthermore, the value of 𝑓! = 1.36 Hz can be conveniently used to validate the analytical re~
lationship used to compute the rocking stiffness ( K r = 2278 GN ⋅ m / rad ) to be used in advanced seismic analyses.

Figure 7. Transfer function between the roof response and the response at ground level. a) North side stations, b)
South side stations.

6

FINAL REMARKS

The dynamic response of the Giotto’s bell Tower was investigated using ambient noise vibration. Operational modal analysis (OMA) indicates that the first two modes, corresponding to
0.623 Hz and 0.646 Hz respectively, are coupled bending modes. The third (2.543 Hz), fourth
(3.081 Hz), fifth (3.156 Hz) and sixth (5.731 Hz), modal shapes are well separated and correspond to torsional and higher bending modes.
The ambient noise was also used to measure the compression wave velocity 𝑉! =2040 m/s
propagating along the axis of the bell tower, and this allowed to compute the fixed-base frequency f1=0.70 Hz.
By using equation (3) the rocking frequency (𝑓! = 1.36 Hz) of the tower, as a rigid body connected to a rocking spring, was isolated and the obtained value indicates the contribution of
the soil-structure interaction to the dynamic behavior of the tower. This contribution gives a
fundamental frequency that is lower by about 10% if compared with the one corresponding to
a base-fixed structure.
However, it must be recognized that these values refer to small amplitude vibration and that
the effect of the interaction with the supporting soil may be more pronounced when considering vibrations induced by more severe seismic events.
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Abstract
The use of sensors to obtain the dynamic properties of structures by means of ambient vibrations has become a common practice. However, conventional and more extensively used
methods require the installation of sensors, which should be in contact with the structure. These
methods could be even risky in case of structures weakened by a hazardous event, for which the
risk of collapse is unknown. In this study, two main subjects are analyzed and discussed. The
former is related to the use of the Real-Aperture Radar (RAR) as a non-invasive, remote sensing
interferometric method to measure the vibration response to ambient noise of buildings. As a
test bed, two high-rise regular buildings with reinforced concrete frames (8-story) and steel
frames (12-story), located in Barcelona, Spain, are analyzed. Notice that the RAR device is a
sensor using the principle of interferometry to measure displacements. This type of sensors has
exhibited a good performance in urban environments at different atmospheric, meteorological
and lighting conditions, compared to other types of remote sensors (e.g. Laser Doppler). Another advantage is that RAR devices have a very good resolution and they can operate at great
distances from the object to be measured. However, so far, RAR is rarely used in buildings,
being still a poorly studied technique. The latter subject is related to the optimal post-processing of the acquired data. At this respect, the Power Spectral Density (PSD) signal-processing technique is used to process the signals acquired. From this analysis, the predominant
periods of the analyzed buildings were obtained and then they were compared with those periods obtained from measurements of accelerometers located inside the structures. The results
indicate that the use of RAR can be a reliable alternative to estimate the structural periods in
a relatively simple and non-invasive manner.
Keywords: Radar, Remote Sensing, Monitoring, Ambient Vibrations, Frequency.

1797

Rodrigo E. Alva, José R. González-Drigo, Guido Luzi, Oriol Caselles, Luís G. Pujades, Yeudy F. Vargas-Alzate,
Luis A. Pinzón

1

INTRODUCTION

The sensors most commonly used nowadays to measure the dynamic properties of buildings
are the accelerometers. Over the years, these sensors have proven to be accurate enough for
assessing the dynamic response of structures to strong and weak motions through continuous
monitoring [1]. However, permanent monitoring requires costly installations and continuous
maintenance, so this type of monitoring is carried out in a few cases, generally, in new buildings
of high importance. Moreover, devices that must be in contact with the structure can be problematic when entering to this one is restricted due to difficulty of access and/or prevented when
the structure has symptoms of damage and the risk of collapse is unknown. Thus, the use of
non-invasive or remote sensing methods emerges as a reliable and safety alternative, especially
in, but not limited to, post-earthquake scenarios. At this respect, the Real Aperture Radar (RAR)
is a good candidate to be a device providing a solution to the problem. RAR is a sensor using
the principle of interferometry to measure displacements [2]. This type of sensors has exhibited
a good performance in urban environments under different atmospheric, meteorological and
lighting conditions. Noticeably, these devices perform better than other types of sensors (e.g.
Laser Doppler) [3]. Moreover, RAR sensors show a very good resolution even at long distances
from the object to be measured. Nevertheless, RAR applications in buildings are poorly studied
and rarely used.
In this paper, the results of two case studies, using RAR as monitoring technique, for obtaining the dynamic behavior of buildings are shown. The results obtained with RAR are validated
by considering measurements recorded with accelerometers. The main advantages and disadvantages of the RAR-based method as well as the main issues related to the post-processing
data are summarized and discussed in detail.
2

MONITORING TECHNIQUES

2.1 Accelerometer
Over the past years, accelerometer devices have become the standard for monitoring structural vibrations [1]. This fact has motivated an important technological development on these
devices making them smaller, simpler and more precise. However, structural monitoring by
using accelerometers requires that these sensors be installed inside of, and in contact with, the
building. This fact, for safety and ease reasons, restrict the use of accelerometers to healthy and
accessible structures. Other limitations can come from the wiring, which is often needed to link
sensors and recording units. Additional electronic noise and other difficulties related to the deployment and maintenance of a number of long cables can arise. Nonetheless, these devices
provide reliable measurements and, therefore, they will be employed in order to validate the
results obtained via the RAR technique. To do so, a high sensitivity tri-axial accelerometer
(three orthogonal components) was located at the roof of the buildings studied herein. Samples
of about one hour of recording with a sampling rate of 100 Hz are recorded and processed for
each structure.
2.2 Real-Aperture Radar
The RAR is a device that was originally implemented to detect ground displacements sampling remotely with radar-equipped satellites [2]. However, in the year 2000 there was a paradigm shift and the RAR was used to measure civil structures [4]. Since then, RAR technology
has become popular to monitor infrastructures of different types, especially in large infrastruc-
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ture as bridges and towers [5]. For instance, the device used in this study was originally designed to monitor large infrastructures (e.g. bridges, towers, dams and wind turbines towers)
by the Italian company IDS (Ingegneria dei Sistemi SpA).
The radar is easily transportable and is mounted on a robust tripod that can be adjusted in
height and inclination to aim at the target structure easily. This system consists of a sensor
module connected to a portable computer through Universal Serial Bus (USB) connection and
the provided software can be used to adjust the sampling parameters. A rechargeable external
battery allows up to 5 hours of continuous use. With a precision of 10µm, the range of operation
can reach up to 1km at the minimum sampling frequency of 40Hz (the range of operation decreases as the sampling frequency increases up to 200Hz); details on the operation of this device
can be found in [6]. An image of the RAR device under recording conditions can be seen in
Figure 1.

Figure 1: Remote sensing with RAR, building A (left) and building B (right).

A limitation of RAR devices is that they can measure only displacements in the direction of
its line of sight (LOS). This fact implies that only one direction of the structure can be monitored
at a time. Thus, assuming that the vertical displacement is not significant, the recorded signal
corresponds mainly to the LOS component of the displacement of the building in the horizontal
direction.
3

CASE STUDIES

The first case of study, building B in Figure 1, is a reinforced concrete 8-story building with
a rectangular plan of around 58×19 m. The second case of study, building A in Figure 1, is a
12-storey steel structure with a U-shaped floor plan consisting of two well-differentiated structural systems: the central and lateral ones. The two lateral structures are symmetrical with each
other and have a lengthened plant of 59×13m that is not rectangular, but thinner towards both
ends. These three structures are detached from each other and this investigation is focused only
in the lateral body shown in Figure 1 (see also Figure 2).
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Figure 2: Building A (left) and building B (right), the circles indicate the sites where the RAR device was
located and arrows correspond to the LOS. Triangles show where the accelerometers were placed.

As pointed out above, acceleration measurements were made at the roofs of the buildings by
means of a tri-axial accelerometer placed near the center of rigidity. The accelerometers recorded the vibration of the buildings due to ambient noise in the three orthogonal directions
simultaneously for one hour. For the purposes of this work, only the X components that corresponds to the more flexible axes of the buildings were used. To perform the remote measurements, the RAR device was placed at about 50m with an inclination of 44° (building A) and 35°
(building B), with respect to the horizon. RAR antennas were pointing towards the upper vertex
of the facades of the buildings. The remote measurements were performed at sampling frequencies of 87.7 Hz (A) and 86.2 Hz (B) for 30 minutes in both cases. In order to obtain good quality
signals, avoiding noise, measurements were carefully performed eluding obstacles or objects
that could interfere the LOS of the RAR device. Areas where there were no cables, traffic,
people or any moving object were preferred. Nevertheless, this was not possible in the case of
the B building in which a Tramway line passes through the street between the building and the
RAR device. (See Figure 2).
4

TIME-HISTORY ANALYSES

Accelerometers and RAR devices can sample at very high frequencies, however, this is only
useful if the high frequency content of the signal is of interest. In the case of usual buildings,
frequencies of interest are usually in the range from 0.1 to 10 Hz (periods from 0.1 to 10 seconds). Therefore, the as-recorded signals were first resampled to a sampling frequency of 50
Hz, in the case of accelerometers. This way, the data to be analyzed is reduced without affecting
the range of frequencies of interest, which is 25 Hz, according to the Nyquist criterion. For
RAR signals, time series were homogeneously resampled also to 50 Hz. It is worth noting that
the sampling frequency in RAR signals was slightly variable throughout the signal; the mean
sampling frequencies were 87.7 and 86.2 Hz respectively for the A and B buildings. Afterwards,
data were filtered with a three-order causal band-pass Butterworth filter to focus the analyses
in the frequency band 0.5-10 Hz (periods in the range 0.1-2 s).
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4.1 Accelerometer time-histories records
Figure 3 shows the one-hour filtered acceleration recordings for the A and B buildings. It
can be seen that the amplitudes are greater for the A building because this is taller and more
flexible. The magnitude of acceleration is slightly greater in the X directions, which correspond
to the flexible axes of both structures. These X directions were the ones monitored with the
RAR system.

Figure 3: Acceleration records for the A (up) and B (down) buildings. Data have been filtered in the 0.5-10
Hz band.

In order to find the fundamental frequencies of the structures, the frequency content of the
acceleration was analyzed at this phase. To do this, the Power Spectral Density (PSD) method
by Welch [7] was calculated. Figure 4 compares the PSD of the A building for both the X (black)
and Y (red) directions calculated with a Hamming window of 2621 points (52.42 s) and overlapping of 50%. It can be seen that the peaks of high power are well defined with a resolution
of about 0.02 Hz. For the A building (Figure 4 –up-), the main following frequencies were
detected in the X direction: 0.83, 1.13, 1.32, 2.20 and 2.49, which correspond to periods of
1.20, 0.88, 0.75, 0.45 and 0.40 s, respectively.
In the case of the B building, the PSD was calculated in the same way. Figure 4 (down)
shows clear power peaks at frequencies of 1.55 and 1.95 Hz (Periods of 0.64, and 0.51 s) for
the X direction.
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Figure 4: PSD of the acceleration records for the A building, X (black) and Y (red) directions.

To focus on the motion of the building at specific frequencies clearly seen in the PSD graphs,
a very narrow band-pass filter is used to isolate the accelerations at these frequencies, both in
X and Y directions, so that the particle motion at the site of the instrument, can be reproduced.
A frequency band of 0.01 Hz centered at the frequency of interest has been used in these cases.
Figure 5 shows the particle motion, for one-hour recordings, in buildings. Frequencies of 0.83
(Figure 5a) and 1.13 Hz (Figure 5b) are shown for the building A. At 0.83 Hz, building is
vibrating in a direction of about 56º to Y-axis. At 1.13 Hz, the motion is smaller, according to
the corresponding PSD (see Figure 4), and mainly in the Y direction. Frequencies of 1.55 Hz
(c) and 1.95 Hz (d) have been isolated for the B building. Note that at 1.55 Hz the magnitude
of the motion is smaller than the magnitude at 1.95 Hz and its direction is of about 18º with the
positive direction of the X-axis. The direction of the movement at 1.95 Hz is of about -13º with
the positive direction of the X-axis. These motions are related to the modes of vibration of the
buildings and indicate that RAR measurement will be more efficient in the X directions.

1802

Rodrigo E. Alva, José R. González-Drigo, Guido Luzi, Oriol Caselles, Luís G. Pujades, Yeudy F. Vargas-Alzate,
Luis A. Pinzón

Figure 5: Particle motion, for one-hour recordings at frequencies 0.83 (a) and 1.13 Hz (b) for building A; and
1.55 (c) and 1.95 (d) for building B. The red continuous line indicates the amplitude and direction of the motion.

4.2 Displacement time-histories records (RAR)
The RAR device used performs the simultaneous monitoring of a number of different time
series, which correspond to different reflections in the façade of the building at different heights.
These different time-series are called Range Bins (Rbins) [8]. Figure 6 shows Rbins for A (up)
and B (down) buildings. The RAR system also provides a profile with the Signal-to-Noise Ratio
(SNR) for each Rbin (Figure 7), allowing selecting the ones with the highest SNRs corresponding to the range of the buildings. For the A building the Rbins 128 and 138 were selected. For
the B building, the Rbins 112 and 120 were chosen.
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Figure 6: RAR displacement time series for different Rbins recorded in the A (up) and B (down) buildings.

Figure 7: RAR SNR-Range profiles for the A (up) and B (down) buildings.

Figure 8 shows the PSDs for the A building. Frequencies of 0.82, 1.13 and 1.29 Hz, corresponding to periods of 1.21, 0.88 and 0.77, respectively, were detected. Figure 9 corresponds
to the Rbin 128. In this figure, these three peaks can be clearly seen, being the first peak the one
with greatest PSD.
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Figure 8: Comparison of the PSDs of the Rbins with good SNRs (A building)

Figure 9: PSD of the Rbins 128 and 138 (A building)

Figure 10 shows the PSD for Rbins corresponding to the B building. Figure 11 shows the
PSD of the 112 Rbin, which is the one with the highest SNR. In spite of the noise, a clear PSD
peak can be observed at a frequency of 1.98 Hz (period of about 0.50 s). This peak can be also
clearly observed at Rbins 117 and 120.
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Figure 10: PSD comparison for the better SNR bins of the case B building

Figure 11: PSD of the Rbins 112 and 120 of the case B building

5

RAR AND ACCELEROMETER RESULTS COMPARISON

Six outstanding frequencies have been identified in the A building and two in the B building
by means of accelerometric measurements. RAR-based measurements allowed identifying the
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main frequencies corresponding to the accelerometer data post-process; three in the A building
and two in the B building. Table 1 summarizes the frequencies and periods obtained.
Building

A

B

Accelerometer
frequencies
Periods
(Hz)
(s)
0.83
1.205
1.13
0.885
1.32
0.758
2.20
0.455
2.49
0.403
1.54
0.649
1.95
0.513
1.96
0.510

Real-Aperture Radar
frequencies
Periods
(Hz)
(s)
0.82
1.220
1.13
0.885
1.29
0.775
1.55
0.645
1.98
0.505

Table 1: Comparison of frequencies detected with both methods for the A and B buildings.

6

CONCLUSIONS

The capability of a RAR-based system for identifying the modal properties of actual buildings has been investigated. Two buildings, one with steel structure and one with RC structure,
have been surveyed by considering two approaches: i) accelerometers at the roof of the buildings and ii) a RAR device pointing the façade in the more flexible direction of the surveyed
buildings. Noticeably, RAR-based method provided good results for both cases of study. Nonetheless, when RAR is used in high-rise and ductile/flexible structures it is expected an improvement on the quality of the measurements. It should be analyzed how will be the performance of
the RAR-based technique when applied to more rigid structures.
Additional work on modelling the surveyed building will provide valuable information about
the meaning of the frequencies identified herein which, very likely, will correspond to the fundamental and higher modes of vibration of the building. Of course, seen in another light, the
RAR results can be used to diminish the uncertainty related to the structural modelling, i.e. the
magnitude of some properties as, for instance, the elastic modulus of the materials, could be
better calibrated based on the identification of the modal properties of a structure. Remarkably,
the most important conclusion of the present study is that measurements with RAR-based methods are reliable and may be done without the need of entering the buildings; this is an important
advantage when the state of safety of a severely damaged structure should be identified.
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Abstract
Structural monitoring and vibration-based identification methods are fundamental tools to
help assessing the conditions of the structural state, in particular as it concern the conservation of historical buildings and the support to civil protection strategies. Although a large
part of the Italian and European historical heritage is composed by masonry and vaulted
structures, in the literature, comparatively few papers are targeted to the study of the dynamic
behaviour of vaulted systems. The present work originates by a spontaneous collaboration
between the Chieti/Pescara University and the Italian Civil Protection Department and focuses on the study of the dynamic behaviour of a barrel vault of the Bussi Castel located in
Province of Pescara. The barrel vault suffered some damage as a consequence of the 2009
L’Aquila earthquake. Environmental vibration tests were carried out both in the damaged
state and after repair and strengthening. In either conditions, the modal parameters of the
vault were identified using operational modal analysis techniques. The comparison of the dynamic behaviour in the two states clearly indicates an improvement in the seismic behaviour
of the consolidated vault. The results confirm the validity of structural monitoring for the
evaluation of the effectiveness of the structural conditions of vaulted masonry systems.

Keywords: Vaulted systems, Structural monitoring, Output only identification.
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1

INTRODUCTION

Dynamic testing and modal identification have been widely used for solving structural engineering problems [1].
Operational Modal Analysis (OMA) is a very powerful method to estimate the modal parameters of a structure when subjected to environmental loads, such as wind, traffic and human activities [2, 3]. In OMA the structure is tested in its actual working conditions under
ambient actions and consequently the test is carried out with no measurement of the input.
This kind of method, requiring only ambient vibrations without any application of external
invasive vibration sources, is very suitable for the historical structures because it is a nondestructive test. One disadvantage of OMA, is its inability in providing the modal masses.
Therefore, in the estimation of modal parameters, the mode shapes cannot be mass normalized.
However methods for the estimation of the mode shapes scaling factors have been proposed,
even for civil buildings [4, 5], providing suggestions to overcome this limitation.
OMA is nowadays widely used in engineering applications, ranging from the field of damage assessment [6] to that of the seismic response prediction [7, 8].
As concerns the vibration-based damage identification field it relies on the assumption that
the vibration response of a structure depends on its physical properties, i.e. mass, stiffness and
damping. As a consequence, an alteration in the structural behaviour due to damage will modify these properties and will cause a change of the structure modal parameters.
Many methods and applications have been presented in the literature for damage identification based on vibration signatures [9, 10], even for infrastructures [11], and some papers are
devoted to monitoring masonry historical structures with operational modal analysis [12].
Presently, instead, there are only a few papers related to ambient vibration analysis on masonry vaulted structures [13], even less with the target of monitoring a masonry vault in its damaged and strengthened conditions [14].
The proposed work aims to give a contribution to the feasibility of applying ambient vibrations measurements and OMA to masonry barrel vaults, for the purpose of damage identification or, at least, for evaluating the improvement obtained in the dynamic behaviour of a
consolidated vault. To this aim, the results obtained by the dynamic identification of the masonry barrel vault of the Bussi castle, in the damaged and strengthened states, are illustrated
and discussed. Ambient vibration measurements in both states are performed. In section 2 the
vault in its damaged state is described and in section 3 the repair and strengthened and interventions are reported. After an illustration of the ambient vibration measurement campaign in
section 4, the identification of the modal parameters is described in sections 5 and 6, respectively for the damaged and strengthened conditions of the vault. Finally, a comparison between the obtained results is shown in section 7 and a preliminary assessment of the damage
localization [15] and the effectiveness of strengthened intervention is provided.
2
2.1

DESCRIPTION OF THE BARREL VAULT IN ITS DAMAGED STATE
Monitored vault

The analysed barrel vault is part of the monumental complex of the Bussi castle. Its plan
localization is identified by the blue rectangular frame in Figure 1 where its cross section is
also sketched. The cross section is approximately a round arch with average radius equal to
about 5.0 m. The imposts of the arch unload on squat walls having thickness of about 2.0 m
for the external wall and 1.0 m for the internal one. The openings, symmetrically placed, are

1810

A. Di Primio1, N. Fiorini3, D. Spina2, C. Valente1, M. Vasta1

present only in the orthogonal walls under the gable. However, the perimeter walls are not
perfectly symmetric because of a localised reduction of the external wall depth.

Figure 1: Barrel vault: plan view (left) and section (right)

From the in situ survey, the thickness of the vault resulted constant and equal to 28 cm.
The vault constitutive material has poor mechanical properties due to the high void percentage
of the stones and it is characterized by the following properties: specific weight = 21 kN/m3
and elastic modulus = 1500 N/m2. The loose filling material is, in turn, characterized by a
specific weight = 15 kN/ m3 [16].
2.2

Crack pattern

The crack pattern of the vault is a consequence of the 6.3 magnitude earthquake occurred
on 6th of April 2009, with the epicentre in L'Aquila, and the successive aftershocks, which hit
all the Abruzzo region, included the Bussi area. Several experimental campaigns were carried
out in that occasion in the epicentral area also in terms of structural monitoring [17]. The
crack pattern of the barrel vault is shown in Figure 2. The main cracks detected are labelled as
F01, F02 and F03. According to a visual inspection, the F01 and F02 cracks are in the transversal sense of the vault, whereas the F03 crack spreads longitudinally at the keystone level.
No cracks are detectable at the shutter walls but an incipient detaching between the terminal
arches and the respective walls is also observed.
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F01

F03

F02

Figure 2: Barrel vault crack pattern

3

THE STRENGTHENING INTERVENTION

The vaulted structures present in the Bussi castle differ from each other in terms of geometry so that they have been strengthened according to different consolidation procedures.
As concerns the intervention in the barrel vault, it has been executed with a double warping
of fiberglass stripes, in the two main direction of the vault, whose installation is shown in
Figure 3. The fiberglass stripes have been put directly on the extrados of the vault.
Moreover, as illustrated in the vault section of Figure 3, the filling has been replaced by a
lighter one constituted by grains of expanded clay. A non-structural screed is used as wearing
layer leaving the vault its structural function.
In Figure 3 the fiberglass texture applied on the vault is shown together with a descriptive
table of the interventions given both in section and in plan.
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Figure 3: Main (blue) and secondary (red) fiberglass stripes
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4
4.1

AMBIENT VIBRATIONS MEASUREMENTS
Instrumentation and sensors configuration

The experimental activity concerns two measurement campaigns performed in two different states of the barrel vault. The first campaign was performed on July 2017, with the vault in
its damaged state, the second campaign was performed on November 2018, with the vault in
its repaired and strengthened state, after the intervention described in the previous section.
In both cases the ambient vibration measurements were performed under the hypothesis of
normal operating conditions of the castle and the vibrations were recorded using 16 uni-axial
piezoelectric accelerometers PCB 393A03, with an high sensibility level characterized by a
±5g measurement range and a broadband resolution 0-10000Hz with 0.00001g rms. The sensors were connected by ad hoc cables to a 24-channels LMS-SCADAS mobile recorder. The
recorder is characterized by a 24-bit A/D for a dynamic range of 150 dB. The uni-axial accelerometers are properly coupled with special aluminium cubes in order to realise bi-axial or triaxial sensors. The aluminium cubes are magnetically fixed to metal plates bolted to the intrados of the vault, as illustrated in Figure 4.

Figure 4: Biaxial accelerometer (left) and metal plates bolted to the vault intrados (right).

Due to the limited number of sensors available, only three measurement arch sections have
been instrumented and labelled S1, S2 and S3. These sections (or alignments) are located as
shown in Figure 5.
Each arch section has five measurements points labelled A, B, C, D, E, as shown in Figure
5. Each measurement point consists of two Degrees of Freedom (DOFs) obtained through biaxial accelerometers. In points A, C, E, the accelerometer are oriented in such a way to record
tangential and radial accelerations of the arch. Only the points labeled as B, D have a tri-axial
accelerometer, in order to control the barrel vault behavior also in the longitudinal direction.
Measurements were taken according to three different configurations. In any case the time
length of the records was 3600 s at a sampling rate of 200 Hz. In each configuration only one
arch is fully instrumented, while an adjacent arch is instrumented only in points B and D. The
presence in each partial configuration of common measurements points is a fundamental condition for merging the data collected in the partial configurations, obtaining the global deformations of the structure.
The three configurations, defined CNF1, CNF2 and CNF3, from the label of the main arch
section they refer to, are summarized in Table 1. The tri-axial accelerometers located in B and
D in the arch section S1 are those kept fixed in all the partial configurations, so six DOFs are
common to each configuration.
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Configuration
CNF 1
CNF 2
CNF 3

Section
S1
S2
S2
S1
S3
S1

A
√
√
√
-

B
√
√
√
√
√
√

C
√
√
√
-

D
√
√
√
√
√
√

E
√
√
√
-

Table 1: Configurations and measurement points.

Figure 5: Barrel vault measurement alignments (S1, S2, S3) and relative sensors configuration.

4.2

Modal parameters extraction

The recorded signals are analyzed to extract the modal parameters of the vault in terms of
frequencies, damping and mode shapes.
Among the different identification techniques available in literature [18], some of them also implemented in various commercial software, the authors used the LMS Test.Lab software
by Siemens, which is based on a frequency-domain analysis via the Polymax algorithm [19].
Polymax is a modal parameter estimation method working in the frequency domain where the
cross-spectra of the recorded signals are modeled as the ratio of two complex polynomials.
The poles and the residuals of the ratios provide frequencies, damping and mode shapes. In
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order to distinguish the real structural modes from the numerical ones, model (i.e. polynomials) of growing order are used and the stabilization diagram is built. In the stabilization diagram a mode is defined “stable” if its frequency and damping do not vary with the growth of
the model order. The mode shapes are found in a second least-squares step, based on the selection of stable poles in the stabilization diagram. Moreover, some other tools are provided
by the software to distinguish the actual structural modes from the numerical ones, among all
the identified modes. Different indices such as the Modal Assurance Criterion MAC [20, 21]
and the Modal Phase Collinearity MPC [22] are used on purpose. The MAC index estimates
the correlation between the identified mode shapes, through a matrix where the ij element is
the MAC index between modes i and j. In this way, by verifying that the off-diagonal elements are close to zero, the orthogonality between different mode shapes obtained from a single data set is checked, as confirmation that the measured DOFs are sufficient to spatially
distinguish the mode shapes. The MPC index indicates the relationship between the real part
and the imaginary one of the identified mode shape.
5

DAMAGED VAULT: RESULTS OF THE IDENTIFICATION

The first five vibration modes have been identified and their parameters are summarized in
Table 2. The MPC are close to 100%, except for mode 3, which has a non negligible imaginary component. In the analysis of the signal a peak at about 5 Hz is also detected. However,
it has been excluded, because the associated mode shape corresponds to a deformation of the
supporting walls, with the vault that moves rigidly.
The identified mode shapes are given in Figure 6 according to an axonometric view (refer
to Figure 5 for node numbering and key view in Figure 6). In order to analyze in detail the
characteristics of the identified mode shapes, the more representative ones are shown according to the different cross sections of the vault.
Mode
1
2
3
4
5

Frequency [Hz]
10.01
20.43
25.04
36.04
45.38

ζ [%]
0.28
0.99
2.96
2.77
0.29

MPC [%]
91.894
80.384
77.128
85.917
86.199

Table 2: Modal parameters extracted from the damaged vault

In Figure 7, the first mode shape is represented. By observing the vault deformation it can
be noted that this mode recalls an arch mode, in which all the arch sections tend to move simultaneously in the same direction, with misalignments due probably to the presence of the
damage.
In Figure 8, mode 2 is represented. It can be noted an evident asymmetry in the behaviour
of the arch section S1 and the arch section S3 with respect to the arch section S2, that, once
again, could be ascribed to the presence of structural damage in the barrel vault.
Finally in Figure 9 the longitudinal fifth mode shape is shown.
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Mode 1 : 10.01 Hz

Mode 2: 20.43 Hz

Mode 3 : 25.04 Hz

Mode 4 : 36.04 Hz

Node numbering: key view

Mode 5 : 45.38 Hz

Figure 6: Damaged barrel vault - First five identified vibration modes
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Figure 7: Damaged barrel vault: first identified mode shape

Figure 8: Damaged barrel vault: second identified mode shape

Figure 9: Damaged barrel vault: fifth identified mode shape.
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6

STRENGHTENED VAULT: RESULTS OF THE IDENTIFICATION

The ambient vibration measurements have been repeated in the strengthened configuration
of the vault, taking care that the measurements were gathered at the same measuring points as
for the damaged configuration. This condition was guaranteed by repositioning the accelerometers onto the same metal plates used for the damaged configuration that have not been
intentionally removed.
The same criteria adopted for the analysis of the damaged vault have been used also for the
processing of the ambient vibrations of the strengthened vault in the three configurations, Table 1, and the final configuration has been obtained by merging the results of the partial ones
(CNF1, CNF2, CNF3).
The first four vibration modes of the vault have been identified, as summarized in Table 3,
and the relevant mode shapes are shown in Figure 10, according to an axonometric view (refer to Figure 5 for node numbering and key view in Figure 6).
Mode
1
2
3
4

Frequency [Hz]
16.03
25.48
33.42
50.01

ζ [%]
3.50
0.59
0.53
0.10

MPC [%]
92.54
91.61
89.23
96.94

Table 3: Modal parameters extracted from the strengthened vault

Mode 1 : 16.03 Hz

Mode 3 : 33.42 Hz

Mode 2 : 25.48 Hz

Mode 4 : 50.01 Hz

Figure 10: First four identified mode shapes of the strengthened barrel vault
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As described above in section 4.2, a good modal parameters identification is supported by
some control tools, as the degree of correlation of the different mode shapes identified (MAC
matrix). Figure 11 shows that the off diagonal elements are noticeably smaller than the unit,
testifying that the measured DOFs were sufficient to distinguish spatially the vibration modes.

Figure 11: Strengthened barrel vault - MAC values for the first four identified mode shapes

Another significant ex-post evaluation of the quality of the identification is to compare the
Cross-Spectrum (CP) of two channels: one obtained from the experimental measures (the bold
grey line) and the other numerically reconstructed by replacing the identified modal parameters into theoretical expression (the black dashed line). The comparison has been reported in
the frequency range 15Hz - 60Hz, which is the range within which the identified structural
frequencies are located (vertical pale blue lines). By observing the CP function in Figure 12, it
can be noticed that in proximity of the structural frequencies there are significant peaks both
in the synthetized and in the experimental CP functions. The solid area identifies the error between the two functions, which in the whole analysis range is relatively low, so that the percentage of correlation between the theoretical and the experimental curve is about 80%. In the
same figure, the values of the phase angle are reported. It is noted that in correspondence to
the structural frequencies the phase angle is approximately equal to 0°, highlighting that the
identified mode shapes are mainly real, with low complexity [22].

Figure 12: Synthetized and experimental Cross Spectrum (CP)
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In order to analyze more specifically the characteristics of the identified mode shapes, the
first three modes have been also represented in four different views, as done for the damaged
vault. In particular, the first three identified mode shapes are shown in Figure 13, Figure 14,
Figure 15.
The vault deformation according to mode shapes 1 and 2, in Figure 13 and Figure 14,
clearly recalls an arch mode, in which all the arch sections tend to move simultaneously in the
same direction. In particular, in the case of the first mode, the mode shapes of the arch sections S1, S2, S3 are very similar, see also the numeric values of Table 6.
Mode 3 involves the barrel vault in its longitudinal direction. Differently than the longitudinal mode observed for the damaged vault, i.e. mode 5 in Figure 9, the anti-symmetrical behaviour between the extreme sections (S1-S3) expected from a theoretical kinematic model is
full developed, in the strengthened configuration.

Figure 13: Strengthened barrel vault: first identified mode shape

Figure 14: Strengthened barrel vault: second identified mode shape
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Figure 15: Strengthened barrel vault: third identified mode shape

7

COMPARISON BETWEEN THE VAULT BEHAVIOUR BEFORE AND AFTER
THE STRENGTHENING INTERVENTIONS

The identified frequencies of the barrel vault before and after the strengthening interventions, labelled as fD (Damaged state) and fS (Strengthened state), are listed below:

Mode 1
Mode 2
Mode 3
Mode 4
Mode 5

fD [Hz]
10.01
20.43
25.45
36.04
45.39

fS [Hz]
16.03
25.48
33.42
50.01

Table 4: Identified frequencies in the damaged and strengthened state of the vault

Once the frequencies have been identified, since the barrel vault was subjected to a series
of modifications and transformations in terms of stiffness and mass, it is necessary to verify
the association of the vibration modes identified in the two different states, D or S, of the
vault. In view of the important modifications undergone, it is not reliable to refer only to the
frequency values, to search the correspondence between the modes. It is more effective, instead, to compare the mode shapes of the damaged and strengthened vault, through the MAC
indices. In addition to what reported in section 4.2, the MAC indices could be good estimators
of the correlation between mode shapes obtained using different data sets or different reference channels. It is recalled that the more the MAC values are close to 1, the more the mode
shapes are correlated each other.
In the MAC between the three arch sections, for all the measured DOFs and for all the
identified modes is reported. The labels for the damaged configuration are 1D, 2D, 3D, 4D and
5D where the number stands for the i-th modes and, likewise, for the strengthened configuration the labels are1S, 2S, 3S and 4S.
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MAC
1D
2D
3D
4D
5D

1S
0.67
0.00
0.07
0.08
0.01

2S
0.01
0.01
0.09
0.27
0.16

3S
0.00
0.07
0.09
0.00
0.32

4S
0.01
0.00
0.00
0.00
0.04

Table 5: MAC between the damaged D and strengthened S mode shapes of the vault

The values in Table 5 show that a relative good correspondence between the modes can be
established only for the first one, for which it is observed a MAC equal to 67%. The corresponding increase in terms of frequency after consolidation is equal to 1.6, which is a reasonable value considering the strengthening intervention. For all the remaining modes, the MAC
indices are close to zero, consequently it can be assumed that there exist no correlation among
the involved mode shapes.
If the barrel vault is supposed constituted by a number of arch sections, it is possible to try
to localize the damage by computing for a given mode: (i) the MAC between two different
arches in the same vault state (damaged or strengthened) and (ii) the MAC of a single arch
shared by the two vault states.
The MAC matrix referred to the case (i) above and relative to first mode shape, 1S, is
shown in Table 6 and Table 7 respectively for the strengthened state and the damaged state of
the vault where different arches (S1, S2, S3) are compared.

MAC Strenghtened
S1 1S
S2 1S
S3 1S

S1 1S
1
0.93
0.87

S2 1S
0.93
1
0.94

S3 1S
0.87
0.94
1

Table 6: MAC between the arch sections in the strengthened vault

MAC Damaged
S1 1D
S2 1D
S3 1D

S1 1D
1
0.65
0.66

S2 1D
0.65
1
0.90

S3 1D
0.66
0.90
1

Table 7: MAC between the arch sections in the damaged vault

The comparison of Table 6 and Table 7 clearly shows that the strengthening interventions
in the barrel vault have restored an overall arch behaviour of the vault. In fact, the deformations of the three arch sections S1, S2 and S3 are strictly correlated since the off diagonal
MAC values are closer to one than in the damaged state. It is also evident an asymmetrical
behaviour of the damaged vault with respect to the central arch section, highlighted by the
second row of Table 7.
Finally, the MAC matrix for the first mode shape between the damaged and strenghtened
states is shown in Table 8, for all the measured DOFs grouped according to the arch section
they belong.
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MAC Damaged/Strengthened
S1 1D
S2 1D
S3 1D

S1 1S
0.56
-

S2 1S
0.83
-

S3 1S
0.79

Table 8: MAC matrix between the damaged and strengthened first mode shape of the vault, grouped according to
the arch they belong.

The values listed in Table 8 show that the greatest variation between the deformation of
the damaged vault and that of the strengthened vault is localized in the arch section S1. This
result, together with the aforementioned asymmetry, suggests that the portion of the vault that
encompass the arch section S1 is the one that underwent the greatest damage so, on the contrary, it is the one that probably most benefited from consolidation.
8

CONCLUSIONS

The identification of the dynamic characteristics of a masonry barrel vault of the Bussi
Castle in its damaged and strengthened states is presented in this study.
Some structural cracks occurred at the intrados of the vault after the L’Aquila earthquake
of April 2009, so repairing and strengthening interventions were designed and built.
In order to detect the differences between the dynamic behaviour of the vault before and
after the consolidation, experimental modal parameters are extracted from ambient vibration
measurements using the PolyMAX algorithm a powerful and reliable Operational Modal
Analysis (OMA) method.
Aiming at establish the correlation between the mode shapes of the vault in its damaged
and strengthened state, the Modal Assurance Criterion (MAC) is used. The MAC values between the mode shapes shows that: (i) the first vibration mode is the only one that can be
compared to evaluate the differences between the two states of the vault, as it is the only one
with a good matching in terms of mode shapes; (ii) the greatest variation between the mode
shapes of the damaged and the strengthened vault is localized in the arch section labelled S1,
this result is not detectable by visual inspection.
If only mode 1 is considered, according to the observation at point (i), the stiffness ratio
between the strengthened and damaged states of the vault is about 2.5, corresponding to a ratio of 1.6 between the frequencies. This stiffness increment appears compatible with the
strengthening interventions.
As regards point (ii) the results obtained suggest the following. If the vault is longitudinally split into three parts, referred to the respective measurement sections labelled arch 1,2 and
3, the part 1, containing the section S1section, is that with more benefits from consolidation,
or what is the same, the damage is more concentrated in that region of the barrel vault.
The experimental results have also shown a satisfactory dynamic behaviour of the damaged vault. In fact, the three arch sections S1, S2 and S3 move in a fairly similar way, despite
the damage.
However, by comparing the mode shape pertaining to the three sections, an asymmetry of
behaviour is detected for section S1. This asymmetry vanishes after the strengthening interventions. In fact, the MAC between the mode shapes of the arch sections S1 and S3 with the
central section S2 is almost the same (0.93 against 0.94), reflecting a restoration of the regular
and symmetrical behaviour of the barrel vault.
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In conclusion, it should be remarked that, in order to get an accurate assessment of the
strengthening interventions effectiveness it is opportune to confirm the experimental results
using properly calibrated numerical models.
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Abstract
The seismic sequence that stroke central Italy in August and October 2016 affected a large
number of school buildings. One of these was the elementary school of the town of Visso, a
5000-cubic-metre, two-storey stone masonry building. The Italian Structural Seismic Observatory (OSS), a network of permanent sensors mainly installed in public buildings by the Department of Civil Protection, monitored this school. Twenty-three accelerometric channels allowed
recording the dynamic response of the building during the entire sequence, which caused the
collapse of portions of masonry walls and floor diaphragms. Double-integration of acceleration time histories provided estimations of displacements and deformations, which can be related to different damage states. A detailed geometric and mechanical characterization of the
structural system complemented the data provided by the OSS, allowing the development of a
reliable equivalent-frame numerical model of the building, implemented in the software Tremuri. The comparison between data recorded on site and nonlinear time-history analysis results
confirmed some of the main modelling assumptions typically validated against smaller shaketable experiments.
Keywords: Italian Structural Seismic Observatory, URM, Nonlinear Behaviour, Numerical
Modelling, Dynamic Analysis
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1

INTRODUCTION

Observations and measurements from dynamic excitation are essential to improve the reliability of analytical formulations and numerical models used to assess the seismic vulnerability
of existing structures.
Dynamic shaking table tests on full-scale models represent the most complete laboratory
experiments to study the seismic behavior of structures and components, especially in the nonlinear range (e.g. [1, 2, 3]). These tests allow to impose the desired ground motions, to have a
good knowledge of the specimen geometry and mechanical characteristics, and to monitor the
nonlinear response of a structure by measuring directly all desired physical quantities with good
accuracy and precision. The main limitations of this type of tests are essentially three: (i) the
limited dimensions of the specimens due to shaking table constraints, (ii) the difficulty to account for soil-structure interaction, and (iii) the impossibility to test structures in their actual
conditions (e.g. complete detailing, aging effects, non-structural components).
Experimental measurements on real instrumented structures excited by actual earthquakes
represent an important complementary source of information, because they allow overcoming
the above limitations associated with shaking table testing. However, the depth of information
and knowledge about the structure, which is normally associated with shaking table tests, cannot be easily acquired in the field. Currently, information lacks in literature about instrumented
structures hit and heavily damaged by seismic events.
In this framework, a huge amount of valuable data has been provided by the Italian Structural
Seismic Observatory (OSS) since the 1990s. This is a network of permanent seismic monitoring
systems belonging to the Department of Civil Protection (DPC), installed mostly on public
buildings, on some bridges and on a few dams [4]. Within this context, recordings acquired by
the OSS on three selected masonry structures have been analyzed during the last years by a
team of researchers involved in the ReLUIS project founded by the DPC [5].
The seismic sequence that stroke Central Italy in August and October 2016 affected a large
number of school buildings. Among the inspected schools, 68% of those that experienced a
PGA lower than 0.1 g were safe to be accessed. This number reduces down to 14% for buildings
exposed to PGA greater than 0.30 g [6]. The elementary school of the town of Visso, a 5000cubic-metre, two-story stone masonry building is one of the latter. Twenty-three accelerometric
channels allowed recording the dynamic response of the building during the entire sequence,
which caused the collapse of portions of masonry walls and floor diaphragms.
This paper briefly describes the building in terms of geometrical and mechanical properties,
the instrumentation layout, and the post-processing of the recorded data. The work then proposes a numerical model based on the equivalent-frame approach. The recorded seismic performance of the structure is compared with the numerical prediction, supporting the
effectiveness of the equivalent-frame nonlinear model [7, 8] in capturing the nonlinear dynamic
behavior.
2

DESCRIPTION OF THE BUILDING

The building under investigation consists of an unreinforced masonry (URM) structure with
undressed stone blocks organized in a regular bond. The school develops over two stories above
ground, with a hipped composite timber-concrete roof covering the attic floor. A basement extends below a limited portion of the building. The overall building volume is about 4800 m3
and the area is about 600 m2. Its irregular T-shape floor plan is composed of a main rectangular
body (labeled “A” in Figure 1), stretching in the NW-SE direction, and a smaller wing (labeled
“B” in Figure 1), orthogonal and attached to the first one. Additional info may be found in [5].
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Figure 1. South-West façade from the South corner (left) and ground floor plan view (right).

2.1 Geometrical and mechanical characterization
The Italian Department of Civil Protection commissioned a complete geometrical and mechanical properties characterization survey, including laboratory and in-situ testing of construction materials, together with a permanent seismic monitoring of the structure.
The piers of the load-bearing masonry walls extend over the entire height of the building,
providing vertical regularity to the structure. The masonry consists mainly of undressed stone
blocks, with thickness ranging from 67 to 85 cm at the first story, from 66 to 87 cm at the second
one, and from 50 to 78 cm at the third one.
From visual and video-endoscopic inspections, computed-tomography scans, and thermographic surveys, the masonry texture appears to be regular, with an average block size of 30 x
15 cm and good-quality mortar with fairly good resistance to penetration tests. Furthermore,
header blocks provide a transversal connection between the two wythes.
Table 1 summarizes the in-situ and laboratory characterization tests performed on masonry
and its constituents, with the corresponding average mechanical properties. Figure 2 shows the
setup of the double-flatjack test [9], from which the elastic modulus was obtained. Single-flatjack tests, instead, provided information about the actual compressive stress acting on the masonry piers.
Video-endoscopic investigations, georadar surveys, and static load tests gave allowed determining the floor framing typology and orientation: one-way concrete slabs with joists and hollow clay elements form rigid diaphragms at the ground and first floors, while the attic floor
consists of steel joists and hollow clay elements resulting in a flexible diaphragm.
In addition to the structural in-situ tests, a seismic surface-wave survey (MASW method)
provided the soil shear-wave velocity, resulting in soil category B (360 m/s ≤ Vs30 < 800 m/s).

Test typology
In-situ double-flatjack test
In-situ penetration test
Lab tests on samples

Material
Masonry
Mortar
Mortar
Blocks

Property
Elastic modulus, E
Compressive strength, fj
Compressive strength, fj
Compressive strength, fb

Value [MPa]
1733
1.5
1.7
70

Table 1. Material characterization tests and masonry mechanical properties.

1829

F. Graziotti, P. Toninelli, M. Solenghi, G. Guerrini, A. Penna

Figure 2. Hydraulic double-flatjacks test.

2.2 Post-1997 retrofit interventions
The building was damaged during the M6.0 earthquake that stroke the Umbria and Marche
regions in 1997, with an epicentral distance of about 25 km. Available documentation and photos allowed identifying the following retrofit and repair interventions:
Repair of the most significant cracks with the scuci-cuci patching method, mainly in
in the stairwell walls;
Addition of brick-masonry walls connecting pre-existing isolated URM piers (Figure
3, left);
Consolidation by mortar injection of some internal load bearing piers;
Installation of UPN steel profiles at the attic floor level connected to the masonry walls
to increase their out-of-plane overturning resistance;
Partial replacement of the composite timber-concrete roof structure (Figure 3, center);
Systematic connection of the roof to the perimeter walls, by pairs of metal plates embedded in the concrete topping and bars anchoring into the walls below (Figure 3 right);
Reinforcement of the first-floor openings of the main façade with perimeter steel profiles, including the masonry pillars between adjacent windows;
Installation of tie rods, however not detected during on-site inspections.

Figure 3. Retrofit interventions: addition of brick-masonry walls (left), timber roof replacement (center), roof
connections (right).
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2.3 Instrumentation
The Italian Structural Seismic Observatory (OSS), a network of permanent seismic sensors
mainly installed in public buildings by the Department of Civil Protection, monitored this
school. The monitoring system installed in the building consists of:
1 digital acquisition unit for the acceleration and displacement signals;
11 accelerometers (Figure 4, left) of which:
1 tri-directional accelerometer for the Near-Field (NF) station;
10 bi-directional accelerometers (Figure 4, right) recording horizontal motion
components at the level of the first and attic floors;
1 GPS receiver for system synchronization with Greenwich absolute time;
1 connection network with the acquisition unit consisting of cables and channels.
3

SEISMIC EVENTS

The OSS recording database is extremely large, so only a data subset is considered for this
work and its future developments. The selected recordings are listed in Table 2, along with a
brief description of the event they refer to. They can be divided in two categories: strong ground
motions (SM) and weak ground motions (WM).

Figure 4: Monitoring system: sensors layout (left) and bi-directional accelerometer (right).

Signal
Epicenter
MagniDate
PGA NW-SE
Location – Distance
ID
tude
[UTC]
[g]
WM1
Sarnano – 22 km
3.4
2015-05-21
0.003
SM1
Accumoli – 28 km
6.0
2016-08-24
0.334
WM2
Norcia – 12 km
3.9
2016-08-31
0.016
SM2 Castel S.A. sul Nera – 7 km
5.4
2016-10-26
0.294
SM3
Ussita – 4 km
5.9
2016-10-26
0.363
SM4
Norcia – 11 km
6.5
2016-10-30
0.294
Table 2. Seismic events examined (OSS database extract).
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The corresponding accelerograms recorded at the building base by the NF sensor were processed with band-pass filtering and baseline correction. Fourier amplitude spectra, acceleration
and displacement response spectra of the seismic input, were then obtained. Single and double
integration of the acceleration time histories at all monitored building locations provided estimations of velocities, displacements and deformations throughout the entire seismic sequence,
which can be related to progressive damage states.
The structural response to weak-motion signals does not exceed the linear elastic threshold.
Therefore, processing these time histories allows to obtain:
- The dynamic properties of the undamaged structure before and after the SM1 event,
through the frequency response function (FRF) analysis and the experimental modal analysis approach;
- The linear branch of the global force-displacement curve, useful for stiffness evaluation
and model calibration.
On the other hand, strong motion events induce inelastic response on the structure, providing
significant information such as:
- Floor and elevation deflected shapes, characterizing the high displacements to which the
building has been subjected over time;
- The force-displacement hysteretic curve of the structure with maximum lateral resistance
and strength degradation, caused by damage during the event;
- The interstorey drift time histories, which can be related to the damage observed on the
structural elements after the earthquake.
This paper focuses on the response to the first three motions, WM1, SM1, and WM2.
4

NUMERICAL MODEL

A series of nonlinear dynamic simulations were conducted on a three-dimensional numerical
model of the structure (Figure 5) developed within the software Tremuri [7, 8]. Adopting the
equivalent-frame approach to discretize the masonry walls, the mechanical behavior of each
pier and spandrel was modeled using the nonlinear macroelement implemented by Bracchi et
al. [10]. The model included 214 nodes and 291 elements. The total inertial mass of the model,
approximately equal to 4000 t, was compatible with estimates conducted on the actual building.
The mechanical proprieties assigned to the model are listed in Table 3.The compressive and
tensile strength, fc and ft, were defined based on the Italian standards NTC2008 [11, 12] while
the elastic modulus E and the shear modulus G were slighly calibrated to better capture the
dynamic behavior of the structure. Parameters Gct and β define the peak dispalcement and the
softening branch of the masonry inelastic constitutive relationship, while μeq is used to assigned
an equivalent Mohr-Coulomb shear strength criterion to the spandrels.

Figure 5. 3D views of the numerical model of the building.
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Element

Piers

Spandrels

E
[MPa]
2600
2700
3899
2600
2600
2600

ID
1
2
3
5
4
6

G
[MPa]
867
900
1300
867
867
867

fc
[MPa]
3.20
5.20
6.24
4.16
3.20
4.16

ft
[MPa]
0.10
0.18
0.19
0.13
0.10
0.13

β
[-]
0.5
0.5
0.5
0.5
0.0
0.0

Gct
[-]
2.5
2.5
2.5
2.5
4.0
4.0

μeq
[-]
0.5
0.5

Table 3. Masonry mechanical proprieties assumed in the model.

Floor
Ground
First
Second
Roof

Portion
A
B
A
B*
A
B*
A
B*

t
[mm]
60
60
50
50
40
40
40
40

E1
[MPa]
30000
46000
50400
2740
9150
250
9150
250

E2
[MPa]
30000
46000
50400
1630
0
0
0
0

G
[MPa]
13000
12500
12500
680
12500
345
12500
345

*Modelled with secant stiffness based on the maximum deformation recorded.
Table 4. Diaphragm mechanical proprieties assumed in the model.

The diaphragms were modeled as linear elastic orthotropic membranes with four or three
nodes, characterized by thickness t, Young’s moduli E1 and E2, and shear modulus G. Standard
values were assigned to the mechanical proprieties, listed in Table 4, based on floor and roof
typologies. In order to capture the higher deformability observed in the slab of building wing
“B”, the diaphragms of this wing were assigned secant elastic moduli in correspondence of their
maximum recorded deformation. For this scope, approximate values of the slab in-plane shear
strength were quantified following the requirements of ACI 318-14 [13] for concrete elements
without shear reinforcement.
Rayleigh damping model was used for the analyses, with damping ratios of 3.5% for the first
fundamental period in the X direction (T1 = 0.15 s) and for the maximum secant period reached
during SM1 (T1sec = 0.50 s, associated with Ksec shown in Figure 10).
5

COMPARISON BETWEEN NUMERICAL AND RECORDED RESULTS

During the M6.0 seismic event occurred on August 24th, 2016 (SM1), the structure of the
school experienced relevant damage, with the development of shear mechanisms on the piers
and spandrels. A comparison between the numerical damage prediction and the one observed
on a wall of wing “B” of the building is reported in Figure 6. The numerical damage level is
shown with a graphical convention in which:
- Red color means that the element reached its peak shear strength;
- Lighter colors indicate that the shear strength has not been reached yet;
- Darker colors denote that the element is in the post-peak part of the constitutive law;
- Crosses indicate the full development of a shear mechanism;
- Straight lines represent flexural cracking.
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Figure 6. Comparison between the damage level obtained from numerical analysis (left) and the one observed on
the building after the seismic event of August 24th, 2016 (right).

Figure 7. Time-histories of interstory drift obteined numerically (red) and from records (black), ground floor.

The numerical model is able to simulate the mechanisms activated on the elements of the
masonry walls, with a slight overestimation of the damage on the ground-floor piers. Figure 7
shows a comparison between the simulated (red) and recorded (black) time-histories of interstorey drift, referred to the ground floor of the masonry wall shown in Figure 6. The maximum
and minimum values of the drifts actually recorded are +0.39% and -0.39%, respectively, while
those obtained from the numerical simulation are +0.32% and -0.60%, respectively. The analysis overpredicted the negative interstorey drift, probably causing the higher simulated damage
level on the ground-floor piers.
Figure 8 represents graphically the horizontal trajectories of the points where the accelerometers were installed, for both first and second floor. Good agreement between numerical (red)
and recorded displacements (blue) can be noticed for most of the control points even in wing
“B”, where the higher deformability can be due to several causes such as the building plan
irregularity, the great number of openings, and the presence of a stairwell. The most relevant
differences can be observed at the South-East end of wing “A” (accelerometers A2 and A7),
where the model overpredicts the translations in the transverse (weak) direction while underestimating those in the longitudinal (strong) direction.
The numerical displacement envelopes were also compared with the actual ones (Figure 9).
These were obtained as the envelope of maximum and minimum values of the average floor
displacements relative to the base. The model provided particularly accurate results in the X
direction, with an error of less than 10% on the maximum average top-floor displacement.
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Figure 8. In-plane trajectories of the monitored points: first floor (left) and second floor (right).

Figure 9. Average floor displacement envelopes: X direction (left), Y direction (right).

Figure 10. Global hysteretic response of the building: X direction (left), Y direction (right).

A comparison between recorded (black) and simulated (red) hysteretic curves, obtained
plotting the base shar against the average top floor displacement, is shown in Figure 10. Good
accuracy of the model can be noted on the base shear estimation (with errors of about 10% in
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both directions) and displacement demand prediction, despite a few displacement overshots in
the Y direction.
The transfer function associated with the signal of each accelerometer was evaluated as the
ratio of the Fourier amplitude spectrum of its acceleration record (FSA) to the one of the ground
acceleration in the same direction, period by period.
In order to evaluate the accuracy of the model in reproducing the dynamic properties of the
real building, the transfer functions of the accelerometer signals recorded during weak motions
WM1 and WM2 (blue) were compared with those of the corresponding numerical accelerations
(red). Comparing the transfer functions associated with the signal of accelerometer A10, the
model exhibits good accuracy in capturing the building dynamic characteristics, both before
(Figure 7) and after (Figure 8) damage due to SM1.
Comparing the transfer functions from WM1 and WM2 can also illustrate the evolution of
the dynamic properties caused by damage during SM1. The fundamental period in the Y direction elongated from 0.18 s to 0.19 s, while in X direction, despite some relevant changes in the
shape of the transfer function, the fundamental period remained equal to 0.15 s. These results
agree with the fact that, during the main seismic event of August 24th, most of the damage was
associated with the development of inelastic behavior in the Y direction.

Figure 7. Transfer functions evaluated in corrispondence of accelerometer A10 before the strong-motion event of
August 24th: X direction (left), Y direction (right).

Figure 8. Transfer functions evaluated in corrispondence of accelerometer A10 after the strong-motion event of
August 24th: X direction (left), Y direction (right).
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6

CONCLUSIONS

This paper discussed the numerical prediction of the seismic response of a stone masonry
school building, located in the town of Visso, Italy, damaged by the earthquake that hit Central
Italy on August 24th, 2016. The building was instrumented with several accelerometers by the
Italian Department of Civil Protection as part of the Structural Seismic Observatory. Double
integration of the accelerometer signals allowed deriving displacements, which provided a full
quantification of the nonlinear dynamic response of the building.
The numerical model was based on the equivalent-frame approach, with geometric and material properties obtained from extensive in-situ surveys and characterization tests. Good accuracy was observed for the numerical prediction in terms of damage pattern, displacement
histories and envelopes, and global hysteretic response under the strong motion that caused
extensive in-plane shear damage to the piers and spandrels of the building. Moreover, lowintensity motions recorded before and after the main event allowed the calculation of transfer
functions and the identification of the building natural periods of vibration, which were also
correctly captured by the model.
The results of this study demonstrate the validity of the equivalent-frame modeling approach
for masonry buildings, especially when openings are regularly distributed on their walls. Moreover, they complement on a larger scale the findings of smaller laboratory shake-table tests
conducted worldwide. It is also worth noting that the macroelement used in the model requires
a limited number of mechanical properties, which were easily estimated with in-situ non-destructive or semi-destructive tests and integrated with standard values where necessary.
This study highlights the opportunity offered by the combination of geometric surveys, insitu characterization tests, permanent monitoring, and numerical modeling to assess the seismic
vulnerability of strategic structures and infrastructures, and to tailor retrofit intervention campaigns for an effective risk mitigation strategy.
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Abstract
During the seismic event of 21st August 2017 in Ischia, many masonry churches were
damaged. Within the inspected damaged churches, a very interesting case study is
represented by Santa Maria Maddalena church, located on the hill of Casamicciola Terme,
near to the epicentre. The church of Santa Maria Maddalena can be considered a ‘unicum’,
since it was built in 1896, after the catastrophic earthquake of 1883, with a ‘mixed’ structure
made mainly of yellow tuff blocks walls strengthened by iron profiles or wooden elements.
Several examples of structures made of masonry walls with wooden elements embedded in the
wall thickness, i.e. the so called ‘baraccato system’ are present in the island, while the use of
iron profiles is rare. The paper is firstly aimed to present the results of detailed historical
investigation, geometrical survey, damage status analysis and provisional safety assessment
after the earthquake of 21st August 2017. These activities were carried out in collaboration
with the Campania Regional Directorate for Cultural Heritage (MiBACT). Within such a
collaboration, an in situ dynamic test was also performed under operational conditions. The
set-up and the results of this test are here presented in order to point out the main features of
the structural system in terms of relevant modal parameters, both at global and local level.

Keywords: Church, Masonry, Earthquake, Vulnerability, Dynamic Behaviour.
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1

INTRODUCTION

The high seismic vulnerability of masonry churches, significantly higher than the one of ordinary
masonry buildings [1], is confirmed by the wide damage observed during the recent earthquakes
occurred in Centro Italia [2]. Also during the 2017 Ischia earthquake, many buildings and churches
were damaged. The surveys carried out in the emergency phase after the earthquake allowed
identifying the main failure mechanisms and damage by means of the A-DC survey forms [3]
compiled in situ.
Within the inspected churches, a very interesting case study is represented by Santa Maria
Maddalena church, located on the hill of Casamicciola Terme, near to the epicenter of the seismic
event of 21st August 2017. The church suffered low damage, though with widespread cracks, during
such an earthquake probably thanks to its particular mixed structure. This is made of masonry walls
with wooden elements embedded inside the masonry texture in some parts and of masonry walls
with iron profiles applied on both sides of the walls in most part of the church. The masonry walls
are made of Neapolitan yellow tuff that is a typical volcanic stone of Napoli and the surrounding
areas, Ischia island included, diffusely used in the past as building material due to its good
mechanical properties and reduced unit weight.
It is worth mentioning that in the island there are several examples of mixed structures made of
wooden elements and masonry walls, especially for ordinary buildings. Conversely, the use of iron
elements is very rare and not well investigated.
After the seismic event of 21st August 2017, in charge of the Campania Regional Directorate for
Cultural Heritage (MiBACT), several activities were carried out, firstly aimed to check the usability
of the church and plan provisional safety interventions. Within these activities, detailed historical
investigation, geometrical survey and damage status analysis were done as prodromal to the
successive assessment of the structural safety of the church. Additionally, a two-day in situ dynamic
test was performed under operational conditions in order to identify the relevant modal parameters,
both at global and local level.
The results of the several investigations carried out in the post emergency phase are presented
and discussed in this paper in order to point out the main issues of the particular structural system of
the church and open the discussion about the modelling strategy for assessing its safety in a
successive step.
2

SANTA MARIA MADDALENA CHURCH IN ISCHIA

2.1 The historical earthquake of 1883 in Ischia Island
On 28th July 1883, an earthquake, with epicentre on Ischia Island, destroyed a large part of the
building heritage [4], as shown in Figure 1. In addition to the minor settlement fabric, guest houses,
hotels, villas and religious buildings were also affected, especially in Casamicciola Terme
Municipality. Among these, the church of Santa Maria Maddalena collapsed. The massive
reconstruction that followed the earthquake of 1883 contributed to change the building technique
and schemes in the whole island, producing a discontinuity with traditional construction techniques,
mainly represented by full and vaulted masonry structures.
New regulations finalized to improve the resistance of masonry buildings under dynamic actions
were implemented after the disastrous earthquake of 1883. These were based on the first European
seismic code, which was prescribed by Ferdinando IV of Borbone, King of Naples and Sicily in the
18th century, after the catastrophic seismic events that occurred in Calabria in February and March
of 1783. After this earthquake, a new constructive system, characterized by masonry walls
embraced by timber frames, was, indeed, introduced for masonry constructions and, then, identified,
in the 19th century, as baraccato system.
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Figure 1: View of a road in the Municipality of Casamicciola Terme after the 1883 earthquake [4].

The building regulations issued after the 1883 Ischia earthquake, in Article 1, allowed the
construction of new masonry buildings only if they were built using the baraccato system, with a
wooden or iron frame. More precisely, Article 6 of the building regulations stated that the frames of
the baraccato system, whether wood or iron, had to be reinforced with diagonals and triangular
elements in order to be able to withstand even strong earthquakes without significant damage. As
well as the frames, beams of the floors and the roof trusses had to be firmly linked to each other.
The walls of such a system could be filled with squared stone, bricks or light material and should be
connected by means of suitable constraints aimed to avoid their fall during earthquake.
The more traditional baraccato system (Figure 2) consisted of a main wooden frame composed
of vertical elements with dimensions variable between 200 and 300 mm and horizontal elements of
similar dimensions supporting the diaphragm and closing the frame [5]. In addition to the main
structure, there was a secondary one also made of vertical and horizontal wooden elements and
stiffened by Saint Andrew cross-shaped wooden elements, which were fixed to the primary and
secondary frames by means of simple metal connections (nails).

Figure 2: An example of the traditional wood baraccato system [5].
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Furthermore, for public buildings, the use of iron was mandatory for the baraccato system. In
this general view, the two cases of “Pio Monte della Misericordia” and Santa Maria Maddalena
church (Figure 3) in the Casamicciola Terme Municipality were of particular interest in the
reconstruction [6]. Since they were both realized with an iron frame embracing the masonry walls
made of tuff stones, they represent an exception in the typological-formal and structural system of
the island, compared to the more traditional baraccato buildings made with timber frames.

Figure 3: Iron skeleton of Santa Maria Maddalena church [6].

2.2 Brief history of Santa Maria Maddalena church
With the resolution of 20th March 1886, the Casamicciola Terme municipal authorities identified,
in the vineyard located at the confluence between two main streets and a square, the place where the
new church of Santa Maria Maddalena destroyed by the earthquake of 1883 should have been
rebuilt. The proposal was opposed because such an area recorded serious damages in consequence
of this earthquake and was, indeed, classified in grade IX according to the Mercalli scale. The long
debate between the Municipality and the Superior Council of public works ended on 2nd March
1889, when G. Dombrè, Mayor of Casamicciola Terme, appointed Eng. G. Gambara as designer of
the new church. On 25th February 1890 the Eng. Gambara sent to the Municipality eight project
drawings (Figure 4), an illustrative report, the analysis of prices, the metric calculation and the
estimate of the work [7]. After the conclusion of the hard administrative procedure, the works began
on 2nd September 1892 under the direction of the Eng. L. Parisi. The latter engineer introduced
some changes to the original project of Gambara, because he thought they were "in the interest of
greater solidity and stability". For this reason, Gambara's project drawings, although significant, are
often misleading because they were repeatedly modified during the execution of works.
The church, located downstream of a steeply sloping ground, has a barycentre position in the
urban environment of the city and from its bell tower (height 20 m) it is possible to admire the
whole municipal territory. The building extends for a length of 40 m on the long front and 16 m on
the short one, on which the main façade is located. The interiors have a height of 11 m in the central
part and of 6 m in the lateral ones. The church presents a regular geometrical pattern both in plan
and in elevation, with a longitudinal symmetry axis with respect to which the spaces are articulated.
The central nave is marked by pillars and arches and ends behind the altar in an apse covered by a
non-structural vault.
During 1900s, the church did not undergo major changes with exception of the reconstruction of
the diaphragm in the sacristy. During the recent 2017 Ischia earthquake, the church suffered some
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damage mainly to the finishing elements. A detailed description of such damages is presented in
Section 3.

(a)

(b)

Figure 4: Drawings of Gambara, cross (a) and longitudinal (b) sections [7].

2.3 Material and construction techniques of Santa Maria Maddalena church
Santa Maria Maddalena church in Ischia is a unique example of mixed iron-masonry and timbermasonry structures in the national building heritage. In order to get the definition of the structural
typologies and of the particular construction techniques, an in-depth historical research was
necessary, together with numerous in situ investigations for their validation and verification. Only
by means of plaster removal and thermographic surveys, it was possible to validate the hypothesis
done about the position of both wooden and iron frames. Moreover, some structural elements not
properly emerged from the historical research were identified.
Figure 5 shows the plan of the church with the identification of the construction types. The main
body of the church, on the NE side, was built in a mixed system made of tuff masonry walls with
iron frames applied on both sides of walls (Figure 6a) under a thick layer of plaster. Conversely, the
apse area, the sacristy and the annexed rooms on the SW side were built in the more traditional
baraccato system, made of timber frames embedded in the masonry wall thickness (Figure 6b).

Figure 5: Plan with individuation of construction types.
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(a)

(b)

Figure 6: Iron (a) and timber (b) joints of the baraccato system embedded in the masonry.

The bell tower consists of an iron structure covered in wood.
The foundations were elevated to two different depths: for the main body, where the church is
located, a depth of 10 m was reached, while for the rear part, the foundations extend to 8 m. The
foundations were mainly made of tuff stone masonry and traditional mortar and represent extension
of the superior walls.
The iron frames consists of vertical elements (double T-shape) and horizontal flat plates
(rectangular cross section of 50x20 mm). The main structure is stiffened by Saint Andrew crosses,
made of the same flat plates with section 50x20 mm.
The masonry walls are made of Ischian and Torre Gaveta yellow tuff stones and lime-based
mortar. The stone elements are suitably shaped against the wooden or iron elements. In the iron
baraccato system, the rough-hewn tuff blocks have average dimensions of 270 mm x 230 mm,
while in the wood baraccato system the masonry is chaotic, raw and with smaller dimensions.
Thanks to the historical research, the in situ investigations and the thermographic surveys, it was
possible to identify with high precision the structural scheme of the iron frame, as shown in Figure
7.
Finally, the roof structure is composed of Palladian trusses having a span of 3 m and connected
by a ridge beam. The timber trusses are made up of principal rafters, tie beam, struts and king post,
while purlins beams are interposed on them. In correspondence between the intersection of the
central nave and the transept, two trusses intersected supported by a perch.
3

DAMAGE STATE OF THE CHURCH AFTER THE 2017 ISCHIA EARTHQUAKE

On 21th August 2017, Ischia Island was again hit by an earthquake that caused, in addition to
victims, widespread collapses and extensive damages to the building heritage [8][9]. The
earthquake registered a magnitude of 4.2 on Richter scale. Its epicentre was located in Casamicciola
Terme Municipality, with a hypocentre at 1.73 km depth. On the other hand, areas such as Maio and
Fango districts were severely impacted by the earthquake whose intensity measured IX in the MCS
scale. Among other factors, those damages could be ascribed to the shallow depth of the hypocentre
and the poor quality of building materials (Figure 8).
In the weeks following the earthquake, inspections on churches and monumental buildings were
carried out by teams from University of Napoli Federico II, in order to locate damages and assess
usability, along with defining provisional safety measures for the safeguard of buildings and their
artistic content. In particular, a total of 27 surveys according to the usability form of MiBACT [3]
were performed on churches in the most affected areas of the island, i.e. Casamicciola Terme,
Lacco Ameno and Forio Municipalities [10]. Shear mechanisms in the façades, nave lateral walls,
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apses and presbytery walls were observed as the most recurrent failures in the surveyed churches.

(a)

(b)

(c)

(d)

Figure 7: Frame metal of baraccato system on façade (a,c) and longitudinal side (b,d).

Figure 8: Partial collapse of buildings in Casamicciola Terme Municipality.

The usability check of Santa Maria Maddalena church was performed on 14th September 2017
and its result was “unsafe condition”. The uniqueness of the church already emerged during the first
surveys; in fact, a box behaviour was recognized from the types of observed damages, which could
essentially be ascribed to in-plane mechanisms. However, widespread cracks were detected along
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the walls in many directions which could not be properly justified without knowing the particular
structural typology. Figure 9 shows the crack pattern represented on longitudinal section and
highlights that cracks mainly developed around circular windows and vertical elements.
During the subsequent surveys, it was possible to identify the structural typology of the iron
profiles and the timber elements belonging to the baraccato systems of church. The dense
distribution of iron and wooden elements within the masonry texture evidenced that such a
particular structural system deeply affected the overall behaviour of the church under seismic
actions. Cracks in the plaster clearly resumed, indeed, the underlying metal structure. Vertical and
Saint Andrew crosses iron profiles generated vertical and oblique cracks, respectively (see Figure
10a). Likewise, in the building portion realized in the more traditional wood baraccato technique,
i.e. with wooden elements, the vertical elements caused similar cracks in the plaster (Figure 10b). A
particular joint with interaction between iron and timber frames along with masonry walls is shown
in Figure 6b. Generally, the cracks were caused by the different values of stiffness of the tuff
masonry and the iron/timber frames.
Numerous damages to non-structural and decorative elements were also registered in addition to
the general and widespread crack pattern described above. Among others, large portions of plaster
were detached from the ceiling (Figure 11a) and decorative elements were crashed, as the pier and
capital in Figure 11b.

Figure 9: Crack pattern on the longitudinal section of Santa Maria Maddalena church.

(a)

(b)

Figure 10: Crack pattern in the iron (a) and wood (b) baraccato systems.
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(a)

(b)

Figure 11: Plaster portions detached from ceiling (a) and cracked pier (b).

During 2018, temporary interventions were carried out on the church to reduce the unsafe
conditions of the building. The most significant ones, concerning both the structural and nonstructural parts, are summarized in the following:
• tube and coupler scaffold covered by a timber plate, used to protect the main altar from the
possible falling material from the cracked half-dome of the apse (Figure 12a); similar
scaffolding wrapped in safety mesh to prevent damages to secondary altars and tombs along
the side aisles (Figure 12b) and transept;
• wall plaster removal and consolidation of the mortar joints;
• anti-rust protection of iron frames on the external walls (Figure 13a);
• re-plastering of the masonry wall with lime and pozzolana mortar;
• consolidation of a timber beam and the Palladian trusses of the roof with carbon fiber and steel
connection plates, respectively;
• application of indoor and outdoor safety-nets (Figure 13b) and replacement of a number of
roofing tiles.
Not all the interventions listed above are related to post-earthquake damage; in some cases they
are linked to static deficiencies due to the age of the structure and likely worsened under the 2017
earthquake.

(a)

(b)

Figure 12: Tube and coupler scaffold in the apse (a) and side asles (b).
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(a)

(b)

Figure 13: Anti-rust protection of iron frames (a), and application safety-net (b).

4

THE IN SITU DYNAMIC TESTS

The assessment of the actual conditions of the church was complemented by the execution of an
operational modal analysis of the architectural complex. This kind of experimental analysis was
aimed at the estimation of the fundamental modal properties of the church in the damaged
configuration described in the previous section. In order to accomplish this task, a detailed analysis
of this configuration of the structure was firstly done in order to define a balance between
accessibility of the walls and significance of the sensor location.
The complexity of the structure configuration and some limitations to the accessibility of the
walls led, indeed, to design for the church a multi-configuration modal analysis based on the
installation of two sets of sensors: one fixed at a given location and another moving one in the
structure in order to extend the monitored degrees of freedom. In the present case, two different
layouts were defined: the first one was characterized by 23 sensors, while the second one consisted
of 25 sensors. Being 12 sensors located at the same location in both layouts, vibrations of the
structure were recorded in a total number of 36 degrees of freedom. In this way, a reliable
observability of the most relevant modes was ensured. In particular, the dynamic response of the
structure was measured at different levels by accelerometers distributed on the walls to record both
in plane and out of plane vibrations. The distribution of the sensors at the height of 7.35 m is
reported in Figure 14, where the numbering of the channels confirms the aforementioned total
number of the investigated degrees of freedom. The sensors had the following characteristics: 0.5 g
full scale range, 10 V/g sensitivity. Vibration data were acquired by a customized 24 bit data
acquisition system based on two synchronised programmable hardware acquisition devices. 3600 s
long records of the structural response to ambient vibrations were acquired at a sampling frequency
of 100 Hz for each of the two sensor configurations.
The modal parameters of the church were estimated by means of well-established operational
modal analysis (OMA) procedures, such as the Frequency Domain Decomposition (FDD) [11][12]
and the Covariance Driven Stochastic Subspace Identification (Cov-SSI) [11][13]. The selected
measurement chain resolved the structural response to ambient vibrations, so that additional
excitations occurred were not necessary. The recorded time series were accurately inspected and
validated in agreement with well-established procedures for random data analysis [14].
Data processing was carried out in the frequency domain by applying the Hanning window and
considering a 66% overlap in spectrum computation. The use of different OMA techniques ensures
the reliability of the obtained results thanks to the possibility of carrying out cross-validation
checks. Table 1 summarises the results of the modal analysis in terms of natural frequencies and
damping ratios assessed for the first three modes. Three fundamental modes were, indeed, identified
and validated according to relevant procedures.
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Figure 14: Layout of the installed sensors at the height of 7.35 m.

# mode
I
II
III

f [Hz]
2.54
3.74
3.89

ξ [%]
1.8
6.0
2.7

Table 1: Summary of the results of the modal analysis.

Figure 15 summarizes the results obtained in terms of modal shapes. They confirm the
complexity of the dynamic response of the structure due to the absence of a connection at the top of
each wall and to the lack of flexural and shear stiffness of the wooden paneled ceiling, which is
actually effective only in the transverse direction (Mode I in Figure 15) due to the presence of the
roof trusses. The analysis of the complexity plots is sketched in Figure 16. These are obtained from
the real components vs. imaginary components of the estimated modes shapes. It is easy to
recognize that in all cases the imaginary component is negligible, so that it is argued that all the
modes are normal.
The damping ratios are characterised by a magnitude that is not common in similar tests made
under environmental conditions. However, the values, actually provided by the adopted methods of
analysis and properly validated, can be associated to the partially damaged conditions of the walls at
the moment of the tests. Moreover, it is worth noting that the magnitude of the damping ratio is
higher in the second mode, whose deformation is mainly located in the longitudinal walls located on
the perimeter. Such walls are the masonry elements affected by higher and more spread damage due
to the local stresses exchanged between the embedded steel trusses and the surrounding masonry.
The reliability of the obtained results was confirmed by cross-checks in terms of estimates of
both natural frequencies and modal shapes. Indeed, consistent results have been obtained.
Morevoer, the AutoMAC matrix [15] in Figure 17 confirms the good observability of the modes
with the adopted sensor layout. In fact, only the MAC (Modal Assurance Criterion) values along the
diagonal are proximal to 1, while the other values related to the cross-checks of the three modes are
0.
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Figure 15: Sketches of the estimated modal shapes.

Figure 16: Complexity plots of the first (left), second (center) and third (right) modes.

Figura 17: AutoMAC matrix of the mode shapes estimated by FDD.

5

CONCLUSIONS

The paper is aimed to present the results of detailed historical investigation, geometrical survey,
damage status analysis and provisional safety assessment after the earthquake of 21st August 2017.
These activities were carried out in collaboration with Campania Regional Directorate for Cultural
Heritage (MiBACT). Within such a collaboration, an in situ dynamic test was also realized under
operational conditions. The results of the several investigations carried out in the post emergency
phase are presented and discussed in this paper in order to point out the main issues of the particular
structural system of the church and open the discussion about the modelling strategy for assessing
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its safety in a successive step.
The examined church is, indeed, characterized by a particular structural layout made of two
types of baraccato system: one, more traditional and diffusely used in the Ischia Island and all over
the world, is made of wooden frames filled by masonry blocks, while the other, very rare and
innovative for that time, is made of masonry walls encaged in slender iron frames. The second
system is the main part of the church, while the first one is only present in the apse part of the
church. The reduced damage suffered by the church after the seismic event of 21st August 2017 has
evidenced the good behavior of such a mixed structural system especially into avoiding out-ofplane mechanisms. The observed damage was mainly represented, indeed, by a diffuse cracking
pattern in the plastering layer caused by the interaction between the iron/timber profiles and the
masonry walls.
The first analyses of the results of the in situ dynamic test allowed identifying three fundamental
vibrations modes in the church: two translational modes along the main directions of the plan and a
third rotational mode. Significant values of damping ratio were also detected, mainly due to the
diffuse cracking pattern observed after the event of 21st August 2017, especially along the directions
where most masonry walls are located. Future steps of the research will be aimed to study more in
detail the dynamic behaviour of the church and to develop a Finite Element Model finalized, firstly,
to carry out comparisons with the experimental results. Successively, the safety of the church under
gravitational loads and seismic actions will be established.
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Abstract
The paper discusses the effects of Soil-Foundation-Structure (SFS) interaction on the seismic
response of the “Pietro Capuzi” school in Visso, a village located in the Marche region (Italy) that was severely damaged by the 2016-2017 Central Italy seismic sequence. The school is
a two-story masonry structure founded on simple enlargements of its loadbearing walls,
which are only partially embedded in the alluvial loose soil of the Nera river. The structure
was monitored as a strategic building by the Italian Seismic Observatory of Structures. The
dynamic behavior of the school under both ambient noise and the recently occurred seismic
events was interpreted and compared with numerical simulations. A 3D structural model of
the school was realized according to the equivalent frame approach with addition of springs
that simulate a compliant base. The spring stiffness, representing the real part of soilfoundation dynamic impedance, was calibrated on the soil shear modulus mobilized during
the seismic excitation, inferred from the deconvolution up to the bedrock of the accelerogram
recorded at the underground floor of the school. The amplitude of the acceleration and the
evolution with time of the frequency resulted from the analyses of the compliant-base and
fixed-base models under the three main events of the Central Italy earthquake were compared
to the actual records.
Keywords: masonry structure, equivalent frame modelling, impedance functions, soilfoundation-structure interaction, dynamic behaviour, structural permanent monitoring.
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1

INTRODUCTION

The analysed case study is the “Pietro Capuzi” school located in the more recently urbanized area of Visso, in the Marche region. The school, which experienced only a low damage
level under the Umbria-Marche earthquake in 1997, was progressively damaged under the
main-shocks of the 2016-2017 Central Italy seismic sequence occurred in August on 24th
(moment magnitude MW=6.0) and in October on 26th and 30th (MW= 5.9 and MW=6.5), showing significant effects of damage accumulation. Due to the severe damage occurred, that involved also the partial collapse of a façade after the shocks of 26th October, the administration
decided to demolish it.
Built around 1930, the structure extends over a 620 m2 floor surface, resembling a flipped
"T" and consisting of two stories and an attic covered by a pitched wooden roof. The vertical
walls are characterized by a two-leaf stone masonry (apart some internal pillars made by a
brick masonry) while diaphragms are composed by a concrete-masonry flooring system with
an exception for the attic that was made by iron beams and thin, hollow clay bricks. In the
‘90s, after the 1997 Umbria-Marche earthquake sequence, some extensive interventions were
provided mainly consisting of mortar injections through some internal walls, insertion of
some tie-rods, improvement of the walls-to-roof connection and replacement of part of the
timber roof structure, deteriorated due to aging.
The school foundations are an enlargement of the bearing walls lowly embedded in the surrounding soil, except for the north-east side, where there is a partially underground additional
level. An extensive investigation was executed in the soil during the seismic microzonation
study of the Visso village, including a borehole drilled down to 35m, a downhole test and
numerous records of ambient noise to compute the soil resonance frequency through the horizontal to vertical spectral ratio technique (HVSR). The subsoil resulted made of a weakly silty
sandy gravel layer (SG), whose stiffness increases with depth and in which softer clayey silt
(CS) and silty clay (SC) lenses are locally interbedded.
The structural details of the building and the observed damage are more extensively illustrated by [1] and [2], as well as a more detailed description of the soil investigations and of
amplification effects observed on site are reported by [3] and [4].
Since permanent accelerometers were installed at school by the Italian Seismic Observatory of Structures – OSS [5], records are available of its behaviour under ambient noise as well
as under the weak and strong motions of the Central Italy seismic sequence. Due to the huge
amount of valuable data available on this structure, it was selected within the scopes of the
research activities done by the Task 4.1 WorkGroup of ReLUIS project [6].
The main frequencies and modal shapes obtained from the interpretation of the dynamic
structural behaviour under ambient noise were compared to the results of modal analyses performed on a 3D fixed base model and a 3D compliant base model, in which the base restraint
was replaced with translational and rotational springs simulating the soil-foundation impedance [7]. The comparison confirmed the expected significant effect of the SFS interaction on
the dynamic behaviour of the structure, due to the low stiffness of the foundation soil [8]. In
the following, records of the seismic response of the school to Central Italy seismic sequence
are compared to the results of non-linear dynamic analyses executed on the fixed-base and
compliant-base 3D models, to investigate the role of the foundation soil when the structure
was struck by the three main events of the 2016-2017 seismic sequence.
2

STRUCTURAL MODEL

The structural model has been defined according to the Equivalent Frame approach by using the Tremuri software [9]. Two structural models were developed (Figure 1b): the former
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having a fixed base and the latter with springs that simulate the soil-foundation impedance.
The underground storey located in Area II (Figure 1d) was not explicitly modelled, but its
presence was taken into account in the computation of the spring stiffness. Firstly a calibration of the model has been carried out by assuming as target the dynamic proprieties identified
within the research done by the Task 4.1 WorkGroup in ReLUIS project [2,[6] and by investigating the role of main aleatory and epistemic uncertainties that affect the modelling. While
in [8] such a preliminary calibration is described in detail revealing that the compliant-base
model is the more appropriate to catch the main frequencies resulting from the identification,
herein the attention is focused on the assumptions made to simulate the nonlinear response of
the structure through the execution of nonlinear dynamic analyses.
In particular, the response of piers and spandrels (in orange and green respectively in Figure 1b) is simulated through the nonlinear beam piecewise-linear model with lumped inelasticity idealization and a piecewise-linear behaviour formulated by [10] (Figure 1c). The
constitutive law allows the description of the nonlinear response until very severe damage
levels (DL, from 1 to 5 in Figure 1c), through progressive strength degradation in correspondence of assigned values of drift. The hysteretic response is formulated through a phenomenological approach, to capture the differences among the various possible failure modes
(flexural type, shear type or even hybrid) and the different response of piers and spandrels.
a)

b)

c)

d)

Figure 1: Permanent monitoring system installed by the OSS on the structure (a), equivalent frame 3D model
(b), frame idealization of a masonry wall (W1 in Figure 1d) (c), plan view of the building (d)
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Table 1 summarizes the mechanical properties adopted for masonry. In particular, the flexural behaviour has been interpreted according to the strength criteria proposed in [9], while
the shear behaviour according to the diagonal cracking failure mode proposed in [11]. Table 2
instead illustrates the parameters that the constitute law requires to simulate the progressing of
nonlinear response and hysteretic behaviour according to Figure 1c. Values assumed are consistent for the masonry typology that characterizes the building [12] and some evidences from
experimental results available in literature [13].

E [MPa]
G [MPa]
0 [MPa]
fm [MPa]

Cut stone with good bonding
(strengthened)
2574 (2970)
858 (991)
0.096 (0.111)
4.94 (5.7)

E: Young modulus of masonry; G: shear modulus of masonry;
fm: Compressive strength of masonry

Brick masonry with mortar joints
2701
901
0.114
4.8
0: diagonal shear strength of masonry;

Table 1. Mechanical parameters adopted for piers and spandrels in the case of piecewise-linear constitutive law.

Pier/Spandrel

DL3
DL4
DL5

SHEAR (S)
Hysteretic reBackbone curve
sponse

i,S

E,i

[%]
0.45/(*)
0.70/1.50
1.60/2.00

[%]
0.6/0.7
0.2/0.7
0/0

c1

0.8/0.2

c2
c3

0.8/0
0/0.3

FLEXURAL (F)
Backbone curve

I,F

E,i

[%]
0.48/0.35
1.26/1.50
3.84/2.00

[%]
1
0.85/0.70
0/0

Hysteretic
response
c1 0.9/0.2
c2 0.8/0
c3 0.6/0.3
c4 0.5/0.8

in case of spandrels, 3 has been defined starting from the value of drift corresponding to the yielding point of the
element and assuming then a ductility equal to 4, similarly to what suggested in [14]
(*)

Table 2. Parameters adopted for describing the progressing of nonlinear response and hysteretic behaviour of
piers and spandrels in the case of piecewise-linear constitutive law.

3

SOIL-STRUCTURE INTERACTION MODEL

The results of the soil investigations described in Section 1 supported the definition of the
soil model shown in Figure 2a. The defined layered soil is classified by the Italian seismic
Code as type C, on the basis of the equivalent shear wave velocity VS30=281 m/s, computed
from the VS-profile measured through the down hole test and shown in Figure 2a. The bedrock depth was set at a depth of 40 m, by comparing the experimental soil predominant frequency obtained from HVSR tests with the resonance value computed through 1D linear
dynamic analyses [8]. In this study, a hysteretic behaviour was assigned to all materials,
through the curves shown in Figure 2b. Those associated to the fine-grained soils (CS, SC)
were obtained through a model properly calibrated in the frame of the ReLUIS project 2018
on the results of all resonant column and torsional shear tests performed on the same material
during the seismic microzonation study [16]. The G-γ curves obtained by [17] at different
confining pressure were associated to the shallower SGa and deeper SGb and SGc layers. The
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corresponding D-γ curves were calculated applying the Ramberg-Osgood model [18] and
Masing criteria [19] to the experimental data.
The accelerograms recorded at the underground floor during the seismic events occurred in
August on 24th and in October on 26th and 30th were deconvolved up to the bedrock depth using the EERA software [20]. The acceleration response spectrum provided by the Italian Code
(NTC 2018) for soil type C is compared to those obtained from the school records in Figure
2c, as well as that associated to soil type A is compared to the results of the deconvolution in
Figure 2d. The comparison highlights that site effects amplifies the ground motion in the typical range of periods of squat structures and the amplification exceeds the Code previsions.
Since moderate strain levels were achieved by the soil during the deconvolution analyses,
the associated stiffness reduction was expected to affect the soil-structure interaction. To investigate this effect, the soil-foundation impedance functions were updated based on the mean
mobilized shear stiffness Gdeg=28.8 MPa in the shallowest 3m of the first soil layer, corresponding to a reduction until around 75% of the initial small strain value.
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Figure 2: Soil profile and VS profiles measured through DH and MASW (a), variation of normalized shear
stiffness and damping ratio with shear strain (b), comparison between the acceleration response spectra provided
by the Code NTC 2018 and those recorded at school (c) and generated through the deconvolution (d).
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4

COMPARISON BETWEEN RECORDS AND NUMERICAL RESULTS

Non-linear dynamic analyses were performed on the fixed-base model as well as on the
compliant base models accounting for the soil initial (G0) and mobilized (Gdeg) shear stiffness.
The three numerical models were excited simultaneously along the x and y directions (see
Figure 1d) with the time histories of the acceleration recorded on the floor of the underground
level of the P. Capuzi school during the three main events of the Central Italy earthquake
shown in Figure 3a and b; the time histories have been applied in cascade to account also for
the damage accumulation effects.
The records are not expected to have been modified by the floor probably made of a lean
concrete slab, since it is widely recognized that kinematic interaction is negligible for shallow
footings[21] [22]. A direct confirmation of the irrelevance of this effect is impossible, since
the free field soil response was not instrumented, but preliminary comparisons between the
accelerograms recorded at school and at the closest stations support the assumption.
Firstly, a band-pass Butterworth filter in the range of frequency 0.5Hz – 7Hz was applied
to the numerical results, to remove the fake high frequencies generated during the dynamic
analyses. The same filter was applied also to the records, to correctly compare the whole
length of the accelerations recorded at the second floor of the school (see Figure 3c and d)
with filtered numerical accelerations resulted exactly where the instrument is located. For
sake of clarity, time windows on each of the three events have been isolated in Figure 3e
while time windows associated to the response after the first main shock are shown in Figure
3f.
Generally, the acceleration amplitudes observed on site are satisfying reproduced by the
three models except under both the events occurred in October 2016, when the signal recorded along the y-direction is underestimated.
A time – frequency analysis was performed on the recorded and simulated signals, computing the Fast Fourier Transform on 1s long time windows with Matlab [23]. The variation of
frequency with time was then regularized to obtain the profiles shown in Figure 4. It is worth
highlighting that the experimental predominant frequency (indicated as fexp,pre24/8/16 in Figure 4)
refers to the dynamic properties of the structure representative of its state before the 20162017 seismic events.
On site records and numerical results exhibit almost the same frequency during the peak of
the three main shocks, when the seismic response of both real structure and numerical model
is governed by the input motion. On the other hand, differences are recognized during the
weak-motion stage of the input signals, with a better agreement of the frequency of compliant
base models with the recorded data, as already discussed in [8]. The stiffer response of the
fixed base model is confirmed by the comparison of the accelerograms shown in Figure 3f.
Both the simulated frequencies are smaller than the first mode values identified under
white noise (dash-dot line in Figure 4) and decrease with the passing of time. The same reduction shown by the recorded data suggests the decay of stiffness in the structure and the progressing of nonlinear response as the actual in situ damage survey and the evidence on the
damage accumulation effects have proven ([1], [2]).
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Figure 3: Time histories of the acceleration recorded at school during the Central Italy seismic sequence: records at underground level along x (a) and y (b) direction, records on the second level along x (c) and y (d) direction, time windows of the three main shocks (e) and associated to the response after the strongest motion (f).
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Figure 4: Variation with time of the main frequency recorded at school during the Central Italy seismic sequence compared to the results of numerical analyses on the fixed base and compliant base models. The predominant frequencies along the x and y directions of the fixed base (fFB) and compliant base model (fCB,G0) are
superimposed on the plot, together with the experimental frequency detected on site before the main-shock occurred on August, 24th, 2016 (fexp,pre24/8/16).

5

CONCLUSIONS

The paper compares the accelerations recorded at the P. Capuzi school in Visso during the
2016-2017 Central Italy seismic sequence with results of nonlinear dynamic analyses of
fixed-base and compliant-base 3D models of the building. The comparison highlights SFS
effects under low amplitude input motions already recognized in the simulation of the on-site
dynamic identification of the structural vibration modes. On the other hand, records are satisfying reproduced by both the fixed-base and compliant-base model under strong motions,
when the seismic structural response is mainly governed by the applied input motion. Further
analyses under input motions properly selected to investigate variable amplitudes, frequency
contents and duration are necessary to clarify the role of soil in the structural behaviour under
earthquake and constitute the aims of future research activities the Authors intend to develop.
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Abstract
Dynamic and vibration monitoring can be effectively implemented as a seismic assessment tool
in case of an earthquake or natural disaster, where many buildings in a small area may be
affected and damaged. In Italy, through the national network of the Seismic Observatory of
Structures (OSS), the Department of Civil Protection (DPC) monitors the oscillations caused
by earthquakes in 160 constructions of public property. The paper reports the research activities performed on three monitored structures of the OSS, affected by the Central Italy earthquake swarm of 2016 (max Mw=6,5). The three buildings (i.e. a school in Visso - MC, a former
law court in Fabriano – AN and the city hall of Pizzoli – AQ) were constructed between 1920
and 1940 and are made of unreinforced masonry, with a good regularity in plan and elevation.
Even though they present similar constructive features, the observed seismic-induced damages
were largely different: heavy damages, near collapse, for Visso school; slightly damages for
Pizzoli Municipality; and almost no damages for the building in Fabriano. The dynamic behavior of the monitored structures was studied through modal analysis techniques both under ambient vibrations and during the earthquake swarm. Data recorded by the monitoring systems
are used to assess modal parameters variation and in particular to study the phenomenon of
frequency and damping wandering during strong motion. Some severity indexes and dynamic
parameters are calculated as well, including peak accelerations, structural amplifications, interstory drifts and elastic spectra. The results of modal identification will be used to assess the
reliability of numerical models and their possible development to improve the predictive capacity in estimating the level of safety of existing structures.
Keywords: seismic monitoring, dynamic response, modal parameters, masonry buildings
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1

INTRODUCTION

This paper reports the research activities on the study of the dynamic behavior and the seismic response of three strategic masonry structures, monitored by the Seismic Observatory of
Structures (OSS) of the Italian Department of Civil Protection (DPC). The research activities
presented here have been developed in the framework of the ReLUIS project founded by Department of Civil Protection (DPC) in 2017 and 2018 [1-2].
Data acquired by the dynamic monitoring systems were used to:
1) Perform a dynamic identification under operational conditions with output-only techniques in order to extract modal parameters in terms of natural frequencies, damping ratios and
mode shapes;
2) Analyze the actual seismic response of the three buildings, extracting some seismic severity indices including: (i) maximum peak ground accelerations (PGA), maximum peak acceleration at the floors (PSA); (ii) structural amplification of the dynamic response; (iii) interstorey and total drifts; (iv) elastic response spectra to evaluate the frequency content of the input
and asses possible resonance effects.
3) Study the variation of modal parameters during the seismic swarm, a well-known phenomenon in literature (frequency and damping wandering). Several studies [3] have already
shown indeed the amplitude dependence of equivalent modal parameters in monitored buildings
during earthquake swarms.
2

MONITORED STRUCTURES DURING 2016 EARTHQUAKE SWARM

2.1 General framework
The three strategic buildings (Figure 1), belonging to the monitoring network of the OSS,
dated back between 1920 and 1940 and have very similar construction features: they are in fact
composed by load-bearing masonry walls, characterized by a good regularity in elevation,
aligned openings, organized on three floors above ground (four in the case of Fabriano former
Court) and a basement floor. The plan has a T-shape in the case of Visso school and Fabriano
former court and a C-shape in the case of Pizzoli city hall. In two cases (Visso and Fabriano)
after the 1997 Umbria and Marche earthquake, strengthening and retrofitting interventions were
carried out on vertical and horizontal structural elements.
Visso school

Pizzoli City Hall

Fabriano former law court

Figure 1 Case studies: Visso school (MC), former law court in Fabriano (AN) and the city hall of Pizzoli (AQ)

2.2 The monitoring systems
The monitoring systems are composed by a set of three accelerometers installed at the base
of each building and a series of mono- or bi-axial accelerometers on the floors. The three accelerometers at the base are used to measure peak ground accelerations (PGA) during earthquakes, therefore the input to which the structure is subjected. Sensors in elevation are used to
measure both the response of the building during exceptional events and under operative conditions (environmental noise).
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The dynamic monitoring systems record acceleration time-series at predefined intervals
every day to extract and control the variation of modal parameters. Then, since the acquisition
units are equipped with trigger-based algorithms, the response of structures is captured if acceleration values exceed some predefined thresholds (e.g. in case of a seismic events).
Acceleration signals, acquired with a sampling frequency of 250Hz, are pre-processed with
a decimation of 4 and filtered. Ambient vibrations are analyzed through output-only modal
analysis techniques both in time and frequency domains, while strong motion signals acquired
during main shocks are processed with input-output techniques [4].
The analysis of the accelerograms recorded by sensors at the base of the structures provides
important information regarding the frequency content of the input. The calculation of the elastic spectra of the recorded earthquakes makes it possible to identify amplifications and peak
accelerations, in various frequency bands, recognizing also possible resonance effects.
a. Visso School
b. Pizzoli City Hall
c. Fabriano Court

Figure 2 Setup of the three monitoring system installed on the strategic structures of the OSS

2.3 The Central Italy earthquake swarm
The seismic events that struck Central Italy between 2016 and 2017, defined by INGV the
Amatrice-Norcia-Visso seismic sequence, began in August 2016 and ended in January 2017;
numerous aftershocks, of magnitude less than 5, occurred also in the following months. The
main shocks of the seismic swarm are basically 5 events with a magnitude between Mw,min=5.4
and Mw,max=6.1.

b)

a)

Figure 3 a) Location of the three analyzed buildings and epicenters of the main shocks of the 2016 earthquake
swarm; b) earthquake-induced damages on the Visso school
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Given the different distances of the three buildings from the epicenters of the main shocks
(Figure 3a), the structures show different levels of damage. In particular the Visso school was
extremely damaged (near collapse), with the activation of various in-plane mechanisms of masonry walls but also with the collapse of a large portion of building and part of the second floor
(Figure 3b). Pizzoli City Hall suffered moderate damages, while the former court of Fabriano
is substantially damage-free. The following figures show the damage survey observed for the
case studies of Visso and Pizzoli.

Figure 4 Earthquake-induced damage survey for (a) Visso school and (b) Pizzoli City Hall

3

ANALYSIS OF THE DYNAMIC RESPONSE

3.1 Dynamic identification under operational conditions (ambient vibrations)
For the dynamic identification of the structures under environmental conditions, output-only
techniques typical of the operational modal analysis (OMA) were used, both in time (SSIcov
[5]) and frequency (FDD , EFDD [6] and pLSCF [7]) domains. To compare the results obtained
in terms of mode shapes, MAC index [8] were calculated among eigenvectors, obtained with
the different techniques. Figure 5 shows as an example the stabilization diagram and the calculation of the MAC index for the case of Pizzoli City Hall. In the stabilization diagram, calculated
through the pLSCF technique, six stable structural modes were identified.

a)

b)

Figure 5 a) Stabilization diagram obtained through the pLSCF technique; b) MAC index calculated from eigenvector extracted with different OMA techniques (pLSCF, FDD, EFDD, SSIcov).

Table 1 shows a comparison of modal parameters in terms of frequencies, damping ratios and
mode shapes identified for the three buildings.
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Table 1 – Comparison of modal parameters identified for the three case studies
1st mode
2nd mode
Bending in Y direction
Torsional

3rd mode
Bending in X direction

f = 3.40 Hz

ξ = 1.06 %

f = 3.88 Hz

ξ = 1.68 %

f = 4.93 Hz

ξ = 0.56%

f = 3.37 Hz

ξ = 1.80 %

f = 3.60 Hz

ξ = 2.10 %

f = 4.44 Hz

ξ = 2.19 %

f = 4.56 Hz

ξ = 2.21 %

f = 5.70 Hz

ξ = 1.40 %

f = 6.51 Hz

ξ = 5.35 %

Visso
School

Fabriano
former
law
court

Pizzoli
city
hall

It can be observed that mode shapes for all three buildings are extracted in the same order:
first mode is bending along the direction of the minor inertia of the structure (Y direction), the
second mode is torsional, whereas the third mode is bending in the other perpendicular direction (X direction).
3.2 Analysis of the actual dynamic response during seismic events
Experimental data, available for each seismic event (main shocks and minor events) were
analyzed to determine their actual dynamic response in terms of base accelerations, structural
accelerations, amplification factors, displacement time-histories (derived by integration from
accelerations) and total drifts.

Figure 6 Comparison of maximum PGA acquired by the monitoring system for the three buildings during the
main shocks of the earthquake swarm.
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The comparison was made considering the strong motion records acquired by the systems
on the 4 main shocks: 24 August, two events on the 26 October and 30 October 2016. In Figure
6 a comparison among maximum peak ground accelerations (PGAmax) recorded during the
events are presented.
From the graph it clearly emerges how the Visso school was, among the three, the most
affected structure during the seismic swarm: it was subjected to extremely high accelerations
during all the events with PGA values up to 0.47g for the second event on 26th October 2016.
The minimum PGA recorded in Visso, equal to 0.29 g, during the first earthquake on 26th October, was three times higher than the maximum PGA recorded in Pizzoli.
In the graph of Figure 7 the elastic response spectra of the four seismic events are presented
for the case of Visso school together with the elastic spectrum calculated according the Italian
code [9] at the ultimate limit state (ULS), i.e. with a return period of TR = 475 years. The yellow
region of graph corresponds to the vibration periods of the structure (with its maximum corresponding to the firs mode, equal to 0.29s). It is clear that the heavy state of damage was caused
by a combination of high base accelerations and resonance effects.

Figure 7 Comparison of elastic response spectra calculated for the Visso school on the 4 main shocks, compared
with the elastic response spectrum given by the Italian code NTC2008

In the histogram of Figure 8 the maximum accelerations values (PSAmax) recorded at the top
level of the three structures were calculated and compared.

Figure 8 Comparison between PSAMAX acquired by the monitoring system for the three buildings during the
central Italy earthquake swarm.

Also in this case it can be observed that Visso school was the most affected structure, with
maximum accelerations recorded at the top floor of nearly 1.4g.
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Through a double integration process of the recorded accelerograms at the top floor, also the
maximum displacements of the three buildings were determined and compared (Figure 9). In
this case the maximum displacement for Visso school is about 100 mm.

Figure 9 Maximum displacement detected by the monitoring system for the three buildings during the main
shock of 26/10/2016.

From the displacement time histories recorded for all seismic events, mean values of the
total drift was calculated based on the height of the building. It was possible to observe how the
school of Visso underwent maximum average displacements of 60 mm, for an average drift of
7‰, corresponding to a very serious level of damage. The Pizzoli City Hall was subjected to a
maximum displacement of 30 mm, with a drift of more than 3‰, during the 30 October 2016
earthquake, corresponding to a moderate level of damage. The Fabriano former court was characterized by a maximum drift of 1 ‰ during the second event of 30 October and this low drift
was confirmed by the nearly absence of damage. In Figure 10 the results are compared with the
reference values proposed by Calvi et al. [10] for masonry structures.
Case studies

Drift mean Damage level

FABRIANO

0.5‰

NO
DAMAGE

PIZZOLI

1.5 ‰

MODERATE
DAMAGE

VISSO

7‰

COMPLETE
DAMAGE

Figure 10 Comparison between theoretical damage limit states for masonry structures proposed by [7] and damage levels in terms of maximum total drift for the three monitored buildings

3.3 Study of the amplitude dependent variation of modal parameters during earthquakes
Time histories of the main shocks, acquired by the monitoring systems, were processed
through input-output linear modal analysis techniques [4] to trace the variation of modal parameters and study the relation with the shaking level at the site. This procedure was applied to
the case studies of Fabriano and Pizzoli.
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It has been demonstrated that modal parameters of a structure subjected to base accelerations
are function of the intensity level of the excitation with a linear dependency with the amplitude
of vibrations.
In order to represent such amplitude dependence of the identified modal parameters, it is
convenient to plot frequencies and damping ratios versus some indicator of the severity of the
system response, already defined in paragraph 3.2, such as PGA, PSA and drift (Figure 11).

Figure 11 Seismic wandering of the modal frequencies and damping ratios as a function of PGS, PSA and drift
during the main shocks of the earthquake swarm

It can be observed that, in all cases, frequencies decrease systematically with the increase of
the amplitude of the shaking at base for all the principal structural modes of the building (in
this case the first four modes are plotted).
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On the contrary damping ratios tend to increase with the increase of shaking level, even
though with a greater dispersion of data (compared to natural frequencies) around the tendency
lines.
In both cases, graphs obtained by plotting modal parameters vs. severity indexes of the earthquake indicate a strong linear correlation with vibrations amplitude. This phenomenon, also
known as modal parameters wandering, has to be considered in seismic monitoring when assessing damages and changes in the dynamic response of structures during and after major
events. In fact, the variation of modal parameters is not always related to structural damages
(as in the case of Fabriano, where no damages were recorded at all), but can be linked to other
causes including non-linearity in the behavior of the structure and interaction with structural
and non-structural elements.
4

CONCLUSIONS

The main objective of the present work was the study and analysis of the actual seismic
response of buildings equipped with dynamic monitoring system able to capture their response
during earthquake swarms. From the comparison of results obtained for the three case studies
it emerged that Visso school was the building subjected to the most severe actions. The calculated indexes in terms of PGA, PSA and drift demonstrate the severity of the events, that induced strong damages, near to the collapse of the structure. In the two other cases the observed
damage was moderate (Pizzoli) and absent (Fabriano), with low level of accelerations, displacements and drifts.
The extraction of the modal parameters, starting from time histories acquired during the
seismic events, allowed to trace the variation of frequencies and damping ratios as a function
of the severity indices of the earthquake. In particular, frequencies appear to systematically
decrease with an increase of the shaking level (with small dispersions around the linear regression line), while damping ratios appear to increase with the level of shaking (with much larger
dispersions).
It was thus possible to demonstrate a dependence of the modal parameters on the amplitude
of the seismic action; this observation is supported by the fact that in the two analyzed buildings
the damage is absent in the case of Fabriano and moderate in the case of Pizzoli, and in both
case not such as to justify a drastic reduction of the frequencies due to damage.
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Abstract
This paper presents a first study for the nonlinear identification of a monitored masonry
building, i.e. the School Pietro Capuzi in Visso (MC), considering soil-structure interaction
phenomena. A Time-Frequency Distribution computed with Short Fourier Transform of the
signals is used to estimate the evolution of the model parameters in time. Then, the instantaneous frequencies of a plane soil-structure system are identified. For the dynamic behavior,
two types of mechanical laws are mixed to produce a black-box model of the system: a rateindependent Bouc-Wen type oscillator for the building and a modified, rate-dependent, Davidenkov type oscillator for the soil.
The School of Visso is deemed to be a good candidate for validating the calibration methodology, for various reasons: geotechnical and geophysical tests for this case study are available; soil is expected to significantly affect the seismic response of the structure; a preliminary
Finite Element calibration has led to discrepant results, like those produced by unmodeled
dynamics.

Keywords: Soil-structure interaction, Time-Frequency Distribution, Nonlinear analysis, Masonry building, Central Italy earthquake.
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1

INTRODUCTION

Monitoring systems are typically not designed for considering soil-structure interaction,
which on the other hand needs to be quantified somehow. For this reason, in the paper a reduced 2 Degree of Freedoms (DoFs) model of a monitored masonry building, the School
Pietro Capuzi in Visso (MC), is analyzed to assess the dynamic behavior of the structure in
presence of soil-structure interaction. This is accounted for by including in the reduced model
an additional DoF, representing the portion of the building below the raised ground floor of
the structure. The resulting system is a 3 DoFs black-box model composed by both Bouc-Wen
type [1], [2], [3], and modified, rate-dependent, Davidenkov type [4], oscillators. The scope is
to estimate the modal quantities of the reduced system in presence of soil-structure interaction
during earthquakes. To estimate the modal quantities, a nonlinear identification of the model
parameters is pursued following a quasi-direct approach. The identification methods for nonlinear systems are usually classified in two families: (i) parametric, [5], [6], [7], and (ii) nonparametric methods, [8], [9], [10]. Another important classification of the identification methods for nonlinear systems is based on the domain in which the identification is performed:
frequency, time, or joint time-frequency domain, e.g. [11], [12]. Using a joint time-frequency
domain can be also useful to perform instantaneous estimates of the parameters value, whose
stability over time is symptom of consistency of a given model, [13]. In this paper, a timefrequency method is considered for the nonlinear identification of the system.
In Section 2, the joint time-frequency domain method is discussed and the basic theory for
the assumed nonlinear models is briefly described. In Section 3, the proposed law, used to
model the soil/raised ground floor dynamics (i.e. the modified Davidenkov model), is validated numerically with a 1 DoF system subjected to a synthetic earthquake and fictitious damage.
In Section 4, the soil-structure interaction problem for the analyzed masonry building is studied in detail using a Finite Element (FE) model of the soil. In Section 5, the nonlinear identification is applied to the School of Visso. Finally, Section 6 reports the conclusions of the work.
2

METHOD

In this Section the methods behind the quasi-direct nonlinear identification of the assumed
3 DoFs system using the Time-Frequency Distribution (TFD) computed with Short (Fast)
Fourier Transform (SFFT) of the records is described. Then, the nonlinear laws assumed to
replicate the dynamic response of the system are reported and introduced in the identification
framework.
2.1

Nonlinear identification with TFD

For the identification purpose we assume to approximate any experimental records,
, of a general DoF, d, in the following form:
(1)
where
is the approximation of the experimental records with the expansion defined
by the i-th parameter,
, and basis functions,
, for the d-th DoF; , is the order of
the expansion for the d-th DoF. From (1) it is possible to derivate the following system, which
provide the time evolution of the parameters of the expansion, :
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(2)

with:
(3)
(4)
In (2), (3) and (4) t and f denote the time and frequency variables, fs is the sampling frequency of the recorded signals, the operators
,
define the real and imaginary part
of the linear TFD of the quantity contained in
and the symbol (∘) denotes the Hadamard
with step 1.
product. Finally, k is a free variable that goes from 1 to
2.2

The 3 DoFs black-box model

Assuming a lumped-mass model of the mass matrix, the restoring shear forces,
the assumed system takes the following form:

for

(5)
where the linear elastic components of the shear force,

, are:
(6)

while for the nonlinear and inelastic components of the shear force,
model is adopted:

, a chain-like

(7)
(8)

(9)
In (5)-(9),
, denotes the time derivate,
is the input ground motion acceleration,
is the displacement of the r-th DoF,
is the mass of the j-th DoF, D is the total number
of DoF. Finally, ,
and
are linear model parameters, while
are nonlinear parameters. In particular:
(t)
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(t)

(11)

and
, ,
and are additional unknown parameters. Then, (t), is the sum of the
input energy and the kinetic energy used to approximate the energy dissipated by the system.
Comparing (5) with (1) it is possible to find the unknown linear parameters,
, supposing to
know
while solving the system of equations (2).
can be found by using numerical algorithms that minimize the cost function,
, for the d-th DoF:
(12)
where te is the length of the signals and T
3

denotes the linear TFD operator.

THE MODIFIED DAVIDENKOV MODEL

In Section 2 a modified version of the attritive Davidenkov law has been introduced to
model the soil/raised ground floor dynamics. Here the model is described in detail and a numerical example to demonstrate its effectiveness is reported for validation.
3.1

Model description

The model is a combination of a degrading nonlinear spring in parallel with a viscous term.
The nonlinear degrading spring is in turn divided in a linear elastic degrading term and a nonlinear elastic term. The nonlinear elastic term, proportional to B1 in (7), is represented by the
backbone curve of the original Davidenkov model. This modification was needed because the
original Davidenkov model was formulated for laboratory tests, where signals exhibit a constant amplitude. To overcome the elimination of the attritive hysteresis, after the modification
involving the use of the backbone curve instead of the original law, a linear viscous term is
introduced to capture the energy dissipation. In addition, the viscous term is required to model
the rate-dependent nature of the soil. The model is reported hereinafter for a 1 DoF system:

(13)

where A, B, C, D, and E are the model parameters. A>0 is the linear elastic term while B
regulates the type of nonlinearity. For B<0 the system exhibits a hardening behavior, for B>0,
instead, the behavior is softening, C>0 is the viscous constant that regulates the energy dissipation, D>0 is a degrading term for the linear elastic term, A, while E is a parameter that allows a change of the nonlinear behavior (softening/hardening). When E<0 the behavior
imposed by B tend to be inverted, while for E>0 the behavior, dictated by B, is accentuated.
Finally, N affects the global linearity of the force-displacement law. High values of N produce
a linear law. Figure 1 reports the model with
, A=180e6, B=-666e8
and B=666e8, C=5e6, D=3e-3, E=3e-3 and N=2.
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(a)
(b)
Figure 1: Modified Davidenkov model for B<0 (a); and B>0 (b).

3.2

Numerical model validation

In order to test the effectiveness of the model, a non-linear identification of a 1 DoF system
simulated numerically is explored in this subsection. The system is subjected to the Loma
Prieta earthquake available in MatLab [14], rescaled to obtain a Peak Ground Acceleration
(PGA) of 3.73 m/s2. To simulate the presence of a low amount of noise, a zero mean random
time history with amplitude equal to the 1% of the standard deviation of the original signals
has been added, both to the input and output emulated channels. The two added noises were
supposed to be uncorrelated. The mass of the system was supposed to be known and equal to
Me=1e4 kg, while the initial stiffness was chosen to be Ae0=1e7 N/m. The damping ratio was
assumed to be =3%.
Defined the equation of motion, the procedure used to identify the law parameters of (13),
described in Section 2, has been applied. In this case K0,jr= K0,11=A. To simulate the occurrence of damage, the linear elastic stiffness term has been degraded using a Weibull type law
assumed as:
(14)
this ensuring a reduction of the stiffness, R, at about 15 s from the beginning of the earthquake. The equation of motion becomes:
(15)
In (15),
is the input ground motion, i.e. the rescaled Loma Prieta earthquake, while
the remaining terms have been defined previously. For the SFFT of the signal a 526 points
periodic hamming window has been used. Then, to update the nonlinear parameters of the law,
N, a hybrid particleswarm/patternsearch algorithm, [14], has been used, with lower and upper
boundary on N of 1 and 10 respectively and starting value of 5.5.
Figure 2 reports the outcomes of the numerical validation for a reduction of the initial
stiffness of 6%, (R=0.06). It is possible to note as the behavior of the single DoF system is
captured very well both in time and frequency domain. As regard the prediction of the fictitious damage, a slightly difference is denoted in the natural frequency, fn, reduction due to the
stiffness degradation.
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In Table 1 instead, the numerical values of the updated parameters are reported. The initial
updated stiffness A=1.0141e+07, is very close to the value supposed, Ae0=1.0000e7, showing
a normalized difference of about 1.41%. As regard the viscous term C=1.8857e+04, its value
can be compared with the supposed initial value
=1.9107e+04. Also in this
case the normalized difference between the two values remains low, equal to -1.31%.

Figure 2: Results of the numerical validation with R=0.06.
A [N/m]
1.0141e+07

B
1.2310e+06

C
1.8857e+04

D
2.5007e-05

N
1.4867

E
-0.0016

Table 1: Updated parameters of the numerical model.

4

ACCOUNTING FOR SOIL-STRUCTURE INTERACTION

In this section the soil-structure interaction is analyzed with a two steps procedure. In the
first step the mass of the soil that participates to the dynamics of the soil-structure system is
estimated by Finite Element (FE) models. Then, the deconvolution of the seismic ground motion is performed to obtain the input signal of the reduced system. For reference, an impressive accurate study of soil-foundation-structure interaction problem can be found in [15].
4.1

Finite Element (FE) model updating of the soil

In order to define a reduced model of the soil-structure system, a linear elastic FE model of
the soil has been constructed. The model counts about 97382 nodes with 3 DoFs (X,Y,Z) at
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each node. An 8 nodes brick element with an average dimension of 0.80 m has been used to
model the linear elastic behavior of the soil. The model was fully restrained at the base, leaving free the vertical faces. For the stratigraphy, data available from experimental campaigns
were available, [16], to model the constitutive and geometrical parts of the soil up to the bedrock. As regards the horizontal dimensions, a conjecture on the fictitious crack surface of the
ground suggested to assume a hexagonal model that traces the shapes of the building, i.e. the
T-shape of the School of Visso. Figure 3 depicts the assumed FE model with the main dimensions.

(a)
(b)
(c)
Figure 3: FE model of the soil: 3D (a); plane view (b); and vertical section (c).

Because the availability of the only first experimental natural frequency of the soil, a sensitivity analysis has been performed to assess the variability that each parameter of the model
has on the first numerical frequency. The parameters, P, accounted for the sensitivity analysis
are marked with an asterisk (*) in Table 2, which also reports the experimental values of the
soil parameters. In addition, the added uniform horizontal, L (e.g: the bottom dimension of the
model in Figure 3b becomes 41 m + 2L during the sensitivity analysis), and vertical dimension, Z, of the model were accounted in the sensitivity analysis, varying their values between
0-10 m and 0-40 m, respectively. In Table 2, ρi, VSi, Gi and υi are the density, shear wave velocity, shear modulus and Poisson’s ratio of each layer.
Layer
1
2
3
4
5
6
B (bedrock)

Thickness [m]
3.2
4.8
10
8
4
10
Inf

ρi [Kg/m3]
2000
2000
2100
2100
2000
2100
2200

VSi [m/s]
136
226
383
683
500
602
1300

Gi [Pa]
38e6*
104e6*
314e6*
999e6*
510e6*
776e6*
3790e6

υi [-]
0.4
0.4
0.3
0.3
0.4
0.3
Nan

Table 2: Experimental soil parameters [16].

All the parameters values of the FE model are assumed to be equal to those one obtained
by the experimental campaigns. The first experimental natural frequency was estimated to be
3.64 Hz [16]. The sensitivity study involved the variation of the parameter’s value, one by one,
between 1/10 and 10 times its experimental value. The searching space has been divided in 10
parts. Figure 4 reports the results of the sensitivity analysis, where f1,i indicates the first nu-
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merical frequency, while σ(f1,i) denotes the standard deviation of f1 with respect to the i-th parameter (reported in the legend of Figure 4a).

(a)
(b)
Figure 4: Sensitivity analysis: variation of the first frequency (a); and percentage of the total variability of the
first natural frequency carried by each model parameter (b).

From Figure 4b it is possible to see that the depth of the model, P7=Z, cause the 80.5 % of
the total variability of f1. This is followed by P8=L, P6= G6 and P3=G3. Then, in descending
order of variability one have: G5, G4, G2 , G1. Following the results depicted in Figure 4b, a
slight unexpected behavior is denoted for the 3rd layer that bring more variability than the 4th
and 5th layers. This behavior is probably due to the grater thickness of the third layer.
Due to the high variability carried by Z, the updating of the FE model contemplated this
parameter. The other parameters where fixed to the experimental values, while L was fixed to
zero, i.e. the dimensions of the FE model of the soil approximate the external dimensions of
the building. After the calibration, the optimal value of the depth of the restrain was found to
be Zo=18 m, i.e. the depth of the third layer of the starting FE model. Figure 5 shows the first
3 numerical modes of the updated FE model, while Table 3 reports the initial and updated
values of the parameter Z and the numerical frequencies.

(a)
(b)
(c)
Figure 5: FE modes: 1st modal shape (a); 2nd modal shape (b); and 3rd modal shape (c).

Configuration
Initial
Updated

Z [m]
40
18

f1 [Hz]

f2 [Hz]

f3 [Hz]

1.81
3.64

2.27
3.90

2.85
4.24

Table 3: Initial and updated values of Z, f1, f2 and f3.
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Starting from the new depth of the model, Zo, it was possible to calculate the mass of the
soil that hypothetically participates to the dynamics of the soil-structure system. It is the mass
of the first three layers, ms=32467500 kg. About that, Figure 6 reports the interlayer contrast
of impedance, Ic,i and the contrast of impedance referred to the bedrock, Ic,B, calculated as follow:
(16)
In (16), i, represents the i-th layer of soil and the index goes from 1 to 6 with step 1, while
ρ6+1=ρB and VS6+1=VSB denote the density and the shear wave velocity of the bedrock.

(a)
(b)
Figure 6: Contrast of impedance Ic: interlayer contrast (a); and bedrock contrast (b).

From Figure 6a it is possible to see that the interlayer contrast of impedance attributed at
layer 4 is minor that 1, denoting inversion of the wave due to the presence of a layer with an
high dynamical stiffness if compared to the neighboring layers. In addition, form the same
figure, it is possible to note that the interlayer contrast decreases up to the 4th layer, then its
value remains approximately constant for the 3rd, 2nd and 1st layers. Instead, in Figure 6b, the
bedrock contrast of impedance helps to visualize how the shear waves amplify with respect to
the waves coming from the bedrock. From this figure one can easy denotes as the contrast is
almost constant under the 4th layer (indeed, it could be interpolated by a parabolic function),
while a high, linear, increases of the bedrock contrast is found starting from the 3rd layer up to
the surface. This could explain a high participation of the first three layers of soil in the dynamics of the soil-structure system.
4.2

Deconvolution of the seismic ground motion

For the identification of the reduced system, the seismic ground motion at Zo=18 m is
needed. For this purpose, a deconvolution of the signals acquired at the surface has been performed. The aim of the deconvolution is to find a new acceleration input for the system that
would allow to use the accelerations input of the building as an output for the soil-structure
system. The soil-structure interaction can be then analyzed by identify this latter system.
To perform the deconvolution of the ground motion the software Strata [17] was adopted.
Strata calculates the dynamic site response of a column of one-dimensional soil using a linear
propagation of the waves. To perform the deconvolution, the velocity of the shear waves, the
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shear moduli, and the densities of each layer were needed. All these quantities were available
as a result of a single station seismic test (HVSR), [16].
A linear equivalent method, within which the nonlinear behavior of the soil is accounted
by introducing degradation-stiffness and increment-damping laws, has been used for the deconvolution. The nonlinear response of the soil is thus approximated by modifying its linear
elastic properties according to the induced deformation level. However, a recursive process is
needed to solve the deconvolution, as the induced deformation depends itself by the properties
of the soil.
For the ground motion deconvolution, the following laws were adopted: (i) the Vucetic &
Dobry laws, with a medium plasticity index of 15, for the layers of clay-silt; (ii) the Seed &
Idriss laws, with a medium plasticity index, for the layers of gravel-sand; and (iii) the Rollins
laws for the clay layers, [18], [19]. In order to avoid problems due to resonance, the stratigraphy of the soil has been modified, and the layers have been divided into sublayers with a minimum thickness of 1/100 of the shear wave velocity (in [m/s]) of the layer.

(a)
(b)
Figure 7: Seismic input for the soil-structure system (a); and seismic input for the building or output for the
soil-structure system at channel 21 (b), (see Figure 8 for clarity).

Figure 7a reports the new input ground motion estimated starting from the signal at the base
of the building (see Figure 7b), which was recorded with channel 21 (see Figure 8 for clarity).
5

NONLINEAR IDENTIFICATION OF THE 3 DOFS SYSTEM

In this Section the methods described in Section 2 are applied to a monitored masonry
building. The selected building is the School of Visso (MC), which is part of the network of
strategic buildings monitored by the Osservatorio Sismico delle Strutture (OSS). The OSS is a
nationwide network founded by the Italian Dipartimento della Protezione Civile (DPC) in the
1990s. The aim of the OSS network is to monitor several strategic Italian buildings, such as
bridges, schools, hospitals and city halls [20].
The OSS permanent monitoring systems allowed the recording of the seismic responses of
the School of Visso before and during different seismic events. The dynamic monitoring system installed on the building counts 11 accelerometers (23 channels). A triaxial accelerometer
is placed in the basement, in order to record the seismic input for the building. Figure 8 reports the School of Visso with the monitored system installed on the building and the 3 DoFs
schematization. For the identification purpose the masses of the system, reported in Table 4,
were estimated from available FE models of the building and the soil.
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(a)
(b)
(c)
Figure 8: School of Visso (a); Monitored system installed on the building (b); and 3 DoFs schematization (c).

Soil:
ms
32467500

Raised Ground Floor:
mrf
1602960

Soil+Raised Ground Floor:
m1= ms +mrf
34070460

1st Floor:
m2
1675040

2nd Floor:
m3
1188600

Table 4: Masses of the system: values in [kg].

The lumped mass of the raised ground floor was then added to the mass of the soil to deal
with the absence of records at the raised ground floor. The lumped masses of the first and
second floor were attributed to the second and third DoF respectively. The seismic event used
for the identification was the lower quake available among the main shocks occurred during
the events of August/October 2016, i.e. the quake occurred on October, 26th (05:10 pm), in X
direction (see Figure 8b and Figure 8c for clarity). The raw acceleration signals of channels
21, 5 and 15 were filtered with a bandpass Butterworth filter of order 4, with cutoff frequencies of 0.5 and 20 Hz. For the SFFT of the signals, a 1060 points periodic hamming window
has been assumed. Then to update the nonlinear parameters of the laws, Nd, a hybrid particleswarm/patternsearch algorithm, [14], has been used, with lower and upper boundary on Nd
of 1 and 10 respectively and starting value of 5.5.

(a)
(b)
(c)
Figure 9: Restoring force-Displacement curves: 1st DoF (a); 2nd DoF (b); and 3rd DoF (c).
j
1
2
3

K0,j1 [N/m]
55253915817
-1643395377
-168522817

K0,j2 [N/m]
-1643395377
3262159987
-1373633633

K0,j3 [N/m]
-168522817
-1373633633
1578364170

Dj1
1.65E-06
5.50E-07
-6.70E-06

Dj2
5.50E-07
9.76E-07
1.58E-06

Table 5: Updated parameters of the 3 DoF system: K0,jr and Djr.
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j
1
2
3

B,j
60288072791
71.82
73.62

Cj
13910459
-17.68
27.82

Nj
1.0446
1.0109
1.0142

E1
-2.06E-06
-

Table 6: Updated parameters of the 3 DoFs system: B,j, Cj, Nj, E1.

Figure 9 shows the restoring forces, rd, for the d-th DoF of the reduced model, evaluated
with a scalar estimate of the parameters (see Table 5 and Table 6 for their values). Knowing
the parameters of Table 5, it was possible to calculate a time variant stiffness matrix using
(10). Then, assuming a constant mass matrix (see Table 4), the time dependent eigen-problem
was solved. The results of the eigen-analysis are reported in Figure 10 and Figure 11, which
report the pre- and post- main shock frequencies, fh, (Figure 10a), the percentage of participation mass, Mp,h, (Figure 10b) and modal shapes, h, for the h-th mode. For the frequencies, a
global reduction of the values is denoted for each mode. The reduction is almost uniform approaching the 35 % for the first mode, the 31 % for the second mode and the 33 % for the last
mode. It is worth noting that reduction in frequency values cannot be directly related to damage when modal quantities are identified with strong earthquakes, in fact the existence of amplitude-frequency relations can temporarily cause a wander in frequency values, [21].

(a)
(b)
Figure 10: Identified modal quantities, pre- and post- main shock: frequencies (a); and percentage of participation mass (b).

(a)
(b)
(c)
Figure 11: Identified modal shapes, pre- and post- main shock: 1st mode (a); 2nd mode (b); and 3rd mode (c).

As regards the percentage of participation mass, a sudden inversion of the participation between the first two modes is observed after the main shock, resulting in a high participation of
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the first mode (about 98.54 %). For the third mode, a low participation is noticed before and
after the main shock. From Figure 11 is instead possible to observe the modal shapes for the
three identified modes pre- and post- main shock.
Starting from the identified modal shapes we propose the following Soil-Structure Interaction (SSI) index, SSIIh, to quantify the soil effects on each mode, h, of the building:
(17)
where 1,h is the coordinate of the eigenvector h, related to the DoF of the soil, while σ( h)
is the unbiased standard deviation of the eigenvector. The index (17) can be then combined
using a modal combination technique, e.g. the Squared Root of the Sum of the Squares
(SRSS), to obtain an index of the building, SSII:
(18)
The SRSS technique for the case study was adequate as the modes are well distanced.
Looking at (17) it easy to note that SSIIh, and thus SSII, is a quantity that takes values between
0 and 1, as all the terms in the equation are positive. When SSIIh approach values of 1 it
means that the deviation of the modal shape is zero, and then the building behaves, for the analyzed mode, as a rigid body on the ground. Instead, if SSIIh tends to zero it means that the
coordinate of the soil is very low if compared with a variation of the modal shape, indicating a
low role of the soil in the dynamics. Finally, because the linearity of the terms in (17), SSIIh,
and thus SSII, are invariant respect to a rescaling of the modal shapes. Figure 12 reports the
SSI indices calculated for the case study.

(a)
(b)
Figure 12: Proposed Soil-Structure Interaction index, pre- and post- main shock: SSIIh (a); and SSII (b).

From Figure 12a it is possible to conclude that the SSI mainly affected the first mode after the
main shock, while the effects on the remaining modes decreased during the quake. However,
Figure 12b, suggests an increase of the soil effects in the dynamics of the overall building at
the end of the quake.
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6

CONCLUSIONS

In the present paper, the calibration of a nonlinear system that accounts for soil-structure
interaction phenomena has been performed by minimizing the difference between the TimeFrequency Distribution (TFD) of the recorded signals and the TFD of a numerical black-box
model consisting of rate-independent Bouc-Wen type oscillators for the upper part of the system and a modified, rate-dependent, Davidenkov type oscillator for the bottom part.
For the estimates of the masses of the mixed soil-structure 3 DoFs system, available FE
models have been adopted. Then a deconvolution of the seismic ground motion has been performed to obtain the acceleration input, at 18 m under the surface, of the mixed system. The
calibrated nonlinear model was then used the solve the time dependent eigen-problem. This
allowed the estimate of the modal parameters before and after the quake. The nonlinear identification has been performed on a reduced model of the building, connected with a reduced
model of the soil that was preliminary calibrated to fit the first experimental frequency of the
site of the building. Finally, an index to quantify the soil effects on the dynamics of the system has been proposed. The results of the work are summarized hereinafter:
•

The calibrated linear FE model of the soil reveals a first frequency in accordance
with the experimental data, i.e. 3.64 Hz, and a second and third frequency of 3.90
Hz and 4.24 Hz, respectively;

•

From the third layer of the soil up, the contrast of impedance starts to increase suddenly, indicating a high amplification of the waves in those layers, respect to the
wave in the bedrock;

•

After the quake, all the frequencies of the system reduced of about 33-35%, however, the system exhibited a strong soil-structure interaction, quantified on a scale
between 0 and 1 at about 76%. This could have affected the estimate of the frequencies, as a high play of the soil in the dynamics of the system, would produce a
wandering of the frequency value due to its time variant nature;

•

The soil behavior predominantly affected the first mode, in fact the soil-structure
interaction index increased from 6.66 % up to 76.27 %. For the other modes the soil
effects on the dynamics of the system were reduced during the quake. This bring to
the consideration that the first mode may have been more subjected to wandering
effects due to possible strong changes in soil constitution.

Due to the availability of time dependent modal properties, as a future work, the connection between the proposed soil-structure interaction index, SSIIh, and the instantaneous frequencies of the system, fh, could be studied to find possible correlation paths or causality
dependence.
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Abstract
This paper presents an overview of the research activities developed in the framework of the
ReLUIS project founded by Department of Civil Protection (DPC) in 2017 and 2018 and focused to analyze some experimental accelerations made available by the Osservatorio Sismico delle Strutture (OSS), an Italian network of permanent seismic monitoring systems
belonging to DPC. In particular, the recordings acquired by OSS on three selected masonry
structures hit by the 2016/2017 Central Italy were acquired, analyzed and re-elaborated by a
team of researchers from the Universities of Genoa, Chieti-Pescara, Padua, Pavia and Turin.
Such structures exhibited various damage levels, from slight to near collapse, highlighting
interesting issues on the identification techniques, potentiality of modelling strategies and evidences on amplification phenomena. The available data on geometry, materials and constructive details (carefully checked and summarized in brief forms by the ReLUIS research
group) together with the obtained results can be useful for future researches on this issue.
Keywords: permanent monitoring, existing masonry structures, actual recordings.

1890

S. Cattari et al.

1

INTRODUCTION

Experimental measures from actual earthquakes are essential sources for a better understanding of the seismic structural behavior in the linear and nonlinear phases and they support
detailed numerical calibrations. Thus, they contribute to improve the reliability of quantitative
safety assessments. In this framework, from ’90 a huge amount of valuable data is provided in
Italy by the “Osservatorio Sismico delle Strutture” (whose acronym is OSS http://www.protezionecivile.gov.it/jcms/it/osservatorio.wp). This latter is a network of permanent seismic monitoring system belonging to the Department of Civil Protection (DPC)
installed mostly in public buildings, in some bridges and a dam [1].
Within this context, recordings acquired by OSS on three selected masonry structures have
been analyzed during the last years by a team of researchers involved in the ReLUIS III project founded by the DPC in 2017 and 2018 (Task 4.1 “Analysis of buildings monitored by
“Osservatorio Sismico delle Strutture” [2]). The Research Units (RU) involved in the project
are (synthetically named in the following as “Task 4.1 Workgroup”): University of Genoa,
coordinated by S. Cattari; University of Chieti-Pescara, coordinated by Proff G. Camata and
E. Spacone; Construction Technology Institute – National Research Council (ITC-CNR) and
University of Padua, coordinated by Proff C. Modena and F. da Porto; University of Pavia,
coordinated by Prof. G. Magenes; and Polytechnic of Turin, coordinated by Prof. R. Ceravolo. The representative from OSS was instead Eng. D. Spina. The selected case studies were:
the School “Pietro Capuzi” in Visso (MC), to date demolished; the Pizzoli City Hall (AQ);
and the Fabriano Courthouse (AN). Such structures were hit by the Central Italy earthquake in
2016/2017, exhibiting various damage levels, from slight (the Fabriano Courthouse) to near
collapse (the School of Visso). For this reason, they were selected with the aim of highlighting interesting issues on: the use of different identification techniques; verifying the potentiality of modelling strategies in simulating their actual behaviour; and evidences on
amplification phenomena.
This paper provides first of all an overview on the whole set of available data (§2) and on
the main features of each of the selected structures (§3). Then, it briefly presents some results
of the activities performed by each RU (§4), starting from the data made available by OSS,
which are more extensively described in ([2], [3], [4], [5], [17], [7], [8]).The main performed
activities were: a) a detailed examination of the structural details and an accurate damage survey of each structure; b) the identification of the dynamic properties of the three selected
structures, by using the records from both the main sequence of the Central Italy earthquake
in 2016/2017, some minor events and ambient recordings; c) the calibration of different structural models that benefitted of such experimental periods and modal shapes; d) the execution
of Non Linear Dynamic Analyses (NLDA) through these models to simulate the actual earthquake damage; e) the post-processing of recordings for confirming some evidences on the
amplification phenomena provided by the filtering effect of the main structure to the seismic
input and, as a consequence, for supporting the validation of expressions available in the literature for the so called “floor spectra”.
2

OVERVIEW ON THE AVAILABLE DATA

Figure 1 illustrates the localization of the accelerometers in the three buildings for which
different records were available. As it is possible to see, the sensors were placed at different
levels of each structure. In particular, in order to adequately describe their dynamic behavior,
the number and location of the accelerometers were selected at each story according to ration-
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al kinematic assumptions. In particular, as the rigid floor hypothesis can not be assumed for
these buildings, more than three horizontal accelerometric components per story were measured; moreover, in each building, a three-axial sensor is always placed at the foundation in
order to measure the seismic excitation applied to the structure. These latter are fundamental
in order to evaluate the amplification effects, if then compared with the accelerations evaluated at different floors of the building.
In the examined case studies, 22 sensors were present in the School of Visso, 17 in the Pizzoli City Hall, while 31 in the Fabriano Courthouse.

Figure 1: Localization of the permanent monitoring system accelerograms from OSS on the case studies.

Table 1 lists instead the events for which the OSS made the recordings available for the
aim. As one can see, the records refer to main shocks, secondary events or ambient noise, in
particular provided for the identification of the dynamic parameters. Each event is characterized by brief data: date/time UTC and Peak Ground Acceleration (PGA), distinguishing between the X and Y directions. The localization of the epicenters of main shocks and
secondary events listed in Table 1 is instead illustrated in Figure 2.
Finally, Figure 3 compares the acceleration spectra of the recordings at the base of the
three structures after the most significant seismic events experimented by each of them.
Please note that the maximum value on the Y-axis is different for the School of Visso, since
the acceleration spectra recorded at the base of the structure is higher in this case: this is consistent also with the severe damage exhibited by this building compared to the other ones.
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Fabriano Courthouse

Pizzoli City Hall

School of Visso

Building

Kind of event

Main shock

Secondary event

Main shock

Secondary event

Main shock

Secondary event

Date and time UTC
24/08/2016 01:36
26/10/2016 17:10
26/10/2016 19:18
30/10/2016 06:40
22/09/2016 20:05
25/09/2016 06:46
20/11/2016 01:42
24/08/2016 01:36
26/10/2016 17:10
26/10/2016 19:18
30/10/2016 06:40
18/01/2017 10:14
25/07/2015 20:58
21/06/2016 07:38
07/09/2016 00:03
03/11/2016 01:18
28/11/2016 05:12
19/02/2017 10:33
24/08/2016 01:36
26/10/2016 17:10
26/10/2016 19:18
30/10/2016 06:40
18/01/2017 10:14
08/10/2016 18:11
28/10/2016 13:56
03/11/2016 00:35
03/02/2017 05:40

PGA [g]
X
0.334
0.295
0.363
0.294
0.001
0.001
0.001
0.082
0.024
0.022
0.115
0.112
0.000
0.001
0.001
0.001
0.001
0.001
0.042
0.029
0.082
0.054
0.008
0.001
0.001
0.007
0.001

Y
0.323
0.211
0.476
0.301
0.001
0.001
0.001
0.090
0.023
0.025
0.111
0.100
0.000
0.001
0.001
0.001
0.001
0.001
0.054
0.026
0.088
0.039
0.007
0.001
0.001
0.006
0.001

Table 1: List of the available events for each structure (main shocks and secondary).

a)

b)

c)

Figure 2: Localization of the epicenters of the main shocks and secondary events for which the records were
available as a function of the three examined buildings (a – School of Visso; b-Pizzoli City Hall; c-Fabriano
Courthouse).
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Fabriano Courthouse

Pizzoli City Hall

School of Visso

Dir. X

Figure 3: Acceleration spectra from the records of the most significant main shocks for each building.

Through the access to the website “Seismic Monitoring by DPC”, the OSS made available
at the beginning of the project on each building a significant amount of data concerning geometrical surveys, structural details and results of tests already carried out by the SGM Engineering Society of Perugia in 2010-2011 addressed to the materials mechanical
characterization and the identification of the masonry typologies.
All the available data on geometries and materials were first verified through focused inspections and surveys performed by the different RUs in June 2017. Moreover, some RUs
(from the Universities of Genoa and Padua) performed further no-destructive diagnostic tests
(as the thermography) in order to collect more data on masonry typology and to investigate
some constructive details. The in-situ surveys carried out were also useful to acquire all necessary information on the damage experienced by each building as a consequence of the
2016-2017 Central Italy earthquake. In the case of School of Visso, such data were integrated
by some photos at disposal of DPC as collected after the shocks of August and October 2017
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and by a detailed post-earthquake damage survey made by S.Cattari and D.Sivori in December 2017 [9]: all these data were essential to reconstruct the phenomena of damage accumulation that significantly interested the school (as expected from the analysis of the acceleration
spectra illustrated in Figure 3 and confirmed in Figure 5).
The results of this preliminary activity were summarized in reports that will be made available by OSS in the future to all researchers interested in analyzing these buildings. Such reports attempt to organically collect all the verified data for supporting as much as possible the
proper interpretation of the seismic behavior of these structures and for reducing all the uncertainties that the modelling phase inevitably implies.
Furthermore, the recordings made available from OSS were post-processed in order to set a
common basis of data usable for consistent comparison by all RUs involved in the different
research activities (from a) to e) as outlined in §1). For sake of example, Figure 4 shows the
experimental hysteretic curve for the Visso School case study in the Y direction (a) and some
results in terms of experimental floor spectra obtained for the Pizzoli City Hall (b). In particular, the experimental hysteretic curve illustrated in Figure 5a depicts: in abscissa the mean
displacements of sensors located on the top of the school (as obtained through the integration
of the accelerations actually recorded during each main event) and in ordinate the inertial
forces activated (computed as the sum of recorded accelerograms in each sensors multiplied
by the relative pertinence mass estimated by the numerical models set up by URs).
18
16

Floor Spectrum 2nd floor
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a.

b.

Figure 4: Experimental hysteretic curve for the School of Visso in y-direction as resulting from all the seismic
events available (a); experimental floor spectra for the Pizzoli City Hall from the 18/01/2017 seismic event (b).

3

OVERVIEW ON THE MAIN FEATURES OF CASE STUDIES

The three case studies, built around 1920 and 1949, present similar features: they are all
masonry structures, quite regular in elevation and with continuous masonry piers and openings generally aligned. The buildings have three (four in the case of Fabriano Courthouse)
floors with an additional basement that covers part of the main plan (all the plan in the case of
Fabriano Courthouse) and they have an irregular plan. The plan is T-shaped for the School of
Visso and the Fabriano Courthouse, while it is C-shaped for the Pizzoli City Hall. However,
in this latter case, it is possible to identify a prevalent direction.
Despite these similarities, the three case studies present peculiar features, which made
them particularly interesting, briefly listed below:
- School of Visso: it was interested by different interventions to both the vertical walls
and the diaphragms; it is placed on a poor quality soil that makes interesting the soil-

1895

S. Cattari et al.

-

3.1

structure interacting effects; it experienced a significant earthquake damage resulting
also by significant accumulation effects.
Pizzoli City Hall: it was interested by a medium/low damage;
Fabriano Courthouse: its plan is significantly more extended that the one of the School
of Visso, but with a comparable distribution of masses and stiffness. It experimented
no remarkable damage and it was subjected to many interventions for the improvement
of its structural seismic behaviour.
The “Pietro Capuzi” School of Visso (MC)

The “Pietro Capuzi” School of Visso is a masonry structure composed of two stories and
an attic covered by a pitched wooden roof. A small extent of the plan presents also an underground level. While the vertical layout of the structure is regular, the building has an irregular
plan and extends over a 620 m2 floor surface, resembling a flipped "T" (Figure 1a). The building was built around 1930. However, in the ‘90s, some extensive interventions were provided
after the 1997 Umbria-Marche earthquake sequence, which caused some damages (mainly in
the stairwell). Those interventions mainly consisted of mortar injections through some internal walls, stiffening of front openings with steel bracings opened at the bottom, insertion of
some tie-rods, improvement of the walls-to-roof connection and replacement of part of the
timber roof structure, deteriorated due to aging.
The walls are mainly characterized by a two-leaf stone masonry in which the stones are
shaped to fit together in a quite regular way. Diaphragms are composed by a concretemasonry flooring system consisting of one-way or two-way hollow block slabs, with an exception for the attic that was made by iron beams and thin, hollow clay bricks. The timber
roof is a typical “Piemontese” type with hollow flat tiles and a thin RC slab. The structure is
founded on simple enlargements of loadbearing walls, which were only slightly embedded in
the alluvial sediments.
The 2016-2017 Central Italy seismic sequence severely and repeatedly hit the school that
turns out to be an emblematic example of structural damage accumulation. The building
mainly showed a global response, activating the in-plane behaviour of loadbearing walls with
damage concentrated in piers and spandrels. Damage was first produced by the 24 August
2016 shock and was further aggravated by the 26 and 30 October shocks (Figure 5); the
school was declared closed for safety aims just after the 24 August 2016 shock. After the
M6.5 26 October main shock, partial collapse phenomena involved some perimeter walls due
to the activation of an overturning mechanism. Some floors suffered a partial collapse, too. To
date it has been demolished.
The soil which the structure is built on is characterized by quite poor properties, as presented
in [3], [4], [10] highlighting the possible role of soil-structure phenomena in the seismic response of the building as confirmed also by the identification of dynamic properties made by
the Task 4.1 Workgroup [2] and other researcher through numerical studies [11]. To deepen
the specific issue associated to the soil-structure interaction of Visso School, the geotechnical
group coordinated by Prof. F.Silvestri from the University Federico II of Naples has been involved in the research activities of Task 4.1 Workgroup.
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24/08/16

26/10/16

30/10/16

24/08/16

26/10/16

30/10/16

Figure 5: Post-earthquake damage surveyed in the School of Visso that highlights as the final damage is the results of progressing accumulation effects (in particular passing from 24th August to 26th October 2017).

3.2

The Pizzoli City Hall (AQ)

The Pizzoli City Hall is a public structure built around the 1920. It is organized in two levels, a basement and an attic and it is characterized by a pavilion roof. The built volume is
around 5000 m3. The building is defined by an irregular plan (with a C-shaped plan), constituted by a main rectangular body and two side bodies of minor dimensions, placed orthogonal
to the first one (Figure 1b). The building housed a school until 1974. In the following years,
the inner structure was reorganized by demolishing some loadbearing walls and by building
some partition ones in order to transform the school into a city hall and guarantee in this way
a better functional distribution of the rooms. After the central Italy 2016 sequence, the Pizzoli
City Hall was declared closed for safety aims. The building has stone masonry walls, characterized by a good interlocking, good quality mortar and a good transversal connection between wall facings. The diaphragms are characterized by a mixed typology, with steel beams
and concrete slab and lightening in hollow bricks. The building exhibited a medium/low damage after the Central Italy earthquake in 2016/2017, in particular referring to the event of
18/01/2017. Figure 6 shows the surveyed damage of one façade.
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Figure 6: Main façade of Pizzoli City Hall with the indication of the damage surveyed.

3.3

The Fabriano Courthouse (MC)

The Fabriano Courthouse (Figure 7) was built in 1940 to host the Industrial School G.B.
Milani. Then, it was domicile of different activities that followed in the next years for necessity. When the 2016/2017 earthquake occurred, the building was almost completely deprived of
its function of courthouse, except for some offices. The building was interested by different
structural interventions during the years. In 1950 the top story was raised, instead in 1999 different strengthening interventions were provided in order to fix the damage exhibited after the
earthquake of 1997, to improve its seismic behavior and to promote its reuse as courthouse.
Among the most significant interventions, there was the demolition and reconstruction of the
external staircase.
The structure has a T-shaped plan with three floors and a basement. Two original bodies
and a further RC structure, containing the staircase, characterize the main body. This latter
was realized in 1999 and connected to the main building through a seismic joint.
The building has stone masonry walls (some of them strengthened with a reinforced plaster)
and a wooden roof. The walls are organized in a regular way and with regular openings on the
façades. The diaphragms are characterized by the presence of steel beams and brick little
vaults (in the first two floors), steel beams, bricks and a RC slab and finally steel beams and
corrugated iron sheet (present only on the second floor).

a.

b.

Figure 7: A picture and East front/section the Fabriano Courthouse.

4

OVERVIEW ON THE RESEARCH ACTIVITY DONE BY RELUIS TASK 4.1
WORKGROUP

This section presents an overview of some results of research activity developed by the
ReLUIS Task 4.1 Workgroup according with the aim listed in §1.
4.1

Identification of dynamic properties

The identification of dynamic properties of the three buildings, starting from the OSS data,
were performed by University of Padua and Polytechnic of Turin. Different kinds of tech-
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niques were used. Output-only techniques ([12], [13], [14], [15],[16]) characteristic of the Operational Modal Analysis (OMA), were used for the analysis of the ambient vibrations. In particular, among them, the RUs used some techniques in the frequency domain (both parametric
– pLSCF- and non-parametric – PP, FDD, EFDD) and another one in the time domain
(SSIcov). Instead, input-output techniques (CSI - Combined Deterministic Stochastic Subspace Identification) were used to analyze the records from seismic events. The considered
input was the measures of the accelerometers placed at the base of each structure (that measure the soil accelerations), while the output was the seismic response in terms of accelerations
recorded by the sensors placed at the different buildings levels.
A selection of some results is illustrated below, while more detailed outcomes achieved by
the University of Padua and Polytechnic of Turin are illustrated in [2],[17], [7].
Table 2 illustrates by way of example the comparison between the results obtained by the
Polytechnic of Turin (TO in the Table) and the University of Padua (PD in the Table) in the
case of the Pizzoli City Hall in terms of: identified frequencies (f) and their associated error
(ef%), damping (z) and their associated error (ez%). Finally the Modal Assurance Criterion
(MAC) has been computed by considering the modal shape identified by two RUs in order to
verify if they match or not. The analyses refer to the seismic event of 25/07/2015.
Parameter

! (Hz)
ef %

z (%)
ez%
!"#$%

Mode
i

1TO
2TO
3TO
4TO
5TO
6TO

1° Mode
TO
PD
4.83 4.85
-0.41

2° Mode
TO
PD
5.84 5.82
+0.21

3° Mode
TO
PD
7.01 7.08
-0.93

4° Mode
TO
PD
9.26
9.28
-0.27

5° Mode
TO
PD
12.55
12.56
-0.03

6° Mode
TO
PD
13.37 13.15
+1.65

1.10

1.80

2.0

1.30

2.90

4.10

1.05

4.39

2.92

+3.68

-101.40

-38.60

1-PD

2-PD

3-PD

1.00

0.08

0.00

0.09

0.99

0.01

1.67

-29.29
Mode j
4-PD

1.34

2.52

+84.51

+49.28

5-PD

6-PD

0.00

0.04

0.01

0.03

0.02

0.19

0.04

0.00

0.96

0.02

0.01

0.12

0.00

0.02

0.00

0.99

0.05

0.08

0.16

0.12

0.00

0.08

0.77

0.03

0.00

0.01

0.13

0.05

0.10

0.95

Table 2: Comparison of the results obtained by the Polytechnic of Turin and the University of Padua for the Pizzoli City Hall case study in terms of dynamic properties identified (as resulting from the analysis of recordings
available in date 25/07/2015).

As one can see from Table 2, the results obtained from the two RUs are quite in agreement
good. In fact, as it is possible to deduce from the values on the diagonal of the MAC matrix,
the correlation among modes identified from the two RU is very high, with a minimum value
equal to 0.77. This means that the results converge to the same dynamic properties. This is
confirmed also by the low errors obtained on the frequencies. Regarding the damping, the errors are instead higher, from about 3% to 100%: this result is consistent with the higher difficulty in properly identifying such a parameter.
The data acquired from the permanent monitoring system on the examined structures after
subsequent seismic events allowed also verifying if some changes in the frequency trend and
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in the modal shapes occurred or not. By way of example, as made by the RU of the University
of Padua, Figure 8 compares the modal shapes for the School of Visso (a) and the Fabriano
Courthouse (b) after some earthquakes. Here the results are illustrated for the first mode, but
similar results were obtained for the other modes, too. As one can see, while for the School of
Visso it is possible to observe a change in the modal shapes, for the Fabriano Courthouse the
modal shapes are unvaried. This is coherent with the observed damage, too. In fact, the building in Visso experimented a very significant damage, while the damage in the Fabriano structure was very low.

Normalized nodal displacement

MODE 1
Ambient noise 2015 (pre-earthquake)

Ambient noise 2016 (post-earthquake)

DOF

Normalized nodal displacement

07/12/2016
26/10/2016 19:18
18/01/2017 10:14

24/08/2016 01:36
28/10/2016 13:56
03/02/2017 05:40

08/10/2016 18:11
30/10/2016 06:40

a.
26/10/2016 17:10
03/11/2016 00:35

MODE 1

DOF
b.
Figure 8: Change in the modal shapes of the first vibration mode resulting from the analysis of the recording
available from the permanent monitoring made by OSS: a. for the School of Visso (pre and post earthquake); b.
for the Fabriano Courthouse (during the events of the earthquake swarm).

Finally, Figure 9 shows the frequencies trend as obtained by the University of Padua varying the input adopted for identifying the dynamic properties of the Fabriano Courthouse case
study. These results are interesting since they allow highlighting some uncertainties in the
frequencies identification and a dependence of them on the input.

1900

frequency [Hz]

S. Cattari et al.

mode 1

mode 2

mode 3

mode 4

Amb. noise

Figure 9: Frequencies trend varying the input adopted for identifying the dynamic properties of the Fabriano
Courthouse.

4.2

Modeling for the numerical simulation of the actual response of examined buildings

Different modeling strategies have been adopted by the RUs involved in the Task 4.1
Workgroup. Table 3 summarizes the software and the modeling strategies adopted by each
RU, while Figure 10 presents by way of example the structural models of the Visso (a) and
Fabriano (b) case studies.
RU
Polytechnic of Turin
University of Padua
University of Genoa
University of Chieti-Pescara
University of Pavia

Software
Diana [18], ANSYS [19]
Diana FEA [20]
Tremuri ([21], [22])
Midas/Gen 2018 ([23], [24])
Tremuri ([21], [25], [26])

Modeling strategies
FEM
(Finite Element Model)
EF
(Equivalent Frame Model)

Table 3: Summary of software and modeling strategies adopted by each RU.

a.
Figure 10: EF model of the School of Visso made by the UR of Pavia and FEM model of the Fabriano Courthouse made by the UR of Padua.

In particular, while Finite Element Models (FEM) provided by the RU of Turin and Padua
were mostly used to calibrate the model in the elastic phase (and thus support the proper identification of dynamic properties illustrated in §4.1) and perform in some cases pushover analyses, Equivalent Frame models provided by the RU of Genoa, Chieti-Pescara and Pavia, were
used to perform NLDA and simulate the actual response exhibited by the buildings. For the
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aim of executing NLDA, various constitutive law capable to describe the hysteretic response
of masonry panels have been adopted.
In the following only a brief overview on the type of results achieved is presented while
more detailed outcomes are illustrated in ([2], [3], [4] and [5]) for the Visso School and in [8]
for the Fabriano Courthouse respectively.

a.

b.

c.

d.

e.
f.
Figure 11: Examples of constitutive models adopted by each RU: tetra-linear Takeda hysteretic model from
Midas\Gen 2018 ([23], [24]), (a) and example of hysteretic response simulated for a masonry panel by the
Chieti-Pescara University (b); multi-linear constitutive model implemented in Tremuri [22] and adopted by the
University of Genoa (c); macroelement model implemented in Tremuri ([25], [26]) and adopted by the University of Pavia (d); comparison between the two models adopted by the Universities of Pavia and Genoa for a squat
panel (h/l = 0.77) with shear failure (e) and slender panel (h/l = 1.25) with flexural failure (f) [27].

The UR of Chieti-Pescara adopted a tetra-linear Takeda model (Figure 11a) taking inspiration from the CNR DT212/2013 [28] for the definition of the backbone of structural behavior
of elements (Figure 11b). The UR of Genoa adopted a piecewise-linear beam model [22]
(named NLBEAM in Figure 11.d,e). In this case, the constitutive law allows the description
of the nonlinear response until very severe damage levels (DL, from 1 to 5), through progres-
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sive strength degradation in correspondence of assigned values of drift, while the hysteretic
response is formulated through a phenomenological approach, to capture the differences
among the various possible failure modes (flexural type, shear type or even hybrid) and the
different response of piers and spandrels (Figure 11.c). The UR of Pavia adopted the macroelement mechanical model presented in [25], [26] (named macroelement in Figure 11.d,e).
The latter reproduces the cyclic nonlinear behavior associated with the two main in-plane masonry failure modes, bending-rocking and shear mechanisms, by means of a limited number
of degrees of freedom (8) and internal variables describing the damage evolution (Figure
11.d). Figures 11.e,f illustrate the cyclic behavior simulated by these two constitutive laws in
the case of two panels characterized by a prevailing shear and flexural behavior, respectively.
Both these latter models are implemented in Tremuri program [21] and their efficiency in performing NLDA has been recently shown also in [27].
All the data obtained from the dynamic identification (§4.1) were first used to calibrate the
models in the elastic field. Figure 12 illustrates by way od example for the Pizzoli City Hall
case study the comparison between the experimental data and the numerical simulations carried out by the Universities of Chieti-Pescara and Genoa in terms of: modal shapes (a) and
MAC (b). From these results, it appears a good correspondence between experimental and
numerical modal shapes, also confirmed by the high MAC values obtained.

a.

0.98

0.94 0.94

0.95

Sperim.
Experimental

Numerico

Numerical

b.

Figure 12: Examples of numerical calibration of models made for the Pizzoli City Hall case study: comparison
between the Midas|Gen model made by the Chieti-Pescara RU and the dynamic identification made by the OSS
in terms of deformed shapes of mode 2 (a); MAC values obtained from the model set by the Genoa RU by comparing the numerical results with the dynamic properties identified by the Padua RU.

Once calibrated the model in the elastic phase benefitting of results illustrated in §4.1, it
was possible to perform NLDA using as input the seismic records measured from the monitored system at the base of each structure. Results of numerical analyses have been validated
against accelerations measured on various sensors located on buildings, damage pattern and
other entities post-processed as illustrated in §2.
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Figure 13 shows the comparison between the actual damage and that numerically simulated for the case studies of the School of Visso (a) and the Pizzoli Courthouse (b).
a. 24/08/2016

b. 24/08/2016

b. 18/01/2017

b. 24/08/2016 + 18/01/2017

c.
Figure 13: Examples of comparison of actual vs simulated damage: Pizzoli City Hall from the numerical model
made by the Chieti-Pescara (a) and Genoa RUs (b); School of Visso from the numerical model made by the Pavia RU (c).

5

CONCLUSIONS

This paper presents an overview of the research activities developed by ReLUIS Task 4.1
group. These results were allowed by the significant synergy of the different Italian RUs involved in the project. The huge amount of data made available by OSS were first carefully
verified and deepened in order to remove as much as possible the uncertainties that instead
would be present in case of blind tests. Then, the whole information about knowledge, constructive details and materials characterization were summarized in forms easy to be consulted (and downloadable by the website of OSS if requested).
These activities had a twofold goal: first, organizing all the starting data in a systematic
way in order to allow future researchers to further deepen these issues and work on these case
studies; secondly, contributing to a better understanding of the seismic structural behavior and
supporting detailed numerical calibrations to improve the reliability of quantitative safety assessments.
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Abstract
Dynamic soil–structure interaction (SSI), involving the coupling of structure, foundation and
soil, is a crucial and challenging problem, especially when soil nonlinearity plays an important role. This paper shows the impact of adopting different SSI models on the assessment
of seismic fragility functions. The substructure approach is initially adopted by implementing
two models, the first of which includes only a translational elastic spring and a dashpot. The
second and more refined model is a Lumped-Parameter Model (LPM) accounting for frequency dependence of the impedance. An additional approach including soil nonlinearities is
also employed. A nonlinear macro-element is introduced to model the near-field behaviour by
condensing the entire soil-foundation system into a single nonlinear element at the base of the
superstructure. Energy dissipation through radiation damping is also accounted for. The
comparison between the adopted approaches is evaluated in terms of their effects on the
characterisation of fragility functions for unreinforced masonry buildings.
Keywords: Induced seismicity, Lumped-Parameter Model, Substructure approach, Macroelement, Soil nonlinearity, Multiple-stripe analysis.
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1

INTRODUCTION

Recent earthquake occurrence in the northern Netherlands has been attributed to gas production activity in the Groningen field, the largest of which to date has been the Huizinge
event of August 2012 with a magnitude ML 3.59 (Mw 3.53: Dost et al., 2018) [1]. In response
to this induced seismicity, the operators of the field, NAM - Nederlandse Aardolie
Maatschappij B.V., have been developing a comprehensive seismic hazard and risk model for
the region, which comprises the entire gas field plus a 5 km buffer zone onshore (van Elk et
al., 2019) [2].
A key component of the risk assessment involves the definition of fragility functions
(which describe the probability of exceeding a given damage or collapse state, conditional on
the intensity of input ground motion), for each building type that has been identified within
the region, and included in the exposure model. At least one real representative building from
the region was found for each building type (the so-called index building) and the structural
drawings were used to develop a multi-degree-of-freedom (MDOF) numerical model of the
structural system including the predominant non-structural elements (such as partition and
external façade walls). However, the computational effort associated with running nonlinear
dynamic analyses of many such numerical models, each subjected to tens or hundreds of records, was judged to be too high to allow fragility functions to be directly developed from these analyses. Therefore, a simplified single-degree-of-freedom (SDOF) equivalent system
approach was used instead to analytically represent the structural system of each typology.
Dynamic soil-structure interaction (SSI) is modelled through three different approaches: onedimensional frequency-independent spring and dashpot, Lumped-Parameter Model (LPM)
accounting for frequency dependence of the impedance, and using a nonlinear macro-element.
This paper investigates the impact of adopting the different SSI models listed above on the
collapse fragility functions for the unreinforced masonry (URM) building types, which make
up at least 85% of the building stock in the Groningen region.
2

INVESTIGATED INDEX BUILDINGS

Seven different index buildings (Arup, 2017) [3], all typically constructed with shallow
foundations, have been considered herein, with the characteristics summarised in Table 1.
These residential buildings are either detached or terraced (with units varying from 2 to 8) and,
depending on their age, they are constructed with timber or concrete floors, and solid or cavity
URM walls.
Index Building
Name
Zijlvest
Julianalaan
E45
Patrimoniumstraat
Kwelder
Badweg
LNEC-BUILD3

System
type
Terraced
Terraced
Terraced
Terraced
Detached
Detached
Detached

Floor type Wall type
Concrete
Concrete
Concrete
Timber
Concrete
Timber
Timber

Cavity
Cavity
Cavity
Cavity
Cavity
Cavity
Solid

Number of
storeys
2 + attic
2 + attic
2 + attic
2 + attic
1 + attic
1 + attic
1 + attic

Mass
(tonnes)
219
252
315
148
96
44
44

Period
(s)
0.34
0.15
0.24
0.10
0.08
0.13
0.08

Table 1: Summary of the URM index buildings with shallow foundations.

In all SSI models considered in this work, the superstructure is represented in a simplified
way as a SDOF system, whose behaviour is described with the multi_lin material in Seismo-
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Struct (Seismosoft, 2019) [4]. In order to calibrate this hysteretic model, fixed-base MDOF
models for each index building were produced in LS-DYNA (LSTC, 2013) [5] and were subjected to nonlinear dynamic analysis using 11 training records (see Arup, 2017 for further details) [6]. The maximum attic displacement of a given MDOF model under each training
record was converted to the equivalent SDOF displacement (see Crowley et al., 2017) [7] and
then compared with the displacement obtained under the same records for the fixed-base
SDOF model in SeismoStruct. The logarithms of these displacements were plotted against the
logarithm of the average spectral acceleration (AvgSa) of each record, defined as the geometric mean of spectral accelerations from 0.01 to 1 second, and the linear regressions of each
model compared. Afterwards, the SDOF model was iteratively adapted until a reasonable
match was obtained (see Figure 1).

Figure 1: Comparison of displacements from MDOF (transformed to SDOF) LS-DYNA model
and SDOF SeismoStruct model with calibrated multi_lin hysteretic model.

3

SOIL CHARACTERISATION IN GRONINGEN

In order to account for SSI it is first required to define representative soil profiles that may
be used for assessment of the input parameters of the different models used (one-dimensional
frequency-independent, LPM, macro-element). The selection of representative soil profiles
takes advantage of the detailed microzonation carried out in recent years for the Groningen
region, resulting among others in maps of the site response Amplification Factor (AF) for
several spectral ordinates (Rodriguez-Marek et al., 2017) [8]. The examination of AF distributions shows that in general the patterns of high and low AF are well reflected by the geological zonation model (Bommer et al., 2017) [9]. Therefore, the AF represents well the soil
behaviour of the shallow deposits, and it can be considered a reliable parameter for the identification of representative soil profiles.
The site response analysis study (carried out for ten levels of input motion) was performed
for a grid of about 140’000 points homogeneously distributed in the Groningen area. Figure
2a) shows the distribution of AFs for the highest input motion level at spectral ordinates at
0.5s. Due to the non-negative values of the AF, it was assumed that AF follows a lognormal
distribution.
A representative shear wave velocity profile was evaluated as the mean of Vs profiles
around the median AF (equal to 2.25) considering all sites with AFs in an interval of amplitude equal to 0.2. The AFs corresponding to the largest input motion level were considered.
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Different levels of AF and/or input motion can be selected to define alternative VS profiles in
future steps, being the median AF the most representative. The VS profile is not the only relevant parameter for SSI, therefore a real stratigraphy, with the related parameters (strength,
stiffness, etc.), needs to be identified. The simplest way to perform this operation is to identify
a real stratigraphy (i.e., one of the about 140k sites considered for site response analyses)
compatible with the computed mean Vs profile. This has been done evaluating the deviation
between the mean Vs profile and one of the Vs profiles in the interval of median AF considered. Figure 2b) shows the comparison between the mean VS profile and the VS profile with
minimum deviation.
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Figure 2: a) Histogram of AF for period equal to 0.5s and high input motion; b) Mean shear wave velocity profile around median AF vs best fit profile. Plots were derived using data described in Kruiver et al. (2017) [10]
and Rodriguez-Marek et al. (2017) [8].

The upper 30 m of the identified deposit is constituted by an alternation of fine sand and
cohesive layers (i.e., clayey sand and sandy clay). In the shallow part, which mostly affects
the response of shallow foundations, there is a 5 m thick layer of fine sand. The shallow water
table level requires that the computation of bearing capacity be performed under undrained
conditions.
In the framework of site response analysis, several soil parameters were associated to each
site. Besides the VS profile and soil stratigraphy, other geotechnical parameters used for site
response analysis are included, in particular a set of geomechanical parameters used to describe the dynamic soil behaviour such as the modulus reduction and damping curves (see
Kruiver et al., 2017 [10] and Rodriguez-Marek et al., 2017 [8]). Unfortunately, for fine sand,
strength parameters are not available; consequently, they were defined based on existing literature, trying to constrain the selected values based on available information (i.e., VS profile,
coefficient of uniformity and D50, diameter of the particle with 50% of passage in the grain
size distribution). In particular, Fear and Robertson (1995) [11] proposed a framework for
estimating the ultimate undrained steady state shear strength of sand (Su) from in situ tests; the
formulation combines the theory of critical state soil mechanics with shear wave velocity
measurement. Figure 3 shows the undrained shear strength profile in the shallow part of the
selected representative soil profile. Undrained shear strength is used to compute the bearing
capacity under undrained conditions.
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Figure 3: Undrained shear strength in the shallow part of the representative soil
profile: blue circle fine sand layer, red square cohesive layer.

4

SUBSTRUCTURE APPROACH

In this work, SSI was initially analysed by the substructure approach, which allows splitting kinematic and inertial interaction in different sub-steps and considering their combined
effects using the principle of superposition (Mylonakis et al., 2006) [12].
Kinematic interaction causes a modification of the free-field motion due to the geometry
and stiffness of the foundation, on which a different motion is applied, called Foundation Input Motion (FIM). In practical applications, structural engineers commonly neglect the effects
of kinematic interaction (Dezi et al., 2010) [13]. Arup (2015a, 2015b) [14], [15] also determined kinematic interaction to be negligible in the response of the simplified models used for
definition of fragility curves. As a consequence, the free-field motion was used as input motion for the nonlinear dynamic analyses in this study.
Inertial interaction includes the dynamic response of the coupled soil-foundation-structure
system due to the input motion and is characterised predominantly by a shift of structural frequencies to lower soil-structure frequencies and by an increase of damping. Within the coupled system, the soil is replaced by a set of springs and dashpots (as well as masses, in some
cases) at the foundation level, representing the foundation dynamic impedance (see section
4.1). The latter is a complex-valued frequency function, whose real and imaginary parts depend on the stiffness and on the energy dissipation properties, respectively.
Two different models following the substructure approach were implemented in SeismoStruct for derivation of fragility functions. They are briefly described in sections 4.2 and 4.3.
4.1 Definition of impedance functions
Impedance functions were evaluated using the software DYNA6.1 (GRC, 2015) [16]. The
foundations of the buildings considered consist of a grid of continuous beams oriented in two
orthogonal directions. Conversely, the structural model used for definition of the fragility
curves is a SDOF system in which the contact with the soil is limited to a single point. The
geometry of grid foundations does not allow a simple and unique definition of equivalent dimensions for impedance function calculation; in fact, depending on the degree of freedom an-
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alysed (i.e., translational or rotational) or on the component under consideration (i.e., stiffness
or damping), the characteristics of the real foundation to be preserved are different (contact
area, inertia, etc.). For such reason, in order to properly consider the real foundation geometry,
the definition of the equivalent footing dimensions for impedance calculation made use of the
calibration step carried out for the macro-element (see sections 5.1 and 5.2), which employs a
3D MDOF model of the buildings. For each building, equivalent dimensions were evaluated
independently for stiffness and damping, as well as for the translational and rotational degrees
of freedom, in order to reproduce the static stiffness and damping evaluated for the equivalent
macro-element of the SDOF system described in section 5.2.
The impedance functions (i.e., stiffness and damping constants) were computed considering a composite medium (i.e., soil layer with limited depth on top of a half-space), characterised by a linear shear wave velocity profile in the upper soil layer and constant value on the
half space. The layer properties (e.g., thickness, shear wave velocity) were defined taking into
account the software limitations, which considers fixed values of the ratio of layer thickness
to the half-width of the equivalent square footing. Moreover, the fitting of the shear wave velocity profile was carried out for a ratio between the shear wave velocity at the base of the
footing and at the half-space equal to 0.6. Figure 4a) shows an example of shear wave velocity profile fitting. Given the different equivalent dimensions considered, the VS profile fitting
needs to be repeated for each of the four cases accounted for.
The software considers fixed values of material damping, equal to 0.03 for the upper layer
and 0.05 for the half-space. Impedance functions were calculated considering a Poisson’s ratio equal to 0.45.
Based on the results of site response analysis, scaling factors for the VS profile were defined to account for soil nonlinearity depending on the strain level. A relationship between
PGA and VS scaling factors was obtained considering at different PGA the mean strain level
and shear modulus degradation in the fine sand layer, which is characterised by two different
degradation curves. Figure 4b) shows the G/Gmax scaling factors for the two shear modulus
degradation curves considered for the fine sand layer. Five PGA levels ranging from 0.05 g to
0.43 g were considered in the derivation of impedance functions.
Figure 7 shows an example of impedance functions computed using the input data described in this section.
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Figure 4: a) Example of shear wave velocity profile fitting; b) G/Gmax scaling factors obtained from site response
analysis for different levels of shear strain in the fine sand layer characterised by two shear modulus degradation
curves.
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4.2 One-dimensional frequency-independent model
The simplest SSI model employed in the fragility functions' development in this work is a
one-dimensional frequency-independent model, having a lateral spring with stiffness kx and a
dashpot with viscous damping coefficient cx. The values of the stiffness and viscous damping
coefficient were obtained using the fundamental frequency of the fixed-base SDOF model
together with the impedance functions derived for the Groningen field. The structural SDOF
mass, stiffness and damping coefficient are indicated with ms, ks and cs, respectively, in Figure
5. The seismic excitation is input to the system as an acceleration time history, a(t), applied to
the fixed support at the base.

ms

ks ,cs
ZeroLength
element

a(t)

z

kx

y
x

cx
Figure 5: The adopted one-dimensional frequency-independent model.

4.3 Lumped-Parameter Model (LPM)
A Lumped-Parameter Model (LPM) accounting for frequency dependence of the impedance functions was also implemented in SeismoStruct and used for the derivation of fragility
functions.
Even though techniques are available to describe frequency dependence of any type
through a generalized LPM whose form is not known in advance (Lesgidis et al., 2015) [17],
this work adopted the simplest LPM capable of describing approximately, over the frequency
range of interest, the features of two components of impedance, namely the translational and
rotational terms.
The LPM model proposed by the RINTC Workgroup (2018) [18], which is an extension of
the model by Dezi et al. (2009) [19] and Carbonari et al. (2011, 2012, 2018) [20], [21], [22],
was taken as a reference. Such model was simplified in order to neglect the rocking-sway
coupling, because the focus in this paper is on shallow foundations. The adopted system is
shown in Figure 6.
The crucial feature of this LPM is the introduction of a translational fictitious (nonphysical) mass mx in the interface node (representing the foundation), linked to the ground by
a translational spring (of constant kx) and by a dashpot (of constant cx). This system is characterised by a frequency-dependent response to an input and thus allows for an approximate description of the frequency dependence of the impedance. Expressing the equation of motion of
the system without the superstructure in the frequency domain, it can be easily seen that the
dynamic impedance decreases parabolically (kx – mx ω2) with frequency, whereas the imaginary part increases linearly (cx ω) with frequency. In case the foundation mass is taken into
account, it is added to the fictitious mass in the same node.
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In order to model the foundation rotation, the LPM includes a rotational mass mry in the interface node, linked to the ground by a rotational spring (of constant kry) and dashpot (of constant cry).
Heff ·

Heff

ms

f

ks ,cs

Interface node

z

f

y

kx

x

mx ,mry
f(t)

cx
kry
cry

Figure 6: The adopted Lumped-Parameter Model.

The soil portion of the LPM is thus characterised by two independent degrees of freedom.
The mass matrix takes the form:
⎡ M M
11
12
M=⎢
⎢ M12 M 22
⎣

⎤ ⎡ m 0 ⎤
⎥
⎥=⎢ x
⎥ ⎢ 0 mry ⎥
⎦ ⎣
⎦

(1)

The stiffness and damping matrices, K and C, are written similarly. The six diagonal terms
of the matrices, namely M11, M22, K11, K22, C11, C22, which are coincident with the parameters
of the soil portion of the LPM, are obtained by fitting two components of impedance (i.e.,
translational and rotational) with parabolic and linear functions for the real and imaginary
parts, respectively.
Figure 7 shows an example of such fit, for a structural SDOF with first natural frequency
of 7.6 Hz. In order to capture the inertial interaction effects between the superstructure and the
foundation, the superstructure mass is placed above the ground at the building centroid height,
Heff, and is connected to the interface node by a rigid link. In this way, the rigid displacement
of the superstructure mass due to the foundation rotation θf, and equal to Heff θf, is taken into
account within the nonlinear dynamic analyses, and then subtracted from the total displacement.
The seismic excitation must be input to the LPM as a force history applied to the interface
node, written as follows:

f ( t ) = mx ⋅ u!!g + cx ⋅ u!g + k x ⋅ug

(2)

in which the subscript g indicates the ground motion. This force, if applied to the interface
node without the presence of the superstructure, reproduces the free-field ground excitation.
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Figure 7: Sample fit of real and imaginary parts of two impedance components, in the 0 - 10 Hz frequency range.

5

HYBRID APPROACH WITH NONLINEAR MACRO-ELEMENT

Inertial interaction in presence of nonlinear soil response can be simulated through the use
of soil-foundation macro-elements. The concept of macro-element has been developed by the
earthquake engineering community for SSI analysis during the last 20 years. Nowadays it is
frequently adopted in research studies for the reliable estimation of soil displacements, despite
the complex and highly nonlinear behaviour of the foundation soil and the difficulty in assessing SSI effects (Correia, 2011, 2013) [23], [24].
In fact, macro-element models for shallow foundations have previously shown to be a costeffective and reliable tool for such type of analysis, since they suitably represent both the nonlinear soil behaviour at the near-field and the ground substratum dynamic characteristics at the
far-field, as well as the interaction with the seismic response of the structure. Hence, all aspects of elastic and inelastic behaviour of the foundation system are encompassed into one
computational entity and are described by the behaviour of a single point at the centre of the
foundation. Their application to seismic design is straightforward, leading to a more efficient
design and to higher confidence in the predicted structural response.
The macro-element model by Correia and Paolucci (2019) [25] builds upon the innovative
concepts and formulations of the models by Chatzigogos et al. (2011) [26] and by Figini et al.
(2012) [27]. Nevertheless, it incorporates relevant improvements, namely addressing inconsistencies regarding the formulation of the participating mechanisms and extending their
scope to three-dimensional loading cases. Moreover, this macro-element introduces an enhanced uplift model, based on a nonlinear elastic-uplift response that also considers some
degradation of the contact at the soil/footing interface due to irrecoverable changes in its geometry. An improved bounding surface plasticity model and return mapping algorithms were
also adopted in order to reproduce a more general and realistic behaviour, which correctly
takes into account the simultaneous elastic-uplift and plastic nonlinear responses. It was implemented in SeismoStruct [4] and used herein for the derivation of fragility functions.
Following the parametric study by Pianese (2018) [28], the five calibration parameters of
the macro-element became well-constrained, allowing for the dynamic response to be obtained with high confidence. The remaining parameters correspond to: (i) the footing dimensions; (ii) the six initial elastic frequency-independent values of the diagonal impedance
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matrix, which can be easily obtained from literature, and which represent the far-field response; (iii) the six bearing capacity values, which can be derived from classical formulae,
and which represent the near-field failure conditions. In between these two extreme types of
response, the macro-element gradually evolves from the initial elastic response to the plastic
flow at failure through the bounding surface plasticity model, incorporating the uplift and
contact degradation phenomena.
The adopted system for nonlinear dynamic analyses, as modelled in SeismoStruct, composed of a nonlinear structural SDOF and a footing macro-element, is shown in Figure 8. As
done for the LPM, in order to capture the inertial interaction between the superstructure and
the foundation (with mass mf), the superstructure mass is placed above the ground at the
building centroid height, Heff. The seismic acceleration, a(t), is actually input to the system as
an inertia force history, f(t), applied to the superstructure mass: this approach properly considers the inertial components in the presence of the structure (structure and foundation masses
and their interaction) and could also have been applied to the previous models, resulting in a
response in terms of relative displacements with respect to the ground motion. The three
springs and dashpots represented in the 2D view of Figure 8 model the macro-element elastic
behaviour in the far-field. Their constants correspond to the stiffness and damping in the vertical direction (kV, cV), horizontal x-direction (kHx, cHx) and rotational direction around the yaxis (kMy, cMy). For simplicity, the remaining three springs and dashpots are not visualised in
the 2D scheme: however, such elements are present in the macro-element implementation and
play an active role in the dynamic analyses, being the macro-element behaviour fully coupled
in the six directions.
Heff ·

ms

f

f(t) = ms·a(t)
Heff

ks ,cs
f

foundation
node

y
x

mf
uplift
contact degradation
inelastic soil behaviour

kV

z
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nonlinear response

interaction
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kHx
FAR-FIELD
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radiation damping
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dashpots cHy , cMx , cT
not visualised

Figure 8: The adopted system with footing macro-element (shallow foundations).

Since the structural model used for the computation of fragility curves is a SDOF model,
the definition of the input parameters for a representative macro-element requires a calibration
step. Such calibration was carried out in order to define the characteristics of the macroelement equivalent to the real foundation system, which are composed of a grid of foundation
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beams. The calibration step, described in section 5.2, was carried out considering a MDOF
model for each building, in which each foundation beam was represented by a macro-element,
whose characteristics were defined as described in section 5.1.
5.1 Properties of the macro-element under a single foundation beam
The input parameters of the macro-element include the foundation impedances and bearing
capacity of the foundation. The derivation of both sets of information was based on the representative soil stratigraphy defined in Section 3.
The bearing capacity of the foundations was evaluated under undrained conditions,
considering the undrained shear strength profile shown in Figure 3, and using the formulation
proposed by EC7 (CEN, 2004) [29].
The impedance of the foundations was determined using the relationships proposed by
Gazetas (1991) [30], considering rectangular foundations on homogenous half-space. As mentioned above, the macro-element requires as input constant stiffness and damping coefficients
for the six degrees of freedom, which were evaluated at a frequency equal to 1.67 Hz.
5.2 Properties of the equivalent macro-element
The employed footing macro-element models the soil under a single footing or foundation
beam. However, since a simplified SDOF system approach was used to represent the structural system, the derivation of an “equivalent” macro-element for an entire building was needed.
To this end, the first step was to build a MDOF model for each index building. Figure 9
shows the models built in SeismoStruct for both terraced and detached buildings.
a) Terraced buildings

b) Kwelder (detached)

c) Badweg (detached)

Figure 9: MDOF models in SeismoStruct for the investigated index buildings.

Given the similarity of geometric properties for all the considered terraced index buildings,
the same model (Figure 9a) was used for all of them, only changing the total mass accordingly. For the same reason, the model for Badweg (Figure 9c) was used also for the shake table
test specimen LNEC-BUILD3. Masonry piers and spandrels were introduced as columns and
beams, respectively. The rigid reinforced concrete slabs were modelled with rigid diaphragms
linking the column nodes at the floor levels. The total number of footing macro-elements included at the base of the models, in correspondence to the centroid of masonry piers, is 27 for
terraced buildings, 16 for Kwelder, and 13 for Badweg. Reinforced concrete foundation
beams connect the upper nodes of the macro-elements. Both masonry and reinforced concrete
were considered as linear elastic materials, in the MDOF models, with the actual values for
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the elastic modulus and density. The total masses of the models, given by the superstructure
mass plus the foundation mass, are approximately equal to the actual total masses, which were
used in the derivation of the single macro-element properties as described in Section 5.1.
The equivalent macro-element calibration requires the computation of the (elastic) stiffnesses, bearing capacity and damping coefficients along the six directions. Most of the parameters were computed analytically starting from the foundation geometry and properties of
the single macro-elements, while the remaining ones required the output from the model. The
model output parameters needed for the calibration are the vertical reactions of the macroelements and the base shear capacities in the two horizontal directions x and y: both output
results were obtained from two pushover analyses, along x and y. The latter were carried out
pushing the structure in load control with point forces located at the floor levels, according to
a triangular distribution.
The vertical stiffness, kV, torsional stiffness, kT, as well as the horizontal stiffness in the
two directions, kHx and kHy, were obtained by simply summing up the stiffness values of the
single macro-elements, assuming a rigid behaviour of the foundation plane. For the rotational
stiffness in the two directions, kMx and kMy, the lower bound would be simply the sum over the
single macro-elements, as done for the other stiffness components, while adopting the upper
bound would mean accounting for both the rotational stiffness of each macro-element and
their vertical stiffness contribution for a rigid rotation of the foundation plane. For the case at
hand, it was decided to employ the rotational stiffness upper bound, consistently with the rigid
foundation plane assumption adopted for the horizontal stiffness. Since the dynamic behaviour of buildings on shallow foundations is driven more by sliding than by rocking, this
choice should not lead to important variations in the results. To verify this, the fragility curves
were also retrieved by using a reduced rotational stiffness, in between the two extreme values.
In particular, based on expert judgement, rather than rigorous mechanical considerations, one
tenth of the upper bound was adopted, a value that is of course larger than the lower bound.
For all the considered buildings, this reduced stiffness led to small to negligible variations in
the fragility curve with respect to the one obtained with the upper bound, as expected.
Concerning the bearing capacity, the vertical component, Nmax, was computed as the sum
over the single macro-elements, while for the other components the fully coupled behaviour
of the macro-element in the six directions was used for defining the size of its bounding surface. In particular, the bearing capacity in the horizontal direction, Hmax, was obtained as follows:
nME

H max =

∑Q

NH ,i

⋅ H max,i

i=1

QNH

(3)

where nME is the total number of macro-elements in the model, Hmax,i is the maximum horizontal capacity of each macro-element in the direction considered, and QNH and QNH,i are
function of the applied vertical load, for the equivalent macro-element and for each of the single macro-elements, respectively. This function of the applied vertical load relates the maximum horizontal capacity of the macro-element with its actual horizontal shear capacity.
Further details on the involved quantities can be found in Correia and Paolucci (2019) [25].
In order to obtain the rotational bearing capacity, Mmax, the 3D vertical-horizontalrotational interaction surface for the capacity was used to derive the following expression:
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Ns

M max =

∑F

u,k

⋅ hk

(4)

k=1

⎛
⎞
Hu
QNM 1− ⎜
⎟
⎝ QNH ⋅ H max ⎠

2

where Fu,k is the ultimate horizontal force at the k-th floor level, obtained from a pushover
analysis in the relevant horizontal direction and considering a triangular distribution along the
building height, Ns is the number of storeys, hk is the height of the k-th floor level, and Hu is
the sum of Fu,k for all storeys and corresponds to the ultimate base shear value. QNH was already defined, while QNM is also a function of the applied vertical load that relates the maximum rotational moment capacity of the macro-element with its actual moment capacity. The
torsional capacity is of no interest for the 2D analyses performed.
The damping constants modelling the radiation damping in the soil along the six directions
were computed by summing up the values of the single macro-elements. In what concerns the
rocking response this corresponds to a lower bound assumption. Nonetheless, as mentioned
above, the response of the buildings considered is mainly dominated by sliding and not by
rocking.
Finally, the five calibration parameters introduced above, controlling the uplift initiation,
the soil/footing contact degradation, the reference plastic modulus, the unloading/reloading
parameter and the plastic potential parameter, assumed values consistent with the calibration
procedure done in the work by Pianese (2018) [28]. The scallop shape was assumed for the
bounding surface, since the dynamic analysis is performed under undrained conditions.
6

FRAGILITY FUNCTIONS

This section briefly describes the methodology proposed in this work to derive the collapse
fragility functions for the investigated index buildings, and then compares the curves obtained
through the different approaches.
6.1 Methodology
Hazard-compatible records for the development of fragility functions were selected
through disaggregation of seismic hazard at four different return periods (500, 2500, 10k and
100k years) at one of the highest hazard locations in the field. Four sets of 50 spectra, conditional on four different levels (corresponding to the four return periods) of AvgSa, were determined using the mean magnitude and distance from the disaggregation together with the
2017 ground motion prediction equation for the Groningen field (Bommer et al., 2017) [9].
The records were selected from a large database, including European and NGA-West records,
using the ground motion selection procedure proposed by Baker and Lee (2018) [31].
Using multiple-stripe analysis (MSA), for each of the four values of AvgSa (i.e., the
stripes), the selected 50 records were used together with the SSI and SDOF models in SeismoStruct to calculate the maximum displacements. The logarithms of these displacements are
plotted against the logarithm of AvgSa and then a censored linear regression is undertaken to
obtain the parameters of the fragility functions (as shown in Figure 10 and described further
in Crowley et al., 2017 [7]).
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Figure 10: Example linear regression of the stripes of displacement responses of the SSI + SDOF system.

6.2 Proposed fragility functions and comparison
The obtained fragility curves for the collapse limit state and for the seven investigated index buildings are shown in Figure 11. Each subplot displays the curves related to: i) the simple one-dimensional elastic SSI case, ii) the LPM elastic SSI case, and iii) the nonlinear
macro-element SSI case. The curve for the fixed-base case is also displayed for reference. It
can be noted, in general, that for these buildings with shallow foundations the influence of
SSI is small to negligible, and leads the curves to be shifted to the right with respect to the
fixed-base case: this means that SSI may have a beneficial effect on the seismic vulnerability
of these buildings.
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Figure 11: Proposed fragility curves for the investigated index buildings and the different SSI models.

Another remark concerns the comparison between the two elastic SSI cases and the nonlinear macro-element case. For Zijlvest the three curves coincide, while for all other buildings
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the curve for macro-element is generally shifted to the right, indicating that the considered
inelastic behaviour effectively leads to energy dissipation and therefore to smaller structural
displacements.
Also, a quite evident difference can be noted for Kwelder and LNEC-BUILD3, in comparison to the others. Indeed, since these two buildings are much stronger and stiffer than all the
others, the response of the relatively weak soil inevitably plays a more determinant role in the
overall fragility of the system, and hence not only the impact of the SSI modelling becomes
evident, but so does also the significance of modelling explicitly soil nonlinearity.
7

CONCLUSIONS

In recent years, the Groningen region (northern Netherlands) has been affected by induced
seismicity attributed to gas production activity. Within the comprehensive seismic hazard and
risk model for the region developed by NAM, the definition of fragility functions for several
URM index buildings is crucial. With reference to seven of these representative buildings
(considered here as SDOF systems) with shallow foundations, this paper investigated the impact of adopting alternative models of SSI on the collapse fragility functions. Two of such SSI
models, namely the one-dimensional frequency-independent and the LPM, are elastic, whereas the remaining one adopts a nonlinear macro-element to encompass all aspects of elastic (in
the far-field) and inelastic (in the near-field) behaviour of the foundation system.
The influence of SSI resulted to be small to negligible, and in general leads to fragility
curves that are less unfavourable with respect to the fixed-base case. Moreover, the paper
showed that taking into account the inelastic behaviour of the soil-foundation system may
lead to smaller structural displacements and hence a lower vulnerability of the structures.
Future work aims to extend the study to buildings on piles, for investigating the influence
of SSI and of the nonlinear macro-element in the presence of a different foundation system.
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Abstract
Wave parameter (typically denoted by 1/σ) is a dimensionless factor introduced by Veletsos
and co-workers, to describe inertial Soil-Structure Interaction (SSI) effects on simple structures founded on soft ground. For a simple oscillator of height h and fixed-base natural period T resting on a rigid footing of radius r underlain by compliant soil having shear wave
propagation velocity Vs and Poisson’s ratio νs, the wave parameter is defined as (1/σ) = (h /T
Vs). This factor was introduced in classical equations for period elongation and damping shift
due to SSI, so that both could be expressed in terms of familiar parameters such as the fundamental structural period, soil shear wave propagation velocity and structural slenderness.
Values of (1/σ) greater than 10-1 indicate significant SSI effects and vice versa. This article
focuses on a certain weakness of the wave parameter leading to a previously unsuspected difficulty in carrying out parametric investigations with (1/σ) being an independent variable.
Specifically, to employ (1/σ) one needs to introduce a mass ratio [usually γ= m/(π ρs r2 h)] to
balance the effect of mass introduced via the natural period. It is shown that by introducing γ,
it is difficult to alter (1/σ) in a parametric analysis without altering the values of the other
governing variables, including γ and (h/r). In other words, (1/σ) is coupled with the other
problem parameters and being such, it cannot be used as an independent variable in SSI investigations in (1/σ, h/r, γ, νs) space. A second difficulty associated with the use of (1/σ) lies
on the apparent increase in period elongation due to SSI with structural height, a trait which
is not supported by experimental and analytical evidence. Ways to overcome these difficulties
by introducing alternative parameters are discussed.

Keywords: Soil-Structure-Interaction, Wave Parameter, Dimensional Analysis, Period Elongation.
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1

INTRODUCTION

Wave parameter (typically denoted by 1/σ) is a dimensionless group introduced by the late
Professor Anestis Veletsos and his co-workers in the early 1970’s, to describe the significance
of inertial Soil-Structure Interaction (SSI) effects on the dynamic response of structures
founded on soft ground. For a simple oscillator of height h and fixed-base natural frequency f
resting on a rigid circular footing of radius r above a soil mass having shear wave propagation
velocity Vs and Poisson’s ratio νs, the wave parameter is defined as [1]
(1)
This parameter can be interpreted as a ratio of wave travel times (or, equivalently, shear
wave propagation velocities). Specifically, the natural frequency f of the oscillator can be
viewed as the natural frequency of a fictitious continuum with shear wave propagation velocity Vo and height h, so that f = Vo /(4h). In this medium, the bottom-to-top wave travel time is
to = h / Vo, while for the same length in the actual foundation soil medium the corresponding
travel time is ts = h / Vs. Therefore, the wave parameter can be expressed as [2]
(2)
The wave parameter is employed in classical formulations for period elongation and damping shift due to SSI, so that both could be expressed in terms of familiar parameters such as
the fundamental natural period of the structure (T = 1/f ), the soil shear wave propagation velocity (Vs) and the structural slenderness (h/r) [i.e. instead of hard-to-remember counterparts
such as structural stiffness k, and soil shear modulus Gs]. Values of the wave parameter greater than 101 typically indicate significant SSI effects [1, 3].
The present article focuses on a specific weakness of the wave parameter leading to a previously unsuspected difficulty in carrying out parametric investigations with (1/σ) being the
main independent variable. As will be shown in the following, the fundamental issue is that
period elongation and damping shift depend solely on structural and soil stiffness, not mass.
Accordingly, to employ (1/σ) (which employs both structural and soil mass), one needs to introduce an auxiliary parameter called mass ratio (denoted by γ), which is equal to the ratio of
structural mass to soil mass in a volume extending to a depth equal to the height of the structure below the foundation i.e. γ = m/(π ρs r2 h). For common buildings, this ratio is usually
taken at around 101, although it can attain values in excess of 100 in other structural systems
such as bridges.
It is shown that by introducing γ, a redundant parameter, it is often impossible to alter (1/σ)
in a parametric analysis without altering the values of the other governing variables, including
γ and (h/r). In other words, the wave parameter is not an independent dimensionless group
and being such, it cannot always be used as an independent variable in SSI investigations in
(1/σ, h/r, γ, νs) space.
The second point relates to the apparent dependence of period elongation due to SSI on
structural height, which is not supported by experimental and analytical evidence. Indeed, the
classical SSI equation, which is expressed in terms of (1/σ), leads to the misleading result that,
all other parameters held constant, period shift increases with slenderness ratio (h/r) that is
SSI effect is more pronounced in tall structures.
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Figure 1: Problem definition.

2

FORMULATION OF SSI EQUATION FOR PERIOD ELONGATION

The classical equation describing period lengthening in a flexibly-supported simple oscillator (Figure 1) is [1, 3 – 8]
(3)
where k is the flexural stiffness of the single-degree-of-freedom structure having height h; kx,
kr denote the horizontal and rotational stiffness of the footing, respectively. Equation (3) can
be applied to multi-degree-of-freedom structures by setting the height, h, equal to the height
of the center of mass for the first-mode shape, which is commonly known as the effective
modal height and it typically varies between one-half and two-thirds of the overall structural
height [3].
By introducing the wave parameter (1/σ) in Equation (3), period elongation can be rewritten as [1]
(4)
where (h/r) is the slenderness ratio (with r being the radius of foundation) and ax (=kx /Gr), ar
(=kr/Gr3) dimensionless footing stiffness parameters solely dependent on soil Poisson’s ratio
vs. Finally, γ denotes a mass ratio which is equal to the ratio of the structural mass to the soil
mass in a volume extending to a depth equal to the height of the structure below the foundation, i.e.
(5)
Two important points should be stressed here. First, the use of the wave parameter introduces
the mass ratio γ (Equation 5), which is a redundant parameter since period elongation in Equa-
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tion (3) is fundamentally independent of mass. Second, the mass ratio depends on the slenderness ratio (h/r), which is not explicitly present in Equation (3).
Considering a structure consisting of a cylindrical column and substituting the expressions
for structural flexural rigidity, k (=3EI /h3), moment of inertia I (= πd4/64) and soil shear wave
propagation velocity Vs (=(Gs/)) into Equation (2) yields
(6)
which highlights the interdependence of the governing variables of the problem.
Using Equations (4), (5) and (6), the influence of the relative mass ratio on the wave parameter and the period of soil-structure system is depicted in Figure 2. For the parametric
analysis, values of ax [= 8/(2 νs)] and ar [= 8/3(1 νs)] corresponding to a rigid disk on the
surface of a homogeneous half-space and a Poisson’s ratio vs of 0.3, were employed. Evidently, the variation in mass ratio affects considerably the wave parameter (Fig. 2a), assessed
based on Equation (6), which decreases with increasing γ. As anticipated, the mass ratio has
no influence on the period elongation of the soil-structure system, which was assessed using
Equations (4) and (6), as the three curves, for γ = 0.1, 0.5 and 1, coincide (Fig. 2b). On the
other hand, expressing the ratio /T as a function of (1/σ) by means of Equation (4), which
depends on γ, yet neglecting Equation (6), the relative mass ratio seems to have a significant
effect on period shift (Fig. 2c). Specifically, it is shown that increasing γ leads to more flexible systems, which is different from the trend in Figure 2b [10]. This dependence is obviously
spurious as Figure 2b refers to a single dynamic system while Figure 2c represents a series of
sdof systems having different relative mass ratios γ and wave parameters (1/σ).
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Figure 2: a) Wave parameter (1/σ) versus stiffness contrast (E/Es) by means of equation 6, b) Period elongation
ratio ( /T) versus stiffness contrast (E/Es) by means of Equations 4 – 6, c) Period elongation ratio ( /T) versus
wave parameter (1/σ) by means of Equations 4 – 5; h/r = 2, h/d = 5, νs = 0.3.

According to Equation (5), a change in the slenderness ratio (h/r) (through a change in
height h) results in a modification of the relative mass ratio. To keep the mass ratio invariable,
one can adjust either the normalized mass = (m/ρr3), or the relative density (ρ/ρs). Accordingly, Equation (5) can be re-written as
(5b)
where ρ denotes an equivalent “mass density” of the superstructure.
By keeping γ constant, an increase in slenderness ratio (h/r) results in an increase in period
shift, as shown in Figures 3b and 3c. Nevertheless, this is a counterintuitive trend as the rela-
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tive density has been adjusted to keep the same γ. This suggests that each curve in Figure 3
refers to a different dynamic system – differing not only in slenderness but also in relative
density – and thus cannot be used for assessing the influence of the height of the structure on
period shift. This provides additional evidence as to the complications arising from the introduction of parameter γ in the interpretation of results.
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Figure 3: a) Wave parameter (1/σ) versus stiffness contrast (E/Es) by means of equations 5 and 6, b) Period elongation ratio ( /T) versus stiffness contrast E/Es by means of Equations 4 – 6, c) Period elongation ratio ( /T)
versus wave parameter (1/σ) by means of Equations 4 – 5b; γ = 0.3, h/d = 5, νs = 0.3.

Disregarding the dependence of γ on (h/r) and assuming that the mass of the structure is
constant, the influence of slenderness ratio h/r on the wave parameter and the period of the
soil-structure system, is explored using the same set of equations as before (Figure 3). Clearly,
the wave parameter (1/σ) is sensitive to variations in (h/r). However, the ratio /T remains unaffected, as in Figure 3b, since it is independent of γ. With reference to Figure 4c, the ratio
/T increases with decreasing height (i.e., lower h/r), which is an anticipated trend.
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Figure 4: a) Wave parameter (1/σ) versus stiffness contrast E/Es by means of equations 5 and 6, b) Period elongation ratio ( /T) versus stiffness contrast E/Es by means of Equations 4 – 6, c) Period elongation ratio ( /T) versus
wave parameter (1/σ) by means of Equations 4 – 5b; h/d = 5, ρ/ρs = 1, νs = 0.3.

It is important to note that one may alter the values of (h/r), either by varying the height of
the structure, or by altering the radius of the footing. In both cases, the slenderness ratio (h/r)
is the same but the effect of each parameter on the period of the soil-structure system differs.
In the parametric analysis reported in Figures 3 – 4, the radius of the footing was kept constant and the height of the oscillator was varied. Figure 5 presents results for constant h and
variable r. Further, the dependence of γ on (h/r) is ignored. Evidently, the wave parameter
does not depend on the radius of the footing (see Equations 5 and 6), and the period shift /T
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decreases with decreasing radius (i.e., higher h/r), which is an anticipated trend, yet different
from the one in Figure 4c. It is also noted that Figures 3b, 4b and 5b are identical, because by
applying Equations 4 – 6, the effect of mass on period elongation disappears and /T becomes
a function solely of (v, E/Es, h/d, h/r). Evidently, in this case the influence of footing radius is
not easy to assess. Finally, it is noted that by enforcing a constant γ (i.e., by adjusting the relative density), leads to the same results as in Figure 3. This provides another example as to the
complications arising from the use of parameter γ.
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Figure 5: a) Wave parameter (1/σ) versus stiffness contrast E/Es using equations 5 and 6, b) Period elongation
ratio ( /T) versus stiffness contrast E/Es using Equations 4 – 6, c) Period elongation ratio ( /T) versus wave parameter (1/σ) using Equations 4 – 5b; h/d = 5, ρ/ρs = 1, νs = 0.3

3

DIMENSIONAL ANALYSIS

A straightforward explanation for the above counterintuitive trends can be provided by
means of elementary dimensional analysis. As the SSI phenomena at hand are independent of
structural mass, ignoring frequency dependence of the footing stiffnesses leads to 6 governing
parameters (i.e. k, h, r, Vs, ρs, νs). In light of Buckingham’s theorem [9] and the 3 fundamental
dimensions involved (Length, Mass, Time), the number of governing dimensionless groups is
6  3 = 3 (i.e. not 4 as assumed by Veletsos and co-workers [1, 4]). These dimensionless
groups can be selected to be
(7)
and Equation (3) can be cast in the form
(8)
Key to employing the specific formulation lies on the assessment of the first dimensionless
group, (k/Gs r). To this end, considering a cylindrical column and using the familiar expressions for structural flexural rigidity, k (=3EI/h3) and moment of inertia I (= π d4/64) yields 4
dimensionless ratios in the form
(9)
Using the new set of parameters, Equation (3) becomes
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(10)
where
(11)
The advantage of using Equation (10) over the previous formulations for period shift is that
all associated dimensionless groups are independent and, hence, suitable for parametric investigations.
4

DISCUSSION OF ALTERNATIVE FORMULATIONS

4.1 Assessment of period shift via Equation (8)
Expressing the period shift in this form has two main advantages: First, the spurious influence of structural mass on period lengthening is removed. Second, the information incorporated in the specific equation can be depicted in a single graph as the relevant SSI equation is
function of only two main dimensionless groups (k/Gsr, h/r). [The value of the third dimensionless group, d/r, is on the order of 101.]
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h / r =1
2
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1.5

1.0

0.5

0.0
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E / Gs
Figure 6: Values of soil-structure stiffness contrast k/(Gsr); d/r = 0.2, vs = 0.3.

Figure 6 depicts the variation of soil-structure stiffness contrast k/Gsr with the slenderness
ratio h/r. Evidently, increase in E/Gs leads to an increase in k/Gsr. For short structures (h/r = 1)
and E/Gs ranging from 102 to 104, k/Gsr attains values between 0.02 to 2.4. For slender structures (h/r > 1), k/Gsr ranges from 0 to 0.3. Also, for a given d/r ratio the decrease in h/r results
in an increase in k/Gsr.
Figure 7 illustrates Equation (8) accounting for homogeneous soil conditions with a Poisson’s ratio vs = 0.3. As anticipated, for a given h/r ratio, an increase in soil-structure stiffness
contrast leads to increase in period elongation of the structure.
By keeping the k/Gsr ratio constant, an increase in h/r lengthens the natural period of the
system (Equation 8). Though this alternative expression seems to be more appropriate compared to Equation (4), it does not incorporate explicitly the influence of the height of the
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structure and that of the footing radius. This is because k/Gsr depends on the slenderness ratio
h/r, which means that a change in h/r will lead to a change in k/Gsr as well.
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Figure 7: Period elongation due to SSI as a function of relative stiffness ratio k/(Gsr) and slenderness ratio h/r
(Equation 8); vs = 0.3.

4.2 Assessment of period shift via Equation (10)
As already mentioned, Equation (10) has the advantage of using independent dimensionless groups and, therefore, leading to uncoupled effects on the vibrational response of the
structure, as shown in Figure 8. Evidently, this representation is more suitable for parametric
investigations.
Naturally, period elongation increases with increasing structure-soil stiffness contrast E/Gs,
while for a given ratio d/r a decrease in structural slenderness h/r leads to increase in period
shift. On the other hand, for a given slenderness ratio h/r, the period shift increases as the ratio
d/r increases.
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Figure 8: Period elongation due to SSI as a function of structure-soil stiffness contrast E/Gs. a) Effect of dimensionless structural height h/r, and b) Effect of dimensionless foundation radius d/r; vs = 0.3.
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5

CONCLUSIONS

The main objective of the paper was to draw attention to certain issues concerning the applicability of Veletsos’ wave parameter in SSI investigations. The paper identified some
weaknesses associated with the use of (1/σ) as an independent variable in parametric SSI
analyses. First, although SSI period shift is mass independent, the use of the wave parameter
introduces the mass ratio γ, which in turn results in a spurious dependence of the period shift
on mass. Second, both the wave parameter and the mass ratio depend on slenderness ratio
(h/r), rendering the parametric exploration difficult as the governing parameters of the problem are not uncoupled. Third, by introducing γ the height of the structure and the footing radius has a different effect on the period shift, which is not considered in the relevant equations
(Equation 4). Fourth, each point on the /T - (1/σ) graph represents a different dynamic system (differing in more than one parameter) which cannot be used in mono-parametric investigations. Based on the aforementioned observations and following dimensional analysis, two
alternative formulations of the classical SSI equation were proposed (Equations 8 and 10),
which appear to be more rational as they do not involve mass and have a clearer physical interpretation.
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Abstract
The knowledge of fixed-head long piles response mechanism under harmonic excitations and
earthquakes significantly increased in the last decades. Most of seismic codes suggest considering kinematic interaction for specific structures, in layered soil with high stiffness contrast
and in case of high seismic input. More recently has been shown the importance of kinematic
interaction in the design of concrete piles, especially when embedded in soft soil. Above all,
the existence of a maximum allowable diameter ruled by kinematic interaction, affecting detrimentally the design in seismic conditions, has been identified. These findings are based on
the main assumption that the soil is a linear viscoelastic material and the concrete remain in
the uncracked stage. Here a recently developed BEM based code, called KIN SP, is used to
provide new insights on pile-soil interaction during earthquakes. KIN SP models the nonlinear soil behavior with the Ramberg-Osgood law and the influence of concrete cracking is accounted, allowing to consider the cyclic variation of the pile flexural rigidity. The influence of
pile and soil material nonlinearities in the assessment of pile-head kinematic bending both in
homogenous and in layered soils will be discussed in case of moderate to strong earthquake
motions. KIN SP results will be compared with commonly used simplified formulations available in literature. The results obtained show that material nonlinearities are relevant in the
assessment of pile-head kinematic bending. The use of simplified solutions may lead to overestimate or underestimate pile-head bending moment.

Keywords: kinematic interaction, pile-head kinematic bending, soil-structure interaction,
KIN SP, seismic response analysis, nonlinear kinematic analysis.
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1
1.1

INTRODUCTION
Literature overview

Seismically induced kinematic bending of piles has been studied in pioneering contributions by [1, 2, 3, 4, 5, 6]. Many authors have proposed simplified methods to assess the kinematic bending at the interface of two-layered soil and at the pile-head [2, 5, 7, 8, 9] using
beam on dynamic Winkler foundation models. On the other hand, others proposed to study
the kinematic response of a single pile via the boundary element method (BEM) [6] and the
finite element method [10, 11, 12, 13].
Pile-head kinematic bending in a homogenous soil or in a two-layered soil in which the interface is located at a depth higher than a critical one (hc1 = 1.25D(Ep/E1)0.25) [11] can be assumed equal to that inferred by the Equation (1) [11, 14].
 D 4 as
1
M h , KIN  E p I p     E p
64 Vs21
 R s

(1)

Where: Ep is the pile elastic modulus, Ip the area moment of inertia of the pile section,
(1/R)s the soil curvature at the pile-head, D the pile diameter, as the free-field peak ground acceleration, while Vs1 and E1 are the shear wave velocity and the elastic modulus of the upper
soil layer, respectively.
In the case of fixed-head long pile embedded in nonhomogenous soil, Di Laora and Rovithis (2014) [15] suggested to evaluate the pile-head kinematic bending, once assessed an effective soil curvature, (1/R)s,eff, using the Equation (2) or the Equation (3).
a
1
 EpI p  s s
M h , KIN  E p I p   
Gs  zeff
 R  s ,eff

 s  zeff
1
M h , KIN  E p I p   
 Ep I p 
zeff
 R  s,eff




(2)

(3)

Where: zeff stands for an effective depth of soil contributing to kinematic pile-head bending,
Gs(zeff) and s(zeff) are the corresponding shear modulus and shear strain, respectively. The effective soil curvature represents an average soil curvature along zeff, reflecting the physics of
the interaction mechanism. Gs(zeff) represents the shear modulus of an equivalent homogeneous soil deposit leading to a pile-head bending as in the inhomogeneous case.
In the study of Di Laora and Rovithis (2014) [15] a continuously inhomogeneous viscoelastic soil deposit lying on a rigid base was studied, in which the shear modulus increased following a generalized power law function (Equation 4).
z

G  z   GsD   a  1  a   
D


n

(4)

Where: GsD is the shear modulus at the depth of one pile diameter, a=(Gs0/GsD)1/n and n are
dimensionless inhomogeneity factors and Gs0 is the shear modulus at the ground surface. An
iterative procedure has been proposed in [15] to evaluate zeff, which was found to be approximately equal to one-half the pile active length.
In [11, 16, 17] the existence of a range of admissible pile diameters able to resist to combined inertial and kinematic bending at the pile-head was demonstrated. One of the main findings in these works was the fact that the design limitation related to a maximum allowable
pile diameter is achieved only in case of homogeneous and very soft inhomogeneous soils.
The range of admissible pile diameters can be estimated once defined the pile section capacity
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and the pile-head inertial bending as shown in [11, 16, 18]. These findings have been obtained neglecting both the soil and pile nonlinearities. In this paper the importance of considering both soil and pile nonlinear behaviour in the assessment of pile-head kinematic bending
of fixed-head long piles in homogeneous and layered soils is studied. Herein kinematic analyses are carried out using a recently proposed code, called KIN SP (Stacul and Squeglia 2018
[19] Stacul et al. 2019 [18]). KIN SP has been improved to consider the effects due to reinforced concrete cracking.
2

BEM-BASED KINEMATIC ANALYSIS OF SINGLE PILE

Single pile kinematic analysis with the code KIN SP is performed using as input the seismic response analysis (SRA) results obtained with the code ONDA [20, 21, 22]. SRAs with
ONDA are carried out in the time domain and the nonlinear soil behaviour is accounted via
the Ramberg-Osgood [23] constitutive model. KIN SP and ONDA are completely merged to
provide a stand-alone analysis tool. Detailed description of the main assumptions in KIN SP
are presented in [19, 24, 25]. In [18] KIN SP has been enhanced to consider the reinforced
concrete model proposed by Andreotti and Lai (2017) [26]. The latter permits to model the
dynamic response of a reinforced concrete pile. In [26] the pre-yielding behaviour is modelled
using three rules. The first rule defines the loading/unloading response in the uncracked stage
with the intact flexural rigidity. The second rule defines the first loading path in the cracked
stage, thus a cracked flexural rigidity, (EpIp)cr = |(My-Mmax)/(y-max)| is assigned to the section. Once the cracking moment (Mcr) is exceeded, the section is marked as cracked and the
maximum moment in the section (Mmax) is updated. Where y and My are the section curvature and the bending moment at yielding, respectively. The third rule models the unloading/reloading path in the cracked stage. In the latter case a secant flexural rigidity, (EpIp)se =
|Mmax/max| is assigned. The post-yielding phase described in [26] has not been considered.
3

LINEAR ELASTIC ANALYSIS

3.1

Reference soil deposit and pile properties for linear analyses

The kinematic analyses using KIN SP have been realized on three simplified soil profiles
with a total thickness of 30 m and overlying a bedrock with a shear wave velocity equal to
800 m/s and a unit weight of 22 kN/m3. These profiles (Figure 1) have a uniform, a linear and
a parabolic shear modulus distribution with depth and are characterized by the same Vs,30 (120
m/s), while the soil unit weight and the Poisson’s ratio were considered equal to 19 kN/m3
and 0.4, respectively.

Figure 1: Shear modulus at small-strain (G0), Shear wave velocity at small-strain (Vs) and shear strength (max)
profiles of the 3 soil deposits considered for the kinematic interaction analyses.
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The parameter Vs,30 is an average shear wave velocity of the first 30 m. The resulting profiles can be classified as subsoil type D, according to EN-1998-1 (2005) [27]. In Table 1 are
reported the parameters Gs0, GsD, a and n to reproduce the shear modulus distributions with
depth in Figure 1 according to the Equation 4 (Di Laora and Rovithis 2014 [15]). In the same
table are shown the values of zeff and Gs(zeff) computed following Di Laora and Rovthis (2014)
[15].

Profile
Uniform
Parabolic
Linear

Gs0 [MPa]
27.89
4.84
4.84

GsD [MPa]
27.89
8.23
6.149

a [-]
1.0
0.35
0.79

n [-]
1.0
0.50
1.0

zeff [m]
1.70
1.947
2.116

Gs(zeff) [MPa]
27.89
12.94
9.45

Table 1: Properties of the subsoil profiles adopted in this study (Equation 4).

Linear-elastic free-field response analyses have been performed with ONDA in time domain considering a soil damping s equal to 10%. The pile had the following properties: diameter D = 0.60m, length L = 20 m and elastic modulus Ep = 30 GPa. The pile-head was
considered fixed against the rotation.
The acceleration time histories (Table 2) used in this work (identified by the codes: STU,
NCB) have been selected from the Italian Accelerometric Archive [28], scaled to a value of ar
equal to 0.35g (for linear analysis) and applied to the base of the soil deposit model. These
two input motions were considered due to their differences (Table 2, Figure 2) in terms of
magnitude (MW) frequency content, significant duration, mean period (Tm) and predominant
period (Tp) [29].
Code
NCB
STU

Station
Nocera U.
Sturno

Event ID

Orient.
IT-1997-0091 E-W
IT-1980-0012 E-W

MW
5.4
6.9

Duration Tm [s]
3.16s
0.167
36.45s
0.927

Tp [s]
0.117
0.208

Table 2: Input motions properties.

Figure 2: Acceleration time histories and Fourier Spectra of the input motions (scaled at 0.35g).
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3.2

Linear analyses results

In Figures 3 and 4 are shown the results of the linear analyses with KIN SP in the case of
STU and NCB input motion, respectively. Obviously, in Figures 3 and 4 the mobilized shear
modulus (Gmob) profiles are equal to the shear modulus at small-strain level profiles shown in
Figure 1, as the analyses are linear analyses, thus shear modulus degradation is not considered.

Figure 3: Mobilized shear modulus (Gmob), maximum shear strain (max), maximum acceleration (amax) profiles,
kinematic bending envelope (Menv) and bending (M(tmax)) profile at the time when the peak bending at the pilehead is attained for the 3 soil deposits (linear analysis with KIN SP, input motion: STU).

Figure 4: Mobilized shear modulus (Gmob), maximum shear strain (max), maximum acceleration (amax) profiles,
kinematic bending envelope (Menv) and bending (M(tmax)) profile at the time when the peak bending at the pilehead is attained for the 3 soil deposits (linear analysis with KIN SP, input motion: NCB).

In Tables 3 and 4 are compared the results obtained with KIN SP (Figures 3 and 4) and
those inferred by using the Equation 2 (or the Equation 3) proposed by Di Laora and Rovithis
(2014) [15]. In the Equation 2 Gs(zeff) is defined according to the Equation 5, while in the
Equation 3 s(zeff) is computed with the Equation 6.
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zeff 

Gs  zeff   GsD   a  1  a  

D


 s  zeff  

n

(5)

as  s zeff 
zeff 
  a  1  a  

GsD 
D

n

(6)

Equation 2 and Equation 3 can be used alternatively, nevertheless they both require as fundamental input data the peak acceleration at the ground surface (as), that should be defined
according to seismic codes or via a seismic response analysis. In Table 3 the results obtained
with KIN SP are compared with those by using the Equation 2 (or 3) in which the values of as
are those inferred by the seismic response analyses performed with KIN SP.
Profile

Input motion

Uniform
Uniform
Parabolic
Parabolic
Linear
Linear

STU
NCB
STU
NCB
STU
NCB

as [g]
KIN SP
0.427
0.149
0.62
0.18
0.72
0.21

s(zeff) [%]
Eq. 6
4.94 10-2
1.73 10-2
1.77 10-1
5.27 10-2
3.06 10-1
8.77 10-2

M [kNm]
Eq. 3
55.47
19.41
173.88
51.66
275.76
79.07

s(zeff) [%]
KIN SP
4.60 10-2
1.61 10-2
1.66 10-1
5.35 10-2
3.02 10-1
8.86 10-2

M [kNm]
KIN SP
49.27
18.02
170.84
76.47
250.0
92.64

Table 3: Comparison between KIN SP and Di Laora and Rovithis (2014) [15] method results. In Equation 6 the
values of as are those inferred by the seismic response analyses with KIN SP

The comparison shows a good agreement between KIN SP and simplified formulas results,
thus reflecting the ability of the method proposed by Di Laora and Rovithis (2014) [15] in
capturing the physics of the kinematic interaction phenomenon and assessing the kinematic
bending at the pile-head in continuously inhomogeneous linear viscoelastic soil deposit resting on a bedrock. In Table 4 the results obtained with KIN SP are compared with those by using the Equation 2 (or 3) in which the value of as is that computed by multiplying ar (peak
acceleration of the input motion) with the short period site amplification factor Fs recommended by the EC 8-1 for a Ground Type D (Fs = 1.5).
Profile

Input motion

Uniform
Uniform
Parabolic
Parabolic
Linear
Linear

STU
NCB
STU
NCB
STU
NCB

as [g]
KIN SP
0.427
0.149
0.62
0.18
0.72
0.21

s(zeff) [%]
KIN SP
4.60 10-2
1.61 10-2
1.66 10-1
5.35 10-2
3.02 10-1
8.86 10-2

M [kNm]
KIN SP
49.27
18.02
170.84
76.47
250.0
92.64

as [g]
EC8-1
0.53
0.53
0.53
0.53
0.53
0.53

s(zeff) [%]
Eq. 6
6.08 10-2
6.08 10-2
1.50 10-1
1.50 10-1
2.23 10-1
2.23 10-1

M [kNm]
Eq. 3
68.26
68.26
147.20
147.20
201.41
201.41

Table 4: Comparison between KIN SP and Di Laora and Rovithis (2014) [15] method results. In Equation 6 the
values of as are those inferred by multiplying ar (0.35 g) with the site amplification factor (Fs) recommended in
EC8-1
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As can be observed in Table 4, pile-head kinematic bending predicted with the Equation 3
by using the design peak ground acceleration suggested in EC8-1 (in the Equation 6) can lead
both to underestimate or overestimate the kinematic bending. Thus, the use of simplified formulas (Equations 2, 3, 5, 6) without a proper assessment of the peak ground acceleration
should be avoided, as in some cases can result less conservative.
4
4.1

INFLUENCE OF NONLINEAR SOIL RESPONSE
Reference soil deposit for nonlinear analyses

Nonlinear analyses have been carried out using the shear modulus at small-strain distributions with depth shown in Figure 1 and employing as soil modulus reduction curve that described in Figure 5.

Figure 5: Reference model used for nonlinear kinematic interaction analyses.

KIN SP analyses are preceded by SRAs in the time domain with the code ONDA. In
ONDA the nonlinear soil behaviour is modelled using the Ramberg-Osgood constitutive law.
The parameters α, R and ref of the Ramberg-Osgood model used in this study are equal to
19.89, 2.33 and 0.5%, respectively. The reference shear strain, ref, was used to define the
shear strength (max) profiles shown in Figure 1 and obtained with the relationship:
max(z)=G0(z)ref. The acceleration time histories (Table 2, Figure 2) have been scaled to values of ar equal to 0.20g and 0.35g, and applied to the base of the soil deposit model.
4.2

Nonlinear analyses results

In Figures 6 and 7 are show the results obtained considering: a) the three soil shear modulus profiles in Figure 1, b) the nonlinear soil response with the Ramberg-Osgood constitutive
model (Figure 5) and applying at the base of the model the STU and NCB input motion, respectively, scaled at 0.20g.
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Figure 6: Mobilized shear modulus (Gmob), maximum shear strain (max), maximum acceleration (amax) profiles,
kinematic bending envelope (Menv) and bending (M(tmax)) profile at the time when the peak bending at the pilehead is attained for the 3 soil deposits (KIN SP results, input motion: STU scaled at 0.20g).

Figure 7: Mobilized shear modulus (Gmob), maximum shear strain (max), maximum acceleration (amax) profiles,
kinematic bending envelope (Menv) and bending (M(tmax)) profile at the time when the peak bending at the pilehead is attained for the 3 soil deposits (KIN SP results, input motion: NCB, scaled at 0.20g).

In Figures 8 and 9 are show the results for STU and NCB input motion, respectively, scaled at
0.35g.
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Figure 8: Mobilized shear modulus (Gmob), maximum shear strain (max), maximum acceleration (amax) profiles,
kinematic bending envelope (Menv) and bending (M(tmax)) profile at the time when the peak bending at the pilehead is attained for the 3 soil deposits (KIN SP results, input motion: STU scaled at 0.35g).

Figure 9: Mobilized shear modulus (Gmob), maximum shear strain (max), maximum acceleration (amax) profiles,
kinematic bending envelope (Menv) and bending (M(tmax)) profile at the time when the peak bending at the pilehead is attained for the 3 soil deposits (KIN SP results, input motion: NCB scaled at 0.35g).

In Figure 10 are compared the peak bending moments at the pile-head obtained with KIN
SP with those inferred by using the Equation 2 in which the values of as are those computed
in the nonlinear SRAs with ONDA, and the values of Gs(zeff) are the Gmob (Figures 6-9) at the
zeff depths. The effective depths zeff have been recalculated to consider the soil modulus degradation due to the nonlinear soil response, nevertheless the updated values of zeff are very close
to the initial values presented in Table 1.
Despite the comparison shows a good agreement between KIN SP and Equation 2, the results obtained by using the Equation 2 can be computed only if both the Gs(zeff) and the as values are known. Thus, an a priori assessment of the pile-head kinematic bending via Equation
2 is extremely difficult if the intent is to consider the nonlinear soil response. Indeed, even if
the as can be defined according to seismic codes and zeff is slightly influenced by soil modulus
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degradation, the mobilized shear modulus at the effective depth Gs(zeff) can be assessed only
performing a SRA. Moreover, as shown in section 3.2 pile-head kinematic bending predicted
by using design peak ground acceleration as suggested in seismic codes can lead both to underestimate or overestimate the kinematic bending, thus a proper SRA is the most important
step in the assessment of pile-head kinematic bending.

Figure 10: Comparison between the peak bending at the pile-head obtained with KIN SP and Equation 2.

5

INFLUENCE OF PILE CRACKING

In this section are shown some representative results obtained with KIN SP considering the
influence of pile cracking. In Figure 11 are shown the bending moment envelopes corresponding to the following conditions: 1) initial shear modulus distribution with depth linear and
parabolic (Figure 1), 2) input motion STU scaled at 0.20g and 0.35 g, 3) pile diameter equal
to 0.60 m. In the results shown in Figure 11 the nonlinear soil response is considered by using
the Ramberg-Osgood model as described in Figure 5.
In the three graphs of Figure 11, the black dashed line represents the bending envelope neglecting the pile nonlinear behaviour, the blue dotted line the bending moment distribution
with depth at the time (tmax) in which the peak bending at the pile-head is attained neglecting
the pile nonlinear behaviour.

Figure 11: Comparison of bending envelopes w/o considering and considering pile nonlinear behaviour.
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The black continuous line and the blue continuous line represent the bending envelope and
the bending moment at tmax, respectively, obtained considering also the nonlinear pile modelling described in section 2. A steel reinforcement ratio (s) equal to 1% (1416) was considered. The cracking bending moment was equal to 96 kNm.
Looking at the results in Figure 11 it can be observed the importance of a more realistic
pile modelling after the first cracking of the reinforced concrete sections. The influence of the
reinforcement ratio has been studied in Stacul et al. (2019) [18] and its increase leads to an
increase of the cracking bending moment and thus to larger bending moments.
In Figure 12 are shown the ‘pile bending vs. curvature’ and ‘pile bending vs. time’ graphs,
computed with KIN SP, at the pile-head sections for the cases reported in Figure 11.

Figure 12: ‘Bending vs. Curvature’ and ‘Bending vs. time’ at the pile-head in NL analyses with KIN SP

6

CONCLUDING REMARKS

In this work, the code KIN SP has been used to study the pile-soil kinematic interaction
phenomenon. Kinematic analyses have been carried out using as input the SRA analysis results inferred by a SRA-tool (ONDA) merged with KIN SP. Nonlinear soil response has been
accounted with the Ramberg-Osgood constitutive model. Moreover, KIN SP has been enhanced to consider the pile post-cracking behavior.
The latter enhancement permitted to properly model the cyclic variation of the pile flexural
rigidity after the first cracking and thus to account for the cyclic variation of the pile-soil relative stiffness.
The analyses have been performed on three simplified soil profiles having an initial uniform, linear and parabolic shear modulus distribution with depth and characterized by the
same average shear wave velocity of the first 30 m (subsoil type D, according to EN-1998-1).
Pile-head kinematic bending obtained with KIN SP has been compared with that inferred by a
simplified solution available in literature. This simplified solution is based on the main assumptions that the soil is a linear viscoelastic material and the pile remains in the uncracked
stage. Pile and soil nonlinearities have been shown to be relevant in the assessment of the kinematic bending at the pile-head, especially in the case of strong earthquake motions. Moreover, an a priori assessment of the pile-head kinematic bending via simplified solution is
extremely difficult if the intent is to consider the soil nonlinear response. In fact, this simpli-
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fied solution requires as input the peak acceleration at the ground surface and the mobilized
shear modulus at an effective depth (or as an alternative the maximum soil shear strain at an
effective depth). Nevertheless, these data can be assessed only performing a nonlinear SRA.
The use of simplified solutions with peak-ground acceleration suggested in seismic codes may
lead to overestimate or underestimate kinematic bending up to 100 % compared to KIN SP
results. Finally, has been shown that the difficulties in the assessment of kinematic bending
with simplified formulations increase when also the pile nonlinear response is accounted.
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Abstract
In this paper, a simplified procedure for the evaluation of the seismic performance of bridge
piers founded on caissons subjected to strong ground motions is outlined. To this end, the upper-bound semi-empirical relationships proposed in [1] are considered for the estimation of
the seismic performance, expressed in terms of the maximum and permanent values of the
deck drift ratio attained during and at the end of the seismic event. These drifts were related
to the period ratio Teq/T0 between the fundamental periods of the deck-pier-caisson-soil system and of the soil column in free-field conditions. The deck drift and the period ratios were
extracted from the results of an extensive parametric study, where 14 different systems were
subjected to 6 real high-intensity seismic records. In the parametric study, 3D dynamic analyses were performed with the Finite Element Method in the time domain, in terms of effective
stresses but assuming undrained conditions and adopting an elastic-plastic constitutive model
to reproduce the irreversible soil behaviour under cyclic loading. As 3D dynamic numerical
analyses are not expected to become an every-day design tool, the period ratios Teq/T0 are
evaluated through empirical and analytical relationships available in the literature as well
and then compared with the ratios obtained from the parametric study, to assess the possibility of using simplified relationships while still getting a reliable estimate of the deck drift ratio. It is shown that these relationships can be profitably adopted provided that a fair estimate
of the equivalent shear wave velocity, depending on the intensity of the seismic inputs, is used.

Keywords: Caisson foundations, Seismic performance, Period ratio, Upper-bound empirical
relationships, 3D numerical analyses, Dynamic soil-structure interaction.
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1

INTRODUCTION

The seismic performance of bridge piers on cylindrical caisson foundations depends on
several factors, namely the geometric and mechanical properties of the superstructure, the
foundations and the volume of soil deposit affected by the presence of the structure as well as
the characteristics of the seismic event, that is its intensity, duration and frequency content.
Complexity of the problem requires, in principle, 3D coupled non-linear dynamic analyses
performed in the time domain, where the entire deck-pier-caisson-soil deposit is modelled and
its elastic-plastic behaviour under cyclic loading is described through advanced constitutive
models. However, this approach is too much time-consuming and therefore it is typically not
adopted for design purposes, as several analyses are generally required to reproduce different
seismic records derived to match a site-specific earthquake spectrum. Indeed, a few non-linear
dynamic analyses are available in the literature regarding the seismic performance of the systems at hand, they referring either to specific cases [2, 3] or to parametric studies where soil
behaviour is described using a simple elastic-perfectly plastic constitutive model in terms of
total stresses, that is assimilating the soil to a mono-phase medium [4, 5].
Recently, Gaudio and Rampello [1] provided easy-to-use empirical relationships linking
the seismic performance of bridge piers founded on cylindrical caisson foundations to the period ratio Teq/T0, where Teq is the fundamental period of the entire (compliant base) deck-piercaisson-soil system and T0 is the fundamental period of the 1D soil column under free-field
conditions. These relationships were obtained from the results of an extensive parametric
study where several deck-pier-caisson-soil systems were subjected to strong seismic motions,
suitably selected to promote the activation of irreversible strains in the soil deposit. 3D dynamic analyses were performed in the time domain with the Finite Element Method, assuming
an undrained response of foundation soils but describing soil behavior in terms of effective
stresses, using an elastic-plastic strain hardening constitutive model.
In the framework of the performance-based design, the seismic performance of the system
was expressed in terms of the maximum and permanent values of the deck drift ratio urel/hs
attained during and at the end of the seismic event, where urel is the deck drift and hs is the
pier height. The main concern is then related to the evaluation of the period ratio Teq/T0, where
the increase of the eigen period of the system due to both soil-structure interaction effects and
the development of irreversible strains into the soil should be properly considered.
In this paper, the simplified procedure proposed in [1] is firstly presented and the influence
of soil plasticity and of properties of the seismic input are discussed. Then, a comparison is
made of the period ratio Teq/T0 provided by the 3D dynamic analyses with that evaluated
through empirical relationships proposed in the literature, this allowing the simplified procedure to be adopted to get a reliable estimate of the seismic performance of bridge piers on
caisson foundations.
2

PROBLEM DEFINITION

A schematic layout of the problem is depicted in Figure 1. The transversal section of a
long-span and equally-spaced bridge deck is considered, so that the assumption of no interaction between two adjacent piers can be made. The cylindrical caisson foundation of height H
and diameter D is embedded in a 5-m-thick gravelly sand layer underlain by a 55-m-thick layer of silty clay, this representing a typical alluvial deposit where caisson foundations may be
preferred to pile foundations. The bedrock is at the depth Z = 60 m, where the seismic input
motion is applied in the x direction in terms of horizontal acceleration time histories, this corresponding to the assumption of infinitely rigid bedrock. The water table is located at the interface between the sand and the clay (zw = 5 m) and a hydrostatic pore water pressure regime
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ms = mdeck + 0.5mpier
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H2 = 55 m

Figure 1: Schematic layout of the problem.

is assumed. The pier is assimilated to a linear viscous-elastic Single Degree of Freedom System (S.D.O.F.) characterized by a stiffness ks, here the flexural stiffness of the pier, a damping
ratio s = 5 % and a lumped mass ms = mdeck + 0.5∙ mpier, where mdeck and 0.5∙mpier represent,
respectively, the mass of a span (the part attributed to each of the piers in the adopted scheme)
and the mass of the upper half of the pier. The mass of the lower half of the pier is applied to
the top of the caisson via a uniform distribution of vertical stresses z(0.5pier).
Mechanical properties of the foundation soils are listed in Table 1, where  is the unit
weight, c′ and ′ are the effective cohesion and the angle of shearing resistance, OCR is the
overconsolidation ratio and k0 is the earth pressure coefficient at rest, the latter computed using following Mayne and Kulhawy [6]. The profile assumed for the small-strain shear modulus G0 was obtained using the empirical relationships proposed by Hardin and Richart [7] for
the gravelly sand and by Rampello et al. [8] for the silty clay.
In the parametric study, soil behaviour under cyclic loading was described through an elastic-plastic constitutive model with isotropic hardening and a Mohr-Coulomb failure criterion,
the Hardening Soil with Small-Strain Stiffness (HS small) model [9]. The parameter adopted
in the model are given in Table 1, where G0ref and m were calibrated to reproduce the abovementioned G0 profile, while the shear strain 0.7 and the unloading-reloading modulus Eurref
were obtained to best-fit the adopted shear modulus decay and damping increase curves,
namely the ones proposed by Seed and Idriss [10] for the sand layer and the ones proposed by
Vucetic and Dobry [11] for the clay layer. More details on the calibration of these parameters
are given in [12, 13].
The high-intensity seismic inputs adopted in the non-linear dynamic analyses were
grouped into two different sets, each characterized by three horizontal acceleration time histo

Soil

c′

′ OCR

k0

G0ref

m

0.7

Eurref ur E50ref Eoedref

3

Gravelly sand
Silty clay

(kN/m ) (kPa) (°)
(-)
(-)
(MPa) (-) (%) (MPa) (-) (MPa) (MPa)
20
0 30
1.0
0.5
145.7 0.61 0.024 174.9 0.2 58.3
58.3
20
20 23 4.4÷1.5 1.1÷0.7 65.7 0.75 0.045 58.2 0.2 19.4
19.4

Table 1: Mechanical properties assumed for soils and adopted in the HS small model.
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Record
Tolmezzo E-W
Assisi E-W
Adana E-W
Colfiorito N-S
Nocera Umbra N-S
Dayhook N-S

F

amax

IA

Tm

TD

(-)
1.00

(-)
0.316

(m/s)
1.17

(s)
0.50

(s)
5.220

2.00

0.332

1.12

0.24

4.295

1.05

0.292

1.17

0.62

12.990

2.00

0.676

2.79

0.51

5.115

1.00

0.502

2.87

0.21

4.640

1.45

0.573

2.84

0.46

12.870

Table 2: Main synthetic ground motion parameters of the scaled seismic input motions.

ries with the same intensity level. Specifically, the first set presents values of the Arias intensity IA = 1.12 ÷ 1.17 m/s, whereas the second is characterised by IA = 2.79 ÷ 2.87 m/s. Seismic inputs were amplified by factors F ranging between 0.5 and 2, to match the desired Arias
intensity (the one of Tolmezzo record for the first set and of Nocera Umbra for the second set)
and a given site-specific spectrum. The main synthetic ground motion parameters of the selected seismic inputs are given in Table 2, where amax is the peak horizontal acceleration, Tm
is the mean period as defined in [14] and TD is the significant duration as defined in [15]. In
Table 2, the record on the second row of each set mainly differs from the one on the first row
in terms of mean period Tm, while the record on the third row differs for the significant duration TD. Figure 2 shows the relevant Fourier Amplitude (a-c) spectra and Arias intensity time
histories (b-d).
In the parametric study, 14 different deck-pier-caisson-soil system were subjected to the 6
seismic inputs discussed above. Systems differ for the caisson diameter (D = 8 and 12 m) and
slenderness ratio (H/D = 0.5, 1 and 2), as well as for the pier height (hs = 15, 30 and 60 m).
Values of stiffness ks and masses mdeck, mpier and ms are representative of span length ranging
between 40 and 110 m (Tab. 3): they were obtained to return fixed values of the safety factor
against bearing capacity under static and pseudo-static conditions, FSv = 5.5 and FSe = 0.7,
respectively. Initial stress conditions in the foundation soil are then equal for all the systems,
this allowing a consistent comparison of their seismic performance. The value FSe < 1 was
IA = 1.12 ÷ 1.17 m/s

(a)

(b)

IA = 2.79 ÷ 2.87 m/s

(c)

(d)

Figure 2: Selected seismic inputs: Fourier amplitude spectra (a-c) and time histories of Arias intensity (b-d).
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D

H/D

hs

ks

mdeck

mpier

ms

(m)

(-)
0.5

(m)
15
30
60
15
30
60
15
30
60
15
30
60
30
60

(MN/m)
10.1
11.8
6.2
102.4
46.9
20.8
106.4
37.7
19.8
169.3
78.7
29.9
411.2
192.3

(Mg)
1278.0
1500.3
698.6
2115.4
1804.8
1162.4
3445.1
3173.5
2159.0
4160.5
3806.0
2841.1
4986.9
2374.3

(Mg)
196.7
217.2
1018.9
112.0
422.6
1065.0
113.2
384.8
1399.3
134.6
489.2
1454.0
904.2
3156.8

(Mg)
1376.4
1608.9
1208.1
2171.4
2016.1
1694.9
3501.7
3365.9
2858.6
4227.8
4050.6
3568.1
5439.0
4132.7

1
8
2

0.5
12

1
2

Table 3: Properties of the systems considered in the parametric study.

selected to promote the triggering of irreversible strains in the foundation soils during seismic
shaking [1, 4]. The coupled dynamic analyses were performed using the FE code PLAXIS 3D
[16] where the numerical model shown in Figure 3 was implemented. The dynamic calculation stage was carried out after the drained activation of the caisson and of the superstructure.
It is worth mentioning that the reduction of the stresses into foundation soils due to caisson
excavation was indirectly considered by applying a volumetric contraction v to the soil volume that would be filled by the concrete, thus the soil approaching active limit conditions at
the soil-caisson contact. A consolidation analysis was then performed at the end of the dynamic calculation stage to allow the accumulated excess pore water pressures to vanish. A
total of 51 dynamic analyses were performed, as the first set of seismic records was applied to
all the 14 systems, while the second set was applied to the 9 systems characterised by
D = 12 m and hs = 30 m only.
3

ASSESSMENT OF THE SEISMIC PERFORMANCE
The seismic performance of the systems was evaluated in terms of the deck drift ratio

Figure 3: Numerical model adopted in the parametric study.
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(a)

(b)

Figure 4: Maximum (a) and permanent (b) deck drift ratio against the period ratio.

urel/hs, defined as follows:
urel udeck ucaisson head
u


 tan   flex
hs
hs
hs
hs

(1)

where  is the angle or rigid rotation of the caisson and uflex is the flexural component of the
horizontal displacement of the deck. The maximum and permanent values of urel/hs computed
during and at the end of the dynamic calculation phase are plotted in Figure 4a and 4b, respectively, against the period ratio Teq/T0. The equivalent period Teq was computed for each system from the ratio between the spectral acceleration at the level of the deck and of the top of
the caisson (R = Sadeck/Sacaisson head), both obtained in the 3D elastic-plastic dynamic analyses,
while the fundamental period of the soil column T0 was calculated through preliminary
ground response analyses performed in free-field conditions using HS small. It is worth mentioning that both Teq and T0 account for the period increase due to soil plasticity.
Both the maximum and permanent values of the deck drift ratio show the highest values in
the range Teq/T0 ≈ 0.8 ÷ 2, that is close to resonance conditions between the flexible base system and the soil column. Lower displacements (i.e. a better seismic performance) are observed for more flexible systems, that is for Teq/T0 ≥ 2 [1]. With regard to seismic input
properties, the records characterised by the longest significant duration TD (Adana and Dayhook, black symbols) provide the highest values of the deck drift ratio, that is the worst seismic performance. On the contrary, the influence of Arias intensity IA on the seismic
performance is negligible for the cases at hand, as soil plasticity limits the inertial actions that
could be transmitted to the superstructure. Finally, no remarkable influence of the caisson diameter D is observed.
84th percentile upper-bound semi-empirical relationships were obtained from the results
shown in Figure 4, by assuming a log-normal distribution of the deck drift ratio around its
mean value and then best-fitting the computed drift ratios with an exponential expression:
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Record
Tolm. + Ass. + Colf. + Noc.
Adana + Dayhook

urel/hs

A
(-)

B84
(‰)

Max.
Perm.
Max.
Perm.

0.51
0.52
0.41
0.23

9.25
1.58
18.48
4.25

Table 4: Coefficients defining the 84th percentile upper-bound deck drift ratios.

urel
 AT /T
 B84  e eq 0
hs

(2)

where B84 is the deck drift ratio for Teq/T0 = 0 and A is the slope of the curve in a semi-log
plane. The coefficients defining the curves were obtained separately for the maximum and
permanent values of urel/hs and for high (Adana, Dayhook) and low (Tolmezzo, Assisi, Colfiorito, Nocera Umbra) significant durations TD (Tab. 4). Upper-bound values of the intercept
B84 are of 1.58 to 18.48 ‰ with a mean value equal to 8.39 ‰, whereas values of the slope A
range between 0.23 and 0.52 with an average A = 0.42. The upper-bound empirical relationships can be used for Teq/T0 ≥ 0.75 to estimate the maximum expected deck drift ratio as a
function of the dynamic properties of the flexible base system (Teq), of the soil column (T0)
and of the seismic input (TD). The estimated displacements can also be used to perform a preliminary screen analysis, similarly to what is usually done for slopes [17]. The main concern
for the evaluation of the deck drift ratio then regards the estimation of the period ratio Teq/T0.
This key aspect is assessed in the next paragraph.
4

ESTIMATION OF THE PERIOD RATIO

In the proposed simplified procedure, it turned out that the period ratio Teq/T0 should be
evaluated using some empirical and/or analytical relationships to overcome the issues related
to time-consuming 3D non-linear dynamic analyses. To this end, here the possibility of using
the empirical relationship proposed by Tsigginos et al. [18] for Teq and an analytical formula
for T0 is assessed. Specifically, for the period Teq it would be

 
2 hs
Teq  Ts  1  

  Ts VS,eq
 

1.18






 ms

 mcaisson





0.613

 hs 
2 D 



0.5 





(3)

where Ts  2 ms ks is the fixed-base period of the pier and VS,eq is the equivalent shear
wave velocity of the deposit, defined into the volume of soil interacting with the foundation
(“zone of influence”). For the fundamental period of the soil column the simple formula for a
homogeneous soil deposit, T0 = 4Z/VS,eq, is adopted.
The main concern related to these relationships relies on the fact that they are developed in
the framework of linear viscous-elasticity, while the strong influence of soil plasticity on the
seismic performance of the systems at hand has been recently clarified [1, 13]. This key aspect can be embodied in the value of the equivalent shear wave velocity VS,eq adopted in calculations. Therefore, a ground response analysis analysis should be performed with the linearequivalent method [19]. An example is given in Figure 5 for the input of Tolmezzo, where
eff = 0.65∙max is the shear strain in a constant-amplitude cycle, equivalent to the peak value
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Figure 5: Computation of the equivalent operative shear wave velocity VS,eq from the results of a site response
analysis performed in free-field conditions with the linear-equivalent method (Tolmezzo record, caisson with
D = H = 12 m).

max, G/G0 is the shear modulus decay caused by eff and VS  G  is the corresponding
shear wave velocity ( = 2.04 Mg/m3 is soil density). Assuming an “influence zone” down to
a depth zmax = H +2D, the equivalent shear wave velocity can be computed as
n

h
VS,eq =

i 1
n

i

hi

i 1 VS,i

=

H+2 D
n
hi

i 1 VS,i

(4)

where hi is the thickness of the ith stratum discretising the soil column and n is the number of
strata. For the caisson characterised by a diameter D = H =12 m, a depth zmax = 36 m and a
shear wave velocity VS,eq = 145 m/s are obtained. The assumption of the maximum depth being zmax = H +2D was compared with numerical results, obtaining a good agreement [1]. The
shear wave velocity computed for all the 51 different combinations of systems and seismic
inputs are listed in Table 5, where VS0,eq is the “small-strain” equivalent shear wave velocity,
not dependent on the adopted seismic input.
D

H/D

VS0,eq

(m)

(-)

(m/s)

0.5
1
2
0.5
1
2

192.9
197.8
206.4
204.4
210.4
221.2

8

12

Tolmezzo
130.2
132.9
140.9
136.7
145.0
152.1

Assisi
148.2
152.6
162.3
157.5
166.6
175.2

VS,eq
(m/s)
Adana Colfiorito
130.4
125.3
131.9
126.4
137.3
130.4
134.3
128.3
140.3
132.6
145.3
137.1

Table 5: Equivalent shear wave velocities.
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Nocera
136.6
138.6
144.6
141.4
147.8
153.8

Dayhook
121.7
124.5
130.8
127.9
133.3
137.9
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(a)

(b)

Figure 6: Comparison between the fundamental period of the system obtained from the numerical elastic-plastic
analyses and the one computed using the empirical relationship by Tsigginos et al. [18] with: (a) VS0,eq; (b) VS,eq.

The equivalent shear wave velocities were then used to calculate the equivalent period Teq
with eq. (3), thus obtaining the results shown in Figure 6. These values of Teq were computed
using VS0,eq (Fig. 6a) and VS,eq (Fig. 6b): both were then compared to the equivalent period
computed from the 3D elastic-plastic analyses, Teq el.-plastic. The numerical and empirical values
of Teq are in good agreement for both Teq[VS0,eq] and Teq[VS,eq], with a slight underestimation
of the equivalent period using VS0,eq and a slight overestimation using VS,eq. Indeed, linear regressions returned values of the angular coefficient very close to unity, namely 1.054 and
0.947 for VS0,eq and VS,eq, respectively. Also, high coefficients of determination were obtained
in both cases, with the same value R2 = 0.88.
From the above results it could be concluded that it is not necessary to perform preliminary
ground response analyses with the linear-equivalent method to evaluate Vs,eq (see Fig. 5).
However, the fundamental period of the soil column in free-field condition, T0, is to be computed to use eq. (2). Figure 7 shows the remarkable differences obtained if the “small-strain”
equivalent shear wave velocity VS0,eq is used. Indeed, an angular coefficient further from unity
is calculated when finding the linear regression, equal to 0.914, with a greater dispersion
(R2 = 0.83). Conversely, using VS,eq from the results of the ground response analyses provides
an angular coefficient of the linear regression equal to 1.053, again very close to unity, with a
lower scatter of the data (R2 = 0.87). Therefore, adopting the equivalent shear wave velocity
VS,eq from ground response analyses is strongly recommended.
5

CONCLUSIONS

The evaluation of the seismic performance of bridge piers founded on cylindrical caissons
would require, in principle, expensive and time-consuming 3D non-linear dynamic analyses
performed with numerical methods. However, this approach cannot be taken as a design reference tool. Therefore, Gaudio and Rampello [1] recently provided upper-bound relationships
to get an estimate of the maximum and permanent values of the deck drift ratio urel/hs as func-
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(a)

(b)

Figure 7: Comparison between the period ratio obtained from the numerical elastic-plastic analyses and the one
computed using the empirical and analytical relationship for Teq and T0, respectively, with: (a) VS0,eq; (b) VS,eq.

tions of the period ratio Teq/T0 and of the significant duration of the seismic input TD. It is
shown that empirical and analytical relationships available in the literature can be profitably
adopted for the evaluation of the period ratio Teq/T0, provided that preliminary ground response analyses are performed with the linear equivalent method, thus obtaining a fair estimation of the reduction of the shear wave velocity due to the non-linear soil behaviour triggered
during strong ground motions. Once Teq/T0 is evaluated, a preliminary estimate of the maximum or permanent deck drift ratio can be obtained using the proposed empirical relationships.
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Abstract. In this work, a comparative study between several numerical methodologies for the
seismic analysis of offshore wind turbines on deep foundations (monobuckets or monopiles)
is presented. Three formulations are compared within the scope of linear elasticity. First, a
coupled Boundary Element – Finite Element (BEM–FEM) model is considered for obtaining
the reference results. This methodology makes use of boundary elements to discretize the soil,
while modelling the actual geometry of the hollow pile through shell finite elements. The second
model corresponds to a formulation based on the integral expression of the reciprocity theorem
in elastodynamics and the use of specific Green’s functions for the layered half space for the
modeling of soil, and the treatment of the pile as unidimensional beam elements. Finally, a
Beam-on-Dynamic-Winkler-Foundation (BDWF) model is also considered as a commonly used
simple tool for the analysis of deep foundations. The results are presented in terms of variables
of interest for the design of offshore wind turbines. From the analyses, the applicability range of
these methodologies can be established depending on the properties of the turbine-foundationsoil system.
Keywords: offshore wind turbines, bucket foundations, pile foundations, soil-structure interaction, seismic analysis
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1 INTRODUCTION
Pile and bucket (also known as suction buckets, caissons, piles or anchors depending on the
context) foundations are being used as foundations of fixed Offshore Wind Turbines (OWT) [1].
These solutions configured as a single foundation element or multiple elements are considered
at locations with shallow and intermediate water depths (up to 50 meters). Although both are
topologically similar, i.e. steel tubular structures, they differ from each other in the diameter D,
wall thickness to diameter ratio t/D, length to diameter ratio L/D and hence also in the installation method. Typical monopiles for OWT are installed by pile driving using huge hydraulic
hammers, and they have diameters around 3 to 6 meters (although XL monopiles with diameters
up to 9 meters are also present in the industry), wall thickness to diameter ratios t/D ≈ 0.01
(1%) and length to diameter ratios L/D ≥ 5. Typical buckets are installed by suction, and they
have diameters around 5 to 15 meters, wall thickness to diameter ratios t/D ≈ 0.001 (1‰), and
length to diameter ratios L/D ≤ 6 [2, 3] (L/D ≈ 1 for sands, L/D ≈ 3 for stiff clays).
The use of large diameter and relatively short monopiles and buckets with such a thin-walled
hollow cross-section is challenging from the modelling of the dynamic response point of view.
In recent years, there has been a considerable effort for studying the influence of different factors
(e.g. soil stratigraphy [4] and contact conditions [5]) and the characterisation of the dynamic
response. To this end, rigorous continuum models based on the Boundary Element Method
(BEM) or the Finite Element Method (FEM) have great generality and can be used, but they
are time consuming at the pre-processing stage and computationally expensive at the solving
stage. This forces the analyst to solve a limited number of cases, or to use (and sometimes misuse) other simpler models. For this reason, many models with different degrees of simplifying
assumptions have been developed over the last years, see e.g. [6, 7, 8]. Particularly attractive are one-dimensional models, which are typically cheap to run. However, seismic inputs
may contain energy in the range of frequencies with wavelengths equal or smaller than diameters, and thus it is not clear to what extent they remain valid for monopiles and buckets lately
encountered.
The aim of this paper is to perform a comparative study between three foundation models
(BEM–FEM model with soil-shell interaction [7], integral model with soil-beam interaction
[8] and a Beam-on-Dynamic-Winkler-Foundation (BDWF) model [9]) for the evaluation of the
seismic response of OWTs founded on deep (monopile and bucket) foundations.
The rest of the paper is organized as follows. Section 2 describes the problem at hand,
while Section 3 describes the methodologies considered for its analysis. Section 4 contains a
presentation and discussion of the obtained results. Finally, section 5 presents the conclusions.
2 PROBLEM DEFINITION
For the sake of conciseness, the present study is limited to the comparison between results
from the previously mentioned three models for a fixed configuration where only foundation
L/D ratio is varied. Nonetheless, the fixed parameters are set to typical values which are representative of current OWTs.
The turbine-monopile-foundation system is defined based on the properties of the reference
NREL-5MW OWT [10], see Fig. 1. The tower presents a hollow section with variable diameter
that goes from 6 m at its base to 3.87 m at hub height. A constant thickness to diameter ratio
of 0.45% is assumed. The tower length is 70 m. The supporting structure corresponds to a
monopile with a length of 20 m, 6 m diameter and a thickness ratio of 1%. No transition piece
is considered in the analyses. The foundation element (pile/bucket) presents the same diameter
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Figure 1: Problem layout and substructuring model
D and thickness as the monopile, while various embedment lengths L are assumed in order to
cover the typical range of aspect ratios (L/D from 2 to 10), see Fig. 2a.
Steel material properties are considered for the tower, supporting monopile and foundation
element: Young’s modulus 210 GPa, density 7850 kg/m3 and Poisson’s ratio 0.25. For the
superstructure an hysteretic damping coefficient 2.5% is considered.
The soil properties are selected in order to reproduce a saturated media through elastic equivalent properties: shear wave velocity 200 m/s, density = 2000 kg/m3, Poisson’s ratio 0.49 and
hysteretic damping coefficient 5%.
The considered seismic excitation is a vertically incident shear wave. The free-field wave
motion is denoted as u f f .
3 METHODOLOGY
3.1 Substructuring model
The seismic response of the OWT-foundation system is computed through a 2-D substructuring model, see Fig. 1. The superstructure, i.e. tower and supporting pile, is modelled with
Finite Elements. Two-noded Bernoulli beam elements with constant-section are considered. A
high-enough number of them to adequately represent the dynamic behaviour of the structure
and the stiffness of the conical tower is used. The mass of the rotor and nacelle is included as a
point mass added at the highest node of the tower.
The soil-foundation interaction is included through the impedance functions and kinematic
interaction factors computed by each foundation model, see Fig. 2. The firsts represent the relation between the forces (moments) and displacements (rotations) produced atop the foundation
element. These impedance functions are frequency-dependent complex values whose real and
imaginary components represent the stiffness and damping of the foundation, respectively. Because only the lateral behaviour of the system is studied, just the horizontal KH , rocking KR and
coupled horizontal-rocking KHR impedance functions are considered. On the other hand, the
kinematic interaction factors represent the filtering effects of the foundation and are computed
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as the relation of the displacement (or rotation) at the head of the pile/bucket and the free-field
motion. In this work, the translational and rotational kinematic interaction factors are denoted
as Iu and Iθ , respectively.
Finally, for comparison purposes, it would be also interesting to compute the response of the
system neglecting the SSI effect, i.e. under the rigid base assumption. In order to do so, the free
field motion is directly applied at the mud-line node of the superstructure, while restricting its
rotation.
3.2 Foundation models
3.2.1 BEM-FEM model with soil-shell interaction
Reference results are obtained from a rigorous BEM-FEM model [7] which considers the
interaction between the pile and the soil as the interaction of the pile shell and the surrounding
(interior and exterior) soil, see Fig. 2b. The only assumption is related to the shell interaction,
which is reduced to the mid-surface of the shell. Taking into account that t/D ratios are typically
well below 5%, it is virtually a continuum model. A concise description of this model is outlined
below, for more details see [7].
The soil region Ωs is treated using the BEM. The BEM is based on the collocation of Boundary Integral Equations (BIE) relating displacements uk and tractions tk throughout the boundary
of the region. The boundary of Ωs is Γ = ∂ Ωs , which is composed in two parts: free-surface
−
boundary Γfs , and shell mid-surface Γsm considered as a crack-like boundary (Γsm = Γ+
sm +Γsm ).
The Singular BIE is used for collocating along the free-surface:
cilk uik +

Z

∗
tlk
uk

Z

dΓ =

Γ

u∗lktk

Γ

Z

dΓ +

u∗lk bk dΩs

(1)

Ωs

where l, k = 1, 2, 3 and the summation convention is implied. Furthermore, cilk is the free-term
∗ are the fullat the collocation point, uik is the displacement at the collocation point, u∗lk and tlk
space elastodynamic fundamental solutions in terms of displacements and tractions respectively
(see e.g. [11]), and bk are the body forces acting over the domain Ωs assumed to be zero for
the present formulation. The Dual (Singular and Hypersingular) BIEs are used for collocating
along the shell mid-surface:
Z
 Z
1  i+
∗
i−
u + ul + tlk uk dΓ = u∗lktk dΓ
(2)
2 l
Γ
Γ
Z
Z


1 i+ i−
∗
tl − tl + s∗lk uk dΓ = dlk
tk dΓ
(3)
2
Γ

Γ

i+
i− i−
where ui+
k ,tk and uk ,tk are displacements and tractions at the collocation point on respec∗ and s∗ are obtained from the differentiation
tively the positive and negative crack faces, and dlk
lk
∗ (see e.g. [11]). In Eqs. (2-3), it is assumed that the collocation point xi is located
of u∗lk and tlk

at a smooth boundary point (Γsm xi ∈ C 1 ), which leads to the 1/2 factor. This assumption is
related to the use of Multiple Collocation Approach (MCA) [12] when collocating at a crack
boundary point. Lagrange quadratic triangular (6 nodes) and quadrilateral (9 nodes) boundary
elements are used for the discretisation. The pile shell region Ωps is discretised using the FEM.
Shell finite elements based on the degeneration from the solid are considered, and the lockingphenomena is overcome by using the Mixed Interpolation of Tensorial Components (MITC). In
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(a)

(b)

(c)

(d)

Figure 2: Foundation configuration and its modelling: (a) steel hollow pile in homogeneous
half-space, (b) DBEM-FEM model (soil-shell interaction), (c) Integral model (soil-beam interaction) and (d) Winkler model (soil-beam interaction)
particular, the MITC9 shell finite element [13] is used in this work. The equilibrium equation
for a given shell finite element l can be written as:
K̃(l) a(l) − Q(l) t(l) = f(l)

(4)

where K̃(l) = K(l) − ω 2 M(l) is the resulting time harmonic stiffness matrix, a(l) is the vector
of nodal displacements and rotations, Q(l) is the matrix converting distributed mid-surface load
t(l) into nodal loads, and f(l) is the vector of equilibrating nodal forces. Finally, coupling is
performed by imposing compatibility and equilibrium between shell finite element and cracklike boundary:
−
l
u+
k = uk = uk

(5)

tk+ + tk− + tkl = 0

(6)

where ulk denotes the shell displacements and tkl the distributed mid-surface shell load.
The seismic excitation is included in the formulation following the classical decomposition
of the total field into the superposition of the incident field (produced by the impinging waves)
and the scattered field (produced by the presence of the foundation) [11].
3.2.2 Integral model with soil-beam interaction
With the intention of reducing the number of degrees of freedom needed to solve the soilfoundation problem, a second numerical model [8] is considered. The main simplification
of this model with respect to the previous BEM-FEM one is the treatment of the foundation
(pile/bucket) as a beam element. By doing so, the discretisation of the soil-foundation interface is avoided and the soil-foundation interaction is reduced to distributed loads qk acting over
the load line Γl that represents the foundation element. On the other hand, the integral model
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makes use of specific Green’s functions for the layered half space [14] as fundamental solutions
instead of the aforementioned ones corresponding to the full-space. This substitution avoids
the discretisation of the free-surface, as the particular Green’s functions already satisfy the zero
traction boundary condition. Fig. 2c shows how simple is the required discretisation for this
model. Thus, the Singular BIE that is used for collocating along the foundation-load line can
be reduced to:
uil =

Z

ũ∗lk qk dΓl

(7)

Γl

ũ∗lk

where
is the displacement fundamental solution for the layered half space [14]. A special non-nodal collocation strategy is required for numerically evaluating the integral of the
left-hand side (see [8] for more details). The load line Γl is discretised using the two-noded
finite elements. Cubic and quadratic shape functions that satisfy the Timoshenko’s beam static
equation [15] are used for the lateral behaviour, while linear shape functions are used to model
the interaction tractions and axial displacements. The equilibrium equation for a given beam
element l can be written as:
K̃(l) a(l) − Q(l) q(l) = f(l)
(8)
being the terms of this equation the beam-counterparts of the ones presented in Eq. (4). Finally,
the coupling between the foundation and soil is made by imposing compatibility and equilibrium conditions between the pile nodes and the corresponding points of the soil:
uk = ulk
qk + qlk

=0

(9)
(10)

where ulk denotes the beam displacements and qlk the distributed interaction traction acting over
the beam.
As in the BEM-FEM model, the seismic excitation is considered by the superposition of the
incident and scattered fields.
3.2.3 Beam-on-Dynamic-Winkler-Foundation model
In order to compare the previous models against a well-established one, a classic Beam-onDynamic-Winkler-Foundation model (also known as Winkler model) is considered, see Fig. 2d.
It consists in solving the differential equation of the Euler-Bernoulli beam using a distributed
load representing the soil reaction. This is introduced as distributed springs and dashpots taken
from [9, 16]. Such Winkler model is a very practical engineering approach to the problem,
but requires the calibration of the distributed dynamic stiffnesses based on fitting of numerical
results (as in [9, 16]) or some analytical solution of simpler problems (e.g. [17]).
4 RESULTS AND DISCUSSION
First, results corresponding to the rigid base assumption are presented. Table 1 shows the
natural frequencies and the amplification ratios at hub height for the first 4 modes of the turbinesupporting structure system. The complete harmonic response of the system is depicted by the
grey solid line in Fig. 3.
Fig. 3 also shows the harmonic response obtained by considering the different models of
the foundation: BEM-FEM (black line), integral (orange line) and Winkler (blue dashed line).
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mode
1
2
3
4

rigid

fn

(Hz)
0.369
3.33
7.14
14.5

rigid

umax /u f f
22.3
4.26
2.75
1.18

60

rigid base
BEM-FEM (shell)
integral (beam)
Winkler (beam)

16

40

| u / uff |

| u / uff |

(zoomed)

Table 1: Natural frequencies and harmonic hub displacement under the rigid base assumption.
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Figure 3: Harmonic seismic response of the OWT. Comparison between the three foundation
models and the rigid base assumption. L/D = 6.
For all of them an aspect ratio L/D = 6 has been considered for the foundation element. The
results show a strong influence of the soil-structure interaction (SSI) effects, not only in the
shifts towards lower natural frequencies, but also in the increments of the amplification of the
soil free-field motion. Regarding the use of the different models, the BEM-FEM and integral
formulations lead to similar responses, while the results of the Winkler model slightly diverge.
The quantification of the importance of the soil-structure interaction effects and the modelling of the foundation is summarized in Fig. 4. This figure displays the relation between the
soil motion amplification ratio considering or not the SSI effects, as well as the relation between
the natural frequencies obtained for the flexible and rigid base. The results of the different models are presented following the same colors as before and different aspect ratios are considered
along the different columns. Only the first three modes are studied as they are found to be the
relevant ones when the SSI effects are taken into account (see Fig. 3). As commented before,
the results obtained by the BEM-FEM and integral model present less differences than the ones
obtained by the simpler Winkler approach. The second mode is found to be the most sensitive
to the foundation model, especially in terms of the amplification ratio. Regarding the effects of
the foundation aspect ratio, as expected, larger differences between the shell and beam models
are found for the smallest L/D.
In order to understand the differences between the three models, the impedance functions
and kinematic interaction factors obtained by each of them are presented in Figs. 5 and 6,
respectively. Only the frequency range of interest is plotted.
The comparison between the BEM-FEM and integral models shows agreeing results both in
terms of impedance functions and kinematic interaction factors. Only appreciable differences
are found in the kinematic interaction factors for the configuration with L/D = 2 due to the

1963

rigid
uSSI
max / umax
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Figure 4: Influence of SSI effects on the estimation of the maximum seismic response and
natural frequencies of the OWT. Comparison between the three foundation models.

inability of the beam model to reproduce the behaviour of the short foundation. For this configuration, the larger input motion obtained by the integral model explains the larger response
presented in Fig. 4.
On the other hand, the Winkler model can not closely reproduce the reference results of the
BEM-FEM formulation. Large differences are found in the impedance terms involving rotations
and also in the imaginary component (i.e., foundation damping) of all impedance terms. The
discrepancies of the Winkler model become more evident for the kinematic interaction factors,
presenting larger input displacements and rotations than the reference foundation model as the
frequency increase. The combination of these two opposite effects makes that, depending on the
mode and configuration, the Winkler model leads to larger (when the increase in input motion
is more important) or smaller (when the increase in the foundation damping is more important)
amplification ratios with respect to the ones of the BEM-FEM model.
5 CONCLUSIONS
The present contribution presents a comparison between three models of different modelling
approximation levels for pile/bucket foundations under seismic excitation. The reference BEMFEM model considers the complete soil-shell interaction [7], while the other models (integral
model and Winkler model) consider a soil-beam interaction. The integral model [8] rigorously
incorporates the soil using a Green’s function, while the Winkler model uses a tuned distribution
of springs and dashpots from [9, 16].
In general terms, it is observed that the integral model is superior to the Winkler model,
although in some cases the discrepancies are small enough for rough and quick analyses. Surprisingly, it is also observed that soil-beam models roughly reproduces the results for small
L/D.
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Figure 5: Horizontal, rocking and coupled horizontal-rocking impedance functions. Comparison between the three foundation models.
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Abstract
The seismic analysis of bridges needs to account for the effects of soil-structure interaction
with methods that strike a reasonable balance between completeness and reliability of the
numerical soil-structure interaction models. In view of this, focusing on the marked influence
that the behaviour of the abutments can have on the seismic performance of the whole bridge,
this study presents an identification procedure of the dynamic response bridge abutments.
Based on the results of dynamic simulations on a reference local model of a bridge abutment
carried out in the analysis framework OpenSees, the modal characteristics of the soilabutment system are computed and are used to evidence the role played by the soil interacting with the abutment in controlling the overall dynamic response of the system. This role is
quantified through the definition of the mass participation factors for different directions of
motion.
Keywords: bridge abutments, frequency-dependent response, inertial effects, OpenSees.
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1

INTRODUCTION

Seat-type abutments can influence significantly the seismic performance of a bridge, because of their interaction with the backfill and of the significant inertial forces developing
during the earthquake. An evaluation of the dynamic effects of bridge abutments was proposed by Wissawapaisal [1], who regarded the embankment interacting with the abutment as
an assembly of lumped masses connected through nonlinear shear springs. The calibration of
this type of models depends on the evaluation of an effective length of embankment that participates to the dynamic response of the bridge. Kotsoglou and Pantazopoulou [2], following
an analytical approach, provided solutions for the modal characteristics of the soil-abutment
system in the transverse direction of the bridge, considering a simplified geometry of the
abutment-embankment system under the assumption of linear behaviour of soil. The compliance of the soil beneath the abutment foundation was therein neglected with a consequent
overestimation of the global stiffness of the abutment system.
The present study is part of a wider research project on the dynamic response of abutments
aimed to identify simplified macro-element representations of the soil-abutment system. In
this context, the present paper presents the evaluation of the dynamic properties of a reference
bridge abutment, obtained through the dynamic analysis of an advanced numerical model of
the soil-abutment system.

embankment
backfill

subsoil

Figure 1: Soil-abutment interaction model implemented in OpenSees to study the frequency-dependent response of the reference abutment.

2

REFERENCE CASE STUDY

This study takes as a reference the soil-bridge system developed by Gorini and Callisto [3].
With the aim to investigate the dynamic response of the abutments, a local model of the soilabutment system was implemented in the open-source finite element analysis framework
OpenSees [4], with mesh generation performed through the pre/post-processor software GID
[6]. The model, shown in Figure 1, includes the abutment, the approach embankment and a
homogeneous subsoil, representing the upper layer of the Messina Gravels [7]. The abutment
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is a massive reinforced concrete structure resting on a foundation slab. The central wall has a
height of 13.5 m and a thickness of 4 m, while the dimensions of the foundation are 17 m and
20 m in the longitudinal and transverse directions, respectively. All the structural members
were modelled through the ShellMITC4 elements [9] with elastic behaviour, using constitutive parameters relative to a C32/40 strength class concrete in the European standards. A Rayleigh damping was assigned to the elements of the abutment, calibrated in order to produce a
damping ratio not larger than 2 % for all the significant modes of the abutment.
The entire soil domain was discretized through 49834 SSPbrick eight-noded hexahedral elements for a whole plan extension of 135.072.0 m2. The horizontal extension of the model is
equal to 3.6 and 7.7 times the transverse and longitudinal dimensions of the abutment, while
the soil domain extends down to a depth of 60 m from the abutment foundation, that is 3
times the largest size of the foundation. Preliminary dynamic analyses indicated that the lateral boundaries were distant enough not to affect the computed behaviour of the abutment.
The embankment behind the abutment wall was regarded as an equivalent single-phase material, with properties that account for typical suction levels. The mechanical behaviour of the
soil was described with the Pressure Dependent Multi-Yield model (PDMY) developed by
Yang et al. [10], calibrated against numerous experimental data under both monotonic and
cyclic conditions. The constitutive parameters assigned to the foundation soil and the embankment are reported in Table 1, while the reader can refer to Gorini [11] for a detailed description of the calibration procedure. For simplicity, the soil domain was assumed dry.
Variable
Mg/m
Gr (kPa)

pr' (kPa)
d

d,max
PTL
c
d1
d2
M

c
e0

𝜉

N

Description
mass density
elastic shear modulus at pr’
Poisson’s ratio
reference mean pressure
pressure dependent coefficient
peak shear strain
phase transformation angle
contraction parameter
dilation parameters
critical stress ratio
Critical State Line parameters
number of yield surfaces

Subsoil
2.243
1.3105
0.2
80.0
0.5
0.1
26°
0.195
0.6
3.0
1.54
0.02
0.9
0.7
40

Embankment
2.039
1.5105
0.2
80.0
0.5
0.1
26°
0.195
0.6
3.0
1.42
0.02
0.9
0.7
40

Table 1: Parameters of the PDMY model for the subsoil (Messina Gravels) and the embankment.

A staged analysis procedure was adopted, with an initial application of the gravity loads.
The construction of the abutment and the embankment was simulated sequentially. The successive dynamic simulation was performed with the parallel computing using the OpenSeesSP interpreter [12]. The nodes at the base of the model were restrained in all directions
while the lateral boundaries of the subsoil were allowed to displace in the vertical direction
only; the nodes on the opposite lateral sides of the embankment were constrained to undergo
the same motion as a simplified manner to simulate the confinement produced by the side
slopes.
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The dynamic perturbation consisted of a distributed force line Qi applied to the top of the
central wall of the abutment, varying harmonically with a period T for 10 loading cycles. The
period T ranged between 0.05÷5.0 s. The force was applied separately for each load direction
at the deck-abutment contact.

Figure 2: Dynamic amplification curve at small displacements of the soil-abutment system in the longitudinal
direction of the deck-abutment contact.

3
3.1

DYNAMIC IDENTIFICATION
Dominant periods

As a first result, the dynamic identification of the system is limited to the reversible response of the abutment, considering a sufficiently small amplitude of the external force (in the
present case Qi ≤ 1200 kN/m) so that no significant permanent displacements occur at the
deck-abutment contact during the analysis. Because the focus is on the soil-abutment interaction effects transmitted to the bridge structure, the dynamic response of the soil-abutment system is represented in terms of dynamic amplification curves that relate the maximum
longitudinal displacement of the abutment top to the period of the correspondent external
force. Figure 2 shows the amplification curve in the longitudinal direction: the maximum displacement does not increase monotonically as the period rises and a dominant peak is well
defined at a period TD0long = 0.6 s produced by the resonance of the soil-abutment system. The
figure shows that the structural mass of the abutment has a minor effect on the response, leading to a modest increment of the displacement in the region of maximum amplification
(T=0.4÷1 s), without altering the dominant period of the system. Therefore, the dynamic amplification of the soil-abutment system seems to be controlled mainly by the participating
mass of the soil interacting with the wall, that appears be significantly larger than the abutment mass.
In Figure 3, the longitudinal response of the abutment is compared with the amplification
curves in the transverse and vertical directions. In all directions, the dynamic amplification
concentrates between T=0.2÷1.0 s. More in detail, the vertical direction shows a dominant
peak at TD0vert=0.4 s, leading to a stiffer response if compared to the horizontal modes of the
deck-abutment contact. The transverse response follows quite closely the curve relative to the
longitudinal direction but presents a slightly larger dominant period TD0tran=0.7 s. The longer
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dynamic response in the transverse direction might be due to the fact that, differently from the
other directions, in the transverse direction there is no lateral confinement to the abutment
wall and therefore the vibrations of the abutment are mainly controlled by the interaction with
the foundation soil only, causing a slight increment of the deformability of the soil-abutment
system. The fundamental period of the abutment structure alone, preliminarily evaluated
through a modal analysis of the structure, is T0abut=0.1 s and therefore is completely decoupled
from the dynamic response of the whole system. Hence, it is reasonable to regard the abutment structure as a rigid body and assume that the dynamic response of the system depends
essentially on the surrounding soil.

Figure 3: Dynamic amplification curves at small displacements of the soil-abutment system in the three translational degrees of freedom of the deck-abutment contact.

3.2

Mass participation

A first evaluation of the mass that participates to the dynamic response of the soilabutment system can be obtained from the dominant periods computed before. Thanks to the
mono-modal shape of the amplification curves in Figure 3, as a first approximation the soilabutment system can be regarded as a single-degree-of-freedom system with resonance period
TD,0i. The mass participation m1i can be accordingly determined as follows:
2

 Ti 
m   D,0   K i
 2 
i
1

(1)

with the superscript i indicating the direction of motion and Ki=Qi/qi the static stiffness of the
soil-abutment system, evaluated as the ratio between the amplitude of the force Qi applied to
the abutment top and the maximum displacement qi occurring for large periods (T≥2 s). The
resulting participating masses in the three directions of motion are listed in Table 2. It is interesting to notice that the participating mass m1i results much greater than the sum of the mass
of the abutment structure (mabut=3.6103 Mg) and of backfill resting on the footing
(mback=6.9103 Mg), named mabut+back. In the horizontal directions the participating mass m1i is
about 3.5 times the mass of the structure and the soil fill, while in the vertical direction m1i is
less than 2 times of mabut+back. The different participation of the soil masses to the dynamic response of the abutment in different directions can be ascribed to the different deformation
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mechanisms that occur. In fact, in the longitudinal direction the main contribution to the
whole response derives from the inertial effects transferred by the embankment, in the transverse direction the foundation soil and, to a minor extent, the embankment concur to the dynamic response of the structure, while in the vertical direction it can be assumed that soilabutment interaction is essentially controlled by the soil underneath the footing only.
direction
longitudinal
transverse
vertical

T (s)
0.6
0.7
0.4

Ki (kN/m)
5.2106
4.1106
6.4106

m1i (Mg)
4.7104
5.1104
2.6104

mi/mabut+back
3.39
3.63
1.84

Table 2: Modal characteristics of the soil-abutment system in the longitudinal, transverse and vertical directions.

4

CONCLUSIONS

It has been shown that under dynamic conditions the stiffness of the constraint offered by
abutment to the deck is markedly dependent on the frequency of the interaction forces acting
on the abutment top, with a considerable increase of deformability in correspondence of the
resonance of the soil-abutment system. For the abutment examined in this study, the dominant
responses of the abutment occur in the range of periods T=0.4÷0.7 s for the deformability of
the foundation soil and, especially, because of the inertial effects that develop in the approach
embankment. The mass participation depends on the direction of motion: it results to be about
3.5 times the mass of the abutment and the soil fill resting on the footing in the horizontal directions while it is about twice the latter in the vertical direction, demonstrating the involvement of a considerable part of the embankment and foundation soil in the dynamic response
of the abutment.
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Abstract
The potential of piles to reduce the seismic motion transmitted to the superstructure with respect to the free field motion, due to the kinematic interplay between soil and pile, is explored
by considering a single pile embedded in the soft marine clay of Maliakos Gulf subsoil in central Greece. The soil profile consists of a very soft normally consolidated clay layer with
nearly-zero stiffness at ground surface, increasing proportionally with depth, underlain by a
stiffer layer of sandy clay. The problem is tackled numerically by means of Equivalent linear
(EL) and strength-controlled non-linear (NL) constitutive laws to model the behavior of the
soil under seismic excitation. The latter is chosen on a magnitude-epicentral distance (M-R)
basis from the European Strong-motion Database (ESD), taking into account the
seismotectonic regime of the broader area under study. Seven (7) motions recorded at soil
type A, according to EC8, were chosen to define an average code-compatible spectrum. The
average mobilized stiffness of the free field soil obtained from EL and NL analyses is then introduced into a finite-element model of the soil-pile system to investigate the kinematicinduced filtering action of the pile as affected by pile cap embedment depth and pile diameter.
The above is quantified in terms of ratios of spectral accelerations at the pile head and free
field at ground surface. Results highlight the importance of considering NL response for such
type of soils and conclude on the beneficial role of piles as reflected in a large reduction of
the free field spectral acceleration, even for piles with relatively small diameter.
Keywords: piles, kinematic soil-pile interaction, soft clays, seismic loading.
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1

INTRODUCTION

The beneficial role of piles in reducing the seismic demand at the base of a superstructure
with respect to the free field motion has been an issue of intense research since the early 80s.
Accumulated theoretical and experimental evidence ([1], [2], [3], [4], [5], [6]) has proved that
piles may modify substantially the free-field motion due to their flexural stiffness which imposes a progressively larger inability of the pile element to follow short wavelengths of the
surrounding soil’s motion with increasing frequency of excitation. The associated physical
mechanism is related to the interplay between piles and soil during the passage of seismic
waves which is known as kinematic soil-pile interaction. Thus, neglecting the piles-induced
filtering of the high-frequency components of the free field motion may lead to a conservative
design of pile-supported structures.
The simple notion of the kinematic interaction function (Iu), defined as the transfer function between pile head (ap) and free field (as) motion at the soil surface, is usually adopted to
quantify this filtering action of piles, in terms of horizontal acceleration (or displacement).
Flores-Berrones and Whitman [7] proposed the first closed-form analytical solution of Iu for
the case of a fixed-head pile embedded in a homogeneous medium. Later contributions on the
topic examined the role of salient features of the soil-pile system such as pile head and tip
conditions, soil-pile relative stiffness, pile diameter, embedment depth of the pile cap and soil
inhomogeneity ([3], [4], [8], [9], [10], [11], [12], [13], [14]). Among the innovative findings
of the above studies, it is interesting to note that even small-diameter piles can lead to strong
filtering action while piles in strongly inhomogeneous soils may induce stronger reduction of
the free field motion with respect to piles embedded in subsoils with same average mobilized
stiffness in the surficial layers but with nearly constant profile. The phenomenon may be particularly important for structures on soft soils where piles represent a common foundation solution to avoid a bearing capacity failure and/or excessive settlements. In this case, the
surrounding soil may undergo large shear strains during earthquake shaking beyond the linear
range which makes the accuracy of linear or equivalent linear models at least questionable. In
support to the above, recent findings from centrifuge tests on the seismic behavior of soft
clays under large intensity levels of input motions ([15], [16], [17]) revealed attenuation of
base acceleration as it propagates through the soil due to the inability of the soft clay to
transmit shear stresses close to its limited shear strength. Stiffness degradation with the number of loading cycles has also been observed having a direct impact on the free-field loading
imposed on piles [17]. Such non-linear behavior of soft clays under seismic action and the
associated implication on the selection of a proper constitutive law was examined in [18] for a
very soft marine clay which exists at the subsoil of Maliakos Gulf in central Greece.
The soil conditions at the Maliakos site are adopted in this paper to explore the filtering action of piles by means of a two-step numerical analysis. First, the free field response is derived under prescribed code-compatible motions specified at the base of the soil profile. To
this end, a series of 1D equivalent linear (EL) and non-linear (NL) analyses are performed by
considering S-waves propagating vertically in the soil mass. Second, the average mobilized
stiffness and damping profile computed from soil response analysis is introduced in a finiteelement model of the soil-pile system to derive the amount of filtering induced by a single
pile on the free field motion at the surface of such soft clays. The filtering action is quantified
in terms of spectral acceleration ratios of the pile head motion over the free field surface motion for different values of pile diameter and embedment depth of the pile cap. In this manner,
the importance of non-linear soil behavior on the seismic loading imposed at the base of a
pile-supported structure is investigated for various soil-pile configurations.
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Figure 1: Schematic cross section of the soil profile at the Maliakos Gulf (modified from [18])

2

SUBSOIL CONDITIONS AT THE MALIAKOS GULF

The subsoil profile at the Gulf of Maliakos, central Greece is reported in [18] (Figure 1)
along the line of an immersed tunnel that was designed at that period. Thus, all the geotechnical data presented in the following were retrieved exclusively from the above study. Field
tests performed onshore and offshore including SPT, CPTU and vane tests revealed a surficial
30 m thick layer of a very soft normally consolidated clay with nearly-zero stiffness at ground
surface, increasing proportionally with depth, over sandy clay with larger stiffness. The latter
extends to a depth of 60 m approximately. Field data referring to the undrained shear strength
(su) of the soft clay obtained from onshore and offshore vane tests are shown in Figure 2a. In
the same graph, the theoretical su profile, computed by the well-known formula [19]:
su
 0.11+0.0037  I P  % 
σ v

(1)

where Ip is the plasticity index and σ v is the effective overburden stress, is also plotted. Based
on field data from CPT and crosshole/downhole tests and upon considering the linear dependence of cone tip resistance (qc) with depth (z), Travasarou and Gazetas [18] reported the following relationship for the variation of the low-strain shear wave propagation velocity (Vs0)
with z:

Vs 0  30 z 0.5

(2)

referring to the soft clay layer in the offshore profile. Eq. 2 is plotted in Figure 2b followed by
a linear variation of Vs0 along the underlying stiff clay layer. Soil mass density (ρ) and plasticity index (Ip) were measured at 1.6 t/m3, 30% and at 2.1 t/m3, 15% for the soft and the stiff
clay, respectively.
3

EQUIVALENT LINEAR AND NON-LINEAR ANALYSIS OF SOIL RESPONSE

A series of equivalent linear (EL) and non-linear (NL) analyses of soil response were performed by the code DEEPSOIL [20] based on the available geotechnical data. The soil profile
was discretized according to the highest frequency (fmax = Vs0 / 4H) that a layer of thickness H
and shear wave velocity Vs0 can propagate. For the particular set of analyses, minimum fmax
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Figure 2: (a) Variation of undrained shear strength su along the soft clay layer. Triangles and circles refer to values measured onshore and offshore, respectively, from field vane tests (data digitized from Figure 2 in [18]) (b)
Idealized two-layer profile of the low-strain shear wave propagation velocity (Vs0) reported in [18].

was set at 25 Hz, following the recommendations in [20]. Bedrock was modeled at the level
of -62m as an elastic half-space with Vs = 800 m/sec, conforming to the definition of EC8 for
site class A, ρ = 2.2 t/m3 and damping ratio at 1%. A sensitivity analysis with larger Vs at bedrock revealed a minor influence on soil response close to the ground surface.
3.1

Constitutive laws

For the EL frequency domain case, the degradation of shear modulus (G/G0) and the increase of hysteretic damping (D) of the soil with increasing shear strain (γ) were modeled by
implementing the curves proposed in [21] for cohesive soils with Ip = 30% and 15% for the
soft and stiff clay layer, respectively, while the effective shear strain ratio was set at 0.65. The
low-strain shear modulus ( G0  ρVs20 ) was defined from the Vs0 profile (Figure 2b) and a frequency independent expression [i.e. G* = G(1+2iD)] was adopted for its complex formulation.
However, due to a numerical issue observed in DEEPSOIL when very low values of Vs0 were
introduced, a constant value at 30 m/sec was considered for the first 1 m of the soil profile
which deviates from the theoretical prediction of Eq. 2.
With reference to the NL time domain analyses, the General Quadratic/Hyperbolic (GQ/H)
model [22] that has been recently implemented in DEEPSOIL was adopted to model the
backbone curve of the shear stress-strain relationship. The above formulation is able to capture the actual shear strength of the soil as this is a direct input of the model contrary to the
MKZ model [23] which results in significant overestimation of the shear strength.
In order to define the input shear strength, a su profile was first estimated by combining
field data and predictions of the Skempton formula (Eq.1) which is in close agreement to su =
1.2z proposed in [18]. However, a constant su value at 5 KPa was considered close to the
ground surface which is also examined in [18] as part of a parametric investigation. The resulting su profile was then multiplied by a factor of 1.3 as an approximate manner to model
the dynamic shear strength according to Hashash et al. [26]. The final su profile introduced in
the GQ/H model for the DEEPSOIL NL analysis is also plotted in Figure 2a.
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Figure 3: Fitting process results at the level of -10 m within the soft clay layer using the MRDF formulation of
DEEPSOIL: (a) Modulus reduction (G/G0) – γ (%) and Hysteretic damping D(%) - γ (%) curves and (b) Shear
stress τ – γ curve.

Regarding hysteretic soil behavior during unloading and reloading, the associated stress-strain
loops were defined on the basis of the non-Masing MRDF (Modulus Reduction and Damping
with reduction Factor) formulation proposed in [24] to avoid overestimation of damping at
large shear strains when Masing rules are adhered [25]. In this manner, a very good fit can be
obtained for both modulus reduction and damping curves simultaneously. A typical result of
the above fitting process obtained at the level of -10 m is shown in Figure 3a and 3b for the
G/G0 – γ, D - γ and τ – γ curve, respectively. Note that the abscissa in Figures 3a is in logarithmic scale.
3.2

Input motions

Seven acceleration time histories were specified at the base of soil profile as input motions
to allow consideration of the mean effects on the soil response rather that the maxima, as suggested in EC8. The Type 1 EC8 elastic spectrum was considered as the target spectrum by
setting peak rock acceleration (ag) at 0.24g, corresponding to the seismic zone II where the
Maliakos site belongs, according to the seismic hazard map of the Greek Seismic Code as
adopted in the National Annex of EC8, and site class A of EC8.
The selection of the input motions to define an average code-compatible response spectrum
was performed with the REXEL code [27] on a magnitude (M) – epicentral distance (R) basis.
The range for the above parameters was set at M = 5.5 - 6.5 and R = 0 - 30 km, taking into
account the seismogenic sources around the examined site [28] while the European Strongmotion Database [29] was selected as the search database. Similar M-R characteristics were
Waveform
ID
368
949
642
7142
4674
6326
4675

Station ID

Date

Mw

ST143
ST291
ST225
ST539
ST2486
ST2496
ST2487

7/5/1984
13/12/1990
14/10/1997
1/5/2003
17/6/2000
21/6/2000
17/6/2000

5.9
5.6
5.6
6.3
6.5
6.4
6.5

Fault Mechanism
normal
strike slip
normal
strike slip
strike slip
strike slip
strike slip

PGA
(g)
0.064
0.061
0.063
0.297
0.317
0.116
0.156

EC8 site Scaling
class
factor
A
3.748
A
3.934
A
3.81
A
0.807
A
0.755
A
2.061
A
1.536

Table 1: Earthquake metadata for the suite of the seven input motions obtained from REXEL code.
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Figure 4: Spectrum matching results: 5% damping elastic spectra of the selected input motions scaled to 0.24g
and comparison between the average and the EC8 target spectrum.

adopted in [18]. Spectrum matching was obtained by considering lower and upper tolerance at
10% within a period range of 0.1 sec – 1 sec. Interestingly, however, the particular suite of
motions covers the EC8 requirement for a much wider range of structural periods (0.1 sec – 3
sec). Earthquake metadata of the input motions returned by REXEL based on the above
search criteria are summarized in Table 1. These waveforms refer to scaled records with a
maximum mean scale factor equal to 3. The 5% damping elastic spectra of the selected signals scaled to peak ground acceleration at 0.24g and the compatibility between the average
and the target spectrum are shown in Figure 4.
3.3

Comparison of EL and NL soil response

The comparison of soil response between EL and NL models is shown in Figures 5a and
5b in terms of peak ground acceleration and maximum shear strain profiles, referring to average values between those computed separately for each one of the seven input motions. With
reference to the EL response, a sudden increase of the peak ground acceleration is observed
close to the ground surface in qualitative agreement with analytical investigations reported in
[30] for a similar shear wave velocity profile. However, under NL considerations, ground acceleration is de-amplified as it propagates through the soil due to the low shear strength of the
soft clay which limits the transmission of shear stresses; a behavior which is reminiscent of
the experimental findings in the literature reported above. Maximum shear strain profiles
show a large deviation between EL and NL soil response close to the ground surface, where
the implementation of an EL model may lead to unrealistically high values of mobilized shear
strains. These average maximum shear strains were then employed to derive the mobilized
shear modulus and damping (Figures 5c and 5d) for the assessment of pile filtering effect. For
the NL case, stiffness and damping were assumed to be equal to those corresponding to an
effective shear strain, taken as 0.65 times the maximum strain developed at any depth, in accordance with literature studies on the topic. The large deviation of soil response between EL
and NL analysis is also clearly reflected in the average response spectrum computed at ground
surface for each case (Figure 6).
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Figure 5: Comparison of EL and NL soil response analysis in terms of: (a) PGA profile (b) average maximum
shear strain profile (c) mobilized shear modulus G and (d) mobilized damping D of soil with depth.

Figure 6: Comparison of EL and NL soil response analysis in terms of 5% damping average elastic spectrum
computed at ground surface.

4

PILE-INDUCED FILTERING ACTION: FE ANALYSES

Numerical analyses were conducted using the finite element (FE) code ANSYS [31] to derive the response of the soil-pile system under kinematic action. Details on the numerical
model are available in [32]. The analyses were carried out in the frequency domain with soil
possessing the average mobilized stiffness and damping profile computed from EL and NL
soil response analyses, respectively. The numerical analyses were performed to derive the interaction factor Iu for two values of the pile cap embedment depth, D (1 and 3 m) and three
pile diameters, d (0.6, 1 and 1.5 m). Iu was then multiplied by the free field response at ground
surface to obtain pile’s transient response. Pile length was set large enough to allow for an
‘infinitely long’ behavior.
4.1

Harmonic response

Figure 7 shows the horizontal kinematic interaction factor, Iu (= ap/as), obtained from FE
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Figure 7. Amplitude of pile-to-soil acceleration ratio against frequency for different values of embedment of
pile cap and pile diameters.

Figure 8 Spectral acceleration ratios against structural period for different values of embedment of pile cap
and pile diameters.

analyses. The following aspects are noteworthy:
(a) the NL soil model provides higher Iu (i.e. lower filtering) at frequencies below 1 Hz,
but stronger filtering at higher frequencies with respect to the EL case;
(b) increasing pile cap embedment and pile diameter leads to lower Iu (i.e. stronger filtering)
at all frequencies.
4.2

Transient response

Acceleration spectral ratios between pile head and free field surface motion were obtained
from analysis results of the FE model under seismic excitation. Upon deriving the transient
response at the pile head and the free field surface, the corresponding acceleration response
spectra were computed for each one of the selected earthquake motions. Then, mean spectral
acceleration ratios ξ were defined as the average response spectrum of the pile head motion
(Sa,p,av) over the average response spectrum of the free field motion (Sa,s,av). The spectral ratios
shown in Figure 8, elucidate the filtering action as affected pile cap embedment and pile
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diameter. It is observed that:
(a) Consistently with the harmonic response, the NL analysis provides stronger filtering
for structures with fundamental period below 1 s, while for higher structural periods
the opposite trend is observed;
(b) the pile-induced filtering effect is more pronounced for large diameter piles and for
larger embedment depths of the pile cap;
(c) even relatively small-diameter piles may mobilize strong filtering effects in such a soft
soil.
5

CONCLUSIONS

Pile-induced filtering action in soft clay was explored by considering a single pile embedded in the subsoil of the Maliakos Gulf in central Greece. Sufficient information about soil
properties was available from an earlier study reported in the literature. 1D soil response analysis was performed with the DEEPSOIL code by employing both equivalent linear (EL) and
non-linear (NL) laws to model soil behavior. The average mobilized stiffness and damping
profile, corresponding to an effective shear strain, was introduced in a Finite-Element EL
model of the soil-pile system in order to derive numerically the amount of filtering induced by
the pile on the free field motion at ground surface. The main conclusions of the study are
summarized in the following points:
- for soft clays with rather low shear strength close to ground surface, the equivalent linear analysis may lead to quite erroneous results. In particular, for the case under investigation, the EL-based mobilized stiffness of soil was quite lower than the values
obtained from the NL analysis. On the other hand, acceleration at surface was sensibly
higher for the EL soil model with respect to the NL model. Therefore, the EL assumption is conservative for ground response analysis, but may not be conservative for the
interaction problem;
- pile-to-soil acceleration ratio is lower for EL analyses (stronger filtering) as compared
to the NL case, below 1 Hz. The opposite is true for higher frequencies. Consistently,
structures having fundamental period lower than 1 s experience stronger filtering assuming non-linear behavior of soil. Even long-period structures are subjected to relevant filtering, yet this is overestimated by the EL assumption;
- filtering effect increases moderately with increasing pile diameter and cap embedment
depth, given that soil accelerations close to surface decrease with depth. However, even
relatively small-diameter piles are able to provide consistent filtering in soft soil.
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Abstract
This paper describes the development of a distributed computing platform that supports general-purpose quasi-static structural testing, including conventional hybrid simulation. It depicts the design of this platform, including the assignment of the responsibilities of the
participating software components, the communication protocols by which the software components communicate across the networks. In this study, the finite element analysis program
“Platform of Inelastic Structural Analysis for 3D systems” (PISA3D) was chosen as the analysis kernel. The required programming augmentation of PISA3D to support geographically
distributed hybrid simulation in a general-purpose manner is given. Using the proposed platform, a series of conventional hybrid tests was conducted on a specimen of steel panel damper (SPD) by employing a multi-axial testing system. The prototype building is a threedimensional six-story moment resisting frame with four SPDs incorporated in each story as
the main seismic resisting system. During the tests an online model updating (OMU) technique was employed to dynamically update the material properties of other relevant numerical SPD elements to enhance the fidelity of the structural model. Test results proved the
validity and the high flexibility of the proposed platform.
Keywords: Hybrid Simulation, Model Updating, Steel Panel Damper, Experiment, Multiaxial, Distributed.
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1

INTRODUCTION

Experiments remain indispensable in the development and accumulation of the knowledge
in the field of structural and earthquake engineering. Due to its relatively low demand on the
capacities of testing equipment and its feasibility of performing tests on full-scale specimens
or even structures, the quasi-static testing method has been widely adopted to investigate the
mechanical behaviors of structural components or the seismic responses of structures, in cases
where the specimen responses can be properly estimated without considering the strain rate
effect. Figure 1 illustrates the definition of an execution step in the quasi-static testing method.
A quasi-static test consists of a serious of execution steps. In an execution step, after the actuation system imposes the target command level, with certain ramping rate, on the specimen,
the actuation system pauses for a certain amount of time during which the data acquisition
(DAQ) system can synchronously measure the specimen responses. Only the testing sequential logic, not the real time consumed, is considered important in the test. As a result, the quasi-static testing method allows maximum flexibility for the test. Furthermore, if required, such
as in the cases where the specimen exhibits unexpected behaviors, testing parameters including the command profile, and settings of the control and the measurement, can be dynamically
changed during the test.
actuation command
an execution step

target level
start level
(1)

(2)
real time

(1) actuation ramping
(2) actuation pausing for DAQ working

Figure 1: Illustration of the definition of an execution step in a quasi-static structural testing.

Hybrid simulation (HS), the previously widely known as the “pseudo-dynamic testing”, is
a powerful testing method to investigate the dynamic time-history response of a certain structural system subjected to a certain external excitation. It was firstly developed at around 1970
and since then has been widely adopted as a useful tool to investigate the dynamic response
time history of a certain structural system subjected to a certain excitation [1, 2]. It is a simulation that integrates both the numerical analysis and a structural experiment. In HS, the elements in the structural model under consideration are attributed as members in one of the
following two substructures: numerical substructure (NS) and physical substructure (PS). NS
consists of elements that are well understood and the behavior of which can be accurately estimated numerically. On the contrary, PS consists those elements whose behavior are not well
understood and can only be observed by imposing deformation on the corresponding real
specimens in real structural experiments. Figure 2 illustrates the concept of HS. The structural
dynamic response history is obtained by solving the motion equation with a step-by-step numerical integration algorithm. During the procedure of solving the dynamic problem, the restoring force of the NS and PS are respectively calculated by using the predefined element
and material models, and measured directly from the specimens after the actuation system
imposes the PS element deformation specified by the integration algorithm. However, as men-
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tioned above, although HS provides an effective method to study the dynamic response of a
certain structural system subjected to certain excitation, its application was limited due to the
fact that it requires much more complicated software programs. In early years researchers
tried to wrote a program that integrates in one program all the required functionalities, including the solving of the structural dynamics, the control of testing apparatus, and the involved
mathematical transformation between the structural coordinates and the actuation coordinates.
Unfortunately, this manner of implementation frequently led to hard-coding computer programs, which exhibited extremely low reusability. OpenFresco [3] addressed this issue by introducing an abstract class “ExperimentalSetup” in its software framework. This design
contributes in reducing but not eliminating the chance to write new codes for new actuator
configuration. This study develops and proposes a general-purpose parallel computing platform that can support complicated structural testing in a uniform manner.

numerical

hybrid = numerical + experimental
d J - dI
J

I

K
dK - dJ
numerically evaluated
experimentally evaluated
element nodal displacement
element restoring force

Figure 2: Conceptual illustration of hybrid simulation.

2

A SOFTWARE FRAMEWORK FOR QUASI-STATIC STRUCTURAL TESTING

An object-oriented C++ based software framework for quasi-static structural testing
(SFQSST) was developed in National Center for Research on Earthquake Engineering
(NCEEE), Taiwan. It utilized various design patterns to address many issues frequently encountered in quasi-static testing. It can be used to build control programs that provide maximum degree of flexibility much desired by researchers when planning and executing quasistatic structural tests. Several key designs are described as follows. More details about
SFQSST can be found in [4].
2.1

Dynamically definable tasks in an execution step

A “task” refers to a certain work item that needs to be performed in an execution step, such
as calculating the target command levels for this execution step, controlling the actuation system to impose the target command level on the specimen, performing DAQ, calculating the
values of virtual signals if there are any, saving the specimen responses to a disk file, uploading the specimen responses to a database on the Internet, … etc. The tasks to be included, and
the sequence by which theses tasks are arranged in an execution step, vary from one specific
test to another. In fact, in certain situations it even requires to dynamically modify the constituting tasks (to insert new tasks, to delete or to change the settings of currently included tasks,
to change the executing order) that are already defined for previous execution steps during the
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course of a test. SFQSST supports the desired flexibility by defining the tasks frequently required in quasi-static tests as software objects of various “Machine” types. As shown in Figure 3, by employing the composite design pattern [5], SFQSST allows the users to freely
specify the contents of execution steps by defining the component Machine objects in a composite Machine object, before or during the tests. This design also allows to seamlessly integrate different testing equipment (actuation control system, DAQ systems, camera sets… etc.)
from different vendors, without being bothered using common hardware interface between
these testing machines, which often does not readily exist in typical structural laboratories.
Trigger

Machine
componentMachine

CommandGenerator

SequentialComposite

SoftwareCalculator1
ActuatorController
DAQ
DatabaseUploader
SoftwareCalculator2
…etc.

Figure 3: Application of the composite design pattern employed on the Machine-classes in SFQSST.

2.2

The mechanism of data sharing between different tasks

For each of the Machine objects described above to work properly, it is inevitable to implement a mechanism that allows all the Machine objects defined in a test to share output values generated by other Machine objects. For example, in each execution step of HS the
actuation system (labeled as ActuatorController in Figure 3) requires the nodal displacement
values of the specimen generated by a time-history analysis procedure (labeled as CommandGenerator in Figure 3). Similarly, the time-history analysis procedure requires the specimen restoring force measured by the actuation system. SFQSST supports encapsulating
output values by software objects of various derived Variable classes. These Variable objects
are designed to be globally accessible. As a result, when defining a specific Machine object,
the user can specify the output values generated by other Machine objects as the input values
for the Machine object currently being defined. The concept is illustrated below in Figure 4
and the illustrative example shown in Figure 5 (explained in the next section). This design
significantly increases the reusability of the framework by maximally eliminating the degree
of interdependence between different tasks and software modules in tests.
read

Machine1

write

read

Variable1

Variable2

Variable3

……

write
write

Machine2

read

Figure 4: Illustration of the mechanism of data sharing among different concrete Machine objects in SFQSST.
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2.3

User-definable relationships for test-specific details

One of the biggest variations frequently encountered in quasi-static tests comes from test
configurations that changes from one test to another. The difference between the two coordinate systems, the structural coordinates and the actuation system coordinates, as illustrated in
Figure 2, serves as a good example of the variation mentioned here. The transformation of
displacement and force between these two coordinate systems depends on the detailed definition of those related physical quantities defined in the structural dynamic analysis program,
and the geometrics of the adopted actuator installation configuration. To avoid implementing
such highly varying test details by directly hard-coding the transformation in the test control
software, SFQSST supports a software entity “SimpleCalculator” to address this issue. A
SimpleCalculator allows the users to create virtual signals by using the measured values of
real signals and the calculated values of other previously created virtual signals. For example,
considering the illustrative example shown in Figure 5, the user can use a SimpleCalculator
object (labeled as Cal1) to create the command values for actuator control (labeled as ActCtrl),
and similarly uses another SimpleCalculator object (labeled as Cal2) to create the values of
the specimen restoring force for the structural dynamic time-history analysis procedure (labeled as Analysis). Each of the six created virtual signals (cmd1, cmd2, cmd3, rx, ry, and rz)
is associated with a globally accessible Variable object. Figure 5 also shows the corresponding CompositeMachine object that defines these tasks in an execution step for this HS example. This design isolates the highly varying test-specific details out of the test control program
and hence significantly enhances reusability. In addition to the SimpleCalculator, SFQSST
also supports a similar software entity “DLLCalculator,” which allows the users to define virtual signals by supplying dynamic link libraries built by using external C/C++ compilers/linkers.
The definitions of virtual signals are part of
the program input (user-supplied text), not
pseudo-codes in the computer program.

response
(experimental)

uy

qz

Act1

L

Analysis

L

Cal1
Act3

cmd1 = ux
cmd2 = uy – L  qz
cmd3 = uy + L  qz

ActCtrl
Cal2

Cal2
Analysis inputs:
Analysis rx = Cal2 rx
Analysis ry = Cal2 ry
Analysis rz = Cal2 rz

CompositeMachine

Cal1
Act2

command
(structural)

ux

Execution step
contents

ActCtrl inputs:
Act1 dispCmd = Cal1 cmd1
Act2 dispCmd = Cal1 cmd2
Act3 dispCmd = Cal1 cmd3

rx = Act1 force
ry = Act2 force + Act3 force
rz = (-Act2 force + Act3 force)  L

… (others)

Figure 5: An illustrative example of using SimpleCalculator objects to define test-specific details.

3

SUPPORT OF PARALLEL COMPUTING

The concept of using Internet to link geographically distributed structural laboratories together to jointly conduct HS undoubtedly helps elevating the simulation quality since more
PSs can be included in the structural model under consideration [6]. Moreover, this concept
readily shares one of the major benefits of parallel computing: utilizing available computing
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power for a more efficient solutions. That is, even if there is only one specimen to be tested,
the functionalities of the original test control program can still be distributed in a number of
different control programs running on different computers in the same laboratory. Finally, this
software architecture also allows all the participating programs to evolve independently, as
long as they continue to support the application protocol designed for them to communicate
with each other. In this sense, the application protocol conceptually serves as the software
glue such that computer programs with different functionalities can be easily integrated to
form solutions for larger-scale problems.
3.1

The application protocol: remote experimental control and data exchange

An application protocol, remote experimental control and data exchange (Recdex), was
proposed as the standard communication protocol to be used in SFQSST. It utilizes TCP/IP
connections to link one Recdex-client program and a number of Recdex-server programs in a
star topology to form the solution for quasi-static structural testing. A Recdex-server program
provides certain service for testing. Conceptually, any service that can be provided by using a
subclasse of Machine in SFQSST can be provided by a Recdex-server program. The idea is
illustrated in Figure 6.
Recdex server #1

Recdex server #2

(finite element analysis)

(actuator controller)

Recdex server #3

the Recdex client

Recdex server #5

(DAQ#1)

(the coordinator)

(image processing)

Recdex server #4

A

B

Program A requests service from program B.

B

A

Program B provides service to program A.

(DAQ#2)

Figure 6: The roles, responsibilities, and the network topology of Recdex programs.

To provide a certain service provided by a Machine object to a remote Recdex-client program, a class “RecdexServer” was developed and added in SFQSST. It associates to a Machine object specified by the user. It takes the responsibility to maintain the TCP/IP
connection and communication with the client program on the Internet. A class “RecdexClient” was also developed and added in SFQSST. It is a subclass of the abstract Machine and
behaves as a Machine object in SFQSST. It takes the responsibility to maintain the TCP/IP
connection and communication with a remote Recdex-server program. Conceptually it is the
agent of the remote service since when requested to do its task, it makes a corresponding request to the remote server and submits the corresponding feedback returned by the Recdexserver program as its response to the SFQSST framework. The idea is shown in Figure 7.
More details about the features of Recdex have been documented [7]. A Recdex-client program can requests many Recdex-server programs for different services with many RecdexClient objects, forming the start network topology illustrated in Figure 6. It should be noted that
a computer program can simultaneously assume the roles of a client and a server, depending
on the hardware/software configuration and the test requirements.
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a Recdex server program

RecdexServer

Internet

provide
service

request
service

Trigger

RecdexClient

Machine

a Recdex client program

Figure 7: Communication between different computer programs using the proposed application protocol Recdex.

3.2

Support of network communication support for a finite element analysis program

In HS a dynamic time-history analysis is required to solve the complete structural response.
In each integration time step, all the elements in the NSs are responsible to calculate their element restoring force corresponding to the current nodal displacement specified by the integration algorithm. For PSs, their element restoring forces have to be measured from the
specimens tested in real laboratories. In this study, the “Platform of Inelastic Structural Analysis for 3D Systems” (PISA3D) [8] developed at NCREE was selected as the analysis program. It is a finite element analysis program written by C++. In order to support HS along
with SFQSST, two new C++ classes, “RecdexServerTHA” and “RecdexElement”, were developed and added into PISA3D. As shown in Figure 8, RecdexServerTHA takes the responsibility of maintaining the TCP/IP connections and communicating with the remote Recdexclient programs. After the connection to the PISA3D has been established, a remote Recdexclient program issues a Recdex service request with specimen restoring force corresponding
to the current step as the request parameters. After PISA3D receives the request, it finishes its
analytical work for this integration time step, advances to the next integration time step, calculates the nodal displacement corresponding to that step, and finally responds to the Recdex
request with the newly calculated nodal displacements.
PISA3D

Recdex request parameters:
1. element resisting force
2. auxiliary input variables

RecdexServerTHA
RecdexElement1

Internet

RecdexElement2
RecdexElement3
RecdexElement4

Recdex response values:
1. element nodal displacement
2. auxiliary output variables

Figure 8: Extensions introduced in PISA3D to support parallel computing.

RecdexElement is a derived class of the native PISA3D class “Element” and behaves as an
element in PISA3D. It models a specimen and its main responsibility is to return the specimen
restoring force when asked to. It does not restrict the shape and the number of nodes of the
specimen it models. Depending on the quantity of the PSs, multiple RecdexElement objects
can be used in the structural model. In addition, multiple RecdexServerTHA objects can also
be created in one instance of PISA3D. This means that it allows this instance of PISA3D to
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provide services to more than one remote Recdex-client programs. This translates to SFQSST
fully supports large-scale and complex testing scenarios such as the cases in which more than
one PSs are to be tested in more than one geographically distributed laboratories for a single
HS test.
4
4.1

HYBRID SIMULATION ON A STEEL PANEL DAMPER SUBSTRUCTURE
Introduction of the hybrid simulation

To demonstrate the feasibility of the proposed software platform, a series of HS tests were
conducted on a steel panel damper (SPD) substructure. Figure 9 shows the SPD specimen and
the complete structural model investigated in this series of HS tests. The investigated structure,
labeled as SPD-MRF in this paper, is a three-dimensional six-story moment resisting frame
with four SPDs installed at each floor as the main seismic resisting system. The SPD-MRF is
subjected to ground excitation of two perpendicular directions. As a consequence of that, theoretically the SPDs would be subjected to three-dimensional deformation resulting from three
translational and three rotational nodal displacements at both its top and bottom nodes. Since
the SPD-MRF is symmetric about the two horizontal principle axes, it does not rotate about
the vertical axis. This indicates that the four SPDs on each floor would have same deformation time history. PISA3D was used as the analysis kernel. The total number of degree-offreedom (DOF) of the SPD-MRF is 1334. The fundamental periods are 1.30 and 1.26 seconds
in the longitudinal and transverse directions, respectively. The full-scale SPD specimen measuring 2600 mm height and 900 mm width, was tested by NCREE’s multi-axial testing system
(MATS), which is capable to apply six-DOF displacements or three-DOF translational force
upon the specimen. The time-stepping integration method adopted is average acceleration
method, the Newmark method with  = 1/4, with the 0.01-second integration time step. More
details about the SPD-MRF and the SPD specimen can be found at [9].
There are totally 24 SPDs installed in the SPD-MRF. The 12 SPDs installed at the 4th, 5th,
and 6th floors were purely numerically simulated since good numerical material models had
been constructed for them based on results of previously conducted cyclic tests on other SPD
specimens of same material and similar sizes. For the four SPDs installed on the 3rd floor,
since theoretically they would have identical deformation history during the earthquake excitation as explained above, only one SPD specimen was manufactured and tested. However, in
the PISA3D model, totally four RecdexElement objects were still used to model them with
the specimen’s measured restoring force assigned to them. For the eight SPDs installed on the
1st and 2nd floor, they were modeled numerically using the native PISA3D element and materials. However, since their sizes more resemble that of the SPDs installed on the 3rd floor, an
online model updating (OMU) technique was developed and applied in this series of HS tests
to dynamically modify their material parameters based on the experimentally obtained behavior of the SPD specimen. More details about the implementation of the OMU technique have
been documented [9].
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Figure 9: The SPD specimen and the complete PISA3D model investigated in the hybrid simulation.

4.2

The hardware and software configuration for the hybrid simulation

Figure 10 shows the testing facilities utilized for this series of HS tests. MATS was controlled by the controller “469D.” High-resolution digital displacement transducers were
mounted on the SPD specimen to measure the actually achieved displacement of the top and
bottom nodes of the SPD specimen on a real-time basis. The achieved displacement was used
by an additional control algorithm that aimed to improve the control accuracy of the 469D
controller. An additional controller “FT40” was used for this purpose. Based on the achieved
SPD deformation, it calculated the compensated displacement command and transmitted it to
the 469D via the Shared Common Random Access Memory Network (SCRAMNet), on a real-time basis (1024 Hz). Then the 469D could control the MATS motion using the received
values as its displacement command. THS1100 is a DAQ system that measures the other
specimen responses such as strain values at various locations on the SPD.
“FlexControl” is a test control program built using SFQSST. One instance of FlexControl
assumed the role of the coordinator, while another instance of the same program controlled
the THS1100 and assumed the role of a Recdex-server program. PISA3D was employed as
another Recdex-server program for this series of HS tests. Except for the part of OMU technique, all the testing parameters were defined using the information supplied by the end user
via the participating programs’ user interface or input files, without any hard-coded codes in
any participating program.
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external sensors

SCRAMNet

THS1100
FlexControl
(Recdex server)

FT40
TCP/IP

469D

TCP/IP
coordinator program
FT40 Host PC
(FlexControl)

469D Host PC

PISA3D
(Recdex server)

(Recdex client)

Figure 10: The testing facilities and related computer programs for the hybrid simulation.

4.3

The test results

Figure 11 shows the typical results of the HS. It can be seen that the experimentally obtained roof drift ratio matches reasonably well with that obtained from previously conducted
pure numerical analysis. The experimental and numerical hysteretic behaviors also agree with
each other reasonably. All the stiffness, yield drift ratio, and the ultimate strength are very
close to the estimated values. The test results proved the validity of the proposed software
platform.

Figure 11: The hybrid simulation test results (DBE + MCE)

5

CONCLUSIONS
 A C++ software framework SFQSST was developed and presented. It can be used to
build general-purpose control programs for quasi-static structural tests. SFQSST provides
high flexibility such that when preparing and executing intricate quasi-static tests there
will be no need to hard-code any test-specific details.
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 An application Recdex and its associated C++ software entities were developed and added into SFQSST, making SFQSST retain its flexibility in the context of networked collaborative testing.
 Augmentations were made to make PISA3D able to support SFQSST for HS. The augmentations were designed and implemented such that when using PISA3D to perform HS
all the required information can be imported via user input, instead of hard-coding
PISA3D for specific details of the structural model or the test configuration.
 A series of HS tests were conducted on a SPD-MRF. Test results proved the validity and
the high flexibility of the proposed platform.
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Abstract
This paper deals with a review of recent results on the design and employment of layered
structures formed by pentamode lattices and confinement plates as novel seismic isolators.
The examined structures are equipped with different unit cells and show both hinged and rigid connections. The review of analytic and numerical results concerned with the mechanical
properties of such structures leads to draw conclusions on the high potential of pentamode
bearings in the field of seismic engineering.

Keywords: Pentamode, Lattice Materials, Seismic Isolation, 3d Printing.
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INTRODUCTION
Pentamode lattices are 3d lattice structures with elementary unit cell formed by four struts
meeting at a point, which are able to exhibit five soft deformation modes and only one stiff
mode [1], [2], [3]. The 2d version of such structures is formed by bi-mode metamaterials [4],
such as, e.g., honeycomb lattices [3]. Pentamode structures are intensively being studied in
different areas of mechanics and physics, due to their capacity of behaving as mechanical
metamaterials exhibiting frequency bandgaps for shear waves, and/or elasto-mechanical
cloaking [5], [6], [7], [8].
A novel feature of layered structures formed by pentamode lattices and stiffening plates, hereafter referred to as “pentamode bearings” (PMBs), has been recently recognized in the literature, through the discovery that such systems exhibit a three-mode response characterized by
stiff response against vertical compression and bending modes, and soft response in shear and
torsion [9], [10], [11], [12], [13], [14]. It is known that unconfined pentamode lattices exhibit
(theoretically) zero stiffness against compression loads in the stretch-dominated limit [2], [3].
The research presented in [11], [12], [14], [15], has revealed that PMBs can instead exhibit
high stiffness against compression loading, due to the lateral confinement effect played by the
stiffening plates. At the same time, such systems exhibit low (or theoretically zero) stiffness
against shear and torsion loads. This kind of response is similar to that exhibited by elastomeric bearings commonly employed as structural supports of buildings and bridge structures
[16], and suggests the use of layered pentamode structures as novel seismic isolation devices
[10], [13].
A convenient way of mitigating and potentially eliminate structural and non-structural damages induced by seismic events on buildings and infrastructures is offered by the seismic isolation technique, which essentially consists of increasing the vibration periods of a structural
assembly through the insert of a deformable layer obtained, for instance, by the application of
isolation devices at the foundation level. This techniques results in the increase of the fundamental structural period to ranges associated to dramatically reduced spectral accelerations
[17], [18]. Often isolators provides, as part of their performance, a significant energy dissipation capacity otherwise obtained through the use of ad hoc additional devices which are aimed
at reducing the amplitude of the lateral displacements of the isolated structure [17].
The capacity to support gravity loads (and so the bearing characteristics) is stressed in the European Standard EN 15129 [19] where a seismic isolator is defined as: “device possessing the
characteristics needed for seismic isolation, namely, the ability to support a gravity load of
superstructure, and the ability to accommodate lateral displacements”. Nowadays, two are
the most commonly used families of seismic isolators. The first one comprise the elastomeric
bearings, a category of structural devices with different energy dissipation capacity ranging
from low to high damping and very high dissipation capacity obtained with the lead-rubber
bearings [16], [17], [18]. All the elastomeric bearings are formed by alternating steel plates
(shims) and layers of rubber (natural or synthetic) in order to provide bearing capacity and
stability while allowing shear deformations. Top and bottom steel plates are also provided for
connection to the existing structure. Lead-rubber bearings add to the previous configuration
one or more lead-plugs, characterized by high elasto-plastic dissipation capacity, and inserted
perpendicularly to the metal shims. Detailed experimental data about the performance of elastomeric bearings can be found in [20].
The second most common category of seismic isolators is that of friction-based devices, in
which articulated sliders are allowed to move on spherical stainless steel surfaces. The interface of the moving components is obtained with proprietary low friction materials and stain-
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less steel. The mechanism of energy dissipation is obtained through the frictional features of
the interfaces activated during the motion [21][22]. The large popularity achieved in the last
decade by these devices is due to the very low profile (suitable for retrofit interventions), the
small footprint for large displacement capacity and the controlled frequency of the motion
function of the surface curvature (pendulum effect). For structural configurations in need of
supplemental energy dissipation feasible devices are, e.g., viscous dampers, yielding-based
dissipation elements, friction dampers as well as different smart devices employing, e.g., the
super-elastic response and the re-centering capacity of shape memory alloys [17],[18],
[23],[24]. It must be noted that the above seismic isolator families lack the capacity to sustain
a moderate/severe tensile state due to vertical loads. The elastomeric devices in fact, while
capable to resist a limited amount of tensile force, rapidly experience delamination and failure.
The friction based devices instead can be treated as articulated assembly with zero tensile capacity. When this scenario is realistic, like due to overturning behavior of the structure, restraining additional devices could be required. For critical structures, like power plants,
solutions of devices with isolation capabilities in both horizontal and vertical directions are
still under development. The literature results reviewed by the present study highlight that
PMBs can be designed to behave as tension-capable and performance-based isolation devices,
whose properties mainly depend on the geometry of the members forming the unit cell of the
lattice, the nature of the connections joining the strut one another, and the struts and the stiffening plates, as well as the mechanical properties and sizes of the component materials [9],
[10], [12], [13]. The response of such devices can be easily adjusted to that of the structure to
be protected, and their fabrication does not necessarily require heavy industry, and expensive
materials, being possible with ordinary 3-D printers.
LAYERED PENTAMODE STRUCTURES
The present study is focused on layered structures formed by alternating layers of pentamode lattices, which may exhibit different geometries and numbers of unit cells, and stiffening plates. A first set of structures that we examine hereafter are the so-called fcc lattices,
which obtained by tessellating the 3d space with the usual, face-centered-cubic (fcc) pentamode unit cell (see Figure 1 (a)). A second set of structures is instead obtained by tessellating in the horizontal plane the subset of the fcc unit cell shown in Figure 1 (b), which we
name sfcc unit cell (sfcc lattices).
For what concerns the connections between the struts and the joints between the struts and
the stiffening plates, we examine two different cases: a first case in which all the joints are
hinged/pinned and are made, e.g, of the hollow ball joints commonly used in structural space
grids [24] (Figure 1); and a second case in which all the connections forming the structure are
rigid/moment resisting (Figure 2). In the first case, we assume that the struts have uniform
cross-section (Figure 1), while in the second case we account for rods that have a bi-conical
profile, whose radius progressively shrinks when passing from the mid-span to the joints, so
that we can be able to analyze different values of the bending rigidity of the nodes [25], [3]
(Figure 2).
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(a)

(b)

(c)

(c)

(d)
Figure 1 - (a) fcc unit cell formed by rods with uniform cross-section; (b) sfcc unit cell; (c) layered
structure equipped with hinged connections; (c) infinitesimal mechanism of the unit cell under torsion; (d) physical model including supplementary vertical rods (cf. Sect.3).
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(a)

(b)

(c)
Figure 2 - (a) fcc unit cell formed by bi-conical rods with variable cross-section; (b) fcc
layered structure featuring rigid connections; (c) 3d printed samples (cf. Sect. 4).

Referring to Figure 1 and Figure 2, the following makes use of the symbol to denote the
lattice constant (characteristic size of the unit cell); the symbols
,
to denote the edge
lengths of the stiffening plates, and the symbols
and to denote the number of unit
cells placed along the
and axes of a Cartesian frame aligned with the edges of the unit
cell ( axis placed along the vertical direction). The thickness of the generic layer is denoted
by ; the total thickness of the pentamode layers is denoted by
; and the total
height of the laminated structure (including the stiffening plates) is denoted by [26].
PURE STRETCHING REGIME
We begin by examining the sfcc layered structures illustrated in Figure 1, letting denote
the cross-section area of the rods, and letting
denote the Young modulus of the material
forming the rods. The results presented in the current section assume that the stiffening layers
respond as rigid plates, and the pentamode layers respond in the pure stretching regime induced by the presence of hinged connections in correspondence of all the joints of the structure.
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The analytic study presented in Ref. [9] has obtained analytic formulae for the vertical
stiffness Kv and bending stiffness Kφ coefficient of a laminated sfcc structure formed by an
arbitrary number of layers. Such formulae read as follows

(1)

where
and
are the vertical stiffness and the bending stiffness (about either the
or
the
axis) of the generic layer. The latter are given by denoting the solid volume fraction

(2)

of the unit cell. The effective compression modulus of the layered structure is given by
(3)
The shear and twisting stiffness coefficients (as well as the effective shear modulus Gc) are
instead equal to zero in the pure stretching regime under examination.
It is interesting to note that, while the compression modulus of an unconfined pentamode
lattice is zero in the stretch-dominated limit [3], Eqn. (3) reveals that the effective compression modulus of a confined sfcc structure is equal to
of the Young modulus of the stiffest
isotropic elastic networks analyzed in Ref. [25]. The same equations also shows that
increases with the rods’ cross-section area , and decreases with the lattice constant , being a
linear function of the solid volume fraction .
The compression modulus
of an elastomeric layer confined between stiffening plates,
which is employed in rubber bearings, is ruled by a shape factor defined as the ratio between
the load area and the force-free (lateral) area [16], [18], [20], [27]. Such a quantity is hence
directly proportional to a characteristic dimension of the load area, and inversely proportional
to the rubber pad thickness (see, e.g., [18]). Eqn. (3) points out that the compression modulus of a sfcc PMB is inversely proportional to the lattice thickness (
, cf. Figure 1b). One
notes that the role played by the characteristic transverse dimension of the rubber pads in rubber bearings is replaced by the cross-section area of the rods in a PMB.
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It is now instructive to examine the special case of a square system such that it results
, and one can write
(4)
. The theory presented in Ref. [9] leads to the following results in the case
with
under examination
(5)
(6)
Eqns. (5) and (6) reveal that
and exhibit linear scaling laws with the number of unit
cells in the x-y plane and the number of layers.
The study presented in [28] has been oriented to apply the analytic results presented in Ref.
of a commercial rubber
[9] to the design of sfcc PMBs featuring the same vertical stiffness
bearing having diameter
m and height
m, which is composed of 29 rubber layers of
mm each, and 28 steel plates (or steel shims) of
mm each, two terminal rubber layers
of
mm each and covers (isolator Type E [RB-800] produced by Dynamic Isolation Systems, Inc, McCarran, NV, USA).
The use of Eqns.
(2), (4) and (5) leads us to obtain for a square PMB the following expression of the vertical
stiffness coefficient
(7)
On the other hand, by letting
denote the yielding stress of the material composing the bars
and letting a safety factor, the limit design approach presented in [28][29] leads us to write
(8)
where is the vertical displacement applied to the PMB. Using Eqn. (8) in association with
Eqn. (7), we obtain the following design formulae for
and

(9)

Let us now employ steel bars grade S335JH, with Young modulus
GPa and
yield strength
MPa, and let us assume
mm,
mm, and
.
Let us also assume
kN/mm, as it results in the commercial rubber bearing under
consideration [28]. Table 1 and Figure 3 illustrate different PMBs designed according to
Eqns. (9), which exhibit different numbers of layers . It is seen that the bilayer pentamode
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bearing of design (c) exhibits horizontal and vertical dimensions rather similar to those of the
commercial bearing under examination.

(a)

(b)

(c)

(d)

Figure 3 - Pentamode bearings (a, b, c) featuring equal vertical stiffness and load-carrying capacity of a commercial rubber-bearing (d).

(a)
(b)
(c)

3
4
2

2
3
2

[mm]

[mm]

300
200
300

450
400
300

Table 1 - Geometrical properties of PMBs replicating a commercial rubber bearing

A study presented in Ref. [30] extended the above study in order design a PMB entirely
made of steel (for both for the stiffening plates and the pentamode lattices), which shows vertical and lateral stiffness coefficients approximatively equal to that of the commercial seismic
isolator under consideration. It is worth noting that the nonzero tensile strength of the rods
forming the pentamode lattices makes PMBs tension-capable.
One relevant limitation of hinged PMBs is that they behave as finite mechanisms in the
large displacement regime and that such mechanisms lead the top-base to progressively collapse on the bottom base [26]. This kind of response is not desired in base isolation systems,
since it may lead the isolated structure to be affected by loss of stability, especially in the case
of tall buildings. A way to circumvent such an issue is to equip PMBs with rigid or semi-rigid
connections [26]. The following sections of this paper examine the bending-dominated response of layered pentamode structures equipped with rigid.
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BENDING-DOMINATED REGIME
The bending dominated regime of PMBs equipped with rigid connections has been studied
in a series of studies, which have examined the experimental response of additively manufactured reduced-scale samples made of a titanium alloy [26], and the simulated response of numerical models of PMBs for varying aspect rations and lamination schemes [11][12]. The
PMBs examined hereafter have the geometry illustrated in Figure 2 and are composed of rods
featuring a tapered, bi-conical shape with large diameter D at the mid-span and small diameter
d at the extremities [26],[30].
A finite element approach to the optimal design by computation of PMBs has been presented in Ref. [26], with reference to the bending dominated regime of systems equipped with
rigid (moment-resisting) connections, considering varying microscopic and macroscopic aspect ratios. The parametric study presented in [26] considers multilayer fcc systems featuring
lattice constant a = 30 mm, 2x2 unit cells in the horizontal plane, and Ti6Al4V bi-conical
struts with diameter at the mid-span D = 2.72 mm, as in the 3d-printed samples examined in
the previous sections. The optimal values of the microscopic and macroscopic aspect ratios
and the number of layers are obtained by maximizing the E eff Geff ratio. It is worth observing
that the macroscopic aspect ratio H/a coincides with the number of layers forming the PMB,
since we it is assumed nz = 1 in each layer. The effective values of the compression and shear
moduli of PMBs are hereafter denoted EPM and GPM, respectively, and are compared to the
analogous moduli Eo and Go of a rubber material (Eo ≅4.00 MPa; Go ≅1.00 MPa). The employed finite element model of the generic unit forming the systems analyzed in in Ref. [26] is
illustrated in Figure 4. Such a model has been realized through COMSOL Multiphysics® and
is composed of tetrahedral solid elements for both the rods of the pentamode lattices and the
stiffening plates (minimum features ranging in between 7% and 20% of the junction size d).

Figure 4 - Solid finite element model of a confined fcc unit.
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The variation of the effective moduli of finite element models of PMBs with microscopic
and macroscopic aspect ratios is illustrated in Figure 5. One observes from the results in Figure 5 that the largest EPM/E0 and GPM/G0 ratios are reached in single-layer systems
equipped with thick junctions. In particular, it results EPM ≅ 70 E0 and GPM ≅ 85 E0 in a
single-layer system featuring d/a=0.09 (large junction size). For what concerns the EPM/ GPM
ratio, we observe from the results in Figure 6 that such a quantity grows both with macroscopic aspect ratio (i.e., the number of layers), and the microscopic aspect ratio (i.e., the size
of the junctions). In a five-layer PMB we record EPM ≅ 27 GPM for d/a=0.09.

(a)

(b)

Figure 5 - Effects of the tuning of microscopic and macroscopic aspect rations on the effective elastic moduli of multi-layer PMBs.

Figure 6 - Variation of the EPM/GPM ratio with macro-scale and micro-scale aspect ratios of multi-layer PMBs.
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CONCLUDING REMARKS
This paper has reviewed recent literature results on the mechanics of layered structures
formed by pentamode layers and stiffening plates, referred to as pentamode bearings (PMBs),
and their potential use as innovative base isolation systems.
The results presented in Sects. 3 and 4 regarding the stretching- and bending-dominated
regimes of PMBs have pointed out a series of similarities between the mechanical behavior of
such structures and that of rubber bearings [22][21]. In both such systems, high values of the
effective compression modulus can be achieved due to the confinement of the deformation of
the soft (pentamode/rubber) layers that is offered by the stiffening plates. The compression
modulus of a sfcc PMB is inversely proportional to the lattice thickness [13], and one easily
recognizes that the role played by the thickness of the rubber pads in rubber bearings is replaced by the area of the cross-sections of the lattice rods in a PMB (cf. Sect. 3).
We have also observed that the ratio between the effective compression modulus and the
effective shear modulus of PMBs can get sufficiently high if one suitably designs the microstructure and macrostructure of the pentamode lattices [26]. It is worth remarking that the mechanical properties of such systems are indeed mainly rooted to the design of the lattice
geometry, both at the micro- and the macro-scale, rather than the chemical composition of the
material, since such systems respond as mechanical metamaterials [1]. Additionally, an optimized choice of the materials to be employed for the pentamode lattices and the stiffening
plates, and a suitable design of the joints (rigid, semi-rigid or hinged) offer additional design
opportunities, for what concerns both the effective elastic moduli, and the energy dissipation
capacity.
The literature results reviewed by the present paper have highlighted that PMBs can be designed so as to: (i) support the gravity loads at different levels of horizontal displacements; (ii)
offer the necessary flexibility in order to increase the period of vibration of the served structure, thus reducing the seismic energy absorption; (iii) reduce damage in structural and nonstructural components (iv); absorb part of the transmitted seismic energy; (v) behave as
tension-capable bearings that can bear both compression and tension vertical loads during
seismic excitations; (vi) offer sufficiently high stiffness under minor wind loads and low
magnitude earthquakes.
The above considerations lead us to conclude positively on the high engineering potential
of PMBs for base isolation devices with controlled performance. The values of effective
damping observed for the 3d printed samples described in Sect. 4 are aligned with the values
of such a quantity observed in common isolation devices[16][17][18][20]. The same holds
regarding the energy dissipated per cycle of energy of the analyzed PMB prototypes, which
on the other hand can be markedly increased by reducing material porosity, and/or adding additional dissipative elements within the PMB, such as, e.g., dissipative lead-cores and/or SMA
wires [31] [18][20].
The results presented in Sect. 4 have highlighted that the fabrication of PMBs does not
necessarily require heavy industry, and expensive materials, opposed to currently available
seismic isolation systems, being possible with ordinary 3-D printers and use of recycled materials. Key advantages like marked tunability, high scalability as well as low manufacturing
cost make these devices suitable for applications in developing countries.
In closing, we point out a number of open questions regarding PMBs that suggest directions for future work. The fabrication of such devices through additive manufacturing techniques involving multiple materials (metals, polymers, etc.), and/or ball-joint systems used in
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space grid technologies awaits attention. Future work is also needed with regards to the experimental testing of real-scale PMBS, the multiscale modeling of viscoelasticity, plasticity, fracture and damage, nonhomogeneous and nonlocal response [33]-[47], as well as the inclusion
of prestressed cables in PMBs [48][49], made, e.g., of shape memory alloys, in order to increase the dissipation and re-centering capacities of the device [18], [24]. Future studies will
also investigate shell-like generalizations the systems examined in the present work [43]-[49],
the insertion of struts with different response in tension and compression within pentamode
lattices [50]-[54], and the fabrication and testing of physical models through innovative manufacturing techniques [55]-[58].
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Abstract
The paper presents the results of some full-scale tests regarding the base-isolation system of
the emergency room building of the polyclinic hospital in Palermo (Italy). This building has
been recently realized and its base isolation system is characterized by double friction pendulum isolators. Static lateral pushing tests were aimed at identifying fundamental mechanical
properties of the whole isolation level (e.g. friction forces and stiffness) in order to verify the
agreement with the design hypotheses. Further dynamic tests provided different displacements of the isolated base followed by the instantaneous release (snap-back tests), in order to
verify the effectiveness, the mechanical parameter in dynamics and re-centering capacity of
the isolation system. The design of both the types of test and the respective results and interpretations are illustrated in the paper highlighting a number of issues arising when arranging
such kind of investigations on full scale buildings.

Keywords: Friction pendulum bearing, seismic isolation, snap-back test, friction, in-situ testing, full-scale experimental tests.
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INTRODUCTION

Friction pendulum isolators (FPIs) have been widely used in the last decades for several
applications for the seismic protection of strategic structures such as bridges, emergency
buildings, hospitals, etc, in high-risk seismic areas and sometimes for residential buildings
[1]. The advantages in the adoption of this kind of seismic isolation systems is due to the high
dissipative capacity, the possibility of obtaining a mass independent period of the superstructure and, the durability; the re-centering capacity is entrusted to the geometric configuration
of the isolator curved sliding surfaces [2-3].
Despite the static and dynamic behavior of these systems has been deepen analyzed in the
recent years also by the experimental point of view [4-8], very few studies about the in-situ
behavior of structures equipped with FPIs are available nowadays.
The actual dynamic behavior of base-isolated structures can be investigated by quick release tests, more generally called snap back tests. This approach is well suited because the
movement of the structure requires a quantity of energy obtainable without excessive difficulties, allowing to observe the dynamic behavior according to the design displacement values.
In detail, the structure is moved (pushed) to a given value of displacement – e.g. corresponding to a certain Limit State – and sudden released causing free vibrations. In this way, the
performances of the isolation devices can be observed, comparing the in-situ behavior with
that of the design provisions.
In the last decades, a number of field tests on base-isolated structures were successfully
carried out [9-16]. Among the most relevant available studies, Braga and Laterza [11] performed a series of dynamic snap-back tests on a residence building mounted on a hybrid isolation system, having sliding bearings for isolation and steel rubber bearings to have a recentering force. The in-situ dynamic behavior of the structure was compared with experimental shear tests on the isolator devices.
He et al. [15] carried out ambient vibration tests, free attenuation vibration tests, sinusoidal
vibration tests and displacement controlled earthquake simulation tests on a laminated rubber
bearings (LNR) and lead rubber bearing (LRB) base-isolated 15-story steel structure in Kunming city, China.
Gesualdi et al. [16] presented the results of in-situ release tests carried out on a rubber
bearing and a flat sliding bearing of a 3-storey base-isolated reinforced concrete frame building located in the city of Augusta, Sicily. The authors used the results of ambient vibration
and release tests to calibrate numerical models, performing reliable dynamic analyses and
comparing the results with that of the design seismic performances.
What above described highlights the role attributed to seismic isolation systems that, when
possible, are preferred to seismic resisting structures exploiting the ductility capacity or the
contribution of infills [17-20] or to an improvement of strength and ductility by means of traditional retrofitting systems [21-23], or to passive dissipation devices [24-26].
In this paper, a series of quasi-static and dynamic snap-back tests carried out on the baseisolated new emergency room building of the university polyclinic hospital of Palermo are
described and discussed. The isolated structure was realized on double curved friction pendulum isolators.
Static lateral pushing tests were aimed at identifying the fundamental mechanical properties of the whole isolation system (e.g. friction forces and stiffness) in order to verify the
agreement with the design hypotheses. Further dynamic tests consisted of imposing different
displacements at the isolated level and then instantaneously releasing, in order to verify its
effectiveness, to measure its dynamical properties and to observe the re-centering capacity.
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The design of the field testing, comprising the thrust mechanical device and the reaction
wall is described along the paper followed by the description of the in-situ testing and its main
results.
2

DESCRIPTION OF THE STRUCTURE

The building has a non-regular plan with a 5-sided polygonal shape. It has a length of 46.3
m and a maximum width of 21.3 m. The isolated superstructure has 3 floors with an interstorey height of about 4 meters. The superstructure is steel framed, characterized by 41 columns made of HEB 300 steel profiles in agreement to the classification of Eurocode 3. The
rigid base on the isolators is a reinforced concrete plate as for the slabs of the superstructure.
The substructure is characterized by reinforced concrete columns on a slab foundation. Fig.1
shows a vertical section of the building.

Figure 1: Vertical section of the building structure

Appropriate joints divide the building in question along three sides from fixed base buildings (Figs. 2-3).
The isolated building was realized on 41 double curved friction pendulum isolators with
the same radius of curvature. Among them, 15 isolators have a bearing capacity of 1000 kN,
20 have a bearing capacity of 1500 kN and 6 have a bearing capacity of 2000 kN. Each isolator is characterized by:
1. minimum friction coefficient (µ): 0.025;
2. radius of curvature (R): 2500 mm;
3. maximum horizontal displacement: ±250 mm;
4. force-displacement behavior: rigid-plastic with hardening type
The variation of the dynamic friction coefficient is expressed by the producer according to
the following equation:
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N
µ = 2.5  Sd
 N Ed





−0.834

(1)

being NSd the vertical load acting on the isolator and NEd the vertical load capacity. The positioning of the isolators and the pushing device is shown in Fig. 3.
base
isolated

base
isolated
fixed

fixed

fixed

Figure 2: The emergency room building of the polyclinic hospital

Figure 3: Location of the isolators and of the pushing device
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3

TEST SETUP AND MEASUREMENT SYSTEMS

Quasi-static and the snap-back tests were carried out. The direction of the load was established to be orthogonal to the longest side of the building, for which the steel columns provide
the high stiffness contribution. The application point of the load was set in correspondence to
the center of mass of the structure nominally corresponding to the stiffness center of the isolation system according to the data provided by the design (Fig. 3).
The thrust load was applied through two single-acting cylinders with a nominal load of 240
tons and a thrust device. The force was obtained by measuring the pressure in the hydraulic
circuit of the jacks.
The thrust device consisted of 6 consecutive pin jointed steel rods constituting a hexagon.
Two non-consecutive nodes of this hexagon were connected by a steel bar (fuse) arranged orthogonally to the thrust direction and in a barycentric position with respect to the device itself
(Fig.4). The latter was designed to fail for a fixed design force or to prevent any fail depending on the type of test (snap-back or static push without release). The force applied to the fuse
can be easily determined depending on the geometric configuration. In the case of snap-back
test, after the pushing leading the structure to a given value of displacement, the fuse fails
causing immediately an uniform distribution of accelerations along the building height.
The structural response was recorded by means of a set of displacement transducers and a
set of accelerometers placed at each floor. Moreover, a set of reflecting prisms were arranged
at each floor for the measurement of the displacements by a laser vibrometer. The above
prisms were located at the intersection of the building face with the vertical plane containing
the thrust direction. The displacements of the rigid base were also measured using electronic
gauges (position shown in Fig. 3) able to transfer data to a control unit for wireless data acquisition. The acquisition frequency of the electronic gauges was 0.5 Hz while the acquisition
frequency of the laser vibrometer was 170 Hz.

4
4.1

LATERAL PUSHING AND SNAP-BACK TESTS
Preliminary assessment

In order to prevent any structural damage, the test was designed to reach a lateral displacement corresponding to the serviceability limit state (SLS), establishing a maximum displacement of 150 mm against a maximum displacement capacity of 250 mm. Since the actual
friction coefficient as well as the exact value of the mass of the structure was unknown, the
forces involved (thrusting force and friction force) were evaluated at each target displacement.
In detail, different steps of displacement with 25 mm of interval were defined, starting from 0
to 150 mm. For each value of displacement, the equivalent stiffness of the system (and consequently the push force) and the re-centering force were obtained. In order to do this an estimation of the weight of building was preliminary done while the most conservative values of the
friction coefficient declared by the producer. The estimation of the forces involved allowed
the dimensioning of the thrusting device and of the reaction wall but also the evaluation of the
compatibility of the response with the limit serviceability state.
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Figure 4: Details of the thrust device.

In the preliminary estimation it was considered the restoring force model typical of a pendulum system, that is:
FR =

W ⋅s
R

(2)

where FR is the restoring force (that is a rate of the pushing force), s is the displacement and
R is the radius of curvature of the bearing device, W is the building weight.
Further, the resisting force Fthrust during the pushing, because of the friction, was assumed
as

µ
n
1
Fthrust = d  j =1 N sd , j  j + 
 s R

(3)

where N sd , j is the vertical load acting on the j-th isolator and µ j is the friction coefficient
exhibited by the j-th isolator accordingly with Eq. (1).
If it is assumed the same friction coefficient for each isolator then Eq.(3) becomes
1
µ
Fthrust = W ⋅ s  + 
 s R
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Also, the instantaneous stiffness becomes
1
µ
K inst = W  + 
 s R

(5)

From Eq. 5 it derives the coincidence of the center of stiffness and the center of mass. The recentering force ( Frec ), that is a pull force, because of a uniform friction, can be obtained as:
s

Frec = W  µ − 
R


(64)

Assumed a first attempt value of the weight of the structure of 25000 kN, it was possible to
evaluate the load acting on each single bearing device and the corresponding friction coefficient. Then, an average value of the friction coefficient was calculated and preliminary analytical evaluation of the thrust loads and the re-centering forces was made to estimate the
expected level of forces to be achieved during the field testing.
The above mentioned characteristics obtained for each level of displacement are shown in
Tab. 1. It is possible to verify that, based on the preliminary evaluations; the self-re-centering
function is activated for a displacement value of about 125 mm. For lower values of displacement, to bring the building back to the initial configuration, it is necessary to move it
with the aid of an external device that applies the necessary re-centering force.
s
[mm]
50
75
100
125
150

Kinst (Eq. 5)
[kN/mm]
34.5
26.3
22.2
19.7
18.0

Fthrust (Eq. 4)
[kN]
1725.7
1970.4
2627.2
3284.1
3940.9

Frec (Eq. 6)
[kN]
795.8
600.0
335.31
110.6
0

Table 1: Mechanical characteristics of the isolated structure at given displacements and loads.

The above characteristics were used to evaluate the force levels to be used during the field
testing in order to move the structure to the established displacements. The actual values of
the friction coefficients (static and dynamic) and the weight of the structure were determined
thank to the in-situ testing.
In the case of the snap-back tests, once the values of accelerations at the moment of release
were recorded, the values of the initial friction coefficient were determined according to the
following equation of motion:
M ⋅&&s + FR + W ⋅ µ ⋅ sign( &s ) = 0

(7)

where M is the mass of the system, FR is the restoring force (Eq. 2), W is the building weight
and µ is the average friction coefficient. In addition, the average friction coefficient from the
time of release to the stop (dynamic friction coefficient) was obtained by the following energy balance:
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E pi = Ed + E pf
E pi = 0.5

W ⋅ s0 2
;
R

Ed = µ ⋅ W ⋅ si ;

(8a)
E pf = 0.5

W ⋅ sf 2
R

(8b)

being E pi the initial potential energy, E d the dissipated energy by friction and E pf the final
potential energy, depending on the initial displacement s0 (at the moment of release) and on
the final residual displacement s f .

4.2

Results: quasi-static tests

Two quasi-static lateral pushing tests were carried out to evaluate:
1) the actual weight of the superstructure;
2) the mechanical characteristics of the base isolation system (static friction coefficient);
3) the actual thrusting force to be applied for the reaching of the target displacement in the
snap-back test ;
4) the strength of the fuse to be chosen basing on the actual thrusting force.
During the first test the structure was pushed up to an average displacement (mean in the
direction of the thrust of the displacements measured at points A and B of Fig. 5 – the same
points are called 1 and 2 in Fig.3) of about 97.6 mm, after which a slow discharge was carried
out and the structure moved back showing a residual displacement of approximately 92 mm.
The thrust was subsequently increased again until a mean displacement of 130.12 mm was
achieved. After the unloading the residual displacement was 85 mm.
Fig. 5 shows both the displacements of the measurement points A and B and the average
displacement. The average friction coefficient of first detachment and the average friction coefficient after the first detachment are reported in Fig. 5. The first is calculated by referring to
the effective force of first detachment while the second is calculated based on the idealized
model (Eq.4) fitting the experimental results. It is possible to note that, during the pushing,
the building exhibited a clockwise rotation. This effect was probably caused by a different
ratio between capacity and demand in terms of vertical load on each isolator which determined different coefficient of friction for each isolator (Eq.(1)). As a consequence, the stiffness center resulted in a position different from that of the mass center where the thrusting
load was applied.
After the re-centering, in the second test the structure was pushed up to a mean displacement of 150.7 mm by a single pushing cycle (Fig. 6). During the lateral pushing test, after
reaching a displacement of about 30 mm, the structure exhibited a rotation due to an interference. A careful inspection showed the presence of a hydraulic jack used for the re-centering
operations left in place. After the removing, the structure was repositioned to the right configuration, continuing the lateral pushing test. It can be observed that the friction force at the first
detachment, as expected, is the typical one exhibited by friction systems that have already experienced previous first detachment. Therefore, an initial resisting forces lower than that detected in the first test was exibited. Specifically, the force coincides with that obtained from
the idealized model derived from the first test.
In both tests, the weight of the structure resulted by the using of Eq.(2) where, for FR, the
difference between the forces observed in the final and initial points of the linear ascending
branch of response has been used. Consequently, a weight of 28500 kN (slightly higher than
25000 kN previously assumed) was obtained. Then, the friction coefficient at the first detachment (evaluated considering that the friction force Ff assumes the expression Ff=Wxµ)
resulted of 0.045 and the static friction coefficient during the test resulted meanly 0.036.
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Figure 5: First quasi-static test: two-loading-unloading cycles.

Figure 6: Second quasi-static test: single-loading-unloading cycle.

4.3

Results: snap-back tests

Two release tests were carried out to determine the average dynamic friction coefficient of
the system and the capability of re-centering. The quasi-static lateral pushing tests made it
possible to characterize the system and to evaluate the forces necessary for the displacement
to have a reliable prediction of the behavior of the structure at the time of the release test and
to design the fuse element in such a way to obtain its failure at the desired displacement.
Given that, for the acquisition of the necessary information for the dynamic characterization of the system, a lower range of displacements with respect to the serviceability limit state
was computed as still valid and efficient, it was decided to perform the snap-back tests at a
displacement of 120 mm. While during the first one test the structure was released at this displacement, during the second test the release happened at a displacement of 95 mm for an anticipated collapse of the fuse element.
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In order to obtain a sudden release of the structure in correspondence with the desired displacement, being the fuse a high strength steel rebar, the latter was previous yielded by means
of a traction test machine in order to switch its behavior from ductile to fragile. In Fig. 7, a
picture of the device before and after failure is represented.
In Fig. 8 a-c, the results of the two snap-back tests are shown in terms of timedisplacement, velocity and accelerations. The derivative operations were carried out after having further filtered and discretized the records for the elimination of disturbances from which
the signal was affected.
In the first test (initial displacement d0=121 mm), the acceleration obtained after discretization resulted of -88 mm/sec2, considerably different from that recorded from the pure signal
that was -200 mm/sec2 (acquisition frequency of 170 Hz). These two values were considered
as bounds for the evaluation of the friction coefficient at time of release. By multiplying the
two values of acceleration for the weight of the structure, the overall inertia forces at the time
of release resulted of -250,8 kN e -570 kN. By means of Eq. (7), the two friction coefficient
obtained are 0.028 and 0.039 that are in agreement with those obtained during the quasi-static
tests.
In the second test, the acceleration at the moment of release resulted of -100 mm/sec2. In
this case, the overall inertia force was of -285 kN and the related friction coefficient at the
moment of release was 0.028.
The average dynamic friction coefficient exhibited during the test was obtained by the energy balance expressed in Eq. 8 considering the overall history from the moment of release to
the stop of the structure. In the energy balance, the energy dissipated because of viscosity by
the system due to the small oscillations around the rigid base was reasonably neglected. As a
result, the dynamic average friction coefficients obtained from the two snap-back tests were
0.02 and 0.017. These two values are lower than the minimum value declared by the manufacturer (0.025) and adopted for the of design calculations, indicating the need of reassessment of the seismic behavior of the structure after the field testing in order to obtain a more
realistic prediction under the design seismic loads.

Figure 7: Fuse device before and after failure.
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Figure 8: Snap-back tests. Time-displacement records (a), velocity (b) and acceleration (c) derivations.

5

CONCLUSIONS

The quasi-static and the snap-back tests had a key role in the definition of the mechanical
characteristics of the isolation system. The results and their consequences can be summarized
as below:
• the quasi-static and dynamics tests allowed the identification of the static and dynamic
friction coefficients to be compared with those used for the design and / or to be used to
update the calculation and the safety assessment;
• the value of the static friction forces allows the definition of the re-centering forces to be
applied to avoid the dangerous effects of aftershocks on a structure not centered;
• The value of the dynamic friction coefficients allow a reliable assessment of the forces in
the superstructure members being 1) the use of higher values not conservative for the superstructure and for the design of the joints with the fixed close constructions, 2) the use
of lower values not conservative with respect to the assessment of the possible residual
displacement after a seismic event;
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• the quasi-static tests have allowed the estimation of the actual mass of the structure;
• the structure showed a torsional behavior due to the not coincidence of the center of
masses (where was applied the pushing force) and the center of the stiffness probably for
a not equal value of the friction coefficient of each isolator; this fact derives from a not
uniform distribution among the isolators of the ratio between vertical applied load and
vertical load capacity;
• the structure exhibited a residual displacement during the quasi static tests up to 8-9 cm,
meaning that the structure may be in equilibrium at a position far from the position of
exercise with high risk in the case of aftershock;
• the re-centering of the structure in its original configuration did not take place naturally
because of friction but required the use of hydraulic jacks through the external intervention of high qualified staff.
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Abstract
A 3-D base isolation system to control the structural effects of both the horizontal and vertical
components of ground motion has been recently presented in literature and it is herein briefly
summarized. A building model is used to test the 3D base isolation arrangement that consists
of elastomeric bearings acting both in the horizontal and vertical directions, and an innovative negative stiffness devices acting only in the vertical direction. The elastomeric bearings
horizontal reaction force is reproduced through the implementation of a linearized approach.
The negative stiffness device in the vertical direction can be considered as an adaptive passive protection system, which can apparently change the stiffness of the structure.
Numerical analyses show that the presence of the negative stiffness devices in the vertical direction coupled with the elastomeric bearings reduces both the vertical and the horizontal
absolute acceleration in the structure. Nevertheless, accordingly with the passive control theory, the relative displacements increase. The adoption of supplemental damping from the implementation of high damping rubber bearings allows to mitigate such amplification effects
without introducing specific dampers.
Keywords: 3D base isolation, vertical mitigation, three dimensional ground motion, building,
numerical simulation, nonlinear behavior.
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1

INTRODUCTION

From decades seismic base isolation focuses the attention of the structural engineering
community. Indeed, it plays a special role in mitigating the seismic effect on structures. Base
isolators turn out to be able (i) to shift the main structural natural frequencies away from the
most dangerous seismic frequencies; (ii) to act as an internal fuse for the interaction forces;
(iii) to dissipate part of the introduced energy; (iv) to supply additional damping. Therefore, it
is widely accepted (and standardized) that base isolation gives the best architectural impact
(being almost invisible) and has a better seismic performance among the other structural protection techniques.
Despite it has long been assumed that the effect of the vertical component of the earthquakes could be ignored for seismic reliability of structures, it has been demonstrated how the
effect of the vertical component should be considered along with the horizontal one.
This paper is focused on a mechanical arrangement [1] able to reduce of the structural and
non-structural dynamic effects associated to the vertical component of the ground shaking.
When coupled with traditional horizontal base isolation devices, the proposed solution overcomes the present limitation of standard base isolation systems that exclusively mitigate the
horizontal seismic forces. The concept negative stiffness is implemented in the vertical direction to provide effective vertical vibrations absorption in constrained bistable structures.
2

LITERATURE REVIEW

A common perception among the professional engineers is still that the vertical component
of the ground motion is lower than the horizontal component, thereby V/H ratio (ratio of vertical to horizontal peak ground acceleration) is assumed to remain less than unity. Many codes
worldwide [2,3] still suggest the use of a spectral shape for the vertical component derived
from the horizontal component, using an average V/H ratio (e.g. 2/3), as originally proposed
by Newmark et al. [4]. As a result, all components of motion have also the same frequency
content. The frequency content, however, is demonstrably different and the fixed ratio rule for
V/H is unconservative in the near-field and over-conservative at large distances from the epicenter [5]. The V/H ratio was confirmed to be > 1.0 within a 5 km radius of the earthquake
source, > 2/3 within 25 km radius and dependent on earthquake magnitude. Table 1 below
shows some events and stations close to the fault with significant V/H ratio.
Event
Gazli, USSR 1976
Imperial Valley 06 1979
Kobe, Japan 1995
Loma-Prieta, USA 1989
Nahanni, Canada 1985
Northridge-01 1994
Palm Springs 1986

Station (Mw)
Karakyr (6.8)
El Centro Array #6
Port Island (6.9)
LGPC (6.9)
Site 1 (6.8)
Rinaldi (6.7)
Cabazon (6.1)

H1(g)
0.61
0.41
0.31
0.56
0.98
0.84
0.22

H2(g)
0.72
0.44
0.28
0.61
1.1
0.47
0.21

V(g)
1.26
1.6
0.56
0.89
2.09
0.85
0.36

V/H
1.76
3.77
1.79
1.47
1.9
1.02
1.67

Distance*
5.5 km
1.4 km
3.3 km
3.9 km
9.6 km
6.5 km
7.8 km

* Closest distance to fault

Table 1: Events and stations close to the fault with significant V/H ratio.

Therefore, despite it has long been assumed that the consideration of the effect of the horizontal component of earthquakes suffices for seismic reliability of structures, it has been
shown in many cases (e.g. near-field strong ground motion) that the vertical component
should be consistently considered along with the horizontal one. This issue becomes a great
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concern for conventional seismic isolation system that are able to reduces the structural effects of the horizontal component of an earthquake, while the vertical component is transmitted directly into the structure. As such, there is considerable and increasing research interest
worldwide in vertical and three-dimensional (3D) isolation systems to protect a wide range of
structures and valuable facilities such as heritage assets and specialized equipment. Indeed,
they are not only unique and expensive, but also critical to safe operation [6-9].
Current standard EN 1998-1 [10] cover the design of seismically isolated structures in
which the isolation system, below the main mass of the structure, aims at reducing the seismic
response of the lateral-force resisting system. Again, EN 15129 [11] specifies that isolators
provide isolation against only horizontal seismic actions.
Structural base isolation against vertical vibrations in parallel with standard horizontal base
isolation remains a challenge in both research and practice.
Some attempts of 3D base isolation systems can be found in literature. A 3D isolation system has been introduced in 1990 [12] and it consists of helical steel springs that are flexible
horizontally and vertically. The spring is essentially undamped so it needs to be used in conjunction with supplemental dampers. The system has been applied in two buildings in California. Limitations can be identified in the coupling between the horizontal and the vertical
motion due to geometric nonlinearities. Similarly, 3-D seismic isolation devices that employ
laminated rubber bearings for the horizontal direction and helical springs or seal type air
springs in the vertical direction are also studied [13-16,9]. The issue of concern for these solutions is the pitching and rolling effects, so an additional rocking suppression system should
be also provided.

Figure 1: 3D isolation system.

This paper deals with the challenge of how realize a 3D base isolation system for protecting a wide range of structures and valuable assets.
A weakening vertical behavior simulates the yielding of the global system without changing the real stiffness of the structure. It allows moving the structural response away from dangerous amplification. Therefore, the mechanism decouples the vertical ground shaking from
the superstructure, generating the vertical base isolation. In the same way that standard isolators decouple the horizontal component of the ground motion (Figure 1).
The mechanism that allows to isolate the superstructure from the vertical component of the
earthquake consists in a mechanical assembly of passive components (i.e. springs, rods, piv-
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ots). The concept of negative stiffness [17] drives the concept. Vibration control can be carried out by modifying the self-stress level of the structure in order to shift the natural frequencies away from excitation [18]. Recent research has shown that constrained bistable structures
can provide effective horizontal vibrations absorption capacity [19,20].
3

PROPOSED NEGATIVE STIFFNESS DEVICE

Figure 1 reports the general scheme as “radial section” of the proposed negative stiffness
device to isolate the superstructure from the vertical components of the earthquake motion.
More details can be found in [1].
The horizontal prestressed spring remains at rest until the vibrations induced by the vertical
component of the earthquake change the alignment between the lever and the spring. Then the
vertical component of the prestressed spring force generates a bending moment, on the left
and around the pivot, which is in balance with the moment to the right of the pivot. Being the
arm to the right of the pivot smaller than that one on the left, the force acting on the superstructure will be greater than the vertical component of the prestressed spring force. In this
way the reduction of the vertical rigidity of the system (weakening) is generated, which has
the effect of amplifying the displacement induced by the vertical component of the earthquake.
This mechanism decouples the vertical ground shaking from the superstructure, generating the
vertical base isolation. Preliminary results highlight how the vertical isolation mechanism is
effective in reducing the vertical acceleration of the superstructure and promising for further
development and implementations on a wide range of structures.
The mechanism for vertical base isolation adopts consolidated mechanical solutions. Differently from current approaches [13-16,9] that are based on linear elastic springs (helical and
air spring), it is able to show a nonlinear weakening behavior that is essential for limiting the
external forces that could be transmitted directly to the superstructure.
4

METHODOLOGY

The isolation mechanism should be able to generate a force that pushes the isolated structure in the same direction of the seismic induced relative displacement between the base and
the ground (not in the opposite as in the case of positive stiffness). It simulates an apparent
weakening without changing the real stiffness of the structure, in order to move the system
appropriately far from the resonance condition. In other words, a pseudo yielding is created,
that is below the real yielding of the superstructure.
F

NS

HDRBs damping

Gap

∆
Gap

HDRBs spring

(a)

(b)

Figure 2: (a) charactersitics of the negative stiffness device. (b) Force-displacement laws of the isolation mechanism.
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The displacement level at which the pseudo yield occur (called Gap) can be fixed so that
the negative stiffness (NS) transfers almost zero forces to the structure until the displacement
is smaller than the Gap. Assuming a linear stiffness for the HDRBs and considering their inherent damping, the assembly is described by the following schemes.
When the displacement is within the Gap, the negative stiffness mechanism is not activated.
When the Gap threshold is overcome, the negative stiffness component is transferred to the
structure (Figure 2a). Actually, the apparent reduction of stiffness produces an increment of
displacement that could be necessary to be controlled. Therefore, a small amount of damping
could be needed and it can be provided by the HDRBs.
A further positive characteristic of the assembly is that it is able to re-center when the external forces are removed. Therefore, residual deformations at the base isolation level are restored, unless the main structure itself developed plastic deformations due to yielding. More
details on the proposed negative stiffness device can be found in [1].
5

APPLICATION

The effectiveness of the proposed concept for the mitigation of the vertical vibrations is
now assessed using a simple structure. It consists in a 2-D frame not related to a specific application, with two columns, a rigid horizontal beam and a rigid horizontal base floor [1]. It
has the following characteristics: span L = 9.15 m and height h = 3.96 m, distributed mass on
the beam and base floor m = 160000 kg (each one), frame’s total horizontal stiffness KH =
77000 kN/m for a corresponding vibration period TH = 0.28 s, frame’s total vertical stiffness
KV = 5.7×106 kN/m for a corresponding vertical period of TV = 0.033 s, assumed damping ratio ξ=5% through Rayleigh damping matrix. T, N, M are the internal forces in the columns:
respectively shear force, axial force, bending moment. E is the Young modulus, A and I are
the cross section area and inertia modulus of the columns respectively. xi, yi, θi are the Lagrangian coordinates, xg, yg the ground motion displacements components in the horizontal
and the vertical direction respectively. The rocking motion is now disregarded at the isolation
level. At the end, five degrees of freedom are considered in the structure.
Each isolator is assumed with linear elastic behavior and has a fixed damping ratio of 15%.
This value is typical for high damping rubber bearings, or lead rubber bearings, at larger cycles of hysteresis [7]. Two configurations are considered: (i) isolated structure without the
vertical isolation mechanism and (ii) the complete 3D isolation.
The structure in the second configuration is arranged with the vertical isolation mechanism
uncoupled from the horizontal one (rubber bearings). Thus, it acts in the vertical direction only and provides no force in the horizontal direction. Hence, in the horizontal direction the rubber bearings ensure the base isolation, while the total vertical Force-Displacement law at the
isolator level is the sum of both the NS and the HDRBs contributions as they act in parallel.
The vertical isolation mechanism is designed to get a specific Force-Displacement law as
depicted in Figure 2b. It is nonlinear elastic and the parameters that characterize the behavior
are the following:
The stiffness of the first branch, equal to the total vertical isolators stiffness KNS.
The stiffness of the second branch, equal to 10% of KNS.
The gap-displacement δ when the NS is engaged.
Focusing on the rubber bearings devices, assuming a starting range of horizontal stiffness
for the isolators, the goal is to find the stiffness at which the vertical isolation mechanism is
more efficient in mitigating the vertical acceleration of the superstructure. The first assumption is to consider a stiffness range that correspond to a horizontal period of vibration between
1 s and 4 s. Then, for identifying the total vertical stiffness of the isolators, the assumption is
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to have a ratio between the vertical and the horizontal reactions equal to 1000 (representative
of the most of the rubber devices available on the market).
For the selection of the optimal vertical stiffness, tests are performed in the vertical direction using a suite of ten earthquake records with high vertical components of ground motion.
For each record, and for each stiffness, a range of values of gap-displacement δ are assumed.
Following the first-step analyses, the value δ = 1mm results satisfactory in terms of vertical
acceleration mitigation. Therefore, for the aim of this preliminary study, this value is adopted.
The second step of the analysis concerns the design of the rubber isolators. After the selection
of the optimal vertical stiffness, the purpose is to design an isolation system that is able to
withstand the displacements and the stresses induced by the seismic loading. The design must
take in to account some requirements and verifications that appear in most codes (e.g. [21]).
Next Figure 3 shows the comparison of the mean values and standard deviations of the
maximum vertical accelerations, for traditional base isolation vs 3D base isolation and for different vertical stiffnesses, of all the ground motions considered. A transition zone in the mean
values is observed where the behavior of the two isolation typologies is equivalent. This is
due to the relative displacements are smaller. Hence the vertical isolation mechanism is engaged only few times. Instead, when the stiffness is small, a significant reduction of accelerations is obtained. Nevertheless, tensile displacements are also highlighted at the lowest
stiffness values.

Figure 3: comparison of the mean values and standard deviations of the maximum vertical accelerations in
the isolated system, for traditional base isolation (grey bars) vs 3D base isolation and for different vertical stiffnesses (black bars).

6

CONCLUSIONS
 The paper deals with an innovative solution from literature that consists in the implementation of negative stiffness devices in parallel with traditional rubber bearings in a base
isolated building to mitigate the vertical response. Therefore, a 3-D base isolation with
uncoupled reaction components is achieved.
 To test the proposed procedure with respect to traditional isolated ones, a simple SDOF
case study is considered. The results show that the implementation of negative stiffness
devices in the vertical direction reduces the vertical accelerations. However, consistently
with the base isolation theory, there are increments of displacements at the isolator level.
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Thus, the implementation of additional damping at the isolation level is advisable to limit
relative displacements.
 Internal forces in the vertical mitigation device are 2-3 times larger than the structural
weight. Therefore, the design concept may result difficult to be implemented in practical
applications and likely restricted to special conditions (light highly sensitive equipment
or sculptures and artistic masterworks).
 Next research will be focused on the development of a prototype to evaluate the practicability and the effectiveness of the proposed solution.
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Abstract
Some aspects related to the 3-D base isolation of structures are presented in this paper
through a numerical approach. A traditional horizontal base isolation system with the use of
high damping rubber bearings (HDRB) is coupled with a tuned mass damper (TMD) in the
vertical direction. Both lightweight (e.g. artworks or special equipment) and massive structures (a nuclear power plant building) have been considered and possible positive and negative aspects from the implementation of the proposed hybrid control strategy are investigated.
It is found that the TMD is able to provide a reliable source of energy dissipation, and to control the vertical motion of the structure, only when this has a low value of damping. For
damping values that approximately exceed the 5% limit, the positive effects of TMD are negligible, if not worsening.
Keywords: 3D base isolation, TMD, HDRB, vertical mitigation, three dimensional ground
motion, lightweight and heavy and structures
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1

INTRODUCTION

The approach of using Base Isolation to control the seismic response of a structure has by
now become a mature and well established one [1-3].
Base Isolation assumes insertion of specifically designed deformable devices (isolation
bearings) between the structure of interest (the superstructure) and its foundations to shift the
fundamental period of the superstructure above the predominant period of the ground motion.
The most common application of Base Isolation takes into account the lateral movement of
the superstructure, and adopts laterally flexible isolation devices to shift the superstructure
fundamental period typically in the range from 2 to 4 seconds. However, since such long periods imply large relative displacements across the isolation devices, a form of energy dissipation is normally introduced. Base Isolation with respect to the lateral motion has been the
subject of a vast amount of published research and has become an accepted and standardized
approach in several seismic design codes (e.g. [4]).
The concept of Seismic Isolation applied to the vertical component of the structural motion
has, instead, received a much more limited attention. The first proposals were formulated in
the late 80s, early 90s of the last century (e.g., [5]), and appeared related to the vertical isolation of part of a floor, mainly to protect valuable light weight equipment (see [6-8]). These
early proposals were mainly based on mechanical devices. Full-scale tests, carried out on
shaking tables, pointed out as the performance was less than that that associated at the time to
horizontal isolation, because of the vertical frequency of the system being not low enough due
to the cost and size of the required isolation devices.
More recently, the idea of the vertical isolation of a building has surfaced again in two very
different fields: namely, in relation to the protection of Nuclear Power Plants and of small historical objects (e.g. [9,10]).
Isolation in vertical direction, coupled to horizontal base isolation, is known in the nuclear
community also as “3D isolation”. A recent review of several vertical isolation devices for
NPPs can be found in [11]. The Vertical Base Isolation (VBI) of Nuclear Power Plants (NPPs)
has been studied, besides in the USA and in Japan, also in Korea [12], fostered by the effects
that the vertical component of near field earthquakes that can have on NPPs.
VBI can be implemented either using integrated isolation solutions, in which a single device provides isolation with respect to all three ground motion components, or by adding a
localized vertical isolation component in series to a device that provides isolation with respect
to the horizontal motion components [6]. At any rate, as it happens for lateral isolation, by
decreasing the vertical frequency the acceleration in the superstructure are decreased, while
the relative displacements across the isolators are increased. An appropriately high value of
damping can help controlling the relative displacements, especially in the low frequency
range.
2

METHODOLOGY

In this paper two types of integrated isolation solutions are dealt with: elastomeric-bearings
and vertical metallic springs. Elastomeric bearings can be classified as low damping or high
damping bearings, depending on the damping capabilities of the rubber they are made of.
The stiffness and energy dissipation of high damping bearings is highly nonlinear and depends on the level of shear strain. The effective damping of these devices can reach 10 to
15 % of the critical.
The low damping bearings exhibit an almost linear characteristic with damping values in
the range of 2 to 5 % of critical in the lateral direction. They decrease to lower values if the
vertical direction is analyzed. This typology is considered in this preliminary study.
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Metallic springs have typically a very small damping, since they have to stray into the elastic range of the material, and hence need an additional source of damping in horizontal and
vertical direction.
In this preliminary work we focus only on the vertical motion of the superstructure and on
providing the required amount of damping in the vertical direction by means of a properly
tuned Tuned Mass Damper (TMD).

Figure 1: Linear dynamic model for the vertical motion of the superstructure with mass m and the TMD.

The Tuned Mass Dampers used to passively control the superstructure consist in a mass attached to the superstructure with a spring and a damper (Figure 1). The control exerted by the
TMDs can be classified as passive, since the TMDs work as passive energy dissipation devices, providing the damping required to the VIS.
The damper in the TMD dissipates energy whenever the mass of the TMD oscillates relative to the superstructure. In order to ensure this motion the TMD is carefully tuned so that its
natural frequency is close to one relevant modal frequency of the base isolated system.
The energy transferred from the superstructure to the TMD generates a large oscillations of
the mass of the TMD, to the point that this aspect can become a limiting one in the design of
the TMD.
Due to the quasi-resonance between the controlled mode of the base isolated system and
the TMD, required for the functioning of the TMD system, this last operates efficiently only
in a narrow frequency band. That is the frequency of the harmonic input or, in case of wide
frequency input, the main natural frequency of the structure. Therefore, the TMD mitigates
only the vibration mode it is tuned to.
One of the earliest theory for the design of TMD was presented by Den Hartog in his well
known book [13], where the optimal parameters (natural frequency and damping ratio) of a
TMD that minimizes the displacement of the primary structure (here the superstructure)
where obtained by means of the so called fixed-points method. The primary structure is supposed to have vanishing structural damping. Optimal parameters for a wider list of minimization objectives, also obtained by the fixed-points method, were later reported in [14], also for
vanishing damping of the primary structure. Empirical formulas for several minimization objectives were given by Ioi and Ikeda [15] while approximate, analytical closed-form, and series solution for the case of non-vanishing damping of the primary structure can be found in
[16] for mono-frequency and white noise input.
Optimization of the TMDs parameters in the case of earthquake type excitation was presented in [17] for an earthquake excitation modelled by a stationary stochastic process with a
power spectral density of the Kanai-Tajimi type [18,19].
By properly selecting the frequency g and damping g of the Kanai-Tajimi filter, different
spectral density shapes can be represented. For the fitting of real earthquake accelerations g
has been found in the range 3 to 12 Rad/s. The value of the frequency g and the damping g
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associated to the EC8 [4] elastic response spectra can be found in [20.21], along with a closed
form expression for the elastic response spectra derived from this PSD.
3

ADOPTED CASE STUDIES FOR PRELIMINARILY TESTS

The preliminary study is focused on both heavy and lightweight structures represented by a
nuclear power plant (NPP) building and a statue. This last one is a real statue case study with
the geometric and mass properties reported in Table 1. It has been considered rigidly connected to the support that is base isolated on four helicoidal metallic springs with 109 and 122
kN/m as horizontal and vertical stiffness respectively. The intrinsic damping is extremely low
(about 0.1% in both directions).
Table 1: Considered statue as case study of lightweight structure.

The considered NPP building is the IRIS medium power (335 MWe) pressurized light water reactor whose preliminary design has been developed by an international consortium
which includes more than 20 partners from 10 countries. In a tentative design (see Figure 2),
the introduction of an isolation system was considered; the system is made by 120 HDRB devices installed between the foundation slab and the base [2].

Figure 2: Base isolated NPP model: (a) NPP layout and the TMD on the vertical direction at the center of
mass. (b) Top view of the isolation layer.

The isolators are made of alternated rubber layers and steel plates, bonded through vulcanization. Damping factors intrinsic to this technology ranges generally from 10% to 20%,
while shear modulus lies in the 0.8–1.4 MPa range.
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4

RESULTS

The preliminary analysis of the structures has been performed by the direct integration of
the equation of motion for the 2DOFS in Figure 1. The seismic input in the vertical direction
has been fixed to 1g PGA with the aim of possible generalizations due to the intrinsic linearity
of the numerical model. It has been selected compatible to the USNRC 1.60 response spectra,
as in [2].
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Figure 3: NPP from [2]: parametric study following the Den Hartog [22] tuning equations for different levels
of TMD damping (). Horizontal axis: TMD mass over the system mass; vertical axis: ratio between the system
response with and w/o TMD; legend: ratio between the system and the TMD circular frequency.

Figure 3 reports the results of a parametric study for the NPP building in [2] in terms of the
ratio of the response parameter of interest for the building with and without VBI. The study
follows the Den Hartog [22] tuning equations and ranging different levels of TMD design parameters. The selected response parameters are the extreme value of the absolute vertical acceleration (A) of the superstructure, and the extreme value of its vertical relative displacement
(S). Figure 4 reports the results of VBI for the NPP for a damping of the superstructure that is
1/10th of that of Figure 3. Finally, Figure 5 reports the results of VBI for the case of a small
historical object: a statue.
As it can be appreciated from Figure 3, due to the already sufficiently large amount of
damping provided by the VBI devices, (the Seismic isolators are HDRB, so a high level of
inherent damping is considered [2]), the introduction of a TMD resulted in a deterioration of
the response both in terms of acceleration and displacements. At the increase of the damping
in the TMD the response deteriorates even more, and a TMS does not seem to be a proper solution of additional damping for the structure.
However, considering also the extensive use of low damping rubber bearings in existing
structures, as the natural rubber bearings, also for nuclear facilities, the benefits of TMD implementation for existing and new structures can be highlighted [23,24]. Thus, Figure 4 for
the same NPP building in [2], with a reduced intrinsic damping of the isolation layer (about
1%), highlights the benefits that can be provided by the implementation of a TMD system.
This positive effect is mainly provided with respect to the absolute acceleration response.
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Finally, Figure 5 depicts the case of a small statue, vertically isolated by metallic springs.
For the reasons already expresses, the damping in this case is very low. Due to the low initial
value of the damping in the superstructure, that is provided only by material hysteresis in the
springs, the introduction of a TMS is highly beneficial for both the absolute acceleration in
the vertical direction and the relative displacements, to an extent similar to the one for the
NPP with low damping isolation bearing.
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Figure 4: NPP from [2] with reduced damping in the rubber bearings isolation layer: parametric study following the Den Hartog [22] tuning equations for different levels of TMD damping ( ). Horizontal axis: TMD mass
over the system mass; vertical axis: ratio between the system response with and w/o TMD; legend: ratio between
the system and the TMD circular frequency.
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Figure 5: Statue: parametric study following the Den Hartog [22] tuning equations for different levels of
TMD damping (). Horizontal axis: TMD mass over the system mass; vertical axis: ratio between the system
response with and w/o TMD; legend: ratio between the system and the TMD circular frequency.
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5

CONCLUSIONS

• This paper deals with a preliminary study of an innovative solution that consists in the
implementation of a TMD in the vertical direction in parallel to traditional base isolated systems to mitigate the vertical response. Therefore, a 3-D base isolation with uncoupled reaction
components is achieved.
• To test the proposed procedure with respect to traditional isolated ones, simple case
studies are considered, in particular a heavy and lightweight case studies. They are a NPP
building and a statue respectively.
• The preliminary results show that the implementation of TMD can be beneficial to reduces the vertical absolute accelerations and the relative vertical displacements of the superstructure. However, the level of the inherent damping in the base isolation bearings drive the
effectiveness of the proposed solution. Indeed, it is verified effective only with low damping
base isolation devices, as natural rubber bearings or steel helical springs.
• Further research will be focused on the investigation of more complex structural conditions, considering both the vertical and horizontal nonlinear structural response. Furthermore, more general seismic inputs will be considered for a comprehensive earthquake
scenario, to evaluate the practicability and the effectiveness of the proposed solution.
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Abstract
The problem of emergency evacuation of public buildings intended to accommodate large numbers of people is critical. Modern technologies such as the use of numerical simulations, virtual
and augmented reality, and Agent Based models represent an opportunity to study behaviors
that are difficult to reproduce in real life (e.g. explosions and fires emergencies). This may
allow to improve new and existing structures with respect to such risks and therefore to improve
the resilience of modern communities.
In this paper, the problem of emergency fire evacuation for an existing school in the hinterland
of Milan is studied. A virtual reality-based system for the simulation of fire emergency response
will be developed starting from the BIM model and then moving on to a platform that ensures
the interaction between human and the virtual simulation environment. The spreading of the
flames and smoke is based on fire numerical simulation using computation fluid dynamic (CDF)
software. Such simulation method may reproduce realistic fire processes and illustrate smoke
movement by describing the configuration of fuel, ventilation, and fire source. The verification
of the infrastructure response and the subsequent modification for a better emergency response
represent the expected results of the research.
Keywords: Evacuation, Schools, Virtual Reality, Fire simulation
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1

INTRODUCTION

Building emergency management can be generally defined as an integrated scientific methodology that concerns several aspects, such as emergency preplanning and psychological human behavior [1, 2]. It provides proper solutions for human safety in facing hazard events, such
as earthquakes, floods, fire, etc. Among all, fire is one of the major disasters that occur in urban
area and cause economic losses and human death [3]. Recent relevant studies have demonstrated that the high number of emergency casualties and injuries, especially in high-rising
buildings, depends on the failure of timely evacuation of the occupants from the burning building [4, 5]. That is, the improper layout of the building structure and the psychological and physical responses of human beings may make the evacuation delayed. Indeed, human beings’
behaviors are usually quite complicated to be predicted by mathematical models in emergency
conditions. For instance, a panic mental state or abnormal behaviors induced by the spreading
of flames and smoke or by the unfamiliarity with the building, may lead people choosing the
wrong evacuation route.
Traditionally, fire emergency management deals with processes of preplanning evacuation
(fire drill) or training in order to expose people, in particular firefighters, to real fire scenarios.
Emergency evacuation training and drilling aim to improve humans’ abilities in emergency
conditions for evacuation and rescue, and to enhance fire emergency planning [6]. Hence, fire
simulation becomes an important tool in fire investigation [7]. Nevertheless, actual fire training
leads both social and economic disadvantages in finding resources, as well as safety risks in
inhaling toxic gas for instance. That influences the validity and replicability of the results [8].
Problems with potentially dangerous training are identified to be remedied. Accordingly, VR
training systems have been investigated by a number of researches as they seem to be a proper
alternative to actual fire drill. That is, they allow a safe, low-cost and repetitive training environment for emergency evacuation [9-14]. The available VR technologies bear (i) to create an
accurate and realistic fire environment where users can immerse and (ii) to identify the safest
path in the course of training. Thus, an accurate and rational visualization of fire and smoke is
significant for effective rescue in virtual training, as actual fire is a continual dynamic process
and smoke parameters change along with time. A large number of computational fluid dynamics (CDF) computer software, such as the Fire Dynamics Simulator (FDS) developed by the
National Institute of Standards and Technology (NIST) of United States, are widely applied in
various fire investigations [15, 16], as they study accurately the dynamic propagation of fire
and smoke. For instance, Cha et al. [17] integrated a VR fire-training simulator with fire dynamics data in order to develop a real training procedure for general public or inexperienced
firefighters. Ren et al. [18] also integrated fire numerical simulation with VR environment for
fire evacuation simulation. Similarly, Yi et al. [19] proposed a calculation method for the simulation of chemical disaster emergency drills by using the virtual simulation control. However,
the study was considered complicated since it required a fuzzy integrated model. An arson fire
scene was reconstructed using fire dynamic simulation (FDS) by [20]. In their work the fire
scene is reproduced by demonstrating the fire development and the smoke movement through
the configuration of fuel, ventilation, and fire source. Virtual simulation technology has been
also developed using the 3D visualization for the earthquake rescue drill real seismic simulation
in order to analyze difficulty, cost, and effect [21].
Although the rapid development of Virtual Reality (VR) technology have made it possible
to overcome the limitations described above, the representation of a real human behavior in
emergent situation [18], and the assessment of information interaction between the building and
the building user [14] are still challenging.
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This paper introduces a framework that combines BIM as a building information provider
and computational fluid dynamic computer software as spreading of flame and smoke simulator
in order to build an adaptable virtual reality environment with the scope of enhancing fire evacuation plans. The realistic reconstruction of the fire scene is possible by a joint application of
VR and KAT VR platform in order to recognize the human actions through the KAT VR equipment and software. A secondary school scenario placed in the hinterland of Milan is investigated for validating the proposed simulator. Results show that the work is suitable and is of
benefit for people trapped in burning buildings in identifying the safest path for evacuation or
rescue, as well as for a consequent modification of the building layout in order to perform a
better emergency evacuation. The system can be used to train people to evacuate under emergency situations or firefighters to perform a rescue during a fire event. Furthermore, it could be
used to evaluate existing infrastructures, often designed with outdated standards, against multiple risks, such as fire and earthquake, and the study of emergency evacuation.
Technical details are introduced in the following sections. The paper is organized as follows:
Section 2 explains the architecture of the system and the methodology; Section 3 describes the
numerical simulation of the fire and smoke spreading; Section 4 shows the case application for
fire evacuation. Finally, the conclusions are drawn in Section 5 together with the recommendations for future work.
2

SYSTEM ARCHITECTURE
The architecture of the system consists of four major modules, as illustrated in Figure 1:
1- Modelling: the Unity3D model and the FDS model are both created according to the
building information (BIM);
2- Fire Dynamics Simulation: the fire dynamics simulation is performed by FDS software
and results are then integrated with the VR model;
3- Virtual Environment: the VR model is built, and it becomes interactive by using C++
plug-ins;
4- Emergency Evacuation Simulation: the fire training in a realistic hazardous scenario is
carried out through the KAT VR platform for evacuation and rescue.
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Figure 1: Flowchart of the proposed fire simulator.

The proposed framework uses a BIM authoring tool (Autodesk Revit) as a building information provider. BIM can play a significant role in making available building information under an emergency scenario, as it is able to provide comprehensive data format and integrated
process [22]. Building information is then transferred both to a game engine software (Unity3D)
in order to create a high-quality virtual environment and to a computational fire dynamics software for accurately predicting the evolution of fire in the virtual environment. Unity3D is one
of the most important game engine software and it can be integrated with virtual reality equipment to satisfactorily reproduce the virtual environment.
Simulation of fire scene is the basis of the proposed system. In the creation of a virtual
building environment in fire condition the main challenge to be cleared up regards the visualization of flames and smoke spreading. Generally, the spreading process is hard to predict, and
therefore, it is simplified in many studies [23]. Moreover, a simple sketch to simulate flames
and smoke is not sufficient to study a real fire on emergent evacuation process [24].
In this work, a fire numerical simulation software to calculate and predict the fire propagation is implemented. The integration of fire numerical simulation and virtual reality allows the
user to be immersed in a computer-generated fire scenario, which is dangerous and expensive
to perform in real life [25]. Data on fire evolution in the virtual scenario, such as burning time,
temperature, height of flame and smoke layer and spreading, etc. are obtained using the Fire
Dynamics Simulation (FDS), a computational fluid dynamics (CDF) simulation of fire-driven
fluid flow developed by the National Institute of Standards and Technology (NIST). Based on
the CDF data of FDS, an accurate virtual smoke and flames visualization is created. That is,
results from the numerical simulation are integrated with the Unity3D model that has been previously developed. In order to allow the user to interact and navigate within the virtual scenario
different plug-ins, which are libraries of native code written in C++ programming language
have been integrated. Plug-ins incorporated into the Unity3D server allow the virtual environment to call functions from these libraries, such as walking, grabbing objects, etc. with the
objective of increasing realism of the virtual fire disaster.
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Finally, once the virtual environment has been designed and developed through opportune
scripts, the Emergency Evacuation Simulation can start. In the last step of our simulator, a VR
platform and body sensors are applied. In such way, the user becomes the first-player of the
virtual scene controlling his/her own movements through VR sensors in order to improve the
perception of the fire evacuation experience.
Fire numerical simulation and flames and smoke visualization are described in the following
section.
3

SIMULATION OF FIRE SCENARIO

3.1 Simulation of the flames and smoke spreading using FDS
Fire Dynamics Simulator (FDS) is a calculation model, which predicts smoke caused by fire,
wind, and ventilation system through the fundamental equations of fluid flow, known as the
Navier-Stokes equations. It has been developed by the National Institute of Standards and Technology (NIST) specifically for the analysis of fire scenario. FDS model forecasts flow velocities
and temperatures by dividing the space into discrete volutes with specified thermo physical
properties with a margin of error of 5-20% [26].
In order to accurately predict the dynamic evolution of fire in virtual environment, the input
data must be defined. Input parameters can be classified as:








Mesh: creating a space that contains all the geometry of the system divided by cubicshaped elements of a given size that will condition the accuracy of the test;
System Geometry: drawing the geometry from scratch of import it from another software (e.g. AutoCAD);
Material of elements: defining the type of material of the element, and therefore its
thermal conductivity;
Boundary conditions: defining the characteristics at the borders of the mesh, for instance if the passage of smoke is allowed or not;
Point of ignition of the flame: determining both the physical place where the flame
is born and from which it propagates and the energy of the flame;
Time duration of the test in seconds;
Wind direction and intensity

After the fire simulation has been finished, data obtained in output are:




Flame and smoke propagation as function of time;
Temperature of the simulation;
Percentage of various chemical components that make up the air.

The simulation results are displayed by using the Smokeview program, which is the post-processor of FDS. That is, it is a scientific software designed for the visualization of the fire model
calculated by FDS. Finally, such output data are integrated with the virtual model in order to
reproduce a realistic fire scenario.
3.2 VR Fire simulation
A VR fire training simulator is developed according to the FDS data through a graphics
game engine Unity3D and a VR platform. After the fluid dynamics simulation of smoke and
flames propagation by the CDF software, results are imported into the Unity3D model to be
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integrated into the virtual reality simulation. Among the output data provided by the FDS calculation there are no files compatible for this purpose; thus, some steps of data processing are
required. The first step is made through the open source three-dimensional modeling software
Blender, which allows to directly import FDS files providing a user interface to modify them.
On Blender, smoke and flames display is processed, meshed and exported in an output file
compatible with the software ParaView. ParaView is an open source multi-platform software
for scientific data analysis and visualization. It deals with the process and execution of data in
3D model. That is, data are post-processed and converted into a vector data format. The last
step of the fire visualization within the virtual model is to import the processed file in Unity3D
in order to set the virtual fire scene.
Once the fire visualization has been reproduced, the connection among KAT VR platform
and C++ programming scripts is employed since the user can interact with the virtual environment and move in any direction observing the fire spreading within the virtual scenario like a
first-person video game. That’s is possible by using a headset sensor that allows the user to be
immersed inside the virtual scenario, while the navigation is controlled by shoe cover sensors.
KAT VR sensors are connected to the Unity3D model through opportune plug-ins that consent
the virtual model to receive the user’s operations in real time. Moreover, the interaction between
the user and the environment is also possible in our system by implementing the functionality
of grabbing objects with the use of handset sensors. Thus, with this functionality, for instance,
the user can pick up firefighting equipment to extinguish the fire and perform the fire training
within the virtual environment.
4

APPLICATION OF THE SYSTEM: FIRE RESCUE IN A SECONDARY SCHOOL

To test the practicality of the system, a fire scenario in a 2-floor secondary school in which
the gym is on fire, is investigated. First, Unity3D is employed to create the realistic 3D model
of the school using information from the BIM model; FDS is used to numerically simulate the
fire scenario and then the simulation results are implemented in the Unity3D model according
to the method described above, in order to create a realistic fire emergency condition, and consequently to perform emergency evacuation through the VR platform. In FDS simulation the
fire source is designed as a box on the platform of the gym and it is assumed to be caused by a
short circuit that has damaged the electrical system of the structure. The fire evolution is simulated with the combustion reaction of wood and plastic. In addition, a temperature of the internal
air of the gym is fixed at 20°C. The time of the simulation is 300 seconds.
FDS output results from SmokeView at different time of the simulation are illustrated in
Figure 2.
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Figure 2: FDS fire simulation at 60nd and 250nd seconds

The figure shows the course of flames and smoke during the simulation at 60nd and 250nd
seconds. As it is shown, at first smoke propagates upwards then stratifies under the ceiling.
Once vertical barriers (i.e. walls) have been reached, clouds of smoke start spreading along
the barriers downwards. The same scenario is reproduced in the virtual gym model (Figure 3)
through Unity3D.
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Figure 3: Fire scenario in Unity3D at 60nd and 250nd seconds

In Unity3D model, fire and smoke are finished with the particle system, which typically
includes a particle emitter, a particle animator player, and a particle renderer. To simulate the
real fire effect, particle collider should be added to objects. Accordingly, all walls have particle
colliders so that when flames and smoke collide with them, barrier and reflection occur. The
distribution of smoke in Figure 3 is consistent with the FDS results, and the fire scenario provides an effective interactive environment for performing firefighting training.
5

CONCLUSION

A VR simulator for evaluation of emergency evacuation performance is developed in the
paper. Based on the BIM model, FDS fire dynamics data are designed in order to provide a
realistic fire environment and to create an interactive performance in the practice of virtual
evacuation. Integrating FDS output data into the virtual Unity3D model a VR fire training simulator through the use of a VR platform is proposed. In this way the user can perform emergency
evacuation drilling in the virtual environment at first-hand by using VR sensors and C++ plugins. The application of the system to a secondary school placed in the hinterland of Milan
demonstrates that the presented simulator may allow trainees, such as firefighters, school em-
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ployers, and students to experience realistic fire scenario for identifying the safest path for evacuation or rescue. Thus, results from the virtual simulation may help architects and engineers to
improve regulations of Italian school buildings as the majority of existing schools were built in
the 70s and can therefore be considered outdated. Moreover, the fire scenario reconstruction
supported by platform and computer simulation can also offer important information on the
human behaviors under emergent conditions. Further research will be carried out by applying
the simulator to compare different evacuation paths integrating the smoke hazard assessment.
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